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DISENO SISMICO DE EDIFICIOS

TEMA 1: Comportamiento de materiales y elementos estructurales ante cargas
repefidas (Texto: Capitulo 13 de la Ref 1T pp 381 o 422)

GUIA DE ESTUDIO-1978

1. Caracteristicas que definen la respuesta sismica

Lo respuesta sismica de una estructura depende de sus caracteristicas carga-defor

macidn ante cargas dindmicas clternadas.

La filosofia implicita en los reglamentos de disefio admite que las estructuras so-
brepasen las etapas de comportamiento eldstico bajo el efecto del sismo de dise-

fo. Interesa por tanto el comportamiento hasta la ruptura,

La respuesta de la estructura completa depende de la de los elementos que la
componen y esta de la de las secciones y materiales., También depende de ias
caracteristicas de las conexiones entre los distintos elementos. Ura relacidn car
ga-deformacidn tipica ante carga monotdnicamente creciente se muestra en la fig
1. Los par8metros de la curva que interesan son rigidez, resistencia, ductilidad.
De la rigidez dependen no solo los deformaciones que va a presentar la esfructu-
ra bajo una accidén dada, sino también la magnitud de la accién sismica que va
a tener que soportar. De la ductilidad depende esencialmente la capacidad de
disipar la energia del’ sismo. Para muchos materiales es.vdlida una idealizacidn

elastopldstica de la relacidn carga-deformacién.

-
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El factor de ductilidad AU/A y la medida mds comin de la ductilidad;
un material frégil tiene factor de ductilidad cercano a uno, por ejemplo el con-

creto no reforzado sujeto a tensidn ; el acero de grado estructural puede alcan-

zar factores de ductilidad del orden de 20,

La ductilidad de una estructura en su conjunto es generalmente mucho menor
que la ductilidad local que puede desarrollar una seccién: depende del nimero
de secciones que entran en fluencia antes del colapso de la estructura, fig 1b.

El tener modos de falla dictiles es particularmente importante en zonas sismicas.

Ante repeticiones de cargas alternadas la relacién carga-deformacidn se modifi~
ca en forma mds importante mientras mds se sobrepase el intervalo "eldstico" de

comportamiento fig 2, Las curvas descendentes (de descarga) difieren cada vez
mds de las de carga y se forman "lazos", ciclos histeréticas. La respuesta sismi-
ca depende fundamentalmente del drea bajo las curvas carga-deformacidn (define

la capacidad de energia) y del Grea incluida en los lazos histeréticos (defire el

amortiguamiento histerético) fig 3).

La respuesta sismica se ve afectada en forma importante por el deterioro: pérdida
de.rigidez y resistencia ante las repeticiones de carga alternada. Eiem~plos de

materiales que sufren deterioro importante.

3 I
Idealizaciones de las curvas ciclicas para fines de andlisis :fig 4 ). Lo elas-
topldstica y sus modificaciones para considerar deterioro. El modelo de Masirg.

Estos modelos son Gtiles para realizar andlisis paso a paso.de sistemas de un gra-



el efecto del comportamiento ineldstico en la espuesta.

Comportamiento ante cargas dindmicas y estdticas. La mayoria de las propieda~
des se han estudiado ante pocos ciclos de carga estdtica alternadas. Se ha con-
siderado siempre que esto es conservador con respecto al comportamiento arte

cargas dindmicas, aunque hay algunos cascs en que parece no ser asi’,

2, Comportamiento de materiales (medido en especimenes esténdar)

a) Concreto simple (ref 2 pp 65 a 150)

Curva T =& en compresién y tensién, fig 5. Comportamiento frdgil en am=-
bos casoss Deformaciones maximas. El micro-agrietamiento causa desviaciones

de la linealidad a partir de 0.4 f. vy produce deformaciones irreversibles.

Efecto de la velocidad de carga, fig 6. Aumenta la resistencia y la rigidez pe-

ro disminuye las deformaciones de falla, y vuelve més fragil el comportamiento.

Efecto del confinamiento en el concreto (ver ref 3 pp 20 a 30). Concreto kajo
esfuerzos triaxiales (Fcc =fl + 4. F]). Al aumentar el esfuerzo de confiramien
to aumentan tanto la resistencia como la éapgcidad de deformacidén. Confina-
miento por medio de refuerzo transversal: espiral y estribos; diferencia en el efec-
to de amb-os Ffig 7). Con espiral puede irucfemenfdr;e resistencia y duciilidad; con

estribos solo ductilidad.

Efecto de la repeticidn de cargas, fig 8. S8lo cargas de compresidn. Pora es-

fuerzos altos el concreto no confinado se deteriora rdpidaniente,



b) Acero estructural, de refuerzo y de presfuerzo (ref 4 pp 42 a 64)

Lo curva esfuerzo-deformacidn del acero depende de su composicién quimica y del
i‘rafan"xi'enfo a que haya sido sometido. El médulo. de elasticidad es constante. El
'esF.uerzo de fluencia (real o uparente)v.aumenfa con el conterido de carbono y pue
de incrementarse por una reduccién de drea o por torcido efectuado en frio, fig
9.> La meseta de fluencia sé plerde a medida que aumenta FY y si se trabaja |
en frio. Lla relacién FU/FY y la €y disminuyen al aumentar Fy” Los factores
de ductilidad son siempre grandes, exceden de 10 aln para los aceros meros dic-

tiles.

El efecto de la velocidad de carga en la resistencia y en la ductilidad es poco

importante.

Ante el efecto de cargas alternadas que exceden la fluencia, el limite de pro-
porcionalidad se reduce y la T -& se hace mds redondeada (efecto de

Bauschinger); los ciclos son muy estables y no muestran deterioro (ig 10).

c) Otros materiales

En los metales el comportamiento es cualitativamente como el del acero.

En la mamposteria varia mucho segdn los mafericlJIes que la compongan (piezas y
morteros). La fig 11 muestra algunas curvas tipicas para ,mqmposferi'a, ref 5. El
comportamiento en general muy fragil, especialmente cuando se emplean materia-
les de alta resistencia. El comportamiento ant.e‘ cargc;s alternadas muestra un de-

terioro total @ menos que se cuente con un refuerzo adecuado.
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Las propiedades de la madera varian segln ia especie, la densidad, el contenido

de humedad y son muy sensibles a la velocidad de aplicacién de la carga, fig 12.
El modo de falla del material es muy-frigil aunque los estructuras de maders pue=-
den tener alta disipacidn de energia si ze detallan adecuadamente las uniones (ver

capitulo correspondiente).

3. Comportamiento de elementos estructurales
3.1 Vigas y columnas de concreto reforzado (ver ref 3 pp 195 a 269)
Q) Flexién: Lo relacidn momento-curvatura de secciones de concreto re=

forzado se obtiene a partir de las hipdtesis basicas del comportamiento del corcreto
en flexocompresién. Las curvas de la fig 13 muestran la influencia en fa resisten-
cia y la ductilidad de las cuantias de acero de tensién y compresién en su rela-
cidn con la cuantia balanceada. Se concluye que si la cuantia de refuerzo de
tensidn es muy inferior a la balanceada se obtienen grandes ductilidades (compa-
rables a las del acero). El refuerzo de compresién es de gran ayuda en ircre=
mentar la ductilidad. El efecto del refuerzo transversal en la reiacién momerto
curvatura de viges se ve en la fig 14, El confinamiento que este proporciona

aumenta la ductilidad cuando la falla es cercana a la balanceada.

b) - Flexocompresidns La reiocidn momento curvatura puede calcuiarse con

el mismo procedimiento que para elementos en flexidn. La ductilided depende
’ 1

del nivel de carga axial (fig 15). Pera falla de. compresién o duciiiided es ca-
si nula a menos que se cuente con confinamiente importanie, -fig 16. Pora falla

de tensidn se tiene cierta ductilidad, pero solo para cargas axicles muy peqguerias

esta es importante.



c) Efecto de cargas repetidas en elementos en flexocompresidn:

En flexién simple y con cuantias bajas de acero el comportamiento es cualitati-
vamente como el del acero: gran ductilidad y poco deterioro; efecto de
Ba.uschinger. Puede predecirse con buena aproximacién empleando las hipdtesis
para concreto en flexocompresién. La degradacién ocurre solo para deformacio-
nes. muy altas debido al pandeo del acero de compresidn., La degradacidn es
mucho mayor cuando hay esfuerzos cortantes altos en las secciones criticas (arti-
culaciones pldsticas) o también cuando hay posibilidad de deslizamiento de las
barras por adherencia, ver fig 17, lmporfan'fes estudios al respecto han sido rea
lizados enBerkeley (ref 6). Se recomienda estribos poco espaciados para evitar
pandeo de barras y para confinar el concreto, altas cuantias de acero de com-
presién y despreciar la contribucién del concreto a la resistencia en cortante;
limitar el esfuerzo cortante actuante a ‘jT(':\. En el tema de estructuras de con

creto se tratard con mayor detalle este punto,

Cuando hay efecto de compresién la ductilidad es baja y el deterioro ante repe-

ticién de cargas es importante, fig 17c¢c.

d) Cortante, torsidn y adherencia. El modo de falla ante cortante y tor-

sidn es netamente frdgil; alin cuando exista refuerzo transversal se gana poca duc
tilidad y el deterioro es muy rdpido. Algo similar es el comportamiento cuando

hay problema de adherencia. Por tanto debe tomarse factores de seguridad mayores
. : ' /

KRS

contra estos efectos que contra flexidn.,



3.2 Elementos de concreto presforzado (ver ref 7 pp 49 o 81)

Su comportamiento no difiere mucho del reforzade: pueden clecanzarse las mismas
ductilidades siempre que la cuantia de refuerzo sea baja (g £ 0.2) v el nivel

de carga vertical tamlién. El admitiv la fluencia del acers de presfuerzo ec de-

batible, porque si fluye se pierde el presfuerzo y es difii!l restaurario.

Ante cargas repetidas el comportamiento es distinto: fig 18; se tiere mucho nreros
disipacién de energia, por tanto para resistir un mismo sismo se requiere mayor

resistencia o mayor deformacién ineldstica que en concreto reforzado, fig 19.

El empleo de elementos conifnuos presforzados es poco usual.

3.3 Elementos de acero estructural (ver ref 8 pp 125 a 159)

El comportamiento en flexién es sumamenlfe dictil, pero la ductilidod puede verse
afectada por pandeo local ¢ pandeo lateral después de la Fluencia; fig 20. Ei
efecto de Bauschinger suaviza el acerc y lo hace mds propenso al pandeo. Hay
que resfringir las dimensiones de las secciones para asegurar la plastificacién
total sin que ocurra pandeo o colocar atiezadores poco sspaciados. Secciones
cémpacfas. En columnas de capacidad de rotacidn es muy reducida. Lo prdc-
tica es de sobredisefiar las columnas de manera que las artiéulaciones pldsiicas

se formen en las vigas. ’ N

Arite cargas alternadas los ciclos son muy estables (i no hay: preblemas de pan-

deo) y hay gran disipacién de energiu, fig 21.



Hay que tener cuidado con las uniones: deben sobredisefiarse porque normalmen-

te son menos dictiles que las secciones de las vigas.

3.4 Muros

Son elementos que proporcionan gran rigidez a las estructuras y frecuentemente
se requieren en edificios de mediana o gran altura para limitar las deflexiones

a valores admisibles.

a) Muros de concreto: (ver ref 3 pp 610 a 660). Su comportamiento de-
pende esencialmente de su relacién altura a longitud H/L (o mds correctamente
de VL—). Usualmente H/L> 2 y son por lo tanto elementos de flexi8n con bajos
niveles de carga axial. Se comportan como vigas; mucha ductilidad, fig 22.
Ante cargas alternadas su absorcién de energia es alta y. su deterioro bajo, si
rige flexidén, fig 23. Si rige cortante mucho deterioro, figs 24. En muros ba=-
jos rige cortante casi siempre y la falla es poco dictil y hay mucho deterioro.

Problemas en las vigas que acoplan los muros entre si’ o con marcos (se verdn

con mds detalle en el tema de Estructuras de Concreto):

b). Muros de mamposteria: (ver ref 9). Son elementos rigidos y frdgiles;

aceptan muy poca deformacidn lateral. Requieren de confinamiento y/o refuerzo

para tener cierta ductilidad, fig 25. Mucho deterioro especialmente si las piezas

1

son huecas. Pueden disefarse para que rija flexidn, entonces el comportamiento

Y

puede ser mucho mds favorable, fig 25.
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CURSO DE DISENO SISMICO DE EDIFICIOS
Tema: ESTRUCTURAS DE CONCRETO

GUIA DE ESTUDIO

R. Meli

1 COMPORTAMIENTO Y ANALISIS DE ESTRUCTURAS
HIPERESTATICAS DE CONCRETO (ver ref 1 pp 496 a 515)
En las estructuras isostdticas la distribucién de fuerzas interpas (mo
mentos, cortantes etc) esti determinada por condiciones de equilibrio
y no depende de las propiedades del material. En las hiperestaticas
depende de las rigideceé de los elementos y mas propiamente de ias
caracteristicas momento-curvatura (M-lr;')' de las secciones. Como la
relacién M/Y puede variar con el nivel de carga, también la distri
bucién de fuerzas internas varia. La relacién M-y para una sec-
cién de concreto puede idealizarse como trilineal (fig la). Si una sec
cibn se agrieta el elemento pierde rigidez y la distribucién de momen
to cambia. Una redistribucién mucho mayor ocurre si una seccién
llega a su momento de fluencia y se forma una "articulacién pléstica',
(fig 1b). Los momentos én las distintas secciones pueden variar al
hacerlo las rigideces de los elementos; lo que se mantiene constante
son ciertas relaciones entre los momentos y las cargas que se deben

cumplir por equilibrio. Por ejemplo el momento isostitico en vigas
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e seglin el tipo de carga) debe ser equilibrado por la
8

(

1 - -
relacién >(M; + M{)+ M’  (ver fig.2a). El momento de entrepiso
2 1 D

en un marco sujeto a cargas laterales (VH) debe ser equilibrado por
la suma de momentos en las colufnnas (ver fig 2b). Si las secciones
tienen la suficiente capacidad de rotacién, no importa cuiles sean los
momentos resistentes en cada seccidn, si su suma cumple caon el mi§_
mo momento isostitico se tendri lamisma carga resistente. En este
principio se basan los métodos de andlisis .pléstico (al limite) de es-

tructuras de concreto (ver ref 1 pp 516 a 544).

En estructuras de concreto la resistencia puede variarse de seccién
modificando la cantidad o la posicién de refuerzo y puéde hacerse
que el diagrama de momentos resistenteé se ajuste practicamente a
cualquier diagrama de momentos actuantes. Esto hace que si se pro
porciona el refuerzo para resistir momentos proporcionales a los qhe
resultan de un andlisis eldstico, todas las secciones pasarin simulié
neamente de una etapa del comportamiento aotra yno habri préctiéa-
mente redistribucién de momentos. Todas las articulaciones pléisticas
necesarias para que se forme el mecanismo ocurririn al mismo tier_r_x‘
po (tedricamente). Si se refuerza para resistir momentos distintos
de los que resultan del anilisis eldstico,pero .que dan lugar al mismo
momento isostitico (o sea a una configuracién de momentos en equi-

librio bajo la misma carga ﬁltima) se tendri la misma car':ga de



falla, aunque allg"unas. secciones hayan llegado prematuramente a la
fluencia dando lugar a redistribuciones de momentos. Para que esto
sea cierto se requiere comprobar que ninguna articulacibén plastica de
ba, para la formacidén del mecanismo, tener rotaciones mayores que
las que es capaz de soportar. Ia dificultad de esta comprobacién es
la razdn principal de que los métodos de andlisis pléstico no se

empleen en la préictica para estructuras de concreto.

Si la distribucién de momentos no difiere mucho de la elistica las ro
taciones necesarias para la formacién del mecanismo seran pequefias
y las secciones que cumplan con los requisitos reglamentarios podran

soportarlés .

De lo anterior se deduce que el diagrar'na de momentos a la falla se
ajustara a aquel segln el cual se ha dimensionado la estructura y se
ri independiente de las rigideces relativas de los elementos. Es muy
conveniente, sin embargo, reforzar la estructura segin el diagrama
de momentos 'eldstico" ya que con ello se tendri un minimo de de-
formaciones inelésticas y aérietamientos antes de la falla y un com-

portamiento Optimo en condiciones de servicio.

L.os reglamentos admiten, ''redistribuir’ los momentos
elasticos en distintas proporciones. Los ensayes de Mattock (ref 2)

ilustradosen la fig 3 muestran muy claramente que,en una viga sub

reforzada, redistribuciones de momentos de 25% no producen cambios



de comportamiento ni a la falla ni en condiciones de servicio..

En dichos ensayes la viga NR! se reforzd de acuerdo con el diagrama
de momento elastico; la viga Rl se reforzd para resistir un diagrama

: . . - A )
de momentos en que el negativo en el apoyo interior se habra reduci-
do en 25%; mientras que los positivos en el dentro ' del claro se in-
crementaron en 12,5% para mantener el mismo momento isostatico re
sistente. La viga R2 se reforzd para el mismo diagrama de momen
tos que la R1 pero empleando acero con esfuerzo de fluencia de

4000 kg/c.:m2 en lugar de 2800 kg/cmz.

Se aprecia como las tres vigas soportaron muy aproximadamente la
misma carga méxima, fig 3i, y que las deflexiones y los agrietamien
tos bajo carga de servicio fueron simil‘ares. Al observar las grafi-
cas de momentos .medidos 'se aprecia como en la viga NR1 se obtuvo
casi simultdneamente la fluencia del refuerzo negativo y el positivo,
mientras que en la R1 el negativo fluyé prematuramente obligando a
que el momento en el apoyo se mantuviera constante mientras que

el positivo aumentaba mucho méis rapidamente hasta alcanzar la fluen

cia y la falla por formacién de mecanismo.

Los reglamentos difieren en el porcentaje de redistribuciéon que admiten;
el del Distrito Federal admite 30% para vigas (didctiles) mientras que
el ACI71 hace variar la redistribucién admisible segin la cuantia de

refuerzo, segin la férmula



§
% redistribucién = 20 (4 - _g__(:)
b

L.as ventajas de aprovechar la redistribucién no son muy grandes. La
- principal es de poder simplificar la distribucidén del refuerzo y des-
congestionar zonas en que se acumulen muchas barras (por ejemplc

en uniones viga-columna)., Cuando se deba disefiar para la envolven
te de distintas combinaciones de cargas, esta envolvente puede redu-

cirse aprovechando la redistribucibn.

El saber que se puede contar con cierta redistribucién da confianza en el usode
propiedades geométricas y mecénicas de la estructura que pueden de-
terminarse con muy poca precisién, como el mddulo de elasticidad

del concreto y el momento de inercia efectivo de las secciones. El
cometer un error en estos parametros dari lugar a una distribucidn
de momentos distinta a la que se va a presentar inicialmente, pero a

A la cual tenderéin los momentos debido a la redistribucidn.

Para el anél'iéis sismico se suelen copsiderar las propiedades "esta-
ticas'" de los materiales;, para el médulo de elasticidad una buena es
timacidn Ise obtiene con la expresién E = 15000 W/Fg (ACI71) aunque
para los concretos del Distrito Federal se obtienen valores mucho
menores que corresponden a la expresién E =-10000 ‘/}z (Reglamento

D.F. 76).

Para los momentos de inercia hay criterios mniy distintos. El més



razonable es el de considerar el momento de inercia de la seccién
bruta para las columnas yloselementos que es de esperarse no estén

agrietados en condiciones de servicio.

Para los elementos de flexidn parece mejor emplear el momento de
inercia de la seccibén agrietada transformada el cual para
cuantias normales de refuerzo corresponde aproximadamente a 60% de el

de la seccidén bruta.

La fig 4 ilustra cull es la diferencia en los momentos resultantes
segin se defina el momento de inercia de las secciones. Solo gracias
a la redistribucién de momentos,estructuras analizadas con tan distin-

tos criterios pueden tener un comportamiento aceptable.

I.a capacidad de que las secciones sostengan grandes rotaciones
y que pueda haber redistribuciones de momentos es particularmente
importante en estructuras que deben soportar sismo. Como se ha ex-
plicado en otros temas de este curso,las fuerzas que pueden introdu-
cirse en una estructura en un sismo sor muy superiores a las gue los -
reglamgntos especifican para un disefio estdtico, por ejemplo; esto im
plica que para disipar la energia de un sismo intenso la estructura de
be entrar en un intervalc inelédstico de esfuerzos y se requiere de ella

gran capacidad de deformacién y de disipacién de energfa.

En la situacién descrita,un anélisis eldstico solc puede servir para apre

ciar donde se presentan las mayores fuerzas internas antes de que la



estrucfura_ entre en un comportamiento ineldstico. Nuevamente hay
una ventaja importante en reforzar una estructura para un diagrama
de momento. proporcional al que resulta de un anilisis eldstico. To-
das las secciones llegaran aproximadamente al mismo tiempo a la

fluencia y se requerird en ellas un minimo de deformaciocn ineléstica.

Hay que tomar en cuenta que si no todas las articulaciones plésticas
ocurren simulténeamente.‘,se requieren en las secciones que fluyen
primero, factores de ductilidad lgcales muy altos para obtener un fac
tor de ductilidad aceptable para la estructura en su totalidad (ver ref
1 pp 547 a 562). Lo anterior se ilusira en la fig 5 de la que se de-
duce que para tener un factor de ductilidad de 4 en un marco de 10
pisos se requiere un factor de ductilidad de 125 en las columnas de
un piso cgalquiera si ocurre un mecanismo de falla que involucre a
las columnas y un factor de ductilidad de 8 si ocurre un meca-

nismo de falla de viga.

Lo anterior recalca la importancia de tener una distribucién uniforme

de resistencias en todos los elementos y la inconveniencia de tener

-

zonas sobre-disefiadas y otras subdisefiadas.



2. DISENO DE VIGAS, COLUMNAS Y UNIONES EN MARCOS DE
CONCRETO (ver ref 3 pp 393 a 432)
El marco continuo ha sido el sistema mAis empleado en” estructuras
de concreto ya que aprovecha el monolitismo y la continuidad que se
pueden lograr facilmente en este material para obtener una estructu
ra hiperestatica eficiente,e. L.a principal ventaja de este sistema en
zonas si’smicaé es la gran ductilidad con que puede contarse si se
toman algunas precauciones en cuanto a la disposicién del refuerzo.
Una limitacién que presenta es su poca rigidez ante cargas laterales
que hace dificil mantener las deflexiones laterales dentro de los 1li-

mites admisibles en edificios de varios pisos.

La capacidad de disipacién de energia y la ductilidad de los marcos
‘dependerén de las caracteristicas de los' tres elementos que los for
man vigas, columnas y uniones viga-columna. Como se ha visto en
temas anteriores, en concreto reforzado solo pueden lograrse grandes
ductilidades en elementos en que rige la flexion (vigas); por tanto
habrid que disefar de niaﬂera que las articglaciones plasticas se for
men en las vigas, aunque conviene que en los tres elementos se trea

te de lograr la maéaxima ductilidad.

Los reglamentos modernos incluyen disposiciones de refuerzo para
.lograr ductilidad y asi poder disefiar para fuerzas sismicas reduci-

das, tomando en cuenta que la estructura es capaz de disipar energia



con deformaciones ineldsticas. Los requisitos mis completos al res
pecto son los contenidos en el apéndice A del reglamento ACI-71, los
cuales se comentaran aquf,junto con recomendaciones de otras fuentes.

En cuanto a los requisitos de tipo general se especifica que deben ein

plearse concretos con fix 200 kg/cm2 y aceros con fy‘f:4200 kg/cmz. Es

te (ltimo requisito pretende asegurar que el acero sea muy dictil.

a) Disefio de vigas. Ademas de disefiar para las fuerzas que resultan

del anilisis sismico hay que cumplir con los requisitos siguientes:

Cuantia méixima de refuerzo igual a 50% de la balanceada; ver valo-
res en la tabla de la fig 6

Tener un refuerzo minimo positivo y negativo en todas las secciones
(Pmin = 14/f;); minimo dos barras en cada Qecho

Colocar en los extremos refuerzo positévo que proporcione un momen
to resistente igual por lo menos a la mitad del negativo

Por lo menos una tercera parte del refuerzo negativo debe extenderse
hasta un cuarto del claro y una cuarta parte debe ser continua en to
do el fecho superior

No cortar refuerzo en zonas de posibles articulaciones plasticas (a 2d
del apoyo); si no pueden evitarse traslapes deberén colocarse estribos
a lo largo de los mismos

Estribos, minimo #3, a d/2 en toda la viga y a d/4 en una d1stancia
de 4 peraltes a partir del apoyo. En esta zona A,2>0.15A% H o 0-15As—f{

En la zona de articulacidén plastica (2d del apoyo) las barras que deban
trabajar en compresion deberan estar confinadas por estribos (minimo
#3) a una separacién no mayor de 169 ni 30 cm.

Debe diseflarse para la fuerza cortante que se presenta en la viga cuan
do se alcanzan los momentos ultimos en los extremos, fig 7. Esto es

con la finalidad de que pueda desarrollarse un mecanismo de falla por
ﬂex1on.

Con estos requisitos se asegura un factor de ductilidad del orden de
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10 en las vigas. Algunos autores (ref 4 ) hacen recomendaci;mes
més conservadoras, como son estribos de confinamiento separados-a
no méas de GqS en los exiremos, despreciar la contribucidén del con-
creto en la resistencia al corte o aumentar el factor de seguridad

para el disefio por cortante.

b) Disefio de columnas

Los requisitos se ilustran en la fig 8 y se describen a continuacién

. Cuantia de refuerzoc entre 1 y 6%

. La suma de las capacidades en flexidén de las columnas que con-
curren a una uniéon debe ser mayor que la suma de capacidades
de las vigas que concurren a la misma. Esto tiende a asegurar
que las articulaciones plasticas se formen en las vigas. No di-
ce cuinto deben sobredisefiarse las columnas.

. SiP£0.4 Pb (carga axial para falla baianceada) deben respetar-
se en la columna los mismos requisitos que para vigas.

. Cuando P > 0.4 P, hay que confinar el nicleo de la columna por
medio de espiral o estribos en una distancia igual a un peralte,
1/6 de la altura de la columna o 45 cm (el mayor de los tres) a
partir de la cara de la viga.

1

1
. La cuantia de refuerzo espiral seré (’sz 0.45(—& - 1) ?C—; 0. 1.‘2f—c

Ae Y y
. El area de estribos de confinamiento seri por 10 menos igual a
A, = ty sSn., S a 10
sh © 5 )} Sp no mayor que cm.

. Para reducir la longitud e;\pueden emplearse ganchos del mismo dia
metro que los estribos cuya deformacmn se requiere res{mgxr

. Separacién méxima de estribos: d/2 diseflados para resistir el cor
tante que se introduce en la columna al formarse las articulaciones
plasticas en las vigas.

No hay que olvidar que ante la combinacién de carga vertical y sismo
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las columnas van a estar sujetas a un estado de flexocompresién bia-

xial para el cual deberan disefarse.

¢) Uniones viga-columna

La falta de anclaje del refuerzo en la conexién y la falta de refuerzo
transversal en la misma ha sido una de las causas mis frecuentes de
fallas de marcos de concreto a raiz de temblores. Solo hasta muy

recientemente se ha empezado a estudiar el comportamiento y a desa
rrollar proéedimientos de disefio para estas uniones. El apéndice A

del Regiamento ACI 71 contiene disposiciones muy limitadas al respec
to. . \Més recientemenie la miéma institucién ha publicado recomenda-

ciones mucho més completas para el diserio de uniones (ref 5). Es-

tas se presentarin maéis adelante.

Ante el efecto de carga vertical méas sismo la zona de unién esti su-

jeta a las condiciohes de esfuerzo que se ilﬁstran en la fig 9 y que in
troduéen en ellas tensiones diagonales que pueden causar la falla. Mu
cho mds grave es la situacién de conexiones de extremo en las que se

vuelve critico el anclaje del refuerzo.

Diversos ensayes efectuados muestran que el comportamiento ante car
gas alternadas de las conexiones es muy poco favorable cuando se lle
ga cerca ‘de sﬁ mixima capacidad de carga; esto lleva a la necesid'e;d‘
de diserfiar las jﬁntas de manera que los elementos por ellas ccnecta-

das puedan desarrollar toda su resistencia y que puedan formarse arti
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culaciones plasticas en las vigas sin que las uniones se dafen. Para
ello hay que tener las siguientes precauciones: colocar refuerzo trans

versal en la junta para que confine al concreto y para que evite falla

por cortante y dar al refuerzo el anclaje adecuado.

Las recomendaciones de la ref 5 indican que las uniones de marcos

que deben resistir sismo se revisen

1) por confinamiento se deberi proporcionar el mismo refuer

zo que en los extremos de la columna: si P, » 0.4 Py es
piral o zuncho de estribos como se ha descrito en la sec

—
cién anterior; sin embargo si existen vigas en los cuatro

lados de la conexidn, la separacidén de estribos puede au

metarse al doble.

2) por cortante; la fuerza cortante actuante se calcularid con

el diagrama de cuerpo libre de la fig 9 considerando que
el refuerzo longitudinal puede llegar a trabajar a un es-
fuerzo igual a 1,25 fy ya que puede entrar en la zona de

endurecimiento; esto da lugar a

Vy = .\.zsfy (ASb + ASt) - VCO].
Veol = ('Mub + Mut)‘/H (ver fig 9)

1.a resistencia al corte en la junta se calcula como la suma de una

contribucién del concreto

ve = 0.9\6\Ff'§ (1+0.03 Ny/Ag)




en que Ny /Ag es el esfuerzo de compresién sobre la columna y K= 1.4
si la unién esti confinada normalmente a la direccidén del cortante (si

hay vigas transversales) y y= 1 si'no es asi.

I.a contribucidén del refuerzo al esfuerzo cortante resistente se calcuia

como

Avfyd
sAcv Acv es el area del nucleo

VS=

En todo caso

: .
3 vu‘-' VS‘- 4\/1"'3

3) por_anclaje; no se admiten traslapes en las uniones; las ba

rras deberan tener, a partir del borde del nicleo, una lon

gitud de desarrollo igual a

0.06 A, (48f, - f,)
QS = ,_E_\ S n ver fig 10
yifc

en que \// depende del confinamiento del nucleo y vale normalmente 1.4;
fb es la fuerza que resiste el gancho estindar, en caso de existir, la
cual se calcula como

f, = 185 (1-0.012 dp) w1t * dy, didmetro de
la barra \

Con los requisitos anteriores se asegura un buen comportamienio de la
junta pero a costas de un refuerzo muy elaborado y dificil de colocar,

ver fig 11. Hay algunas alternativas para evitar esa cantidad de refuer
zo. Por ejemplo el hacer ampliaciones a la seccién de la junta o usar

anclajes mecénicos o soldados, ver fig 12.

13
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El caso mis .cm'tico de uniones son las juntas de rodilla. En

las que se presentan esfuerzos criticos tanto ante cargas que tiendan

a abrirlas como ante las que tiendan a cerrarias, fig 13 . Se requie
‘re en ellas formas de refuerzo particulares como las meostradas en la

fig 13c,

En general parece que las recomendaciones del comité en cuestidén son
excesivamente severas, muy laboriosas de seguir y dan lugar a un re

fuerzo en las conexiones que es dificil de ejecutar.




3. SISTEMAS LOSA PLANA-COLUMNA

Las losas planas son ampliamente usadas en edificios debido a divergas

ventajas como la sencillez de la cimbra.y el peralte reducido a que dan
lugar. Hay distintas versiones: con o sin capiteles, y macizas o alige'::_'a:
das, fig 14. Ante cargas verticales su comportamiento estd muy estu-

diado 'y los procedimientos de disefio muy comprobados, ACI-71.

En lo que respecta a su eficiencia para resistir efectos sismicos, hay
muchas controversias. Las limitaciones se refieren a su escasa rigi-
dez ante cargas laterales y, especialmente, a la poca dﬁctilidad que pue
de lograrse en este sistema; ya que es dificil ‘evitar que 1a falla sea

regida por cortante en la zona de conexidén entre viga y columna. " En
diversos paises, no se permite que se aproveche este sistema para re

sistir fuerzas sismicas; cuando se use se requiere que las fuerzas sis

N
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micas sean tomadas integramente por muros de rigidez u otros siste-
mas. En México, sin embargo, es muy frecuente que el sistema losa
plana-columna deba resistir una porcién importante de las fuerzas sis

micas.

Para fines de analisis por cargas laterales,la losa se sustituye por una
viga de rigidez equivalente; sin embargo, no es aplicable el criterio
del ACI-71 en que la viga tiene la rigidez de la losa de centro a cen-
tro de claros adyacentes; anélisis teéricos indican que ante cargas la-
terales resulta adecuado el criterio especificado en el Reglamento del
D.F., segiun el cual el ancho de losa que es efectivo para trabajar co
mo viga debe tomarse como, fig 15,

0.5 Ly

Leq = __._._._L_2 + 0.302
1+ 0.67 —

Li
Resultados experimentales de Hawkins (ref 6) indican rigideces aln me
nores que lascalculadas con la de esta expresién y considerando el mo-

mento de inercia de la seccidn agrietada.

Por lo anterior la rigidez ante cargas laterales del sistema losa plana-
columna suele ser bastante reducida y resulta dificil cumplir con las

limitaciones de deflexiones laterales admisibles.

El anilisis sismico, una vez definidas la viga equivalente, se realiza
como en un marco y los momentos obtenidos para el marco se distri-

buyen entre las franjas de columna y central con las mismos coeficien




tes que para los momentos debidos a cargas verticales.

El problema principal en este sistema es la trasmisién del memento de
desequilibrio de columnas a viga, fig 16. El momento debido a sismo
se trasmite a la losa por una combinucién de flexién y cortanie. El -
modo de fa]la es local y no permite la formacidn de una =rticulacidn
plastica; sino que da lugar a una falla local que es muy fragil & menos
que se proporcione un refuerzo por cortante. De los diversos procedi
mientos de refuerzo propuestos (fig 17), el méis satisfactorio es el de
sarrollado por Hawkins que consiste en reforzar vigas ahogadas en el
espesor de la losa, en un ancho igual al de la columna més un peral-
te de la losa, en las cuales puede colocarse abundante refuerzo trans-

versal.

El procedimiento de disefio puede extrapolarse del especificado por el
ACI-71 en que se supone que una fraccidn del momento de desequilibrio
(en general 60%) es tomada por momento y el resto por la variacidn,

supuesta lineal, de las fuerzas cortantes en la seccibén critica, fig 16.

En cuanto a la resistencia al cortante, el esfuerzo a resistencia del con
creto se puede tomar como v, = W/}? (el doble que para vigas) y la‘COE
tribucién de los estribos vg se calcula igual que en vigas (fig 18); sin
embargo cuando se requiera refuerzo la contribucién del concreto debe
reducirse a la mitad y no se admite que vy z 1.5 \/?{3\ Aunque el in

cremento en resistencia por efecto del refuerzo transversal sea limita
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do, su presencia es indispensable para dar cierta ductilidad a la falla.

Por lo que se ha descrito es evidente que en caso de emplear este sis
tema para resistir fuerzas sismicas las reducciones por ductilidad que

deban considerarse son muy inferiores a las que son admisibles para

marcos.



4. MUROS DE RIGIDEZ

En : edificios de altura mediana o grande resulta antiecondmico propor
cionar la rigidez ante cargas laterales exclusivamente con-marcos; la

solucién méas empleada es que la rigidez y resistencia sismica estén

‘proporéionadas principalemente por muros de concreto. En temés a_g

teriores se ha descrito el comportamiento de estos elementos ante cé_g
gas alternadas distinguiendo los muros altos en que el compor’camienté
estd regido principal‘mente por los momentos flexionantes y gue pueden
disefiarse con los mismos procedimientqs empleados para vigas, de los
muros bajos en las que pinta el efecto de las defor'macioz;es por coi'-
tante: En otro tema se ha tratado el anilisis sfsmico de sistemas con

muros de rigidez el cual presenta dificultades mezyores que el de siste

ma base exclusivamente de marcos.

4
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La ductilidad y disipacién inelistica de energia que puede lograrse en
muros de rigidez es muy variable segin rija la flexién o el cortante y
segin haya o no cargas verticales altas sobre el muro. Sin embargo
los reglamentos suelen tratar todos los muros con el mismo criterio
fijando factores reductivos por ductilidad mucho menores para estos si_s_

temas que para los marcos.

Los procedimientos de disefio de muros estdn dados, por ejemplo, en
el ACI-71; si se trata de muros altos,tanto para flexocompresién como
para cortante, se emplean los mismos métodos que para vigas y colum
nas; en muros cortos la resistencia a cortante es mayor y se dan ex-
presiones particulares. Para refuerzo por cortante se requieren ba-
rras horizontaies, pero en muros cortos es necesario proporcionar

también refuerzo vertical, ver fig 19.

El apéndice A del ACI 71 da requisitos especiales también para muros
de rigidez. Se requiere una cuantia minima de refuerzo de 0.0025 tan
to vertical como horizontal. Si la carga axial es menor que 40% de la
balanceada se requiere un refuerzo minimo de flexién de 14/f.: si es
mayor se exige que se coloquen columnas (elementos de extrerﬁos) con

la capacidaci suficiente iaara resistir la carga axial total sobre el muro,
Esto Gltimo con 12: fﬁncic’m de tener confinado el refuerzo de compre-
sién. .

El disefio de estruct-uras prefabricadas asi como el de estructuras éspeciales

de concreto como tanques, chimeneas y muros de retencidén se trata en forma

adecuada en la ref.7.
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ANALISIS DE ESTRUCTURAS ANTE CARGAS LATERALES
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a) Métodos exactos rigideces (método directo)*
’ flexibilidades
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método de rigideces ¥ani (iteraciones)
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b) Métodos simplificados marco equivalente reducido*
(Grinter-Tsao)*
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3.1 ANALISIS DE MARCOS ANTE CARGAS LATERALES.
(i) Método directo de rigideces
Para ilustrar la operacién del método consideramos la siguiente es-
tructura:
: \3
2’ \Ts \{}
- —
-77_‘ 27 T J )
Iy=1
I3 |Y
y ~ \g Ys v
—_— EA . £ | )—o 4
H
I Is
yr.i-ar //7%«\ -4 = 7
2¢ :
\ > jndos Ao frbertad
Fa ¢)’¢.

Grado de libertad es la potencialidad que tiene un nudo de moverse en
forma independiente, en cierta .direccidén. En marcos los movimientos -
son giros o desplazamientos (usualmente en los nudos). Si no se consi-
deran las deformaciones axiales de las vigas & columnas la extructura
que nos ocupa tiene los seis grados de libertad mostrados en la figu
ra correspondiente

Aprovechando la simetria, se puede reducir el problema a uno de solo |

L grados de libertad:

P
— _——
Zi B d (s
777
H
fif 2 ) — Ve
JM
#
4 L g W= GRRODOS D& X185ETRO

T
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En primer lugar es necesario obtener la matriz de rigideces de los
elementos (vigas y columnas) que forman la estructura para los gra-
dos de libertad que les correspondan.

En este ejemplo tenemos:

PROA ARS LIGAS 16 e 1q.de 1. |
T )-»1
m
PRER LRSS cofuam,ws h 7} ‘/c / 4

El elemento k..de una matriz k-de rigideces es la fuerza o momento que
se necesita aplicar a la estructura en el sentido del gradc; de liber-
tad i para que se produzca un desplazamiento unitario en el sentido -
del grado de libertad j.

Las matrices de rigideces son cuadra.das, simétricas y su tamaiio es -
igual al ndmero de grados de libertad.

Entonces para las vigas la matriz de rigideces es:

-E-r = 2elv
A
H( - 3.‘ e =1 H: k‘” = 5_%__{'_”
1) ‘ / ]

Z1v

it

,,;
.



Para las columnas la matriz de rigideces es:

- 7 T
42 T _ RET
i %%
oo | R
KRe = 53
/)z &2
~ ¢ Ze ¢ Ee
2
¥ Al

Las columnas 1a.

y 3a.

La matriz de rigideces de la estructura original es de 6 x 6, y la

de

é‘%«»!z" ) <Elc

3/

- Z F L
4

éz ;ZZI;
A

Se obtuvieron de las figuras siguientes:

H

la estructura reducida es de 4 x L. Ambas se obtienen sumando los

términos de las matrices de rigideces de los elementos en los lugares

que les corresponden de acuerdo con la numeracidén de los grados de -

libertad.

Asi, para la estructura reducida se tiene:



0 @ @ ©, _
v _.,‘E'I ' é EI, ]gfjl
/Z Z 2, ’ f AZ M7 0]
Zl ! |
| | IRET, /2.5.2’; é ZL, I, 68T, (D
L = A ot HE K
45 FEL, 2EL |
\ 4T T A @
S /AET LG
S{Zl"{ji’%@-f r)
B H 4 ¢
+ S EL
. : - —_
Como 1"1= I, I, =21, vy suponiendo que L = 1.5H tenemos:
- ~3
.—’,-?..e; = .{é- b ol ,,..é— i ._é;—
#e e H yZ
o =L Lo uxl| £ | 4 _ éxe
A HAETHE 4 H H
D S -
| #3ve
o s 2
o también ; . | 4 +4x2 + Ey_g
_0 @ @ @ il
2 2 & & @
/72 HE M H
r(—2 2 6. . _6 |® -
L= EL B S £ -f
-6 6 @
Zz . & 2T
-~ & A
Las cargas también corresponden a los
grados de libertad y constituyen el - ﬁ
vector de cargas F que para nuestro - :Fz
caso se muestra al lado. -F — =1 ™
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5/
Los desplazamientos, arreglados en el mismo orden constituyen el -

vector de desplazamiento Y

4 d)

/;
Y = ,«z = OQ
— 3 &
P
Sy

Para conocer z: es necesario resolver el sistema de ecuaciones linea-

les siguientes:

Yo r = _Z?

que en forma desarrollada se escribe:

gb‘_’ I R I R AW LS O
-5 % 8 2 o3 o
A A I e/ B U

Definamos las siguientes matrices y vectores:

r— —
z | o2 _e _-e¢ |
L _e | ¥ H* H 'FFT
sy h - L ___ EIL :
> T 4e - /
- 1 2 ¢ &
SR W
r‘ -
=El b * 751. 6 S3) .
ee R ) )
dz2. L4
2 /6 .
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con lo que la expresidn (a) se escribe:

~ ey

¥

-Jd3 E.Se S S‘E
E;e LY e L?
L . -

y desarrollando el producto del primer‘miembro:

Koz & | Lgee =P ()
T ,
559;8-_‘_ &66§’ -.:._9 N (‘-)
de (c) despejamos: & = -Egé E—ISeS @) 5

y remplazando en (b) obtenemos:

-1
(Ks3-Esebeo ki 3=P (o

este procedimiento se conoce comoc condensacién estdtica y nétese que

la matriz original de 4 x 4 se reduce a la matriz de 2 x 2 siguiente:

v —i
.‘é—.gs=£§'3"3—-"%@$ee kT <o ('(')

K’%S se denomina matriz de rigjideces lateral.

La expresidn 9d) se convierte en:

Ksss -7 | (q)

cam

(matriz de rigideces lateral) x (desplazamientos laterales)

= (cargas laterales)



&7
7/
se puede calcular ejecutando las operaciones matri -

ciales de la expresién (f), teniendo presente que

-1 10 -4
— 06 = — = 89 eg 80 =) H>
6261 -4 /9

. | (h)
E - X ESB‘ i H l
a:

) -/ 4 -2
33 H3 YT
—/ 3 -Z 7
x¥ 2ex |76 F
ss T
;///5
25 72

Ahora de la expresidn (g) se deduce que:

A | .

§ = !:SS :E ‘j €s Decig
P -3
{5' - 3 . R = 4 e
2 6324l | 24 /6| \05P) 204l 33.0

3
Sy WS P agag PH

zoq EI E3 (,()
S, - 33 PU_ 5.6 776 N’
Conocido el vecozor 3 podemos, con la expresién {d), calcular

el vector @ — ¢ ' T S

. Notando
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que ya se ha evaluado en (h) el producto Lae LT se tiene:

T Se !

&y 0./391) PA/ez
O3

‘/-5 .
- Pw?t 29 ()
T — €5 DELiP
- z .
(=P 2108 £ 94 .5 ), . &y = 0./945 3 f’///e.z

Se puede ahora proceder a calcular los elementos mecdniccs de cada
una de las vigas y columnas, como el producto de la matriz de ri-
gideces (de la viga o columna) por los respectivos desplazamientos,

los cuales son ya conocidos.

AsT para la viga del primer nivel tenemos:

K {351\)} BE;ZI} {.954]
_Y = ¥ 75 H

el desplazamiento que le corresponde es el giro g, , entonces:

4[] (o 2]~ [eorrred]

Para la columna del primer piso se tiene:

24€1 29 £T [_ 12 £ l_ 1ZET -
LT v 1
e o3 HE »®
: ]
24 ET 29T jzEl ' /26T |13
H3 H3 g l A
L.z |- /12 €L 12EL .  YEIX “er |T
H2 HZ # “
- 12&Z /2 EX YET PEL |y
m— alivemmam— Sm——— ——
pry A HT 4 A
— . O?A‘K c&e/i&) % AQ !:B
E B pans -

de L colomua,
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y los desplazamientos correspondientes son:

I 3,
: (5. I I

git (o)
™| Sy
i
6 , 7}”
P Tu\os de (boeted g_‘, '} -7 O“',,s‘xm\t uag

de o colomna ew Lo egleoctovs,
Efectuando el producto K por los respectivos desplazamientos se -
obtienen los correspondientes momentos y fuerzas cortantes ( a un
giro le corresponde un momento y a un desplazamiento le correspon

de una fuerza cortante). Asi se llega a:

Vi 29» 016VIEP = 122019853 P \ ./ )50 P
~29 x0,/6176P + (2%0./945 3 1P -~ /)50 %
Vn = - *
- —/2 x 0. 16176 P4 + &x O, 1945 3 PH < 0.35 P#
/2 016126 P4 » Vx 0. 19653 PH - SIsPY
HO \
Nétese que \)‘11 5 MTV son las reacciones en la base, vy

que las fuerzas cortantes valen 1.5P lo cual puede deducirse por ins-

peccién de la estructura.

Las fuerzas ; 15T

.39
indicadas 0-35Pu
estan en i
equilibrio. | \EPH

JQ‘—"/J? ——+
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De manera similar se puede proceder con la otra viga y la columna

del siguiente nivel.

Las computadoras digitales son muy apropiadas para manejlar matrices

por lo cual este método es el gue usualmente se usa para elaborar

programas para andlisis de marcos y otros tipos de estructuras; -
obsérvese que el procedimiento es sistematico y que las expresio-
nes matriciales son facilmente generalizables para estructuras més

complicadas y para otros casos de carga. Para llevar a cabo efi-

cientemente las operaciones se han desarrollado métodos numéricos
especiales, que aprovechan las ventajas de las matrices de rigide-

ces como son la simetria, términos dominantes en la diagonal etc.

Este método permite tomar en cuenta fécilmente las deformaciones
axiales y por cortante, zonas de rigidez infinita en los elemen-

tos, efectos de esbeltez etc.
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E1l marco mostrado en la figura se ha resuelto con computadora con

el método directo de rigideces.

=N 57 57
z 0|zz @Bz
7.0
L, 4 21 sr ]
QD|zr Bl 3r VIR Q|7 40
..Z.Q e 3T 4-_1 Pod
r 45
3.378F @| “57 s8251 &) 3.3751 7] 227 | 4
s | @
14 22 3z sz 5T 1
u 7.1 9z o7 wer | 4,
o @ ® o )
' 9.0 T 40 M7 S ST S
MARCO B DE LA REF 12 ’

Fuerzas en toneladas y longitudes en metros.

10.000 cm ¥
1500.000 Kg./cm*

m —
] ]
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NOTA Este ejemplo esta resuelto por varios métodos manuales exactos vy
aproximados en la ref., 12

Verifiquemos el cortante en el entrepiso inferior.

U's'___”“"s 10.22 +14.50 +16.0¢ + 1995 + 16:95 + 22.59Y 473,85+ /6.33¢+ 897 x /77
o

n Z0

Vs 29.9¢ =~ 25.00 ®BEL



La rigidez de entrepiso es la relacién entre la
fuerza cortante resistda por un marco, muro o
contraviento en un entrepiso y el desplazamiento
horizontal relativo entre los dos niveles consecu-
tivos. La rigidez asi definida no es independiente
del sistema de fuer:zas laterales. Cor tanto, para
calcularla con rigor debe conocerse tal sistema
con anterioridad. lo cual en gencral no es posible.

En marcos ordinarios de edificios el empleo de
sistemas de cargas que no son estrictamente pro-
porcionales al definitivo de analisis introduce
errores de poca importancia, y usualmente las rigi-
deces calculadas a partir de hipotesis simplifica-
torias sobre la forma del sistema de fuerzas late-
rales son satisfactorias. En muros, contravientos
y ciertos marcos es indispensable tener en cuenta
la variacién de la carga lateral.

En este capitulo se presentan métodos exactos
y aproximados para calculo de rigideces de entre-
piso en marcos. El problema de muros y contra-
vientos se trata en el capitulo 2.

121 Férmulas de Wilbur. Estas son aplica-
bles a marcos regulares formados por piezas de
momento de inercia constante. La versién que aqui
s¢ presenta puede derivarse de la primera apro-
ximacién en el método de Maney-Goldberg.** Las
hipétesis son las siguientes:

1. Los giros en todos los nudos de un nivel y
de los dos niveles adyacentes son iguales
(excepto en el nivel de desplante, en donde
puede suponerse empotramiento o articu-
lacién segun el caso).

2. La fuerza cortante en los dos entrepisos
adyacentes al que interesa son iguales a la
deé éste.

De aqui resultan las siguientes expresiones.
Para el primer entrepiso:

Suponiendo columnas empotradas en la

cimentacién
_ 48E
Ri= L Rtk (1.29)
hl ‘\: ¢, 1 2130,1
Ko + =53~

Suponiendo las columnas articuladas en
la cimentacién

R, = 24E

(1.30)

8h 7k T K
b s+ = ]

Para el segundo entrepiso:

Suponiendo las columnas empotradas en
la cimentacién

13/

(1.31)
R. = 48E
2 h 4’12 + hl + hg + hz + h:\
2 y =K. K2
[EK:,.' K., + "11\2.1 12

Suponiendo las columnas articuladas en
la cimentacién

(1.32)
R, = 48E
T - h ‘}h-_. + hg + h_, + Zh, :“ hg
¢ [ ZK.;,: 3K, =Kn
Para entrepisos intermedios:
" (1.33)
R. = 48E 7
T h 4hn hm+hn+ hn+ha
» [}:K,,. * 3K 2K

En estas ecuaciones.

R, =rigidez del entrepiso en cuesti6n.
Ko =rigidez (I/L) de trabes del ni-
vel sobre el entrepiso n.
Ken =rigidez (I/L) de columnas del
entrepiso n. .
m, n, o = indices que identifican tres nive-
' les consecutivos de abajo hacia
arriba.
h, = altura del entrepiso n.

Las férmulas de Wilbur son aplicables sola-
mente a estructuras de cortante (marcos) y
no a estructuras de flexién (muros). Para de-~
terminar cuando una cierta estructura puede
ser considerada en uno de estos dos tipos es
6til evaluar el parémetro p ,denominado In-
dice de rotacién, el cual est4 definido por
la relacién:

b3 lv/L
z Ic/H

Si p es mayor que 0.1 es aceptable suponer
que la estructura en cuestién es de cortante.
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Una vez conocidos los desplazamientos se puede usar el método de Croos sin despla-
zamientos, de la misma manera que se hace con cargas verticales. El efecto de los
desplazamientos laterales es producir momentos de empotramiento en las columnas

que se calculan con la expresidn:

donde Ai es el desplazamiento del entrepiso al que pertenece la columna.,

Después Ae la distribucién, se conocen los momentos en las vigas y columnas. La
suma de momentos en todas las columnas de un entrepiso dividida entre la correspon-

diente altura deberia ser igual al cortante actuante en tal entrepiso, pero como los

desplazamientos se han calculado de manera aproximada esto en general no ocurrird

y se tendrd, para cada entrepiso una diferencia entre el cortante actuante V. y el

4
cortante V: = ZHM cof
Py

Para corregir esta deficiencia se sugiere calcular para cade entrepiso i la relacién
A= V. /y‘."" (que serd cercana a 1) y multiplicar los momentos de todas las colum-
nas de ese entrepiso por Ai' Para que los momentos de las vigas sigan estando en
equilibrio con los de las columnas se sugiere multiplicarlos por A+ ?‘j donde
2

i  entrepiso superior

i  entrepiso inferior



1. MARCOS SUJETOS A FUERZAS LA-
TERALES

En la practica revisten importancia el analisis
de marcos de edificios sujetos a fuerzas laterales
y el calcuio dz sus rigideces. Este capitulo des-
cribe e ilustra con ejemplos les principales métodos
aproximados y exactos, cuya aplicacion es practica
en problemas usuales. Se incluye en cada caso un
resumen de las hipétesis de partida, a fin de per-
mitir el juicio sobre la aplicabilidad a cada proble-
ma concreto.

En la mayor parte de los ejemplos se analizan
por cada método propuesto los marcos A y B
(fig. 1.1 *). Estos son idénticos en geometria;

. jsoon_y sc0. .9:.__{,,_.?0,__*__._.7_0_._4

- T

l~ T | ALOm

6T ' ' ' -

T 3 q 1 400>

2 A SIS S - L

3 . L] 3 2] OO

1A : ' i

L) ] [ 4 3 L

. PLJ-‘I an iz r‘j!:I
MARCO A

no dan resultados satisfactorios para anilisis de-
finitivos. En algunos de los métodos sz toman en
cuenta las rigideces relativas de las piexzas; en otros,
los elementos mecanicos se determinan sin atender
a consideraciones de deformabilidad.

1.0]. Método del portal. Se basa en las si-
guientes hipétesis.’-?

1. Los puntos de inflexién de trabes y de co-
lumnas se encuentran en sus puntos medios.
2. La fuerza cortante en cada una de las co-
lumnas exteriores de un piso es igual a la
mitad de la que corresponde a cada columna
interior. Asi el problema se torna isostatico.
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MARCO B8

NOTA: Los ndmeros indicados ol centro de coda pieto mndicon los rigideces relotivag

MARCOS ANALIZADOS EN LOS EJEMPLOS

difieren en las rigideces de sus elementos estruc-
turales.

Al tratar los métodos de aproximaciones suce-
sivas se hace hincapié en la obtencién de una pri-
mera-aproximacién de partida, que pueda refinarse.
hasta la precisién requerida. :

1.0. Métodos aproximados

1.00. Generalidades. Los métodos que a con-
tinuacién se describen son utiles para efectuar el
analisis preliminar de algunos marcos. En general

* En la figura, al igual que c¢n 1a totalidad de este trabais,
segun la practica de la ref. 3, se entiende por nivel una
superficic honzontal en la que se admiten alojndos los ejes
de trabes: se entiende por entrepiso el espacio comprendido
entre dos niveles consecutivos. Se denominara nivel 0 aquel
bajo el cual se desprecian las deformaciones laterales de la
Bstructura. Entrepiso 1 sera el comprendido entre los niveles

vy L.

FIG,1.1

El proceso de cilculo puede resumirse en los
siguientes pasos.

1. Determinese la fuerza cortante de cada en-
trepiso.
2. Obténgase la fuerza cortante en cada co-

lumna usando la hipétesis Z,

3. Calctlense los momentes flexionantes en los
extremos de todas las columnas, tenicndo en
cuenta la hipétesis 1,

4. Obténganse los momentos en los extremos
.de todas las trabes equilibrando ios momen-
tos de las columnas en cada nudo. Para ello
es necesario comenzar-en nudos gue tengan
una sola trabe y proseguir recordando que
los momentos en los extremos de una misma
trzbe son iguales entre si.

)7



Obténganse cortantes en las trabes a partir
de los momentos de sus extremos.

Obténganse las fuerzas axiales en las co-
lumnas a partir de las cortantes de las trabes.

La fig 1.2 resume la aplicacién del método a un
marco

1.02. Meétodo del voladizo.

e cuatro pisos.

Se utiliza este mé-

todo para el analisis preliminar de marcos esbeltos;
las hip6tesis en que se basa son: 2
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METODO DEL PORTAL

EJEMPLO 1
£16,:2

Los puntos de inflexién de trabes y colum-
nas se encuentran en sus puntos medios.
La fuerza axial en cada columna de un mismo
entrepiso es proporcional a su seccién trans-
versal y a su distancia al centro de gravedad
de las columnas del marco en el entrepiso
considerado. (En ocasiones se suponen todas
las columnas de igual seccién transversal y
se calculan las cargas axiales como directa-
mente proporcionales a sus distancias al cen-
tro de gravedad del marco.) Esta suposicién
es la que da su nombre al método.

Los pasos a seguir se resumen a continuacion.

1.

Considerando el edificio como un voladizo,
determinense los momentos de las fuerzas
exteriores con respecto a secciones horizon-
tales que pasen por los puntos de inflexién
de las columnas en cada entrepiso.

4.

A\

Los momentos asi calculados se utilizan para
obtener las fuerzas axiales en las columnas
aplicando la hipé6tesis 2.

A partir de las fuerzas axiales de las colum-~
nas obténganse las cortantes en las trabes.
Determinense los momentos en trabes y co-
lumnas aplicando la suposicién 1.

. Este método se aplica al analisis de un marco
en la fig. 1.3.

1.03. Método de Bowman. Como resultado del
estudio de un gran nimero de marcos resueltos
por métodos “‘exactos’’, se ha propuesto un méto- .
do aproximado de acuerdo con las siguientes hip6-
tesis. 2

va

e

30

1.

2. Los puntos de inflexién en las columnas del
primer entrepiso se encuentran a 0.60 de su
altura, a partir de la base. '
En marcos de dos o mas, tres o mas, o cuatro
0 mas entrepisos, respectivamente, los pun-
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Los puntos de inflexién en las trabes exte-
riores se encuentran a 0.55 de su claro, a
partir de su extremo exterior. En trabes inte-
riores, el punto de inflexién se encuentra al
centro del claro, excepto en la crujia central
cuando el nimero de crujias es impar, o en
las dos centrales si es par. En estas crujias la
posicién de puntos de inflexién en las trabes
estd forzada por condiciones de simetria y
equilibrio.

l...

METODO DEL VOLADIZO
EJEMPLO 2
£1G.1.3
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tos de inflexién en las columnas de los entre-
pisos idltimo, penualtimo y antepenultimo,
respectivamente, se encuentran a 0.65, 0.60 y
0.55 de la altura correspondiente, a partir
del extremo superior. En edificios de cinco o
mas entrepisos, los puntos de inflexién en
columnas para las cuales no se ha especi-
ficado la posicién, se encuentran al centro
de su altura.

Esto se resume graficamente en la fig. 1.4. °
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Posicidn de los puntos de Inflexidn de las
columnos segun el metodo de Bowman

METODO DE BOWMAN
FIG. 1.4

3. La fuerza cortante de cada entrepiso se dis-
tribuye en la forma siguiente.
En el primer entrepiso:

Una fuerza cortante igual a

N—05
N +1 v

se distribuye directamente entre las columnas
proporcionalmente a sus rigideces. La fuerza
cortante V, = V—V, se distribuye entre
las crujias proporcionalmente a la rigidez
de la trabe que la limita en la parte superior.
La cortante de cada crujia se distribuye en
partes iguales entre las dos columnas que
la limitan,

En pisos superiores:

V.=

Una fuerza cortante

N—2
Ve=n7T1V

se distribuye directamente entre las colum-
nas. La cortante V, = V — V, se distribuye
entre las crujias como se hizo para planta
baja.

En estas expresiones,

V. = fuerza cortante total en un entrepiso.
N = nimero de crujias del marco en el en-
trepiso considerado.

Una variante del método consiste en respetar
los puntos 2 y 3, pero determinar los momentos

en las trabes equilibrando en cada nudo la suma de
momentos en los extremos de las columnas con
momentos proporcionales a la rigidez angular na-
tural de cada trabe. La fig. 1.5 es la aplicacién
de este método al analisis del marco B
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METOD0O DE BOWMAN (Marco B)
EJEMPLO 3
F13..3

1.12. Método de distribucidn en voladizo (Grin-

ter-Tsao). Este método es rigurosamente aplica-
ble solo a marcos simétricos de una crujia y a
aquellos de varias crujias cuyas rigideces guacden
relaciones tales que sea posible descomponerlos
en varios marcos simétricos de una crujia cada
uno ® 7. Sin embargo, puede aplicarse en forma
aproximada al analisis de cualquier marco que se
idealice como simétrico y de una crujia, igualando
la suma de rigideces de trabes y columnas en cada
entrepiso en el marco original y en el idealizado.
Esto equivale a suponer que tcdos los nudos de
un mismo nivel sufren la misma rotacion.

E! método consiste en lo siguiente (fig. 1.12).

Permitase el desplazamiento lineal de todos los
nudos, hasta que se logre e! equilibrio de fuerza
cortante en cada entrepiso. En esta etapa los mo-
mentos exteriores —--M, impiden el giro de los
nudos (fig. 1.12b). Eliminense ahora estos mo-

48/
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METODO DE GRINTER - TSAO

F1G.1.12

mentos. permitiendo simultaneamente giros y nue-
vos desplazamientos lineales sin que se altere la
fuerza cortante de cada entrepiso (fig. 1.12¢).

@MZ'I"MI-z

DESPLAZAMIENT
SIN CORTANTE 0

FIG. 1,13

Considérese una columna (fig. 1.13) a uno de
cuyos extremos se permite giro y desplazamiento
transversal simultaneo. Partiendo de que es nula
la cortante que proviene de esta deformacién, las
ecuaciones de pendiente-deformacién suministran
las relaciones

M. = 2EK ., (20, — 3¢z, (1.9)

M, = 2EK,.(6, — 3¢..). (1.10)
Al no haber fuerza cortante,
M, = —M,,. (1.11)
De las ecs. 1.9 y 1.11,
0, = 2¢.,
M,, = EK., 8. (1.12)

Teniendo en cuenta las ecs. 1.11'y 1.12 y con-
siderando que la deformacion de la estructura sera
antisimétrica se reduce el problema a la solucién
de la mitad del marco por distribuciéon de momen-
tos. En este proceso las rigideces de las trabes se
calculan como 6 EK, las de las columnas como EK
y el factor de transporte en las columnas es — 1.

El método se aplica en las figs. 1.14 y 1.15 a
idealizaciones de los marcos A y B. La rigidez
de cada columna se obtuvo como la suma de rigi-
deces de todas las columnas del entrepiso, y la
rigidez de las trabes como 2 X 6 = 12 veces
la suma de rigideces de las trabes en el nivel con-
siderado. (El coeficiente 6 toma en cuenta la rigi-

dez modificada y el 2 toma en cuenta la rigidez de-

cada trabe en sus dos extremos.)

La tabla que aparece en las figs. 1.14 y 1.15 es
idéntica a una distribucién de¢ momentos por el
método de Cross, por lo que no amerita explicacién.
Obsérvese solamente que los momentos de empo-
tramiento se obtuvieron como el producto de la
fuerza cortante en cada entrepiso por la mitad
de la altura correspondiente.

Calculados los momentos en la estructura sim-
plificada, es necesario obténer elementos meca-
nicos, en el marco original. Para ello se distri-

buyen los que se obtuvieron en aquélla proporcio- .

nalmente a las rigideces de las piezas de éste. El

resultado de Ia overacion se consigna en el renglon
2 correznondiente a cada pieza en las figs. 1.14b y

1.15h.

Pucde verificaise que el cquilibrio de cortante

en cada entrepiso se satisface. No asi el equilibrio
de cada nudo, ya que la hipétesis de giros igua-
les de todos los nudos de un aivel no necesaria-
mente es correcta. En los renglones 3-5 se lleva
a cabo una distribucion de mosnentos con los nudos
fijos linealmente. En el renglon 6 se anota el re-
sultado [inal de esta distribucién.

Al efectuar la distribucién descrita se desequi-
libran las cortantes de entrepiso. Ello se observa
al comparar los valores de ¥m para todas las co-
lumnas de un entrepiso con el producto V'/i corres-
pondiente. Los errores son tan pequeiios en este
caso que no justifican un refinamiento mayor: no
obstante. los residuos que aqui se cbtienen pueden
considerarse como un nuevo sistema de cargas
horizontales al cual puede aplicarse el niismo
procediniieato.

e
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3.2. ANALISIS DE SISTEMAS

MARCO-MURO

Las figuras y tablas siguientes han sido tomadas y adaptadas de la
ref 15

Fig. 24.

Deformacion de una viga adyacente a una columna flexible,

L T T L 1L |

{a) MARCO DE
ICOLUMNAS ANCHAS

ctrmcerumecmacemarrtim e mst e s anamny

pe=eeee~

T

i

{c) MARCO DE VIGAS DE

e

GRAN PERALTE

e LT P TN

~-~ Contorno del muro
-~ Miembro flexible del marco
TR porcidn rigida es decir, junta finita

e L

Fig. 25. Marcos con juntas finitas
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Hrennikoff-
McHenry
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McCormick
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Grinter

Puntos nodales

Elementos

_F rectangulares
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Elementos def
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—_—

Elemento en
flexidn

{a) ELEMENTOS ESTRUCTURALES

>7.

—

3

—

6
-2

-1

f2

{b) ELEMENTOS FINITOS
Grado de libertad
+

(c} ELEMENTO FINITO
RECTANGULAR

Fig. 26. Estructuras y clementos finitos

Fig. 27.

P
Refinamiento de la |
malla usando cua-
drilateros
/
L1 Yy )
Tridngulos como
elementos
~],
Aberturas

Ay

Nucleo resistente
al corte

Contorno de
la losa de
piso
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Planta de una estructura con

much

os pisos
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Fig. 18. Esquematizacion de marcos con aberturas.
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Fig. 19. Variacion de la rigidez del.muro de cortante con
una sola fila de aberturas.

.Tabla 3. Comportamiento de los muros de cortante con vna sola
hilera de aberturas.

aH* Comportamiento

> g | Seaproxima al del muro sin aberturas. La deformacion axial de las colum-
nas es muy importante en el cilculo de la rigidez.

4-8 | Transicion

0-4 | Dos muros conectados. El comnportamiento se aproxima al de un marco
rigido.




Tahla 4. Articulos sobre el método de la conexién por cortante.

' |
Numero de hileras Variacibn de las propicdadcsl
de aberturas Carga Condiciones de la cimentacibn con la altura Presentacion
Carga e
Una sola conceny Unifor- Variacién |Asenta Fus Gréficas
o lracaen memen- i . 1E - fuer-
o |2 o) B T ol o I e o
Referencia [sImétncas o nras ;icl;;ur- tribuida} gular Fija |Elistica| inferior |rencial | varian |mente | mente ]cioneslen las columnag| Xi0P Comecntarios
vigas *
(14) Beck X - - X - X - - - X - - X X X X Notacién equivalente
' a vy off
(15, 16) Coull & X - X X | X X - - - X - - X X X X
Choudhury
(17) Magnus X - - X - X X - X X - - X X X X Notacién equivalente
. mJab y ol
(18) Eriksson X X - X - X - - - X - - X - - -
(19) Rosman X - X - - X X X - X -~ - X - - -
(20) Rosman X - - X - - - X - X - - X - - -
(21) Rosman X X X X X X X X - X - - X - - — |Enalemin
(22) Rosman X - X X X X - - - X - - X X X - En alemdn y en inglés
(23) Rosman X - - X - X - - - - - X X - - - En alemin
. Para la variacion con la al-
(24) Coult & Puri X - - X - X - - - X - X X - - - tura, las rigidcces de los
muros y vigas deben vanar
proporcionalmente
(25) Traum X - - X - X - - - - - X X — - - Fl mérado es esencialmente el
mismo que en la Ref. 23
(26) Burns X - - - X X - - - X X - X X - X Vanacion parabolica del
. . j espesor
(27) Barnard & X - - X - X - - - X - - X- - - - Se hacen aproxlr'naciuncs
Schwaighofer para reducir ¢l cilculo

x sigmfica SI; — significa NO

Tso, W.K and Chan H.B. "Dynamic Analysis of Plane Coupled Shear Walls" Journal ASCE Eng. Mech. Div. Feb 1971
Tso, W.K and Biswas, J. K. "General Analysis of Nonplanar compled shear Walls" Journal ASC Struct. Div. Marzo 1973

Pekan, O. A. and Gocevski, V. "Behaviour of Compled'Non-linear Shear Walls" Proc. Central American Conf. on Earth. Eng.
San Salvador, 1978 ’
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Translaciones en la
direccion Y

}>~ Muro de cortante

@&
o fe ! Y . Z(Vertical)
P N S O S N N N =y
HE 19 . H
Murod/ﬂ p:l o
cortante T
Rotaclones con respecto Marcos
al eje X (tipicas) Rotaciones con relacién al eje Z

Fig. 30. Planta de estructura mostrando los grados de libertad usa-

dos cuando el piso actia como viga horizontal (referencia 54)
-

Origen de los ejes
{posicidn arbitrarls)

Brazos rigidos en el planc
X-Y que conectan las co-
lumnas al origen

14

il

- . .
X
'—r— Grados de libertad
66
Y o
" . =10
Anchura de losa equi-
valente que conecta
las colemnas como
vigas en flexién

Fig. 31. Estructura conla forma de mesa mostrando los grados de
libertad por ¢l métode de! piso rigido.”

Tabla 7. Métodos manuales para el andlisis de Ia interaccién de los muros de cortante con marcos.

Detalles que se incluyen ‘
. Los puntos
Flexibn de de inflexi6n .
. ot . las vigasad- | Variacién de| no estin a Se dan grifi-
Deformacion | Deformacién Movimiento | yacentes al las propieda-| iz altura de cas para sim-
. | axial de las | por cortante | de lacimentai muro de des con la las colum- plificar los
Referencia columnas cioén cortante altura nas cilculos Cilculos que se requicren
Andlisis del marco por Distribucion de momentos sin mo-
- d
2 Xs\t};an & . X X X X X X vimiento horizontal o por el métudo pendicnte-defle-
arounis : ®ion. Cilculo de la deflexion del marco y del muro de
) cortante, Proceso iterativo.
(3, 65) Parme - -. - - X X X Conjunto de’ ecuaciones diferenciales simultineas de or-
den igual al ndmere de pisos; la forma de las ecuacio-
(66) Gould - - - X X X - nes simplifica la solucidn.
Como Panme: El método de resolver las ecuaciones no se
(67) Roser:blueth -~ X X - X - - describe. ‘
& Holtz ’ Aproximaciones sucesives para las fuercas de interaccién.
(68) Cardan - ) X bt X - - - Substitucidn er ecuaciones. No se usan ecuzciones simul-
’ téneas ni iteracion.
(69) Rosman - - X - - - - Como Cardan.

~X significa S); — significa NO
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RESUMEN

En este articulo se presenta un procedimiento para llevar a
cabo el andlisis sismico de cdificios con muros rigidizantes,
de acuerdo con los requisitos del Reglamento de
construcciones para el Distrito Federal de 1976. Se incluye

. también un mérodo simplificado, pero suficientemente
aproximado, para el andlisis de marcos y de sistemas
marco-muro ante cargas laterales.

SUMMARY

In this article, a method to carry out the seismic analysis
* Conferencia dictada en la ciudad de México. el 27 de octubre  Of Shear wall buildings is presented, in accordance with the
téestr1?‘77r.‘_,ldurame el Primer Congreso Nacional de ingenieria  requirements of the 1976 Building Code for Mexico City.
b Inge:le‘r)o élvll Universidad Nacional de Ingenierfa, Lima, Peru. A SImpllﬁC:d but Sufﬁc‘ll’nt[V approxm.xated method for
Macstro en Ingenieria-Estructuras, UNAM. Investigador, Instituto the analysis of frames and of frames interconnected 10
de Ingenieria, UNAM, shear walls subjected to lateral loads is also included.
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1.-INTRODUCCION

El analisis sf'smico estatico de los edificios y una
variante del analisis dinamico espectral, consisten
en:

1) Cbtener las fuerzas laterales que representan
{a accion sismica sobre el edificio en dos direc-
ciones ortogonales.

2) Distribuir estas fuerzas entre los elementos -
resistentes {marcos y/o muros)

3) Determinar los elementos mecanicos que se
generan en los miembras de cada elemento

resistente.
El Reglamento de construcciones para el Distrito oo
rederal (Ref. 1) especifica como reahzar el paso 1. b Wy —] w2 (‘"9"
En este trabajo se presentan procedimientos para p T I I -
efectuar los pasos 2 y 3, satistaciendo las exigencias i ! | by
de este Reglamento; los mismos métodos pueden | — 4
aplicarse, casi sin modificaciones, cuando los edifi- | ! ha
cios se encuentren en Ctros lugares o cuando se | i . _{_
trate de cargas laterales distintas de las sismicas. | | by
‘ La presentacion es matricial porque cuando exis- | | — —1—
ten muros rigidizantes no es posible usar 1os proce- I | By
dimientos tradicionales, basados en el concepto de -
DT ; A p—rt muros ——
rigidez de entrepiso, que no se pueden definir con J 1IN - B SO ]
e 7277 = ; ke
precision en este caso. ! 4y At gy At
Fig. 1.— Sistema plano rectangular tipico.
2.-ANALISIS TRIDIMENSIONAL DE EDIFICIOS
Para hacer el analisis tridimensional de edificios
se aceptan las siguientes hipotesis:

i) La. estructura tiene un compor‘tamuento Fig. 2.~ ldealizacidn del sistema plano de.la Fig. 1.
elastico lineal. :

ii) El edificio esta formado por sistemas planos vigos con zons extromas .
rectangulares verticales, conectados herizon- - iefinitamento rigidas e
talmente por los sistemas de piso, en cada . DT, 3 - T
uno de los niveles. La Fig. 1 muestra un il 12 hy
sisterna plano tipico. ; . -

iit) La rigidez de los sistemas de piso en su pro- 14 . is _}!-
pio plano es infinita, por lo cual funcionan { 3
como diafragmas rigidos. %ﬂ Z - —‘-

ivl Los muros se representan adecuadamente | hy
como columnas anchas y se considera que bz - — _‘.
las zonas de las vigas que estan dentro de l
ellos no se deforman por flexion {Fig. 2). l—-—— columnas | b

v) Se desprecia la rigidez torsional de wigas, anchos - S

g ._.L, —17 ] 2  a
columnas y muros. 1 | l columnos
l—;ﬁ"{ w2 |

vi} Las fuerzas latcrales estan aplicadas a nivel VT
i

. _2_ 3 !
de los sistemas de p1so. L2

Ly 1,

18 REVISTA IMCYC, VOL. XVi,No 91 /MAKZO-ABRIL / 1978



Las hipotesis (ii) y (iii) implican que cada sistema
plano rectangular tiene s6lo un grado de libertad
lateral por nivel, y que el edificio completo tiene
tres: dos traslaciones en las direcciones de dos ejes
ortogonales y una rotacidn alrededor de un eje
normal al piso.

La hip6tesis (iv) fue propuesta por Frischman
y otros (Ref. 3) y ha sido usada por varios autores
(Refs. 4 y 5). En el desarrolio de este trabajo se
han comparado sus resultados con soluciones obte-
nidas con elementos finitos y con métodos aproxi-
mados propuestos por Stamato y Stafford-Smith
(Ref. 6); las diferencias no fueron significativas en
ninguno de los casos estudiados. En una columna
ancha, a diferencia de las normales, son significati-
vas las deformaciones debidas a cortante; esto se
incluye en el andlisis en la forma descrita en el
Apéndice A. La manera de tomar en cuenta que
una viga tiene zonas indeformables en sus extremns
se presenta en este mismo Apéndice.

Con base en las hipotesis mencionadas, el andlisis
tridimensional de edificios puede hacerse de la
siguiente manera:

1) Se calcula la matriz de rigidez lateral K; de
cada sistema plano j.

IT) Se calcula la matriz de rigidez del edufncno
completo K.

Il1) Para cada caso de fuerzas laterales F, se
calculan los desplazamientos U del edificio
completo, los desplazamientos laterales D;
de cada sistema plano y los elementos me-

A continuacién se describen dos métodns para
gjecutar estos pasos:

2.1.- Método General

Paso |. En cada sistema plano j se permiten los
siguientes grados de libertad: un desplazamiento
vertical y un giro en el plano del sistema por cada
nudo y un desplazamiento horizonta!l por cada nivel, -
como se ilustra en la Fig. 3. La matriz de rigidez
correspondiente a estos grados de libertad se obtie-
ne sumando los aportes de las vigas, que pueden
tener extremos infinitamente rigidos, y las colum-
nas, que pueden ser anchas; en el Apéndice A se
dan estas matrices. Si se tiene N nudos y L niveles,
la matriz resultante es de orden 2N x L, y de ella
se eliminan los grados de libertad correspondientes
a los nudos para obtener la matriz de rigidez lateral
Kj. en términos de solamente los desplazamientos
de los niveles y de orden L x L. El proceso de eli-
minacién se denomina condensacion estatica y la
forma eficiente de efectuarlo se describe en la
Ref. 10.

Paso Il. Se expresa la matriz de rigidez lateral K
de cada sistema plano en .términos de los grados de
libertad del edificio completo. Esta transformacion
se describe en detalle en el Apéndice B, y se llama
K a la matriz resultante.que es de orden 3L x 3L.

cénicos de las vigas, columnas y/o muros La matriz de rigidez del edificio es: K = z Kf,
que los formen. también de 3L x 3L. !
/vigos
p p p s 2
8 N ! \ 4 N 4 ~ 4
p) > py ) 2
I~ ‘ N { Y ] Y ] >
J l I ) LI Y
~ 4 \ a N [ S 4
P 4 Py Py ) L
CO'UmﬂOS
S e - % rf;l»':
Nota: las columnas pueden ser anchas y las vigas pueden
- tener exiremos infinitamente rigidos
Fig. 3.— Grados de libertad en un sistema plano ideslizado, para emplear ¢/ método general,
REVISTA IMCYC, VOL. XVI.No 91 /MARZO-ABRIL / 1978 19
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S
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41

' 772777772 ) 2
——1p4

a'+7k-+/6=]

b) viga

Fig. 4.— Grados de libertad de una columna y de una viga con extremos infinitamente rigidos.

Paso lil. Para calcular los desplazamientos laterales
del edificio completo se resuelve e! sistema K U =F;
en la Ref. 10 se discuten las formas eficientes de
hacerlo. £ en general esta formado por dos fuerzas
ortogonales y un momento torsionante por cada
nivel, que corresponden a los tres grados de libertad
considerados para el edificio en tal nivel. Emplean-
do las relaciones geométricas entre los desplaza-
mientos laterales D; de cada sistema plano y los de
los pisos del edificio U, se calcula D; (véase la expre-
sidon B 3 del Apéndice B).

Los desplazamientos correspondientes a los gra-
dos de hibertad eliminados en el Paso | se pueden
calcular a partir de D; (Ref. 10). Asi se conocen
todos los desplazamientos de todos los nudos v,
usando las matrices de cada viga o columna (Apén-
dice A), se pueden calcular sus respectivos elemen-
tos mecanicos.

2.2.- Método Simplificado

Paso |. Para determinar la matriz de rigidez lateral
de cada sistema plané j se usa un sistema plano
reducido equivalente, que se describe en la Seccidn
3, y que tiene mucho menos grados cde libertad que
el sistema original. La simplificacidn resulta, esen-
cialmente, de que cada elemento del sistema equiva-
lente representa a varios elementos del sistema real.

A partir de las matrices de rigidez lateral de cada
sistema plano j, se pueden efectuar los pasos il y {1l

20

de la misma manera que.en el mMétoGac generai,
hasta el calculo de D;.

Los giros de todos los nudos no fueron conside-
rados en el paso | y, en consecuencia, no es posible
calcularlos en forma directa a partir de D;. Pero
puede usarse el método de distribucién de momen-
t0s para calcular los momentos flexicnantes, par-
tiendo de momentos de empotramiento en las co-

lumnas que- valen a 6E1S , donde 8 es el des-

+a)h
plazamiento del entrepiso correspondiente. €, I, vy
h estan definidos en el Apéndice A, en el cual se
explica como modificar los coeficientes de rigidez
y los factores de transporte, para incluir el efecto
de las deformaciones por cortante en las columnas
y la existencia de zonas extremas infinitamente
rigidas en las vigas. Un problema que hay que notar
en este procedimiento es que las fuerzas laterales
E; que actvan en el sistema plano j valen £j = K;j Dj,
y producen unos cortantes V;: en los entrepisos,
por otro lado, la suma de momentos en columnas
sobre las alturas da lugar a unos cortantes V', que
no seran exactamente iguales a V;. Para subsanar
esta dificultad se sugiere calcular en cada entrepiso
i la relacion R; = Vy/V* j; v multiplicar los momen-
tos de todas las columnas ce cse entrepiso por Rj,
a fin de conservar el equilibrio se pueden multipli-
car los momentos en las vigas del piso i por

1 .
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2.3.- Observaciones y comentarios

De los métodos propuestos en las secciones 2.1
y 2.2 se puede considerar como "‘exacto’’ el método
general, en el sentido de que es la forma mas pre-
cisa de proceder dentro de las limitaciones que im-
ponen las hipdtesis generales, por lo que se reco-
mienda usar este método cuando se disponga de la
computadora vy los programas apropiados, como el
que se presenta en la Ref. 9. Cuando no se cuente
con tales herramientas, puede usarse el método
simplificado.

E! procedimiento general de andlisis, sequido en
ambos métodos, s6lo hace compatibles, mediante los
pisos rigidos, a los desplazamientos laterales de los
niveles de todos los sisternas planos que forman el
edificio. Los demas grados de libertad se consideran
independientes de un sistema plano a otro, condi-
cién que no cumplen los desplazamientos verticales
de las columnas que se encuentran en la intersec-
cidén de dos sistemas planos y pertenecen a ambos.
Una forma aproximada de tomar en cuenta este
hecho, para fines de disefio, es considerar que la
carga axial en tales columnas es igual a la suma
de las que se obtienen para ellas en cada uno de los
sistemas planos a que pertenecen. También debe
notarse que los giros de estas columnas solo son
independientes entre si cuando los sistemas planos
son ortogonales; por esto, los métodos aqui pro-
puestos no deben usarse cuando los sistemas planos
que componen un edificio se corten en angulos
muy agudos en planta. Ademas, cuando los pisos
son flexibles en su propto plano, no es valida la
suposicion de que los sistemas planos estan unidos
por diafragmas infinitamente rigidos, lo cual inva-
lida los procedimientos aqui propuestos.

En el método simplificado se usan matrices de
rigidez lateral obtenidas en forma aproximada; sin
embargo, los -errores.en los valores de los deésplaza-

“mientos son pequeiios (menores que el 3% en

todos los casos estudiados). Una limitacion mas
restrictiva de este método es que no toma en cuenta
los grados de libertad verticales, 10 que implica des-
preciar los efectos de alargamientos y acortamien-
tos de las columnas, que son mas impartantes en
edificios con vigas rigidas y/o gran relacion altura/
ancho. No se han establecido criterios definitivos
para decidir cudndo pueden despreciarse estos efec-
tos. {La Ref. 11 considera que puede hacerse cuan-
do la relacion altura/ancho del edificio sea tres o
menor).
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Para tener una idea de tas diferencias en los re-
sultados entre los métodos general y simplificado
se analizd con ambos un edificio de 6 pisos, cuyas
caracteristicas y cargas se dan en la Fig. 8. En la
Tabla 1 se comparan los resultados obtenidos para
dos sistemas planos de ese edificio, que son 1ps

-que mas se desplazan en las cargas usadas, por o

que en ellos los errores seran mas importantes.
Notese que estos (ltimos son menores que el 19/0,

aunque hay que sefialar que en el método general

no se permitieron desplazamientos verticales para.
que las diferencias se debieran exclusivamente al
uso de sistemas planos reducidos.

3.— SISTEMA EQUIVALENTE PARA CALCULAR
LA RIGIDEZ LATERAL DE UN
SISTEMA PLANO

Se trata de calcular la matriz de rigidez lateral
de un sistema plano como el mostrado en la Fig. 1.
Varios autores han estudiado este problema para
proponer formas de determinar los elementos me-
canicos correspondientes a los componentes del
sistema (muros, vigas y columnas) cuando estad su-
jeto a cargas laterales (Refs. 6, 7'y 8). La citada
matriz puede determinarse con el procedimiento
descrito en la Seccién 2.1, el cual resulta apropiado
para programarse en una computadora grande, es-
pecialmente si se trata de un sistema plano con
muchos nudos. Como no siempre se dispone de tal
herramienta, es conveniente contar con un método
simplificado que, sin pérdidas exageradas en la pre-
cision, permita obtener la matriz de rigidez lateral
con una computadora pequefia, 0 bien en forma
manual. El método que aqui se propone logra
este objetivo. '

- El componente bésico del sistema equivalente
es el conjunto de vigas y columnas mostrado esque-

. méaticamente en ta Fig. b, en la cual se indican las

cantidades que son necesarias para definirlo y los
grados de libertad que le corresponden. Las alturas
son las del sistema real. Cada columna y cada viga
representan, respectivamente, a un conjunto de
columnas o vigas del sistema plano real. Si E es
el modulo de elasticidad, 1, el momento de inercia,
G, el madulo de cortante y 2, el drea efectiva de
cortante de una columna o viga del sistema real,
entonces las propiedades en cada nivel i del com-
ponente bdasico son:
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Suma de E! de las columnas de un piso,
que representa el componente.

(GQ); = Suma de GQ de las columnas de ese piso,
que representa el componente.

m
I

. = Suma de.2EL (1) por cads vez que una
g A3
viga llega 3 una columna represeniada en
el componente ( A se define en la Fig. 4).

Dentro de las columnas se incluye a fos muros.
En las columnas de dimensiones normales no es
necesario considerar deformaciones por cortante y
no se necesita el valor de (GQ),, que es indispen-
suble para los muros. Cuando una viga llega a un
muro, A tendrd un valor menor que 1; para las
vigas que llegan @ columnas normales A = 1.

Para construir el sistema equivalente se divide a
las columnas del sistema plano en grispos tales que
cada uno de ellos contenga columnas de propieda-
des similares. Se ha comprobado en este trabajo
que los errores son pequefios si el valer de EI de
la columna maés rigida de un grupo no es mayor
que ocho veces el de la columna menos rigida de
ese mismo grupo. Generalmente son necesarios dos
grupos: uno contiene a las columnas normales y el
otro a los muros.

A cada grupo le corresponde un componente
basico cuyas propiedades se calculan como ya se
ha descrito en esta Seccion. Todos los componen-
tes basicos que resulten se acoplan de modo que
sus desplazamientos laterales sean los mismos, como
se ilustra en la Fig. 6. Ndtese que los componentes
basicos pueden no tener el mismo nimero de nive-

30

~ (Ei/L)4 .
=z ;é T
(E|)4, Gn )4 (El/l_)a 5’14
p R
(EI)3I (G-Q )3 (EI/L)"’ i‘ta
N £ —r e
(EDy, (GN) li& d} h
’ n ;
20 Y22 L E/LY o 2
< B |
(Ei)]l (GQ-)] h]
s —

Nota: las flechos indican Jos grados de libertad

Fig. 5.~ Componente bésico del sistema eyuivaleata.

les, que puede tratarse de un solo componernte, e
cuyo caso no se necesita hacer el acopiamiento; vy
que los giros de un componente son independientes
de los giros de los demds.

Se calcula la matriz de rigidez de cada compo-
nente, referida a todos sus grados de libertad
_(Fig. 5) vy, por condensacion estitica (Ref. 10),
se eliminan las rotaciones y se obtiene la matriz de
rigidez lateral del componente. La matriz de rigidez
lateral del sistema equivalente se obtiene sumanco
las de todos sus componentes basiccs. Este proce-
dimiento se ilustra en el Apéndice D.

N N ——
2 T3 —
hy
. ad ) ) ———d
< = 7 @"“"
n3
Y 1Y ) - P
P P 17 R B
h
: 2
~\ N A0 e wrerere
Y M pY R
hy
L xesica - 277Iy L rrrred ————

Nota: las flechas indican los grados de libertad

Fig. 6.— Acoplamiento de componentes bédsicos para formar un sistema equivalsnte,
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centro de masos

Fig. 8.— Planta, dimensiones, propiedades y
cargas laterales del edificio que se
usa para comparar los métodos
general y simplificado.

5!

Fig. 7.— Grados de libertad del edificio y del sistema plano j, en

el nivel i,
i 4.0 | 5.0 4.0 4.0 j
) i I
| (.’J muro h-, (!LC .’-d muro ‘L _
4/ ' —— r
vigas s.0
centro de/ Y\g
masos X
T i e -t
4.5
muros 4.0
—G 5 {_/N, ! J—
a c e
| ]
I 9.0 1. 4.0 B 5.8 |
r ] 1 1
Planta de todos los pisos
Notas: espesor de los muros = 0.15 m
moédulo de elasticidad de todos tos elementos = 2 000 000 ton/m3
moédulo de cortante de todos los elementos = 833 333 ton/m?
momento de inercia de todas las vigas = 0 00255 ms
las tlechas indican los sentidos positivos de los desplazamientos laterales
las distancias €51an en metros
Fuerzas {ton).y momentos (ton-m)
Nwvel Cotumnas Altura Por snmo en X Por sismo en Y
{m xm) {m) Fx My Fy My
1 40 x .40 4.0 451 4.059 451 8.479
2 40 x .40 .30 189 7.101 7.89 14.833
3 40 x 40 30 11.27 10.143 11.27 21,183
4 30 x 30 30 14.65 13185 14.65 27.542
6 .30 x 30 3.0 18.03 16.227 18.03 33836
6 .30 x .30 30 214y 19 269 2.4 40 251
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4.— PROCEDIMIENTOS PARA EL
ANALISIS SISMICO

Los métodos de analisis tridimensional expuestos
en la Seccibn 2 no se pueden usar directamente
para el analisis. srsmice de edificios de acuerdo con
el Reglamento de construcciones para el Distrito
Federal que cxige, en su articulo 240, considerar
dos combinaciones de las excentricidades de las
fuerzas cortantss v, en su articulo 237, estipula que

se sumen vectorialmente ios efectos de un compo-

nente de! movimiento horizontal del terreno con
0.3 de los del otro. El procedimiento que a conti-

nuacién se propone permite tomar en cuenta tales’

requisitos.

Considérese que la matriz de rigidez lateral del
edificio K se ha partido en la forma:

K
Be o Ko
!S =
T
K K
i Lo 98J

donde los subindices L y 8 se refieren, respectiva-
mente, a los desplazamientos laterales y a 10s giros
de los pisos del edificio. Entonces se pueden seguir
los pasos siguientes:

a) Se escogen dos direcciones ortogonales X y Y
en la planta del edificio.

b} Para cada direccion:

b.1) Se determina la fuerza horizontal aplica-
da en el centro de masas de cada piso i,
de acuerdo con los articulos 240 o 241
del Reglamento de construcciones para
el Distrito Federal. Sea F el vector for-
mado por estas fuerzas.

b.2) Se calculan los desplazamientos laterales
8 , del edificio, sin permitir giros en
los pisos:

-1
§_0 = .’SLLE

b.3) Se calculan los momentos debidos a la
excentricidad directa, que valen:

= - kT

y se les acumula para obtener los momen-
o
10s torsionantes en 10s entrepisos M d

24

b.4)

b.5

—

b.6)

b.7)

b.8)

32

Se calculan los momentos torsionaintes
en los entrepisos M* . Para el entrepiso
i se tiene: M;i = 0.1 b, V., donde b, es

la dimension méaxima de la planta i del
edificio, medida perpendicuiarmente a la
direcciébn en que estan aplicadas las fuer-
zas sismicas, y V;, el corteirte en el entre-
piso i. ‘

Para cada nivel i se calculan las siguientes
combinaciones de momentos torsionantes: -
MIj= 18 Mg MLy My = Mg - MG
Con los valores obtenidos en el pasc
anterior se calculan los respectivos mo-
mentos en los niveles M, vy M_, de la
misma manera como se pueden calcular
las fuerzas aplicadas en los niveles a par-
tir de las fuerzas cortantes en los entre-
pisos; es decir, que en cualquier nivel el
momento aplicado es la diferencia entre
el momento torsionante dei entrepiso
inferior y el del entrepiso superior.

Se calculan los giros y desplazamientos
que producen los momentos M,y M.,

resolviendo los sistemas de ecuaciones:

=LL 'K'Le Q‘
T = ,1=1,2
Kig Koo M.

El Reglamento de construcciones para el
Distrito” Federal exige dcs combinaciones
de giros y desplazamientos:

Combinacion  Desplazamientos  Giros
(1 &, + 8, g,
{2) 5§ + 6 6
o] 2 2

Para todos los niveles de cada sistema
plano m se calculan los desplazemientos
de entrepiso producidos por estas com-

‘binaciones y se escogen lcs que tengan

mayor valor absoluto. Sea g;“ el vector
formado por estos valores cuando el sismo

actua en la direccion X; vy ;:‘ el corres-

pondiente a la direccién .
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Tabla 1.— Comparacién de desplazamientos laterales (m) de los sistemas planos LI

en las direcciones X y Y, respectivamente,

1l y aa, cuando el sismo actiia

Sistema plano 111 111; fuerza sismica en X Sistema plano aa; fuerza sismicaen Y
Nivel MS MG error (%/o) MS MG error (°/o)
1 0.000754 0.000756 0.26 0.001358 0.001362 0.29
2 0.001773 0.001778 0.28 0.003176 0.003190 0.44
3 0.003023 0.003033 0.33 0.005383 0.005412 0.54
4 0.004433 0.004449 0.36 0.007902 0.007949 0.59
5 0.005883 0.005908 0.42 0.010477 0.010547 0.66
6 0.007298 0.007334 0.49 0.012969 | 0.013066 0.74

MS Método simplificado
MG  Método general

c) Para cada entrepiso i de cada sistema plano m
se calculan

X Y X Y
+
(Z mi 03 Z mi) vy (0.3 Zmi + 2 mi)'

Se utilizara el mayor de estos valores
para calcular los elementos mecanicos produ-
cidos por el sismo.

En el Apéndice C se presenta un procedimiento
eficiente para efectuar las operaciones matriciales
necesarias para el calculo de giros, desplazamientos
y momentos torsionantes.

Cuando las fuerzas laterales se determinan por

el método dindmico espectral es también util la

matriz de rigidez lateral del edificio K. Si denomi-
namos K, . & la submatriz asociada a los desplaza-
mientos en la direccibn X, entonces los vectores
modales ¢ vy las respectivas frecuencias de vibracidn
w en tal direccion se obtienen resolviendo el pro-
blema de valores caracteristicos K-, ¢ = w2M @,
donde M es una matriz diagonal cuyos elementos
son las masas concentradas en los niveles. Los mé-
todos para resolver este problema se discuten am-
pliamente en la Ref. 10. Lo mismo puede decirse
para la direcciéon Y, y si se desea considerar las tor-
siones en planta debe usarse la matriz K completa.

APENDICE A.— Matrices de rigidez de una viga
con zonas extremas infinitamente rigidas y de una
columna incluyendo deformaciones por cortante.

SO

Para los grados de libertad y los parametros 8, v, A
definidos en la Fig. 4b, {a matriz de rigidez de una
viga con extremos infinitamente rigidos es:

Y . )
4 + 12 (1 +.1L
}\( Y ) simétrica
¥+ 8. vB 8 g
El 2 +6 + 12 4 + 12— (14—~
BTE =" BXE Y
6 2 6 20 12
_5 1 +21 _5 (1 +228,
VIR N Y A N2 Q2
6 +.27 6 (1 +.28 12 12
o ! Vi ) L XTgT




E, 1, R son, respectivamente, el mdduto de elasti-

cidad, el momento de inercia v la longitud total de
la viga. Para los grados de libertad definidos en la
Fig. 4a, la matriz de rigidez de una columna,
incluyendo deformaciones por cortante, es:

39

12 E1 '
{ 1+)h3

12 E| 12 E1
{ 1+C!)h3 {1 +0¢)h3 simétrica

6EI 6 EI {4+0) E |
{1 +a)h2 (1+a)h? (1 +a)h

6 EI 6 F! (2-a) E I (4 +a)E |
(1 +a)h? {1+a)n? {1+a)h {14+e)n

0 o 0 0 EA

: h
h h

| valor d _ 12 El
el valor de a es 2 o0

donde E, I, h y G son, respeGtivamente, el médulo
de elasticidad, e! momento de inercia, la altura y
el médulo de cortante de la columna; £2 es su area
reducida por cortante; Ia reduccién depende de la
distribucion del cortante en la seccion, el cual a su
vez depende de la forma de la seccidn; para seccio-
nes rectangulares §2 = A/1.2, donde A es el drea
total de la seccion de la columna.

En el caso de la viga, ndtese que si f§ < ¢ = Q,
es decir, que si no existen extremos rigidos, se
tiene A = 1, y la matriz de rigidez que se obtiene

26

reemplazando estos valores coincide con la vya
conocida para una viga normal.

También en las columnas, si no se desea conside-
rar. deformaciones por cortante, a = 0, v la matriz
de rigidez se convierte en la ya conocida para este
€aso.

De estas matrices pueden obtenerse coeficientes
de rigidez y factores de transporte modificados -
para usar el método de Cross. Por ejemplo, cuando
se desea considerar deformaciones por cortante,

4| 5 (Ata, EI
en lugar de o debe usarse (—3=) = v el
factor de transporte en lugar de 0.5, vale:( i--i-a"
o
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APENDICE B.— Transformacion de. la matriz de
rigidez lateral de un sistema plano a las coordenadas
del edificio.

En la Fig. 7 se muestra la ubicacion del sistema
plano j en la planta del nivel 1 del edificio.

Este sistema solamente tiene un desplazamiento
lateral d;; en este nivel, cuya direccidon positiva es
la indicada por ia flecha. También se muestra el
centro de masas del nivel i y las direcciones positi-
vas de los tres grados de libertad que tiene el
edificio en tal nivel.

Considerando que el angulo i es pequefio, la
relacion entre dji vy los desplazamientos del edificio
se puede escribir como: '

u.
{
dji = [COS Oj sen Di r,-l] B.]

donde 9, es el angulo que se forma entre la direc-
cion positiva de u; y la direccion positiva de djii ji
es la distancia del sistema plano j al centro de masas
en el nivel i y, para saber su signo, se supone que
la direccidn positiva de dj; ""gira"’ alrededor del
centro de masas; si este ‘‘giro’ tiene el mismo
sentido que ©;, entonces r s positivo; en caso
contrario es negativo. En la l‘:ig. 7, de acuerdo con
estas convenciones, DJ- y rj; son pOSsitivos. ’

La expresion B.1 se puede escribir en forma mas
compacta como: :

d. = b.. U B.2

ji =ji =i

donde:
by [cos Di sen Di 'ji]
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si se consideran los n niveles del edificio, se tiene:

D;=8; U B.3 .
donde:
r "1 . P
dj‘l uy
D; = d;2 U= tuy
Ldj"_ | n
{n elgmentos) {3 n elementos)
bj
bjs
® O
B., = e o
b,

(n por 3 n elementos; los no mostrados son ceros)

La expresidbn B.3 relaciona los desplazamientos
de los pisos del edificio con los desplazamientos

" laterales del sistema plano j, y la matriz 5‘- expre-

sada en términos de las coordenadas del edificio

P = T .
es 5, gl 5] _B_l
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APENDICE C.— Célculo de desplazamientos en el
analisis sismico.

Efectuando la particién y descomposicién de la
matriz de rigidez lateral del edificio, se obtiene el

producto $TS, donde S es triangular superior:

T
Kee  Kig Sie 9 [SLL Supe
T Tt T

Kio Koo St See] |2 %64

efectuando el producto del segundo miembro se
deduce que:

; .
Kee = S SLL' KiLe = Sy Sie

. .
YK g=80 S0 Kgg=51gSLg +JgSgg (CN)

El sistema del paso b.1 del procedimiento propuesto
en la Seccién 4 es:

KieBo =SIL S8, =S Y=E (C2)
donde se ha definido el vector Y por:
Y =8, 8, (C3)

Los vectores Y vy o pueden calcularse facilmente
por ser SLL Y S L trlangulares

El vector M del paso b.3 vale "KLG c_S_o y usando

las expresxones C1 vy C3 se puede escribir:
— _eaT -1 .
Mg =S gSLLSLLY="SpY (C4)

Por otro lado, los sistemas del paso b.7 son:

LYY 5_,' + -'SL_O =0

28
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.
Kig &+ Kgg ©; =M. i=1.2

1
de la primera de estas ecuaciones sz tiene:
(C5)

— -1
é‘i == ELL 5[_9 Q;

y reemplazando este valor en la segunda ecuagion
queda:

(Kgg—K g K{'L KLg) ©=Kjg Q=1 (CB)
e T -1
Con Kgg = Kgg —KrgK_L Kpg usando las

expresiones Ct1 y simplificando, se obtiene:

e _ T
Kéo = (SLg Srg +Sho Sea) —SLg Si1!

T T T
Spu) 181 816! = 3gp Se0

SpL

Esto muestra que ya se tiene la descomposicion
necesaria para resolver el sistema C6 y conocer Qi'
Para encontrar §; se usan las expresiones C1, que
permiten escribir C5 en la forma:

- -1
5 =-(S{' UL S19 8 =-S({ S19 &

Premultiplicando la tltima igualdad por $, | queda:

SiL é,‘ = - S8 Q.j (C7)
cuvya sclucién es directa, puesto que S_yLes triangu-
lar superior y ya se conoce.

Nétese que para encontier todos los desplazamien-
tos y giros que requiere el analisis sismico es nece-
sario descomponer una sola vez la matriz K en el
producto de una matriz triangular superior por su
transpuesta.
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APENDICE D.- Obtencion de la matriz de rigidez
lateral de un sistema marco-muro con el método
simplificado.

De acuerdo con la Seccion 3, el sistema equiva-
iente correspondiente al sistema plano de la Figura
9 tiene dos componentes basicos. El primero de
ellos representa a las columnas de dimensiones
normales, y sus propiedades son, en los dos niveles:

El = 5 (2x106 x0.005) = 50,000 (columnas)
G2 = 0 (columnas)

= 2 4,2 1 1 2 1
El/L = 2(2x106 x0.001) |+ + + + < +
. [4 5 5(0.8)3 4{0.75)7 4 510.7]5]

= 11,865 {vigas)

El segundo componente basico representa a los
muros y para él se tiene, en los dos niveles:

El = 2x106 (0.1 4+0.2) = 600,000 (columnas)

GS2 = 8x105 (0.3 + 0.4) = 560,000 {(columnas)

EI/L = 2(2x106 x 0.001) 1 +_1 +_1 = 6,265 (vigas)
5(08)3 4(0.75)3 5(0.7)3

Fig. 9. Sistema plano utilizado para ejemplificar el método simplificado.

Tm 1m 15m

+——+ +—+

-
3.0m
A 8 —T
A= 1 1 0.8 ’ 0.75 1 0.7 30m
L - - L ol i
= V=4 = WETrh=. = b7 W= T Vo=
40m 5.0m Py 50m 4 40m L 40m 5.0m e

Notas: mddulo de elasticidad de todos los elementos = 2 000 000 Tm/m?
modulo de cortante de los muros Ay B = 800 000 Tm/m?2
momento de inercia de todas las vigas = 0.001 m3
momento de inercia de todas las columnas = 0.0005 ms
momento de inercia del muro A =0.1 m3
momento de inercia del muro B = 0.2 m¢
area de cortante del muro A = 0.30 m2
area de cortante del muro B = 0.40 m2
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En la Figura 10 se muestra un esquerna del siste-
ma equivalente y se ilustran los grados de libertad

que tiene cada uno de sus componentes basicos. : & A re
. ‘ nw=
La matriz de rigidez de las columnas se propor- 3.0m
cicna en el Apéndice A. Para el primer componen- ' & £
te basico « = 0, Ei = 50,009, h = 3. interesan sola- 7}%
mente las cuatrc primeras filas y columnas de la - 30m
matriz en cuestion que, efectuando las operaciones, 5
se escriben: =Y 7] 7
: ' dos componentes bdsicos
— - .
22,222 simétrica "
-22,222 22,222 h=
-33,333 33,333 66,667 2
W
;33,333 - 33,333 33,333 65,667
1L

n=

La rigidez de las vigas es simplemente grados de libertad d2 cada componente

3EI _ —
L 3x11,865=35,595 Fig. 10.— Sistema equivalents al sistema pianc da la Fig. 9.

]

Sumando los respectivos aportes de las vigas y
calumnas (método directo de rigideces) se obtiene
la matriz de rigidez del primer componente bésico,

" que es:
—22,222 . simétrica N
-22,222 (22,222 + 22,222)
~33,333 -33,333 . (66,667 + 35,595)
-33,333 . (33,333 - 33,333) 33,333 (66,667 + 66,667 + 35,59@_1‘
[ 22,222 ~ 22222 ') -33333 - 33.333]
- 22,222 44,444 i 33,333 o
Twen  man | wammm
| - 33333 o }

33,333 -168.92ﬂ

Para obtener la matriz de rigidez lateral K, de

este componente se eliminan, mediante condensa-
cidn estatica, los Ultimos dos grados de libertad,
y se obtiene asf:

[ 22,222 - 22,222] [- 33,333 - 33,333] {102,262 33,333']—1[- 33,333 33,333]
K, = - l '
Ky

22,222 44,444 33,333 o 33,333 168,929J — 33,333 o
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‘8,163 - 12,901 La matriz de rigidez lateral del sistema plano
K1= marco-muro completo es lasuma K4 + Ko, que da:
~12,901 32,832 '

. .. . ; 35,591 - 67,178
Con el mismo procedimiento se obtiene la matriz

de rigidez lateral Ko del componente 2. La diferen- — 67.178 193,880

cia mas importante es que esta vez para calcular la

matriz de rigidez de las columnas (Apéndice A) . .

hay que considerar a =(12x600,000)/ (9x560,000) En este ejemplo se tuvieron que invertir dos

= 1.429, El resultado es: matrices de 2 por 2. Con el método general se
habr{a necesitado invertir una matriz de 14 por 14.
Esto da una idea de las ventajas del método simpli-

27,428 - 54,277 ficado aqui propuesto.

1=
il

52 =
- 654,277 161,048

- NECONOCIMIENTO : Este articulo estd basado en el aporte del autor
a la Ref. 2, trabajo que fue patrocinado por el
INFONAVIT. Se agradece a Roberto Meli la revi-
sion critica del articulo y a Luis Esteva sus valiosas
sugerencias. . :
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3.4 EFECTOS DE ESBELTEZ.

Los efectos de esbeltez en edificios se presentan de dos maneras: la
la primera se puede denominar local y consiste en que en las coiumnas
los momentos flexionantes se ven incrementados por el valor Pv donde-
P es la carga axial y v es la deformacién (eldstica) de la columna --
con respecto a su eje originalmente recto; la segunda, que es de con-
junto, se refiere a que cuando existe un desplazamiento de entrepiso A
se produce un momento WAque debe ser resistido por las columnas de -
tal entrepiso (este efecto se conoce como P-A) en la fig. 16 y 17 --

se ilustran los -efectos mencionados:

)M. M, . M Mgl

14

X -~
MOMENTOS
I1G6GULUALES

A Pu

1 Ut

i

Fig. 16 Efecto local de esbeltez.
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Fig. 17 Efecto de Conjunto

Notese en la fig. 46 que el efecto local es mis importante cuando la

columna no tiene punto de inflexidn; esto en gemersl no ocurre en mar-
<]

cos sujetos a cargas laterales, salvo tal vez en el piso inferior.

Efecto Local.

Ademis de la amplificacién de momentos, el efecto local se refleja en
una reduccidn de la rigidez del elemento (cuando la fuerza axial es -
de compresién). También se modifican los momentos &e empotramiento.

Una forma de considerar estos efectos; que en detalle. se presentan en
la ref. 22, es mediante las llamadas funciones de estabilidad y de --
carga, que conducen a expresar la matriz de rigideces de la columna -

en la forma siguiente:



{
2%s (Hc)i—‘{ ~2ls (/fC)-—% - 5(/+cj% ~5(14¢) % %
£I ) £Z £Z
2L (/fc/_;j. s (ive) = Sr¢c) 2
s &L sc £Z
Z %
S £Z 3

Los valores de S, C y t se obtienen planteando la ecuacién diferencial
de equilibrio de la columa, incluyendo en elmomento  flexionante el
término Pv. Es conveniente expresar estas funciones en términos de la-

relacion adimensional n definida como:

Y\;—:_ P } P= (‘;rsa axia\
ff_g_) sctvanTe.
h

En la fig. 19 se muestra como varian tales funciones con n ( n positi-
vo corresponde a compresidn).

Se muestra también la funcién m por la cual hay que multiplicar w_li
. 12

para obtener el momento de empotramiento modificado por efectos de es-
beltez cuando hay una carga uniformemente distribuida perpendicular al
eje de la columna.

Nétese que para n=o, s=4 , c=d.5 y t=1 que son los valores corresponr -
dientes a vigas pres maticos, cwwando 5€ t2nOrIN Jos e/ec/:vs

e carsas Ix(a/les

5 A ]
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Fig. 18 Obtencidn de los coeficientes de rigidez para un desplazamiento an

gular unitario en el extremo A de un elemento prismitico .

a. Diagrama del elemento. b. Detalle.

-5 ——t

—4 —2 o

Fig. 19 Funciones de estabilidad y de carga para elementos prismaticos su-

jetos a carga axial, en términos del pardmetro n.
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En el caso de fuerzas de compresién las expresiones que definen a las fun

ciones son:

S=Ulsenv-Vcosy) ; CO= Y- send

@ (/-cosv)- Usen Sewn v— U/ OSY
Z= 420 donde U= 77\
' 25 (1+¢C) , :

Si la fuerza es de tensidn se reemplaza Sen U:por SenhU y cosU por coshU,-
aunque este no es un caso de interés prictico en eds%c'ct'os :

Nétese Fig. (19) que al aumentar las fuerzas no disminuye S, lo cual fisi-
camente significa que es mis facil, en la fig. (18), dar un giro unitario-
en el extremo A cuando ia fuerza P estd presente. También obsérvese que c;
que es el factor de transporte, aumenta con P y que puéde 1iegar a ser ma-
yor que 1 o negativo, y ademis que S puede hacerse cero o negativo.

Al analizar un marco no se conocen de antemano las cargas axiales en las -
‘columnas, por lo que, para considerar su efecto se tiene que seguir un pro
cedimiento iteravivc qua consiste en analizar el marco sin considerar el -
efecto de fuerzas axiales; es decir el andlisis usual, luego con las fuer-
zas que asi se obtienen modificar las matrices de rigideces y volver a ana
lizar. En este segundo anilisis se cbtendrdn fuerzas axiales diferentes a
las obtenidas en el primero y se tgndria en rigor que volver a modificar -
las rigideees y volver a analizar hasta que las cargas axiales no cambien en
dos ciclos sucesivos. En 1la prictica es por lo comin sﬁficiente hacer dos
andlisis, sobre todo cuando las cargas axiales sow apreciablem=nte menores
que las cargas de Pandeo de las columnas. ( En estos casos se pueden incluso
no considerar estos efectos).

Una forma menos precisa, pero mids sencilla de modificar las matrices de ri




gideces de las columnas es la siguiente:

48

Donde K es la matriz correspondiente al caso en que no se consideran

fuerzas axiales y K ,dque se denomina matriz de

rigideces geométrica, es-

td dada por:
Y 54 /0 /0
é / /
.y 2 |
SvnkFoiia /}Z —.3—_6‘/}

ii) Efecto de Conjunto

Un planteamiento ''exacto'' de este problema requeriria

2

o——

/54|

determinar . las

P |
Yr-:).[ -
3

4
P+-;>z &

ecuaciones de equilibrio sobre la configuracién deformada, y esto tendria

que hacerse

{terativamente, puesto que de las ecuaciones se obtienen los

desplazamientos y se usan estos desplazamientos para obtener las ecuacio-

nes. Ademis tendria que temarse en cuenta los efectos locales.

Esto exigen

las Normas Técnicas Complementarias de la ref. 1 para los-

casos en que la relacidén de esbeltez de las columas sea mayor que 100, y

se denomina analisis de segundo orden.

Una forma aproximada de considerar esteos efectos, que se desarrollan en -

la ref. 24, es la que se resume a continuacidn:

En la fig. 17 el momento total de entrepiso es:

7= VA p WA

&)

)

Sea R la rigidez de entrepiso en el andlisis convencional del marco suje-
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to a cargas laterales, y suponiendo que los diagramas de momentos en las
columnas, debidas a W, son proporcionales a las que producen esas cargas

laterales se tiens que:
7= (E4L)hH  (b)
(E4)A = vi+ wa
- B=(ws)
rr=ih [i 520 ]

y los efectos de esbeltez pueden considerarse pntonces multiplicando los

momentos que producen las cargas laterales por el factor de amplificacién:

Y,
g=1% 507

por este factor se multiplicaran también todas las deformaciones y esfuer

zos que producen las cargas laterales.

Con referencia a la figdt esto significa que la accidén combinada de las-
cargas verticales y de una fuerza constante V, equivale a la de una fuer-
za cortante incimentada’V+Wgﬂ

Es necesaria una correccién del factor de amplificacidn para tomar en cuen
ta que en realidad las columnas no permanecen rectas, esto es mas notable

cuando las vigas son infinitamente rigidas, y para este caso es la ref.24

se tiene: B Uﬂﬂ/ﬁ% B .
M= Vb (1 + =2y

La ecuacién (f) es la que aparece en unos métodos que, para tomar ¢n cuen

ta efectos de esbeltez, se propone en las Normas Técnicas Complementarias
del Reglamento de Construcciones para el Distrito Federal, con la varian-
te de que en vez de R se pone R (esto resulta de que V= RA para estructu-

ras dGctiles).
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La ecuacién (e) puede escribirse en forma diferente si consideramos que

A

\'
W M:quue .____._-_-\P resulta -

W

/@/-_:_L_;_ (RA/eh) =1 +__\€_/_9____—_‘—-_ [

- RA B _ C
R- & =Y

\V Normalmente viene limitado en los Reglamentos 1o mismo que c que es

el coef‘iciente sismico.
Por ejemplo: si Y=0.008 vy C=0.08
entonces: ¢ = 11

12.

13.

14,

16.
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3. DESIGN: GENERAL L. Esfeva

3.1 NATURE AND ORJECTIVES OF E-\RI‘IIQUAI\E RFSIS’I‘A\’T
DESIGN
Engineering design is rooted on society's need to optimize. ‘It implies
considering ulternate lines of action, assessing their conséq’uenccs and
making the best choice. In earthquake\ engineering, every alternate line
of action includes the .adoption of both a structural sy;stem and a geismic
design criterion, while assessing consequences ‘implies estimating struc-
tural r.esponse and hence the expected cost of damage. The choice is
based .on COmp;lrison of initial, maintenance and repair costs for the
various alternatives. However obvious these concepts m;':xy appéar to
-the authors of design codes, they are oi’ten not explicit in those codes

and hence they are not always present in the minds of those who apply

2 Iw%* tute o{ Eualm:erwu& N a Houedl Umv-grsi"c{ O]e
Mexico




desigu prescriptions to practical problems. Equally conce‘;ﬂed within
.the regulations of seismic design codes are the approximations implicit
in conventional criteria for the prediction of structural response: the |
accuracy of their pr':cdictions is often strongl;;' depend'ent on the type of
structural system considered. Base shear coefficients and design re-
sponse spectra are taken as measures of response parameters, as the
latter are usually ef.\'pressed in terms of accelerations and equivalent
lateral forces acting on linear systems. But these variables are no
more than indirect measures of sysiem performance during earthquakes:

. they serve to control the values of more significant variables, such as .
lateral deflections of actual nonlinear systems, ngb:d,and l;c;-ll duc-
tilities, and safety margins with respect to instability failure (second-

| order effects). Bccausé the relations of control variables to actual
responsc are affected by the type and featﬁres of the structural system,
better designs will be obtained if these relations are understood and
accounted. for, in contrast with blindly applying codified recommendations.
In seisfnic design more than in any other ficld of engineering, it is easy
to fall on a strict—but. Blind -_ épplication of fhe most advanced regu
lations and yet to produce a structure bound to perform poorly. This
chapter does not intend to sm‘nmariﬁzé‘ modérn design specifications:‘ 'it

. aims, instead, at discu.é;sir;g"it‘ue m‘airlxh éonce;ﬁts‘ on which they are.based,
analyzing their virtues anvdl th:eii;”weaknesses, am;l sfating the conditions

for which acceptable results are to be expected. - ' -



3.2 S'I;RUCTUR_-\L RESPONSE AND CONTROL VARIABLES

3. 2. 1 Ductility and strength

A structixra.l sy;é.tem is said to be ductile if it is capable of undergoing
substaniial' deformations at nearly constant load, withoﬁt suffering ex-
cesive damage or loss of strength in face of subsequent load applications.
Curves 1 anci 2 in Fig 3.1 show typical load (Q) vs deﬂect'ion (y) relations
for first load application in ductile and brittle systems; respectively.
Curve 1 corresponds to the response under lateral load of an adequately
detailed reinforced concrete frame where slenderness effects are not
significant; curve. 2 is typic:;.l of weakly reinforced hollow block masonry.’
But when the effect of several loading cycles has to be considered, ductile
behavior cannot be inferred from lookiné only at curves such as these for
first load application: damage prodﬁced during the first cycles may impair
the systcm's; energy absorption capacity for éubsequent cycles, and
stiffness can degrade, as in Fig 3.2b, typical of plain masonry shear walls
confined by reinforced concrete framesl. In this <;ase, stiffness degra-
dation is associated with diagonal tension cracl;ing of t.he infilling wall
'_panel and the ensuing residual strains. Practically stable hysteretic
cyclés found for structurai" steel joints2 aé shown in Fig. 3.2a are

synonymous with negligible damage.

As shown in section 3.2.2, the ability of structural systerhs to respond

to dynamic excitations according to load deflection curves similar to Fig

3.2a provides support to conventional seismic design criteria, which re
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Codificd v.xlﬁés of dosign intensities and .o'f allowable valués of rééponse-
control variubles stem from formal or informal cos.t-benefit studies. As
i.mplicit in these studies, the general goal of optimization can be ex-
pressed in terms of direct, pvarticul:xr‘objcciives: seismic design aims
at providing adequate safety levels with respect to collapse in the face
of exceptionally intense earthqguakes, as well as with respect to damage"
to adjacent constructions; it also seeks to protect structures against
excessive material damage under the action of moderate inteﬂnsity earth
quakes, 1o ensure simplicity of the required repair, reconstruction or
strengthening works in case damage takes place, and to provide protec
tion against the accumulation of structurul damage during series of
earthquakes. Finally, safety and comfort of occupant.s and of public

in gc’nera.l is to be preserved by ensuring that structural response
during moderate i;xtensit)' earthquakes will not exceed given tolerance
levels and that panic will not occur during earthquakes of moderate and
high .in‘tensi.ty, particularly in buildings where frequent gathering of

people is expected.

%

Achievement of the foregoing objectives requires much fnore than di-
mensioning structural members for given internal forces. It implies
explicit consideration of those objectives and of the problems related
with:nonlinear structural response and with the behavior of materials,
members, and connections when subjected to several cycles of high-
load reversals. It implies as well idenﬁfying se.rviceability conditions -

and formulating acceptance criteria with respect to them.
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quiere structures to sustain only a fraction of the lateral forces they
should have to resist would they be demanded to rex.nain within their
linear range of behavior during strong earthquakes. Thus, safety
against collapse can- be providc;d by making a structure strong, by making
it ductile, or by designing it for an economic combination of both properties.
For some types of materials and structural members, ductility is difficxxit to
achicve, and economy dictates designing for relatively‘ high lateral forces:
for others, providing ductility is much cheaper than providing lateral
capacity, and design practice reflects this. But material ductility does
not necessarily imply. system ductility, as P - & effects (that.is, inter-
éctipr; between lateral deflecltions‘and internal forces produced by gravity
loads acting on the deformed structure) can lead to in;taﬁility failure

when the effective lateral stiffness is too low (sce Fig 3.3).

Nonlinear ductile behavior of complex systems usually stems as a conse

quenc‘e of local or concentrated ductile deformations that take place at
those partiéular sections of a given. structure where yielding strains are
reached (Fig 3.4). Numerically, local ductility can be expressed either
as the ratio of t.otal to yield-limit curvatures at a given section or as
the ratio of total to yield-limit rotation at ‘a Amémber ends. Global or
overall ductility is a property of a load-deformation curve expressed
"in terms of the resultant of external loads acting on a large portion of
a given system. For instance, building frames are often .dealt with as

shear systems for the purpose of estimating their dynamic nonlinear
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response to seismic excitation. Global or overall ductilities can then
be -exnpressed in terms.of the curves tying shear forces with lateral
distortions. Numerical values of local ductilities determined by the
above ulternate criteria do not coincide among themsclves, nor does
overzall ductility at a given story idealized as u segment of a shear
beam coincide with the values of concentrated-ductilities developed at
“the corresponding Ilocations of the story, as overall ductility is a func
tion of the ratio of the contributions to story distortion of concentrated
ductile deformations and distributed elastic strains. “Because beams
are usually c:ﬁmole of developing larger ductilities than coluﬁns subject
ed to significant compressive loads, many building frames are designed
under the ''strong column-weak girder' criterion, according to which
dif.ferent load factors are adopted for different internal forces so as to
make yielding much more likely at beam- than at column-ends. Under
these conditions, significant coupling is introduced between nonlinear
deformati_or')s of adjacent stories, and the shear—be;am model may cease
to apply. Whether the model in question stfictly applies or not, nominal
story ductilities are only indicators of their local values, and features
contributing to ductility concentrations have to be held in mind while

designing.

The relation between local and overall ductility is illustrated for a simple
frame 'in Fig 3.4. The top-right portion shows the ideal -case where

moment-curvature graphs at critical sections are elasto-plastic and



yieldmg_is rcuched simultancously at the four column-ends. If the
frame is forced to undérgo additional deformations at constant load,
local curvatures at the yielf.ling‘loca'.tions will iﬁcrease and the lateral
deflection of the frame will grow from Yy to._vm (Fig 3.4c¢). Local
ductility can be measured by the ratio of the l'i;mal and yielding values
of the curvatures meantioned. Overall ductility is given by ym/yy apd
is a function of local ductility and of the lengths of the member segments
along which curvatures will be greuater than their.values at yielding.
Those lengths are functions of the type of material, the local details
and the relative variation of bending moment ordinates and stx'uctu‘ral

section strength.

Consider now a frame subjected to a constant system of vertical louads
Qg (Fig 3.5) that produce an initial state of internal forces. If a sys
tem Q, of lateral loads is gradually applied, the ordinates of bending
moment diagrams b and c will be additive at some.locations and
substractive at others. .Yielding will occur sequentially, say in the
order D, C, B, A, giving place to the load-deflection curve shown in
Fig 3.5d. Local ductilities will differ at the mentioned locations; they
will depend, among other things, on the order in which they reached
their yield moments. Where axial loads are i;'nportant, they can have

a significant influence on these moments.

The follpwing sections describe the quantitative relationships tying

ductility demands with strength and stiffness in simple structural sys-



tems, us well as some proLlems. found when trying to exirapolate those

relationships to complex systems, representative of those encountered by

engincers in their design practice.

Dynamic response of simple nonlinear svstems

A usual idealization of ductile structures is the elastoplastic system with
load-deflection curve as shown in Fig. 3.6b, with stiffness k in the linear
range of behavior, coefficient of viscous damping ¢, and top mass m.
When the system responds to a strong earthquake, the maximum relative
displacement D will exceed the yield deformation Yys while tﬁe maximum
lateral force will remain at the yield value Qy if P -Aefiects are ne-
glected. Failure is said to occur if the ductility demand D/yy is greater
than the available ductility [A. Fig 3.7 is a plot of yield deformations
required to make ductility demands equal to available ductility forv differ
ent values of this parameter, for the range of natural periods (computed
in terms ,oi" the initial tangent stiffness of the elaétoplastic system) most
significant in practice, and for damping ratio % = 0.5¢c (km)"ll2 equal

to 0.02. Pseudo-accelerations kD/m can be read on the proper scale

in the-same plot. Inspection of these curves shows that, provided the
natural period is not too short, required yield de_formations -— and
hence required base shear coefficients — vary inversely with ductility.
The same conclusion is reached if one reads along the scale of spectral
pseudoaccelerations. But thjs favorable influence of ductility in reducing

the required base-shear coefficient is less pronounced in the range of



short nuatural periods, say shorter than 27Tv/a, where v and a are peak
values of ground \'clocity and acceleration, respectively: as the system
‘becomes stiffer, T tends to zero and spectral pscudo aqcelcration tends
to a, recgardless of H —— assuming that H has to remain bounded.

"~ Actual val;xes of luteral relative displacements are equal to /U)ry, which
means that, for moderate and long natural periods, those displacements
are nearly insensitive to ‘q . while for very short natural periods they
tend to be proportional to 1.1 . In few words, the results just described
can be expressed as follows: if a simple elastoplastic system with
initial natural period T is to develop a ductility factor }u during an
 earthquake, the required base shear coefficient can be obtained by apply
ing a reduction factor to the corresponding spectral va.lue for an eluastic
systém having equal natural period and damping; for moderate and long
values of T, the reduction factor is approximately equal to {q-l,‘ while
for short natural periods it will be comprised between H'l and 1;
relative d_iéplacements will equalr{ times those of ‘an elastic system
subjected to the reduced base shear; that is, they will be approximately
. equal to those of the elastic ‘system subjected to the actual, unreduced
earthquake, if T is not too short, or tot,l times the latter values if T
is nearly zero. This is shown by a comparison of the dashed and full

lines in'Fig.B. 1.

Similar conclusions have been derived from other earthquake records
obtained on firm ground. ' Although these conclusions can be expected

to be qualitatively valid ‘for soft soil conditions, corresponding approxi

o
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mate quantitative rules are still to be derived.

The foregoing conclusions have to be modified when considering sys-
tems whose response cannot be idealized as elastoplastic. Other usual
idealizations arec depicted in Figs 3.6 e-f. Lateral streng{hs required |
for not exceeding given ductility demands in these systems are as a
rule greater in 10 to 50 percent than those valid for the conventional
elastoplastic system 7. In the asymmetric elastoplasfic case, yield
strength is different for each direction of load application. It occurs,
for instance, as a consequence of gravity loads giving plnace to increas
ed or decreasecd lateral capc;xcity of the second story of the system
shown in Fig 3.8, depending on whether the vertical reaction to force
Qo,. transmitted to beam AB at O, is directed upwards or downwards.
Slip-type curves (Fig 3.9) usually stem as a result of lateral loads
being carrie;d by elements such as cros_s-braces or tie-cables, which
can only éarry tensile stresses. Yielding elastic curves are close
approximations to the bghavior of some prestressed concrete beams,
subjected to antisymmetric end moments: these curves are often
characterized by very narrow hysteretic loops. Degrading curves are
frequently found in systems"where a significant portion of the lateral
capacity is due to members built with brittle materials and where no
special precautions have been taken to prevent excessive damage in each
cycle of load application. Such is the case, for instance, in masonry

shear diaphragms or poorly detailed reinforced concrete frames.
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Unstabie curves (Fig 3.6d) are produced by the influence of significant
verticz] loads acting on the displacements of tﬁe deformed structure.
The iz:ﬁuenc‘e of instabi'lity effects on d.ucti.lity demands and on safety
against collapse can be much more drastic than that associated with
~the features of the curves previously discussed/, and is ’ussually
conirolled in design practice by the specification of amplification fuctors
for lateral deflections and internal forces that account for increments

associated with second order effects.

Ductilitv demands in complex svstems

Local ductility demmands vary from point to péint. Their dist.ribution
depends on that of local strength throughout the systerﬂ, with significant
interaction taking place between energy dissipation at different sections.
The general patterns of ductility demands in comp}ex systems have bcen
studied almost exclusively in building frames, idealized either as shear
bcé{ns or as assemblages of beams and columns where yielding is
restricted.to occur at plastic hinges located at the bar ends. Some
results are plotted in Figs 3.10 and 3.11 for shear beams and frame
s&stems, respectively. Each set of results corresponds toc a differcent
set of simulated earthquakes with frequency content similar to that
observed undér normal conditions on firm ground in the western coost
of the United States. Structures were designed for. the average ordinates,
with respeét to each set of motions, of the elastoplastic response 5pe'c-
\ ) ) . ‘

trum corresponding to a ductility factor of 4. The systems in Fig 3.10
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were designed for the contribution of the fundamental mode of vibration
alone, while that in Fig 3.11 was designed for the superposition of its
'four natural modes, in accordance with the criterion of square root of
sum of squares advocated in Ref 10. The load factor was in all cases
taken as unity. Ductilities were expressed in terms of story sway for
the shear beams and of local curvature at hinges for the framed sys-

- tem; thus, their absolute values cannot i)e compared. Their variability
throughout the building is evident, however, as is the occurrence of
large ductilities at the upper portion of systems for which the response

associated with higher natural modes was neglected.

More pronounced variability in ductility demands has been observed in
some shear systems with fundamental periods shorter than the dominint
period of the ground motion, and in those whose safety factors' with ,
respect to ciesign story shears vary significantly through the building
heightll. Such variability may be a consequence of architectural re-
quirerx’uents,. whiéh often. lead to some stories possessing elements stronger
than they need to be in order to comply with the seismic coeff»icient
adopted, When this happens, the relative contribution of each story to

the hysteretic dissipation of kinetic energy changes, and those stories
possessing 'the smallest safety factors are subjécted to higher dtctility
“demands than if the safety factor were un‘ifo'xl'm throughout the structure.
When these increased duc’:tflity demands cannot be met with‘adequate
yielding capacity, the lateral force coefficient has to be raised. Becauce.

of the largé displacements implied, slenderness effects may become



specially significant.

3.2.2 Stiffness and deformations

Structural stiffness controls natural period and hence seismic forces.
The latter are lower for longer periods, that'is, for. small stiifnesses,
but then displacements and deformations may become excessive. In
addition to ensuring adequate safely factors against collapse, seismic
criteria shc\'mld aim at controlling deformations, bc.cause they are di-
rectly responsible for damage to nonstructural elements, impact with

adjacent structures, panic and discomfort.

Stiffness is also the main variable controlling safety against instability.
Lateral'ydisplacemenls and internal forces produced by.horizomul ground
motion are amplified by interaction between gravity loads and the dis-
placement;'. mentioned. The amplification function varies in a nonlirear
fashion with respect to lateral stiffness and reacﬁes very high values
when the laticr variable approaches a certain critical value. In ductile
structures, safety against instability failure is a function of effective
stiffness, that is, of the slope of the line joining the origin of the force-
deflection graph with the point representir;g the maximum deﬂection‘and
the correspbnding lateral force (in elastoplastic systems, this is the
same as the value of the tangent initial stiffness.divided by the ductility
factor). The increasing rate of variation of the amplification function

mentioned with respect to lateral stiffness when the latter is made to
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approich its critical value hinders the possibility of designing for very
small lateral forces through the construction of very ductile structures

(Fig 3.3).

3.2.3 Damage and energy absorption

Ductile hysteretic response provides a manner of transforming and dissiéa_ﬁ
ing the kinetic eneré;y imparted to a structure through its base. Such’
response usually implies some degree of damage, and possibly the deterio
ration of the system to withstand future severe earthquakes. Damage

may accumulate during succesive events, and the system's capacity may
be seriously impaired. Decisions concerning the extent ;c;l‘e\’d;f -
damage that it is advisable to admit are mostly of economic nature. In
general, the degree of structural damage and its harmful effects on

future performance can be controlled at some cost through selection of
adequate materials and construction details, as described .in Chapter 8.
Damage to nonstructural members can be prevented through their iso-
lation from the deformations of the structure. However, economy may
dictate taking. advantage' of energy dissipation associated with damage.
Architectural elements or ad hoc devices can be used for this purpose

(Fig 3.12). In either case, considerations on facility of repair or

replacement should from part of design.

The use of metal bands around partitions as shown in Fig 3.12a may
serve the purposes of limiting the laterd forces that that the structure will

transmit to the partitions and at the same time taking advantage of the



capacity of the partitions to resist such forces and iaaxking use of the
‘ 4 i 10 . ~ ' X} M
energy absorbing capacity of the bands™~. In other cases, designing

for significant damage on partitions may prove to be attractive.

Anchor bolts that yield during severe ground motion can provide protection
to slender chimney stacks against local buckling or overall bending
failurelz, at the expense of nonrccoverable clongationé

Adequate pcrfprmance of anchor bolts during sequences of 'earthquakes
demands adjusting nuts after cach event and réplacing those bolls for
which the swun of previous residual elongations is excessive.

Spandrel
Larpe concentrated deformations are frequent at spancesrl beams con-

, dleb
necting coupled shear-walls (Fig ¥~t2<) or at the ends of beams mecting

shear-wall edges . and hence constitute adequate locations for

energy-absorbing devices.

Partial isolation of building foundations from the ground motion hu.s been
advocated as a means to c;:’ntrol structural response and nonstructurszl
damage1 ) 5. Isolating systems rmay consist of pads of very flexible
material, assemblages of rollers or the like. Relative displacements
between foundation and ground can be controlled by means of passive
energy abs“qrbing devices located at the ground-foundation interface

-

b
(Fig 3.12¢).



3.3 DESIGN PRINCIPLES

3.3.1Desiorn requirements and basic principles

The art of designing for earthciuakes does ;mt consist in producing
structures capable of withstanding given sets of lateral forces, although
that capability is part of a sound design. ,It involves producing sys- -
tems characterized by an ’opt.imum combination of properties such as
strength, stiffness, energy-absorption, and ductile-deformation capacities
that will enable them to re;pond to frequent, moderate earthquakes
without suffering significant dumage, and to exceptional, severe earth-
‘quakes without endangcrin; g “their own stability, their contents, or human ~
life and limb, Achicvcxr-xcnt of\ this purpose means much more thin
application of codified rules; it demands understanding of the basic
factors that determine the seismic response of structures, as well as

ingenuity to produce systems with the required properties.

Codified requirements set optimum désig'n levels in accordance with
implicit coét-benefit analyses that balance initial construction costs

with expected costs of damage and failure. They also recommend
criteria and algorithms deemed adequate for the evaluaticn of the design
actions tied to the optimum design levels. These recommendations

serve the purpose of implementing sufficiently simple design criteria

at the expense of narrowing the range of conditions where they give .

place to accurate predictions of response. It is the role of the enginecer

to recognize the possible deviations and to apply basic principles before



trying to extrapolate general requirements to the particular problem at

hand;

Static criteria of seismic design are stated in terms of the coefficients
by which the masses of each structure have to be multiplicd in order
to f)roducc the sét of lateral forces to be designed for; but in most
cascs those cocfficients stem from the dynamic response of linear
shear beams posscssing approximately uniform distributions of mass
and stiffness. The meaning of the mentioned lateral forces must be
clearly understood: they aim at providing a diagram of story shears
that correspond to consistent safety levels; but they fail te predict
other significant effects. Thus, reduction factors for'overtu;ning
‘moment are required to account for the fact that maximum story shears
do not occur sfmultancously, and special algorithms have to be used to
determine local effects, such as response of appendages and diaphragmn

stresses in floor systems, corresponding to safety levels consisteat

with those intended for story shear.

Dynamic criteria of de.sign usually require performing a modal analysis,
and hence variability in masses and stiffnesses is accounted for in the
computation of the lateral force coefficients; but modal analysis fails to
predict the influence of nonlinear behavior except for some simple cases
in which hysteretic dissipation of energy is distributéd uniformly
ihroughout the system; it is uncapable of predicting ductility-demand

concentrations and nonlinear interactions for the simultancous action



of scveral ground motion components. Whatever design criterion is
adopted, departures of actual conditions from those leading to uniform
energy dissipation have to be recognized and their possible influence on

behavior evaluated.

Given a set of design requirements and response contr;'al variables, a
criteﬁon of structural analysis capabl'e of predicting with sufficient
accuracy those variables mustlbe applied to determine internal forces
and deformed configuration. Simultax‘xcous action of the significant

components of ground motion has to be considered, including a scualing

value when®the maximum absolute value of their combinction takes place
(see Ch. 2). The criterion of structural analysis adopted must be such
as to recognize the possible concentrations of nonlinear behavior and lo
attain a sufficiently low probability that they occur at undesirable loca-
tions, as a conscquence of inaccuracies of that criterion. This means
that prediction of displacements and internal forces must account for
¢o-\'fc'o\q(1"y :

stiffness and <contsibuityg- including all significant deformations; in par-

ticular, P - A effects must be considered at least by means of an

approximate analysis intended to define the aesirability of more relined

studies. Some building code regulations state simple rules for. deciding . _.

when- P - A effects can be disregardedls. The contribution of the so-
called nonstructural elements to stiffness should not be neglected, unless
those elements are properly isolated from the structure or it is shown

that they can not be harmful to its behavior.

factor applied to each component in _order to_account for its probavle .

78
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Attention »should be given to inertia forces associated with all significunt
components of local(acccleration. namely angul:w. acceleration (rotational
inertia) of uml;x'clla-like canopies or segments of stacks and vertical

accelerations of long-span girders in bx‘idgés or industriul bents. Both
types of accelerction are produced by horizontal, vertical, or rotational

s

ground motion.

Adequate stress paths must be provided in order to guaraniee that design
forces can be transmitted down to the foundation, Deformability of the
substructure and of the ground underlying it must be considercd when
defining the stiffness matri); of the whole system or the support conditions
of the superstructure on the foundation. Distribution of contact pressures
between ground and substructure should be computed on ithe bases (.':ut no
tensile' stresses can be transmitted at the interface, u:lcss speciad
provisions :;u-e taken, such as the construction of anchors or tension

bearing piles.

Safety of structural and nonstructural elements to withstand the effects
of local accelerations should be studied; in particular, overturning of
walls and parapets produced by forces normal to their planes must be

prevented by adequate reinforcement and anchorage.

3.3.2 Framing svstems

Decisions concerning the selection of a framing system are influenced

by many factors. Basic criteria are best illustrated by discussing sorn:e

79
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typical problems, as done in what follows.

Stiffening elements

Continuous frames can usually resist seismic; forces by developing

rather uniform stress paths. Their main assct is that they can easily

be designed and built so as to withstand large ductility demands.

However, their efficiency, based on the bending capacily of beams and
colL-xmns,'is;, lower than that of systems that base their strenéth on that

of elements subjec;ted to simple shear or axial forces. DBesides permitting

the development of larger lateral capacities without excessive costs,

stiffetAxing systems can be decisive in the control of damage associated
with lateral distortions. But economic and architectural considerations
may preclude the use of these elements in some instances, and they

may s’how significant téchnical disadvantages in others. In tall buildings,
enhancéd stiffness is usually provided by diaphragms and cross braces;
the former built in reinforced concrete or masonry, the latter in rein
forced concrete or steel (Fig 3.13). Use of cross bracing is usually

to be preferred over tl-mat of diaphragms in low buildings and industrial
bents, except in those instances where the diaphragms are required for
architectural reasons. In .intermediate and tall buﬁdings the reverse

is us.ually true, mainly on account of the large cross sectional dimensions
that would be required for the bracing members and of tl’qe serious

problems posed by their anchorage, particularly in reinforced concrete

structures. .
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The efficicncy of cross-bracad bays and shear walls is reduced as their
aspect ratio (height-to-widta ratio) increases. The reason for this can
be_understood from J¥ig 3.14, which compares the deflected shapes of

a braced bay or a wall acting as a flexural beam fixed at its base and
a continous frame ucting essentially as a shear beam when both are
subjected to a system of lateral forces. For equal top deflections, near
the bottom the slopes of the flexural beam will be much smaller than
those of the shear becam, but ncar the top the reverse will behltrue. The
greater the aspect ratio of the flexural beam, the more important'will
be this effect. If.follows that, when a system of lateral forces is
resisted by the combination of & continuous frame and a slcnder will,
the latter will take a significant protion of the total slory shear in the
lower stories, but will fail to do so in fhc upper ones, as there the
wall will tend to lean on the frame, instead of helping it' to withstard
the total story shear. The occurrence of large rotations of the wall
horizont‘nl sections givcs. place to excessive local deformations and
ductility demands at the ends of beams connected to the wall edges.
These problems can be aggravated by the occurrence of significant
displacements associated with the flexibility of the foundation at the
base of the wall. Adoption of cross sections as shown in Fig. 3.15
can significantly enhance the efficiency of slender shear walls by
increasing their flexural stiffness; but the most effective manner of
reducing overall bending deflections is to get as wide a portion of a

given bay to contribute to overall bending stiffness. In braced systems,
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this can be accomplished by adopting configurations as shown in Fig. 3.16a.
Where. architectural requirements. force ’the adoption of a number of separatle
walls in the same plane, one solution consi;-;ts in coupling several of them
and making them act together by means of sufficiently -stiff and st}'Ong
spandrel beams (Fig. 3.16b). Then stems the problem of attaining ductile

behavior in these beams (see Ch. | 5).

Use of stiffening clements may bring about other problems: the flexibility
of the foundation and that of the floor diaphragms may be significant in
comparison with that of the stiffening elements and have to be accounted

.ot 1 B
for when obtaining' the distribution.-of internal forces. In-plane

e

deformhz-i'b'i.l‘i'ty of horizontal diaphragms :ﬁ‘ﬁly become very tmportant in
buildings long in plan where lateral forces are resisted by shear walls
located near the ends of the building plan.' .Not only stiffness, but also

strength of the floor diaphragms in their own plane becomes then 2

relevant variable.

Symmetry

The distressing influence of asymmétry in’ structural behavior has been
recorgnized, and perhaps over-emphasized.’ Efforts to avoid its effects
have concentrated on the problem Jof adjusfing stiffnesses so as to avoid
torsional eccentricities; but even if computed eccentricities are negligible,
important torques can develop, for instz;nce, when high stiffnesseé of
certain structural members on one end of the’ building plan are balanced

by very dissimilar elements on the othér, as the relative values of the
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computed stifiness=:3 may be little reliable. In addition, eccentricities
of variable mugnitude may occur as a ‘consequence of nonlinear behavior,
even in thosc ¢ases where conventional linear analysis predicts no
torsional siresses. [For this reason, it is desirable that structures be

symmetric not only with respect to stiffnesses, but also to types of

structural members.

Uniformity

Adoption of very different spans in a given frame gives place.. to high

\

shears and bending moments in the girders covering the shortest spans.

’

These internal forces may reach excessive values in tall buildings, and
even give place to objectionable variations on the axial loads of the
adjacent columns; those variations can in}urn affect foundation design,
In 10\;1 rise buildings these effects n;ay be insignificant; the degree of
uniformity which may be desirable in tall buildings may thus be
objectionable in the lower ones, if it prevents taking advantage of the
irregularly located points put férward by the architect. For instance,
in the reinforced concrete frame structure whose floor plan is shown

in Fig 3.17a, the arrangement of servicé walls permits locz;ting columns
at points A, B, C, D. Such columns would reduce; beam spans, and
hence they would be desirable in a two- or five-story building; probably,
they would be objectionable in a building having more thar') eight or ten

stories. Nevertheless, it may in some cases be advantageous (o locate

columns at points that imply marked discrepancies between the spans of



a tall building. It is then advisable to decrease the stiffnesses of the
girders connecting those columns, mainly by rcducing their depth, as

shown in Fig 3.17b.

As al consequence of vertica‘l displacements produced by lengthening

and shortening of columr;s, problems derived from excess.ive stiffness
of short span beams tend to avugment. Stiffness reduction called for

by a pood design for lateral loads might then be inconvenient because

of limitations related with vertical load deflections. It is then advisable

to project plastic hinges at the ends of the elements under consideration.

"5;“’“_‘“Buil‘d'i’n'g s~—hav ingTirregula r-plans—that—includ e"twoZor=more main-sections

S—

interconnected by narrow corridors (Fig 3.18) pose special problems of
anaﬁysis and dc'sign: excessive stresses in the corridor dinphragms and
signficant twisting forces in the building ‘s‘eaions can result as a
consequence of interact?on among those sections; evaluation of these
‘effects is in general a difficult task including explicit consideration of
diaphragm deformability. The problem can be successfully handled by

means of properly located vertical construction joints.

Staggered lines of defense

A large number of buildings base their lateral strength on the coniribution

of brittle elements that crack while they absorb energy during the
: Design often
strongest phases of a shock. Deises of such buildings is -wfthen done

assuming no reduction in the elastic spectral ordinates on account of

1!'
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ductility, as craék'mg may be tantamount to collapse. Their performance
is greatly improved, and the design forces for a given reliability
"sharply reduced, however, if the system is provided with 5 second line
of dcfense, capaﬁle of developing a fraction of the lateral strength of
the brittle elements and of showing ductile behavior after cracking of the
first, stronger and usually stiffer system. This property has been
recognizéd by some building codesi8,20, \hich specify nearly* equal
ductilities fér moment resisting structural frames as for dual systems
that resist lateral forces by a combination of vertical bracing trusses, .

- reinforced concrete or reinforced masonry shear walls and ductile mo-
' . take’
ment resisting frames, provided the frames fs=wee at least 25 percent

of the prescribed secismic forces.

3.3.3 Design for ductility and energy abéérption

Neither-local nor global ductilities can be ensured by use of a ductile
material? both properties depend as well on the types of potential

failure modes and on the relative values of the safety factors with respeét
to each of them. Thus, onset of instability precluded taking full advantagze
of the ductility inherent in the material used in the structure of Fig 3.3:
while the stress-strain law. for the material can be‘represented by

Fig 3.6b, the relaf.ionship between lateral force and displacement is

better described by Fig 3.§d, and‘ this non-ductile curve “'rill dominate

system behavior unless the lateral stiffness is increased or the vertical

load decreased; only the first of these actions is ordinarily feasible.



Likewise, premature local buciling of a beam-flange may prevent the

development of a ductile plastic hinge at the same cross section.

In order to attain ductile behuvior, one must indentify potential failure
modes, determine those ch:lr'acter-ized by ductile beh.avior, and adopt
a set of safety factors leading to a sufficiently low probability for the
event that limit states with respect to brittle modes of be'ha\}ior will be
reached before those associated with ductile .modes. For inst;ince,
reduction'factors for lateral forces specified by Mc;xico City building
codel® for ordinary moment resisting reinforced concrete frames

: e code .
correspond to an assumed ductility of 4, butlpermits that paramecter
to be taken as 6 if some special requirements are satisfied. Among
those requirements, load factors of 1.4 are specified for brittle-fuilure
limit states, such as those associated with' shear force, torsion and

buckling, for the superposition of permanent loads and earthquake,

instead of 1.1, applicable to ductile limit states.

Details and connections

Because global ductility of usual structures depends as a rule cn local
ductilities of small regions, careful design and detailing of those
regions is mandatory. In building frames, yielding is usually restricted
to occur at plastic hinges located at the sections where t}'me ratios of
capacity to action are lowest. As a rule, it is feasible and convenient

to have those sections at the member ends. "Chapters 4 and 5 deal



with the specific design criteria intended to ensure that sufficiently

ductile plastic hinges will form at predetermined locations.

Brittle modes of behavior are ohen the consequence of excecdance of
struct;ral capacity at some particular regibx;as wheré drastic changes
in mechanical properties of the structural members take place. As
a rule, bhrittleness of behavior can in those cases be ascribedj to
local nonlinear buckling«o«’r-to stress concentrations usually unaécounted
for in ord'inary design. Typical among the vulnerable regions are
connections .between structural members. In steel structure's, local
brittle behuviq,r' usually results from local buckling or welding fuilure,
while in reinforced conéretgproblems of bﬁnd, diagonal tension, and
stress transfer between reinforcement of different members dominate.
On account of the complexity of the stress' patierns usual.l_y involved,
the problem is in gener.al not only one of brittleness but also one of
ignoranc'e or carelessnesé in the evaluation of the structural cépacity
of the joint. Practical recomwgzndations for evaluation of this capacity
are provided in chaptez.-s 4 and 5. The condition that the proBal;iliiy
6! brittle failure is s_ufficiently smaller than that of ductile failure is
attained by adopting larger safety factors with respeci to capacity of
the joint than t‘o that of the members it conlnects: l?ut often the

. diffcrence in safety factors is insufficient to override the wide uncertainties

nssociated with joint behavior.



8

Ductility of members and subsvsiems

.In members and =ubsystems, ratios of safety factors with respect to

brittle and c!uct}l!: modes depend on the capacities of critical sections
with respect to various combinations of int'ernal forces and on the' ratios
between those internal forces when the member or subsystem deforms
beyond the failure limit states of the critical sections. Thus, a
reinforced concreie beam acted on its ends by moments M; and M,
produced by permanent loads and by seismic couples M'l and M'2 which
grow from zero to their final values, \vill‘attain its bending capacity if
either NMj + M'l or M, + Mé'rench the corresponding strength. Failure
will be ductile if the beam is under reinforced, e‘f:.e. if tensile bending
failure govefns. Brittle failure will take place if the mgmber is over-
reinforced or if development of the bendin‘g' capacity is precluded by
prematu.re failure in diagonal tension: as couples Mi and ,\Ié grow,
end sheérs vary as V = Vo f (I\“I'1 + Mé)/L, where V, is the effe'ct of
permanent loads and L is the member span, and the member fails
prematﬁrely in diagonal tension if the shear at either end reaches the

beam capacity before moments Mj + M'1 and M, + Mé reach the correspond

ing bending strengths.

Large values of L imply small values of the shear force for given

values of M'1 and M"?, and bending failure is likely to dominate; ductile

behavior will take place at ordinary under-reinforced members. For

-

small values of L the opposite will be the case: brittle-type diagonal
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{ension failure will be recached before bending failure, unless special

precautions are taken to ensure that the safety factor with respect to

4be !,,orw\er vhnode . ’
L 1s greater than that applicable to

 tle latiten,

The condition is often cncountered in buildings with irregular plan,

as a‘hown in Fig 3.17a; adoption of a smaller becam depth can lead to

a ratio of shear to bending strengths capable of ensuring ‘ductile
bchavior. . The same problem is characteristic of the structural

system shown in Fig 3.19, typical of school buildings in some countries:
the clear height of some columns is reduced by their -intcracti.on with
masbnry -panels 10wér than the story height. This leads on one hand

to shear concentrations and torsional response, and on the other to

large ratios of §l1ear force to bending moments, and hence to brittle
failure, under usual conditions. All these problems can be avoided if

tﬁe colul.rnns are libcrated from restrictions throughout the full story
height )either by placing a flexible joint between wall panels and columns, .
or by locating frame and wall on different, parallel planes. Alternatively,
dﬁctile behavior can be accomplished in this case by designing the {ree-
standing portion of a given column for a shéér capacity equal to or
larger than the sum of the bending capacitiés at the ends of the mention
‘ed portion divided by its height. Interaction with axial forces must not
be forgot;tén'. In the extreme case of very short spandrel beams uséd

for providing coupled action of adjacent sheax.-‘.walls (Fig 3.20), special

reinforcement has to be furnished in order to attain ductile behavior



under diagonal tension.

Axial loads reduce available ductility at columns ends; the larger the
axial stress, th; larger the red;lction, as shown in Fig 3.21 for a
reinforced concrete column of given characteristics. Hence the cx;itcrion
that suggests that plastic hinges occur at the end of beams, rather than
of columns; this can be accomplished with reasonable reliability by

adopting slightly higher load factors (say 10 or 20 percent - ') for

column than for beam design.

The consequences of designing exclussively for strength, with neglect

of ductility considerations, can be as serious as displayed in Fig 3.23,
which shows the brittle failure of a large number of columns of a
building having the cross section shown in Fig 3.22, during the Cara

Y7 Axial loads due to gravity forces and to

cas eérthquake of 1967
seismic’' response impaired the capacity of the otherwise strong columns
to develop sufficient ductility; the situation may have been aggravated

because the upper stories, being much stronger in shear than the lower

ones, must have given place to the occurrence of specially higher

ductility demands at the columns under consideration.



3.4 SAFETY CRITERIA

3.4.1 Structural safety

Uncertzintv and safety in seismic design

Neither loads acting on building; nor strengths of structural members
can be predicted with sufficient accuracy that uncertainty can be
neglected in design. Nominal values of loads and strengths are most
unfavorable values only in the sense that the probability that those
loadas and strengths adopt values more dangeroﬁs for the performance
of élgi\'cn system.is sufficiently small. If the actual value of the
internal force acting on a critical section or suBassemblage of a
structure exceeds the actual value of the corresponding strength failure .
occurs. Structural safety is measured by the probability of survival,
that is, ¢==2zem that failure does not take place; and when only a
single load application is contemplated the probability of: survival is
determined by thg probability distributions of load .and strength at the
instant when the load is applied, provided the safety margin, i. e.

the difference between strength and load does not decrease with time;
but seismic excitation consists of a random‘ number of events of random
intensities taking place at random instants in iime;. and seismic safety
cannot 'bg described by a single probability of survival under a given
load application, but rathe.r by a tirhe-depegdent reliabilit'y function L(t),
_equal to the probability that the structure survives all combinations of

dead, live and seismic actions that affect it during an interval of length



t starting at the smmne iirne as construction.

Limitation of material losses and other forms of darpage is as important
an aim of earthquake resistant design as it is safety against collapse.
For tr;e sake of simplicity, these twc; objéctives are’ ué’ﬁally bursu‘ed
by design codes throuzgh the specification of a design earthquake for
which collapse safety and deformation restrictions have to bé verified.
| Some special structures arc analyzed for twc; different design :
earthquakés: ‘safety requircmen.ts with respect to collapse limit states
are established fO;‘. an extreme intensity event, while limitation of

non structural damage is aimed for through the control of stresses

“and deformations for shocks of moderate: intensity, likely to be

exceeded scveral times during the structure's life.

Complying with collapse safety design condiltivon's does not mean that
failure probability is annulled: it is rarely possible to set sufficieatly
low upper bounds to seismic intensity‘at a site or to structural
response that designing for tlhem will be economical or even feasible.
Besides, neither str\uctlu'al strength nor performance for a given
intensity can be predicted with certainty. Establishment of design
conditions fo}lows cost-benefit studies, wh_e,re the irfitial costs required
to provide given safety levels and degrees O,f protection with respéct
to ma;terial losses are compared with the ’bresént va,lqe of the expected
consequencés of structural béhavior, which isl obtAained by adding up

the costs of failure and damage that may occur during given time



intervals, multiplicd by their corresponing probabilities and by
actualization factors that convert mone_t:{ry values at arbitrary
instants in the future into equivslent values at the moment of making

the initial investment.

Evaluation of failure and dam::ge probabilities implies an analysis of
the uncertainties associated with structural parameters, such as mass,
strength, stiffness and dampinglg, and with those dcfiqing scismic
excitation, such as motion intensity and relation of the latter to the
ordinates of the response spectra for given periods and damping
values, or to ot'her vafiables closely corrclated with structural
response. Conversely, attainment of gi\-én safety levels and degrecs
of_prdtection for material losses is accomplished through the
specification of nominal values of de_sign parameters used to compute
structural capacity anci response and of safety factors that must

relate the latter variables.

Optimum safety

.The_ formal application of cost-benefit studies to decision making in
earthquake engineeri’ng is often hindered.by problgms that arise in the
evaluation of gxpected performance of structures; prominent among
therp is the difficu.lty‘to express different types of failure ccnsequences
in the same unit or, more specifically, to assign monetary values to

concepts such as panic, injury, death and even loss of prestige of

designers, contractors or regulating agencies responsible for safety



pclicies. Those difficulties can be overcome through adoption of
dccision-making models that account fo_r; uncertainty in the m;:qtioned
‘concepts and ot: policies for assessing that unce_rt,ailnty. An important
asset' of decision oriented cost-benefit studies, however informal they
may be, is their providing of insight into ;(he relevant variables and
the manner in which optimum'desigh intensities and safety factors
should vary with respect to those variables.. Thus, it is concluded
that optimum design intensity is an increésing function of the derivative
of initial cost with respect to capacity to the expected cost of failure,

and is a decreasing function of seismic activity at a site.

The l-atter conclusion means that the highér the activity the higher
the optimum level of risk to be accepted in designl? ~This is often
neglected, as it contradicts the widely extendgd concept that in
seismic design consistént safety means design for intensities having

a given return period, regardless of initial costs.

The benefits of adop}ing safety levels that depend~on the conseqﬁem‘:es
of failure have been reécognized in some modern design regulations.
For instance, structures are classified in México City Building Codéls
in three categories according to their us‘age; nameiy provision'al,
ordinary" and spécially important;' the Sedon& categbry includés
a;iart.rnent and office buiidings, and the fhix;d' includes St}ﬁctures the
failure of which would have espe‘éié.lly important consequences, the

good perfor'mance of which is critical ju“st atﬂ'ter’a'n earthqualke (hospitals,



fire stations), or the contents of which are vary valuable (museums).
Structures in the first category do not require formal earthquake
resistant design, while those in the third category are designed for "

1.3 times the spectrzal ordinates specified for the second group.

In the recently proposed Recommended Comprehensive Seismic Design
Provisions for Euildingszo, Structures are classified into three main
groups atlccord'mg~ to their seismic hazard e.{posure, that is, the
relative hazard to the public based on the intended use of the building.
In de'crcasing order of importance, these groups include, respectively,
buildings housing critical fa;cilities which are necessary to post-
Adisaster recovery, those which have a hiéh density of occupancy or
w}n:ch restrict the movements of occupants, and other structures.
Seismic design spectra are based in all seismic regioné on intensities
that may be exceeded \lvith 10 percent probability in 50 years.
Differences in the optimum safety levels for differents t;uilding usages
are not recognized in the adopt.ion of different seismic coefficients,
but only in the restrictions concerning height and types of structural
systems and in the refinement of the criteria for structural analysis
and design, which are made to depend on the seisinic zone and the

seismic hazard exposure.

3.4.2 Design values . .

Nominal values of design variables and safety factors——and hence of



implicit safety levels — have been traditionally established by trial
and error ﬁnd engineering judgement, Although explicit optimiz‘ation
as described above seems the ideal framework for design, its direct
application by designers is at present impractical, w‘ilh the exception,
perhaps, of extremely expensive structurest, such as nuclear react.o;s.
or structures built in large numbers from the samé design, such as
oiishore drilling platforms., Design values specified in # builc}ing
code should be based on ‘optimization studies covering the types of
structures contemplated by that code, and optimization should be
referred to the exbected population of those structures. The fact

that explicit optimization is not directly applied to each individual
structure implies that we are dealing with suboptimization, that is,
optimization within given restrictions:.design formats must be kept
éimple, and the number of relevant variagl‘es 'small. As a consequence,

what is optimum for a population of structures may not be optimum

for every individual member.

Nevertheless, the theory of structural reliability has brovided the
framework for recent attempts to attain consistency between those

rules and to extrapolate them to more general conditions; éimplified
formulations derived from the basic concebts ifxave led to design criteria
~ that approach consistency while not departing from the simplicity
required for practical applicationszl—24. Nominal values of the design
variables are chosen such that the probabﬂity that each variable will

adopt a more unfavorable value does not exceed a certain limit; often,



the probability limit specification is substituted with a, criterion stating a
number of standard deviations above or below the mean value of each

variable. Consistent safety levels based on cost-benefit studies are

approached through proper- handling of load factors and strength

) 25
reduction factors .

Permanent loads

_Dead and li\_'e loads affect seismic design conditions in various
manners: they give place to internal forces produced by gravity—fthus‘
reducing capacity available fo resist seismic forces—and they influence
seismic response, both with regard to the structure's vibration periods
and to the relation between mass, acceleration and force. The
influence on natural periods is usually disregarded when specifying
désign loads, but can be accounted for b'y' stating probable ranges of
va;iati'on o{ those periods with respect to their computed values.
Because dead loads are essentially constant in time, their design
values for the combination of permanent and accidental loads coincide
with those valid for the action of the former alone. Design values -«
for livé loads to be used in combination with earthquake must be
obtained from the probaﬁil.ity distributions ,of their' value at aﬁ arbitrary
instant in time, rather than of their maximum during a relatively

long interval; the fact that the cost of failure in case it occpré is a
function of the acting live load has been agcounted for in some recent

cost-benefit studieszs. These considerations substantiate the requirements



of some design codes that state dificrent design live loads for their
combination with permanent and accidental louds or with permanent

16
loads alone .

-

Natural periods

Uhccrt‘;xinty in natural periods stems from that associated with mass
and stiffness as well as with soil-structure interaction; its significance
arises from the sensitivity of spectralt ordinates to this parameter,
That uncertainty can be taken into account by adopting unfavorable
values derived either by applying corrective facfox;s to those”computed
in terms of nominal values of the rclevant parameters or by covering
those uncertainties by means of suitable modifications to the ordinates
of 'the' nominal design spectra. As a rule, corrective factors greater
than unity are applied to periods lying in ;he 'ascending branch of the
acceleration spectrum, and valueé smaller than unity are appiied
otherwis‘e. For instance, fig 3.24 sh'ows design spectra for three
microzones in Mexico City both for detérministiczﬂly known and uncertain
natural’ periodsls. For muitidegree of freedom systems this criterion
errs on the safe side, as'it'neglects' probal,)ili'stic correlaticn among

natural periods.

Design spectra

Detailed characteristics of earthquakes are .only approximately specified

when a design intensity is 'adopted.' Specifiéation of design spectra for




linear systems involves making dccisions with respect to' the design -
intensity and to the probability of exceedance of the proposed spectral
ordinates given t;hat intensity. - Because the frecuency content of
gromid motion varies with magnitude, focal mechanism, and site-to-
source distance, earthquake intensity by itself does not determine the
probability distribution of spectral ordinates for all ranges 61‘ natural
periods. Unless seismic risk at a site can be ascribed exclusively
to shocks that may gencrate at the samé source, design spectra can

"worst probable earthquake' to be

not be made to correspond to the
expected at the site; rather, they should be obtained from the probubility
distributions of maximum response for different natural periods,

regardless of the seismic source where every particular shock may

have originated.

As a r.ule', the prébabi.lity distributions of maximum spectral ordinates
referred to .in the foregoing paragraphs cannot be directly inferred
from strong-motion records obtained at the site of interest, as only
exceptionally is a large enough sample of those records available for
thg site. Instead, those distributions are usually generated from
stochastic process models of local seismi;i'ty in, tt;'e near-by s.eismic
sources a.r;d the transformation of magnitudes and source locations into
inte;usities at the site by means of attenuatipn laws that relate the
pertinent variables with site~to-source~d'istance27'28. Spectral

ordinates corresponding to given probabilities of exceedance for a given

en




magnitude ‘and distance are 'shown in fig.3.25, obtained from ref 29,

If peak ground acceleriation and velocity are given, mean values of

or valwes r-of'C-Slbo'\dlwq 1: td".vc“. Cxceedance rmbqbih‘h'e.s

design spcctm)\for different damping ratios.can be readily estimated,

as shown in fig 2,1.

Use of elastic spectra on firm ground'as the basis for constructing
iﬁelastic design spectra is illustrated in fig '2..3’. The solid line
represents an clastic design spectirum constructed according to the
criterion of ref 30; ordinates are pseudovelocities and abscissas arec
nai\;ral frequcncic's, and both spalcs are Iogar;ithmic. The dashed
line represents the nonlinear specirum for the same damping as the
elastic spectfum and a ductili;;y fgctor/.(_ ; spectral accelerations can
be ;iirectly read from the dashed-line plot by referring it to an
adequate system of straight lines sloping down from the left, and total
. displacements of the inelastic system are obtained by multiplying those
corresponding to the dashed line by ihe ductility factor H (dash-point
line). ‘I'he relation between the various segments of the reduced
acceleration spectrum D'V'A'Aj and their counterparts for the elastic
case is. as follows?othe extreme right-hand ,portion of the spectrum,
where the response is governed by the maximum g‘round‘acceleration,
remains at the same acceleration level as for the elastic case, and
wwrefore at a corresponding increased total displacement' level; the
ordinates of segments D and V in the small and intermediate frequency

ranges, respectively, are divided by F , and the ordinates of segment
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A are reduced according to an equal-encrgy criterion, which for

elasto-plastic systems is tantamount to dividing by / 2}1 -1.

The accclorogrz;ms of some eal‘-ihQuu'rIL‘S recorded on the surface of
thjck sediments of soft soil are characterized by their long duration
and By their nearly harmonic n.;.ature. These properties are reflected
in their linear response spectra, which show very narrow and
pronounced peaks at one or more dominant peridds (fig 3.26). The
validity o;' the foregoing rules for transforming linear spectra into
their ﬁonlinear counterparts has not been assessed yet, but some .
significant features have been qualitativcly. applied in the formulation
of design spectra fqr the soft soil regioq in Mexico City: as fig 3.2
shoivs, the design spectra uncorrected for uncertainty in natural period
shows a wide pléteau of constant oréinatesl "which is inteﬁg]ed to cover
the tendency of structures poss\essing natural periods shorter than
those dominant in the ground motion to show increased responses as

their effective periods grow as a consequence of nonlinear behavior.

Fig 3.26 also shows a correction for uncertaiﬁty in natural periods
on both sides of the region of maximum ordjnates; it also shows that on
the long period side, specified ordinates are made. .to decay at a
significantly slower rate than in the recorded spectrum. The latter
requirement stands for the convenience of covering the delcreasé in

reliability due to the possibility of occurrence of a large number of

failure modes, and of providing additional protection with respect to
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unfavorable bchavior caused by phenomena typical of long period structures
. '_ L

and not normally considered in analysis, such as some forms of soil-

structure interaction, concentrations of ductility demand,and slendernss

effects in excess of computed values.

Damping and ductility

16, 20 are

The recommendations of some modern building codes
formulated as though desigh spectra were actually based on linear -
respaonse spectra for 5 to 10 percent viscous damping, with correction
factors intended tc; account for ductilities in the approximate range of

1 to 6. But structural damping at small strains is much smaller than
opeply recognized in design specifications. Thus, while linear response
spectra that provide the basis for the recommendations of ref 1§
correspond to a dampihg ratio of 0.05 of critical, tests on actual
structures subjected to small amplitude vibration show that this value
should not exceed 2 to 3 percent for reinforced concrete structures or
0.5 to 1 percent for welded steel structures with low density of
nonstructural elements: Apparent inconsistencies are rather a matter
of tradition and of nomenclature t'han of actpal safety, as most
damping, even at lowl strains, must be ascribed to. nonlinear response
and deterioration rather than to viscous, non damaging behavior; and
nominal ductile capacity for given structures has not beer; derived

from probabilistic analysis of the measured ductilities developed by

various structural systems subjected to dynamic excitation, but rather



A/?
by scmi-exnpirical adjustment of design coefficients based on engineering

judgement, economic considerations, and study of the observed response

of structures of known properties to severe ground shaking.

)

3.4.3 Rcliability analysis in seismic design

As mentioned above, the reliability function of a system in a given
enviro\ment is the probability that the system survives all th,e_' actions
exerted upon it by the environment during a given time interval. Its
computation is based on the probability distribution of the minimum
safety margin dux;ing the given interval, and this probability is in turn
dependent on the probability distributions of system strength and
environment action at every instant within the interval. In seismic

reliability problems the environment is described by stocahstic models

« .

of dead, live and seismic loads,while system strength is described by
probabilities of 6currence of given failure modes for given combinations
of the mentioned loads. Uncertainty in seismic loads arises from
randomness in earthquake' origin, magnitude, ‘rupturé mechanism and
wave propagation path, as well as from uncertainty in dynamic
resﬁonse for a given earthquake intensity. A brief desc‘ription of the
basic concepts of seismic reliability analysis is pfésented in ‘the
‘following, with the intention th:;xt it will provide a conceptual framework
for the rational determination of safety levels and hence of ﬁertinent
design va.lt.xes and safety factors. More complete studies can be

, a
found in refs 21, 27 and 30,
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Seismicity

Let Y be earthqualke in.tensity, -express.ed in terms of a set of barameters
(such. as peak ~E,'I'Ound acceleration or velocity, spectral response for
given period and damping) that can be dirécllly corr/élated with structural
response or performancé.' Seismicity- will be described by the stochastic
process of occurrence of significant events, that.is earthquakes having
at the site of interest an intensity sufficientiy high as to affeét
enginceri.ng structures, and by the conditional probability distribution of
intensity given the occurrence of an event., Let T be the interval
between occurrer;ce of successive significant events, T; the time from
the instant observations .are started to the first event; and (1), fi(t)

the respective probability density functions. The probability density
function of the‘time to. the rth significant event is obtained recursively

as follows

. t
fp (1) = j f., t-2) f(z) dT , r> 1 (3. 1)
o .

thus, the probability density function of the ‘time to first exceedance
of intensity y equals '
(- -]

g, ® = 2. f.mpQ" ! o {3.2)
: r=1 . C .

where Q(y) (assumed independent of t and r) is the conditional cumulative
probability distribution of intensity given that a significant event has
occurred, and P = 1-Q. The probability density function of the time

to failure for a structure having a deterministically known strength Yg,



can be obiuined ty means of eq 3.2, making Q = Q(YR).

Different expressions have been proposed for fq and fT128. The simplest

of them, although not the mest realistic, assumes significant events to
take place in accordance with a Poisson process, that is,
le(t) = fpt) = 4 exp (-1)t), where Y is the mean rate of occurrence

of the mentioned events. Under this assumption, eq. 3.2 leads to

L,

g () = 9 pe P  (3.3)

The discussion that follows will be confined to this assumption. A

2

more general treatment can be found in ref 30.

Structural response

Let D be the cost of damage caused by an earthquake on a structure,
If can vary between 0 ‘and D, + A, where Do.is the total cost of the.
struétu're and A that of the structure and A that of its contens, as
well as all other consequences-(such as loss of human lives and
indirect effects) expressed in monetary terms, diminished by the
salvage value. A probability density function of D conditional to every
possible value of intensity can be establi%hgdgf. If that iunct?on is

denoted by ,fDn\(_(d[y),the probability density function of D every time

a significant event takes place is

4Q &)

fp (d) = dy

fpyy @] dy (3.4)
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t

It may be advantageous 1o express the domain of possible damage levels
of a g'iven structure by a set of potential failure modes. 'If P (y) is the
probabiiity of failure in mode'i given an iri'tensity equal to y, and D, is
the corresponding cost of damage, 1£en the marginal probability of failure

in mode i given the occurrence of a significant event is

- {aam
Py = —%;i P dy (3.5)

and the expected cost of damage for each event is
D = > Dj p; t (3.6)
t

the f)-i's are functions of acting permanent loads, design parameters,
and safety factors with respect to all relevant failure modes. By
changing relative values of those safety f.:tf:tors it is possible to make
failure modes with the highest consequence§ (in general, brittle modes)
much less likely than those leading to lower damage levels. Thus,
adoption of higher load factors for column- than for beam bending
moments may be advisable when significant axial loads hinder the
development of enough duc'tile capacity at column ends; or it may be
adva.mtageous to make a structure safer \;,rith respect to overiurning
moment than to lateral yieldingnl Quantitative aséessment of adequate
increme.nts of load factors can be established from economic considerations

within the cost-benefit framework advocated in the sequel.
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Ontimum desian

Let C (xl...., xn) be the initial cost of a given structure,and xj, ..'.,xn
a set of design.parameters (resistances, stiffnesses, ductilities). Optimal

values of those parameters are those maximizing the function

V=B-C-2 | (3.7)
where B and Z., also functions of the set o¢f design paramcters, are
present values of the expected benefits and failure consequencés,i respectively.
In other \.vords: i‘f b{t) is the expected value of benefits at time t derived
from performance of the structure, and )F is a distcount rate such that
pres_ént values of future losses or benefits can be obtained through

mutiplication of the latter by exp (- ‘{ t), then

oo
B = j bve - V' Lt dt ' (3.8)
o |
and
od
Z = } 2D e 3t Lt (3. 9)
(o] .

where L(t) is the reliability function defined above. The meaning of
L(t) in equations 38 and 3.9 is that production of benefits and losses is
subjectéd to the condition that the structure has survived all previocus
loads. For the case of deterministically kn;axvn str'ength YR‘ éq 3.3
leads to - |

L(t) = exp ( - 1)PRt) - _ (3.10)
where

Ppr =P (YR)
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From eqs 3.8, 3.10 and the assumption that b(t) = b is constant,

b

— (3.11

B

Like»ﬁse, from eq 3.9, _ ‘
7 JD (3.12)

z-f 7Y PR

and the expression for utility becomes

JD

- m (3.13)

b
U:u——————-———-——-—c
THVPR

if YQ is the minimum intensity of significant events, that is, an intensity

below which no damage can occur, then ¢ can be approximately

r
expressed as KYO » where K and r depend on the activity of seismic

' 28
sources near the site . Under these conditions, Pp = (Y, /YR)r.

Expressing b, PR, C and D in terms of the set of design parameters
and differentiating with respect to them, a system of equations is
obtained from which optimum values of those pa,rai:neters can be

determined.

If structural strength for a given set of design parameters is uncertain,

eqs 3.10 and 3.13 become respectively

L(t) = E [ exp (- 7)PRt)] (3.14)

U b C 9D (3.15)
= Bl —C - =398 :
S +7Pg T+ 9Py
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The expectations in the above equations are taken with respect to the

probability density functions of structural strenth Yp.

Different expressions for.U can be obtained, -depending on the policy

adopted a priori with regard to repair and reconstruction measures to
i )

be taken after every damaging'eventgo. Optimum design parameters

may be strongly influenced by that policy.

Specification of safety in ‘codified design

According to the.optimization criteria described above, determinatién
of design resistances, stiffn'csses and ductilities is not ba§ed on the
expected r"esponse, to a single event, defined by a given spectrum and
assumed to correspond to a given return period. Instead, design
parameters .are optimum in the sense that they lead to the best
investment of resources taking into account long term expected behavior
under the action of a random number of random logids. However, by
comparison with safety requirements for perménent loads, it is usually
advantageous to specify seismic safety in terms of a design earthquake,
assumed to correspond to a given return period, a set of rules to
define minimum probable resistances from their e#pected values and
variation coefficients,. and a set of load fa.ctors., Safety under the
action of the design earthquake is not significant by itéelf,, but bec.ause

it is an indirect measure of the reliability function L(t).




Member and svstem rclishility

In the applications of the theory of structural reliability to the formulation
- \

of consistent safety design criteria for a single load application,

nominal capacities of members or critical sections are often defined by

- 21,22
either of the following expressions

R*# = R exp (-oxV,) ¢ (3.16)

R

RIG+ ®vg) (3.17)

R=
Here,. R* denotes nominal value of the random strength R, ﬁ its
expected value, VR its coefficient of variation and ¢/ a constént that
depends on the probability that R is smgller than its nominal value. It

'is clear that the ratio R#fR is smaller than unity and decreases when

VR increases.

The capacity with respect to some failure modes in ductile systems can
be expressed as the sum of the contributions of the capacities of a
number of critical sections. Take for instance the shear capacity of
‘a giveq story of a frar-ne building and consider that capacity to be made
up of the contributions of the moment capacities at all column ends.
The coefficient of variation of the story shear capa.city is equal to
Vs ( 41‘-' 23 /Dij Vivjﬁiﬁj)llzl E'-iﬁi, where R, is the strength at
the i - th critical section, ﬁi, and V;j respectively its exp‘ec:ted value

and coefficient of variation and [oij the correlation coefficient between

Rj and Rj. If the latter variables are stochastically independent,



Kx
~N

= 21/2, = '
(ii—(\’i R ) / / T{Ri, and if all V;'s are equal to v,

]

v

A%

v { f;ﬁ?)llz/ Zl Ei: hence, V £ v and the nominal value of R that
would be obtained by dilrect application .of egs. 3.la or b with the |
adequate va.lt;e ;)[ V will exceed that obtained by simple édditioq of the
nominal values Rj of the contributions of all critical sections. Timis
result is an analytical way of expressing an oftén intuif.ivelyA derived.
‘ principle: that under similar safety conditions for individual critical

y
sections the reliability of ductile systems with respect to failure modes
that requilre the development of the capacity of 'n critical sections
decrecases with decreasing n. Because design criteria for the revision
of safety conditions are usually stated in terms of the ratio of structural
capacity to internal load at each individual critical sec.tion, the effect
under study has to be accounted for by making required safety factors
vary with the number of critical sections 'ix'w‘ol-ved in a failure mode.
This is the basis for the prescription ‘in the 1976 Mexico City Building
Code stating that the genecralized force acting on every shear wall or
column that takes up more than 20 percent of the story generalized
force (shear, torque or overturning moment) be increased 20 percent;
or by the prescription concerning noaredundant systems in ATC

: 20 ’ :
recommendations  stating that when a building system is designed or

constructed so that the failure of a single member, connection or
component would endanger the stability of the building, that member,

connection or component should be provided with a strength at least

50 percent greater than otherwise required.



Sunerposition of modal contributions

Maximum coniributions of all natural modes to a given response —
internal force at a critical sec{ion, displacement or deformation ——
do not take place simultaneously. The design value of a response.
parameter is assumed proportional to its standard deviation at the end

of the earthguake. After some simplifications (10), this criterion leads
L
to the following expression:

- §; §; 1/2
S = (22#2) (3.18)
. i j i) .'

in which
W - W -
E, . =o— ! : (3.19)
ij %W, Stiwj .

and: S; is the maximum absolute value of the contribution of the i-th
mode to the response of interest; it is to be taken with the sign
adopted by the unit impulse response function of the response of
interest to a ground velocity step-incrément when fhe mentioned

function attains it maximum numerical value.

S

In equation 3.19/ wi = undamped circular frequency of i-th natural mode,

! = “)i\ll - S;" = damped circular frequency of _i_-th natural ‘mode,

<

1

tt

‘51 + 2/(.Jis, ‘Si = damping ratio of_i—th natural meode {(assumed |

equal to 0.05 unless a different value is justified), and s = duratibn

of segment of stationary white noise equivalent to the family of actual

design earthquakes; s may range from 20 to 40 sec for ground

‘



conditions ranging from firm ground to thick deposits of very soft
material. The influence of stochastic correlation between the instants

when the response associated with each mode reaches its maximum is

reflected in equation 3.18 through the participation of gij’ when ‘Ji

differs significantly from ")J', 55; is 1arge‘ and 52 approaches the sum

of the squares of the individual mode contributions, 2. Sizs however,
i

when&)i' is close to “)j', 6ij tends to zero and the cross-prod,t‘ict'-

terms S;S, for i # j, become significant. The fact that each of these

terms can be either positive or negative accounts for the possibilities

of strongly correlated modal responses ta'king place with phase angles

close to either 0 por 180 degrees.

In buildings, cross-product tcx;ms are usually negligible. Exceptioas
occur, for instance, in the modal analysis .of buildings p'ossessing
small torsional eccentricities, when torsional degrees of freedom are
taken into account, or in the analysis of any type of structuz;e when
the response of an appendage (portion charac;erized by a mass much
smaller than the others into which the system has been discrctiz'e-d) is
taken as a degree of freedom in the computation of modal shapes and

frequencies (16).

Superposition of ground motion components

'

It has been customary to design structures so that they resist the
envelope of effects of the various components of earthquake motion

. as though these components acted one at a time. There is growing



consciousness that design should recognize the simultaneous action

of all the components, as a number of conditions have been identified
where superposition of those co‘mpcli::ents' significantly afiects safety.
Take,. for instance, a building possessing continuous‘. frames in two
orthogonal directions, another with an aS)'r;1metrica1 plan, and a

long continuous bridge with several supports. 1If the columns in the
first structure are built in reinforced concrete and possess a square
cross section, the most unfavorable direction of application of seismic
forces will be along their diagonal, rather than parallel to either
system of orthogonal frames. In addition, if the nonlinear responsec
of the structure is analyzed and substantial ductility is developed ut
the column ends, effective stiffnesses of the frames in one direction
will depend'at any instant on the simultaneous state of Qeformation of
the other system of frames; in other wox-c'ié, significant interaction
wili exist between auctility demands in both directions. Frames
normal to the direction of asymmetry in the second case are subjected
to the effects of direct shear produced by the horizontal ground component
parallel to them, and to the torsional effects associated with the other
holrizontal component. OQOut of phase motion of the various supporis in
the third structure affect qualitatively and q;Jantitatively the distribution
of internal forces. Y

1
An approximate criterion to account for the foregoing effects’ has been

recently developed; it evolved frqm a simplification of a second



moment formulation of structural safety (36j, and consists in the

following (37).

1. Compute the responses to gi'avity loads and to thf: components of
ground motion regarded as potentially significant. Let those resp¢nses

be arranged into vectors R = Ro and Rj respectively, withi =1, 2,..,n.

2. Obtair. vectors R = R, + \i:% ‘1 « i R{ , assiguning plus and_: minus
si‘gns to.o(i Rj, ordering the R{s in all possible permutations, and

giving the os the values in Table 3.1.

3. If the problem is one of analysis, find out whether all points fall
within the fuilure surface. If the problem is one of design, assign
the design parameters such values that the safe domain will contain

all the points.'

{

In the .analysis and design of towers and ‘chimney stacks it is

advisable to take ¢; equal to 0.5 instead of 0.3 for i2 2. This
recommendation stems from two considerations: in towers having

square or rectangular 'plan supperted on four equal columns, application
of the foregoin criterion with &, = 0.3 to safety qhecking with respect
to axial stfesses produced'by overturning r:noment leads to s_'/.stematic
errors on the unsafe side; and in structures nominally having radial
symmetry, such as cﬁimney stacks, an apparently insignificant asymmetry

causes an appreciable degree'of coupling between modes of vibration

involving orthogonal horizontal displacements.



5é€

3.4.4 Repair and strencthening of existing structures

‘Historical monoments, damaged structures and those ‘to be remodeled

. - offen
or the use of which is modified, oftetmn pose the problem of deciding
about adequate safety levels and compliance with cu;-rgnt building codes.
In some regions, large portions of important buildings have beecn designed
and built according to standards that were afterwards deemed insufficiently
sirict, and ;here are large‘ numbers of unengineered dwelling Llunits.
Adoption 'o'f standards applicable to new structures is cumbersome and
e;(prc;nsive in most cases mentioned above. The situation must be coped
with having in mind that the objective of gnginecring design is to optimize
for socicty. Decision models dealing with these casés have recently

been dcvelopedaz.
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Tabled 1. Values of o, and maximum errors in amplitude of
et e rae »
seismic-response vector (lﬁ-er reﬁ 37_)‘
i or a, max error, % @ max error max error
safe side, % unsafe side, %
] 1.000 0 i.0 0 0
2 0.335 5.5 0.3 4.4 8.1
3 0.250 8.5 0.3 8.6 7.6
4 0.205 10.4 0.3 12.7 5.0
5 0.179 11.8 0.3 - 16.6 1.6 .
6 0.169 13.0 0.3 20.4 2.1
7 O.Ilqa 13.9 0.3 24.1 -5.8
8 0.13§ 14.7 0.3 27.7 -9.6
g 0.120 15.4 0.3 3t1.1 =13.3
10 0.113 16.0 . 0.3 34.5 -17.0
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1—PURPOSE

Traditionally, the primary concern of the struc-
tural engineer designing a building has been the
provision of a structuraily safe and adequate sys-

tem to support the design vertical loads. This is .

understandable since the vertical load-resisting ca-
pability of a building is its reason for existence.
Any calculations undertaken to check the adequacy
of the -design with regard to lateral loads were
often cursory in nature and more as an after-
thought than as an essential and integral part of
the total design effort. This attitude has not ap-
peared to affect the resulting designs significantly
as long as the buildings involved were not too tall,
were not in seismic zones, or were constructed with
adequate built-in safety margins in the form of
substantial nonstructural masonry walls and
partitions. '

With the increasing use of light curtain walls,
dry-wall partitions, and high strength concrete
and steel reinforcement in tall buildings, the ef-
fects of wind loads have become more significant.
Also, the increasing understanding of earthquake
effects on buildings has brought about a more ra-
tional approach to the design of buildings to resist
seismic excitations.

The steady progress in our understanding’of the
behavior of structures and their components under
the action of various loads, together with the
greater refinement in analysis which the computer
has allowed, has led to greater demands on the

-structural engineer to develop economical designs
with more realistic safety factors. In buildings,
this trend has resulted in the development of new
structural systems and the reexamination of the
more conventional structural forms aimed at
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achieving greater efficiency with respect to both
vertical and lateral load resisting functions.

The purpose of this report is to review and
evaluate the use and limitations of, as well as the
analysis and design considerations involved in, the
various structural systems employed in current
building practice, particularly as these relate to
their lateral load resisting function. It is hoped
that this report will serve as a compact source of
information for the practicing structural engineer
who has to design buildings to resist lateral forces.

Problems associated with the effects of vertical
load, foundation settlement, temperature and
creep and shrinkage in tall buildings are pointed
out briefly and only as they bear some relation te
the subject matter discussed. Certainly these
problems deserve a more extended treatment than
is possible or proper in this report.

The report has necessarily taken the form of 8
summary. The literature on structural systems
under lateral loads is quite extensive. The selected
bibliography accompanying this report indicatcs
only those sources which the committee has found
most relevant to the points discussed. A number

. of noteworthy contributions to this highly inter-

esting field of study may have been omitted. Whera
this has occurred, the committee would gladly
welcome efforts to brmg such references to its
attention.

2—LATERAL LOAD CATECORIES

2.1—General
Three types of lateral load are considered:
Wind loading
Earthquake loading -
Blast loading
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. The usual approach to lateral load analysis
starts with an assessment of the magnitude and
character of the loads, followed by determination
of the response of the structure (including pos-
sible inelastic phases) to the loading. This can be
done either mathematically or by model analysis
or by a combination of both methods. A more ra-
tional approach would be to consider the problem
from a probabilistic viewpeint, with the aim of
arriving at a structure to which a specific prob-
ability of performance can be attached. This would
require the determination of the separate prob-
ability distributions of the loads, and the strengths
of the structural elements as well as of the entire
structure as starting points. This approach is at
present handicapped not only by the complexity
of the process itself, but also by the lack of ade-
quate statistical information concerning loads and
is therefore given no further consideration in the
text which follows.

2.2—Wind loads

Nature of the wind forces—Wind is the general
word for air naturally in motion, and by virtue of
the mass and velocity of the moving air, the wind
possesses kinetic energy. If an obstacle is placed
in the path of the wind so that the moving air is
stopped or deflected from its path, then all or part
of the kinetic energy of the moving air is trans-
formed into the potential energy of pressure. The
intensity of pressure at any point on an obstacle
depends on the shape of the obstacle, the angle of
incidence of the wind, the velocity and density of
the air, and the lateral stiffness of the engaged
structure.

Response of e building—Under the action of a
natural wind a tall building will be continually
buffeted by gusts and other aerodynamic forces.

Although the structure will tend to deflect toward"

a mean position, it will oscillate continuously. It
has been observed that this oscillating motion will
occur primarily at the fundamental period of
vibration of the building.!* Thus, the response of
the structure to the turbulent wind environment
is predominantly in the first mode of vibration.
The first or fundamental period of vibration of a
multidegree-of-freedom system is the time it takes
to complete one fuil cycle when vibrating in its
natural mode having the lowest frequency (the
fundamental mode). The fundamental mode of
vibration of a vertical structure generally involves
displacements of all the masses toward the same
side of the original position, while the higher
modes involve reversals in the displacements of
masses.

Aerodynamic instability—If that portion of the
wind energy that is absorbed by the structure is
larger than that which is dissipated by the struc-
tural damping, then the amplitude of oscillation
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will continue to increase and will finally lead to
destructjon. Since all structures exposed to wind
will oscillate under some disturbance, the designer
must be able to predict the critical wind speed at
which the particular structure may become aero-
dynamically unstabled

The structural forms used today have greater
flexibility combined with less mass and damping
than those used for the more traditional structures
of the recent past. These factors have increased the
importance of wind as a design consideration. For
estimations of the overall stability of a structure
and of the local pressure distribution on the clad-
ding, a knowledge of the maximum steady or time-
averaged wind loads is usually sufficient.*

Design forces—The determination of wind
forces on a structure is basically a dynamic prob-
lem. However, since the structure as a whole
adapts itself as though for quasi-static loads, it
has been usual practice to treat the wind as a
statically applied pressure and to neglect its dy-
namic nature. . ]

The designer’s source of information on steady
wind loads is usually a building code, but the
data contained in such codes are of necessity pre-
sented in a generalized form and may not be ade-
quate for a special case, especially if the struc-
ture departs from the conventional building forms.

Some of the considerations which enter into the
choice of a design wind pressure are:%9

a. The anticipated lifetime of the structure and
its relation to the return period of maximum wind
velocity

b. The duration of gusts
The dimensions of gusts
. Variation of wind speed with height
Angle of incidence of the wind
Influence of the ground effect
. Influence of architectural features
. Influence of internal pressures

i. Lateral resistance of structure

A comprehensive study of existing information
on wind forces was made by an ASCE task com-
mittee on wind forces, and the final report® is a
compact source of informaiion which can be of
use to the design engineer. Recent studies® have
shown that an equivalent static design wind load-
ing can be obtained from the expression:

Jm ke D O

FE e
P=%C,CaCp Vsl (T) (1

C, = coefficient dependent on the shape of the
structure

Cs = coefficient dependent upon nearby topo-
graphic features

C, = gust coefficient which is dependent upon
the magnitude of gust velocities and the
size of the structure
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P = air aensity

Vi = basic design wind velocity at height h

H = hecight above ground at which p is eval-
uated, or a characteristic height of the
structure

h = height at which base velocity was deter-
mined

@« = an exponent for vclocity increase with

height determined by the surface rough-

ness in the vicinity of the site
The quasi-static approach to wind load design
has generally proved sufficient for most structures.
However, it is unrealistic in several respects, and
_ a more detailed analysis, including wind tunnel
studies, may be appropriate.”'* Eq. (1) may not be
satisfactory for very tall buildings, especially with
respect to the comfort of the occupants and the
permissible horizontal movement or drift which
might result in cracking of partitions and glass.
These important factors are related to the fre-

quency and amplitude of the vibrations, which de-.

pend on the natural frequencies of the building
and gust fluctuations of the wind rather than a
steady wind pressure.

2.3—Earthgquake loads

The loads or forces which a structure is called
. upon to sustain due to earthquake motions result
directly from the distortions induced in the struc-
ture by the motion of the ground on which it rests.
This base motion is characterized by displace-
ments, velocities and accelerations which are er-
ratic in direction, magnitude,” duration, and
sequence, )
Uncertainties in the determination of the proper
design earthquake loads to be used for a proposed

structure arise from a number of factors, among.

the more important of which are:

1. The difficulty of predicting the character of
the earthquake motions (i.e., intensity, duration,
frequency characteristic) to which a planned
structure may be subjected during its lifetime

2. Where an analytical determination of struec-
tural response to a particular earthquake motion
is desired and feasible, the difficulty of ascertain-
ing the values of the structural parameters affect-

ing the response (i.e, stiffness and damping), as -

well as the dynamic properties of the soil or sup-
porting medium

As far as the earthquake motion is concerned,
the quantity most often used in analysis is the
variation with time of the acceleration in the im-
mediate vicinity of the structure. At any particular
point, this may be described by two usually or-
thogonal horizontal components and a vertical
component. Since structures are always con-
structed over a finite arca, rocking and twisting
motions characterized by the variations with time
of angular displacements about the three perpendi-
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cular directions may also be involved. Because
buildings are relatively more flexible with re-
spect to horizontal or lateral distortions, it has been
the practice in most instances to consider only the
structural response to the horizontal components
of the earthquake accecleration. The vertical mo-
tion (as well as any rocking motion) has either
been assumed to be negligible or considered to
produce effects which do not materially influence
the design of the structure. Here the principal
molivation has been simplification and the reduc-
tion of the computational effort required, which
can be quite substantial even for the horizontal
components alone.

In most cases, a further simplification of the
true three-dimensional earthquake response of
structures is made by assuming the design hori-
zontal acceleration components to act nonconcur-
rently in the direction of each main axis of a
building. It is tacitly assumed that a building de-
signed by this approach will have adequate re-
sistance against the acceleration acting in any
direction.

Although both wind and earthquake loads are
dynamic in character, a basic difference exists in
the manner in which these loads are induced in a
structure. Whereas wind loads are external loads
applied, and hence proportional, to the exposed
surface of a structure, earthquake loads are es-
sentially inertial forces related to the mass of the
structure. Inertial forces result from the distortion
produced by both the earthquake motion and the
inertial resistance of the building. Thus, their mag-
nitude is a function, among others, of the weight
(or mass) of the building rather than its exposed
surface.

Two approaches to the design of earthquake-
resistant structures, particularly as these relata to
the determination of earthquake loads, are in pres-
ent-day use:

1. The quasi-static approach A

This method, which has been adopted by most
building codes, uses a set of statically applied heori-
zontal forces to simulate the effect of earthquake
loading. The distribution of these design shears
along the height of a structure is similar to that of
the maximum shears obtainable from a dynamic
analysis. However, their magnitudes are set some-
what arbitrarily, the values chosen being influ-
enced greatly by judgment and experience. The de-
sign forces specified by most codes are generally
smaller than the corresponding maximum values
which would be indicated by an elastic-dynamic
analysis 110

Structures designed to such “scaled-down" forces
will generally have some members develoning
vield stresses under severe earthquake conditions.
To safeguard the integrity and stability of a struc-
ture when such yielding occurs, provisions are
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" usually incorporated in the design to insure ade-
guate rotational capacity in regions where yielding
1s likely to occur. Ductility factors (the term being
defined as the ratio of the maximum deformation
to the corresponding deflection at yield) of from
four to six have been considered adequate for
most cases.

This method, though more empirical than ra-
tional, is likely to continue in use for the majority
of structures in view of its simplicity and the fact
that many structures designed on the basis of this
method have performed satisfactorily when sub-
jected to severe earthquakes. Reference 16 is the
most commonly quoted work on this subject. Ref-
erences 17 and 18 contain some background infor-
mation and present the basic concepts of earth-
quake-resistant design for multistory structures.

2. Dynumic analysis

This approach requires that the, structure be
idealized as an assembly of masses interconnected
by springs and damping elements. The dynamic
response of such a system to a particular earth-
quaké acceleration-time record is obtained most
conveniently using an analog or digital com-
puter. 181921

In most cases, a design for earthquake loading
will start with a structure already proportioned
to satisfy the requirements of gravity and wind
loading. If the earthquake motion is severe, the
calculated forces in some portions of such a struc-
ture will generally exceed their yield capacity. An
analysis which accounts for inelastic response
would then be indicated if a good estimate of the
required ductility ratios as well as the maximum
lateral deflection are to be obtained. Such
an analysis, although clearly desirable for large
and important structures, is at present not gen-
erally practicable due to the limited availability
of the necessary computer programs and com-
puters, the relatively great amount of computer
time required to undertake the analysis, and the
difficulty of predicting the character of the earth-
quake motion that will occur at a given site.

2.4—Blast loads
The general term blast refers to both vibra-

tions induced in the soil and to fluctuatjons of air °

pressure due to man-made explosions. Blast effects
due to soil vibrations may be considered as seismic
excitations.

The pressure wave resulting from an explosion
near ground consists of an abrupt rise in pressure
followed by a decay from which a negative pres-
sure wave results. The shape of the pressure wave
is well defined and so its effects on structures can
be studied.--

A sonic bvom can be considered as a type of
blast load in which the pressure wave is applied to
the exposcd surface of the structure.
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3—PERFORMANCE CRITERIA
3.1—Strength and stability

Since publication of ACI 318-63, increasing use
has been made of the ultimate strength design
method to proportion reinforced concrete sections.
By this method, a given section must have an ulti-
mate capacity equal to or greater than a factored
combination of the effects due to vertical load,
plus either earthquake or wind load effects’
(whichever produces the more severe condition).
The ultimate strength design method for propor-
tioning members is presently used in conjunction
with an elastic analysis of the struciure to deter-
mine the design forces and deformations in the
members.

The traditional conventional working stress ap-
proach limits the- stresses in a member due to
working loads (gravity and lateral loads) to an
acceptably safe level. The investigation of the
collapse load of a structure as a whole, i.e., limit
analysis, for practical design purposes has not
been used to any appreciable extent in reinforced
concrete structures. As a result the committee is
not able to recommend design procedures based
onr. such an analysis at present. Experience with
steel structures suggests that it is essential to in-
clude stability considerations in any such
analysis.®

The likelihood of low cycle fatigue in structures
subjected to high fluctuating loads should also be
considered.

3.2—Serviceability

In addition to strength and stability require-
ments, ¢ertain serviceability conditions have to be
considered in designing for lateral loads. These re-
quirements are intended to ensure the satisfactory
performance of the structure under service con-
ditions. The most significant serviceability criteria
relate to: :

1. Lateral deflection of the structure, particu-
larly as this affects the stability and cracking of
members o

2. Relative vertical movements betweencolumns,
particularly as these affect the cracking of mems-
bers and partitions

3. Motion of structure as it affects occupant
comfort '

3.2.1 Lateral deflection—The main deflection cri-
terion for high rise buildings is lateral drift. This is
the relative magnitude of the lateral displacement
at the top of a building with respect to its height*
(sometimes referred to as the “deflection index”)
and has.often been used as a guide in desiyning
for lateral loads. In designing for wind loads, an
arb:trary value of this ratio, ranging from about
17300 to 1/600,*' depending on the judginent of

°Or alternatively, the ratio of the reiative lateral story dis-
placement to the story height, assuming a more or less uniform
stury height.
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the engineer, hes been used as a basis for design.
As the deternanat:on of the lateral deflection of a
mullistory structure is a tedious process, simplify-
ing assumptions are often made in the calculations.
Therefore, a deflection limitation is meaningful
only if specified together with the method of com-
puting the deflection.

Lirniting deflections of about 1/300 used several
decades ago were computed assuming the wind
forces to be resisted by the skeleton alone. In real-
ity, the heavy masonry partitions and exterior
cladding common to buildings of that period con-
siderably increased the lateral stiffness of such
structures. In contrast, in most buildings that
have gone up in recent years, the skeleton alone
resists the lateral forces. The dry-wall interior
partitions and light curtain wall exterior contrib-
ute little to the lateral force resistance of modern
buildings.

Reference 28 recommends a deflection limit of
1/509. The performance of modern buildings de-
signed in recent years to meet this criterion ap-
pears to have been satisfactory with respect to
the following effects of sway under wind load-
ing: {a) the stability of the individual columns as
well as the structure as a whole, (b) the integrity
of nonstruciural partitions and glazing, and (c) the
comfort of the occupants of such buildings. It is
realized, of course, that the method of calculating
the drift, as well as the degree to which the as-
sumptions used in such calculations corresponded
to the actual structure, may have varied widely
fron: one building to another.

Reference 16 recommends an allowable drift due
to static earthquake forces twice that normally
used in designing for wind. Here, a .distinction
should be made between the drift produced by
the “code-forces” and the displacements obtained
from a dynamic analysis of the response to a
particular earthquake record,

3.2.2 Relative vertical deflection—In tall build-
ings relative vertical movement between exterior
and interior columns or between columns and
shear or core walls may occur due to:

1. Thermal expansion and contraction - of ex-
terior columns->

2. Different axial load stresses in columns and
shear cores leading to different elastic and creep
deformations of thiese members:%:7

3. Differential settlement of the foundations for
the shear corc and adjacent columns

References 23, 26, and 27 present studies and
design recommendations for these problems. Gen-
erally designs to provide for these effects are ade-
quate with respeet to the relative vertical move-
ments due to lateral loads.

3.23 Cracking—Cracking of nonstructural ele-
ments such as partitions, windows, etc., may cause
serious maintenance problems (loss of acoustical

properties, leakage, etc). The drift limitation of the
previous section should be selected to minimize
such cracking.

For cases where excessive drift is expected,
floating partitions with a capability of relative
movement between skeleton and partition may be
required. Floating partitions do not contribute
substantially to the lateral rigidity of buildings.

The degree of control of structural cracking
under lateral load depends upon the type of load--
ing. For wind loading, the aim should be to kcep
the cracking within acceptable limits. For severe
earthquake loading, buildings may be expected to
develop plastic hinging (extensive flexural crack-
ing) in the beams at column faces. The extent and
severity of the resulting cracks can be reduced by
appropriately placed shear reinforcement.

For structural cracking, Reference 29 gives con-
cise information and an up-to-date bibliography.

3.2.4 Perception of lateral sway in tall buildings
—The sway motion of a tall building under turbu-
lent wind, if perceptible, may produce psychologi-
cal effects which render the building undesirable
from the user’s viewpoint. The reduction of such
perceptible motion to acceptable levels thus be-
comes an important criterion in the design of any
tall building. Such a criterion, in order to be ap-
plicable, must be expressible in quantitative terms.

The actual mechanism involved in the percep-
tion of motion is not yet well understood. It is
known that the balance mechanism in the human
body, which responds to any sensation of motion,
is effected and controlled by the inner ear appara-
tus. It also appears that motion mav be perceived
by the general nervous system through rauscles of
the body. It is apparent that the sensation of mo-
tion.which can be disturbing to an occupant of a
building can result either from the visual percep-
tion of relative displacement with respect to soine
reference object, or, if visual effects are excluded,
from the acceleration of the platform on whichk the
observer stands. A number of tests have c¢on-

Tfirmed the effeci of acceleration in producing a

sensation of motion. Also, if the acceleration is very
small: but changes frequently from negauve to
positive, the rate of change of acceleration, which
is commonly known as “jerk,” can equally pro-
duce the sensation of motion.

The determination of minimum tolerable values
of acceleration for the typical or normai person
awaits further studies. It is obvious that the ac-
ceptability of a design with respect to perception
of sway .motion can only be assessed through a
dynamic analysis of the building under a set of
probable range of wind exposures. Because this
approach may be justifiable only for the more
unusual buildings, simplified procedurcs tv account
for this effect need to be developed for the more
conventional tall buildings.
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" 3.3—Ductility

- 3.3.1 Definition of ductility—Ductility of a struc-
ture is its ability to undergo increasing deforma-
- tion beyond the initial yield deformation while
still sustaining load. This is illustrated by the
simple load-deflection curve of Fig. 1.
Ductility factor is defined as the ratio of the
* maximum permissible or useful inelastic deflec-
tion or-displacement to the initial yield deflection
. .(in Fig. 1, the ductility factor would be the ratio
b/a). It is obvious that the determination of the
value of the ductility factor for a reinforced con-
crete moment-resisting frame js a complex prob-
lem involving bending and shear deformations of
: heterogeneous members consisting of concrete and
. ductile reinforcing steel. An .excellent treatment
-of this complex subject is presented in References
16 and 17.
- A recommended minimum ductility factor for
‘reinforced concrete buildingsiin earthquake areas
15" from four to six.!” The requirements for design
.and detailing -contained in Reference 16 or Ap-
:pendix: A 'of Reference 30 will result in minimum
‘ductility factors of this order of magnitude.
17.-3.3.2 Relationship to energy.absorption—The en-
ergy absorption capacity of a member or a struc-
ture under load is related to the ductility in that
it is equal to the work done in straining or de-
forming the structure to the limit of useful deflec-
tion—and hence, is numerically equal to the area
under the load deformation curve. In the case of
members in bending, it is equal to the area under
the:moment-rotation curve up to the limit of use-
ful rotation.

The properties of high ductility and energy

absorption capacity are of utmost importance in
earthquake zones for two basic reasons:
;.1 It is economically impractical to design struc-
tures .to resist the maximum expected earth-
quake forces within the elastic range of stress.
. 2. It.is difficult to predict the character of the
earthquake motion which will occur at a given
site. In addition, our knowledge of the response
of buildings to earthquake ground motions is far
from exact or complete.

In the past, there was resistance to the use of

tall. concrete buildings in earthquake-susceptible’

zones because of their supposed lack of duetility.
It is now ‘well established, however, that by giv-
ing proper attention to detailing, reinforced con-
crete structures with sufficient ductile properties
can be designed.’”

4—LATERAL LOAD RESISTING UNITS

4.1—CGeneral

Insofar as the lateral load resisting function of
tall .buildings is concerned, three broad types of
units may be distinguished:
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Fig. 2—Deformation modes

Frames

Walls

Tubes

Structural systems consist of one.or more of the
above basic units. The basis of the classification
is the mode of deformation of the unit when sub-
jected to lateral loading.

Frames deform in a predominantly shear mode

where relative story deflections depend on the

shear applied at the story level. Shear mode de-
formatiorn is illustrated in Fig. 2 (a).

Walls deform in an essentially bending mode as
illustrated in Fig. 2 (b).

Tubes, if unperforated, behave in the same
way as walls. However, openings which arce nor-
mally present in units of this type produce a be-
havior intermediate between that of a frame and a
wall. A typical distribution of column axial forces
in such a structure is shown in Fig. 3. The ecffect
of shear lag will readily be noted.
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Axial force
distribution in
perforated tube

Bvs3

Fig. 3—Typical distributions of axial forces due to wind "perforated tube"

F¥or some units, the difference between these
types many be indistinct. As used here, the term,
wall, frame or tube refers to a unit whose be-
havior best approximates the typical behavior as
illustrated in Fig. 2 and 3.

The need for defining these types of units is de-
rived from the necessity to simplify the analysis.
However, for most computer-aided analyses,* the
distinction between the three types of units is
irrelevant.

The degree of sophistication to which a strue-
tural analysis is carried out obv1ously depends on
the importance of a project. A wide range of
approaches has been used for buildings of varying
heights and importance, from simple approximate
methods which can be readily carried out manual-
ly, or with the aid of a desk calculator, to more
refined techniques involving computer solutlons
as well as model studies.

A logical procedure for lateral load analysis is:

1. Carry out a simple preliminary analysxs by
longhand calculations.

2. If necessary, use-'a computer program to
achieve more accurate results.

In view of the increasing availability of com-
puter programs for frame analysis, longhand
methods which involve simplifying assumptions
and lengthy arithmetical work must be con-
sidered as obsolescent,

In this section, behavior and methods of analysis
for cach of the three types of units are described
separately. In Section 5, structural systems com-
posed of these units are dxscussed

Qo

= ————Parallel sides

Leeward side

Windward side

wind force

type structure

4.2—Frames

4.2.1 Definition—The term “frame” denotes a
structure which derives its resistance to lateral
loading from the rigidity of the component mem-
ber connections.

4.2.2 The components of drift-—In a frame-type
structure, the lateral displacement (i.e., drift) may
be thought of as consisting of two parts: one due
to bending in the columns and beams, and the
other due to axial deformation of the columns. 4s
the height-to-widtht ratio increases, the effect of
column axial deformation assumes greater signifi-
cance.

In addition to these components, yielding in the
frame members or the foundation can significantly
increase the lateral displacement or drift. The ef-
fect of secondary moments caused by the axiai
forces and the deflections {P-A) will aiso tend to
increase the lateral deflection.

423 Hend calculation methods—Simplifieq
methods of analysis for building frames are often
used for purposes of preliminary estimating, or
for sizing of members in order to obtain dead load
forces and stiffness values for use in more refined
analysis using computers. Such methods should
be able to furnish rough numerical data with a
minimum of effort.

Classical methods of analysis, such as the slope-
deflection method or the moment distribution

'Hercaner simply referred to as “computer analysis’”
‘ tWidth is dimension of building in the direction of the lateral
orce. .
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“method and their numerous variants?»"% have
been largely superseded by similar but more re-
fined methods using matrix formulation and suit-
ably programmed for the computer. Simplified
methods*** used for preliminary design purposes
should, in general, reduce a highly statically in-
determinate structure to static determinacy by
introduction of suitable assumptions on the de-
formations and internal force distribution, and
then proceec to solve for the required member
forces by statics. This process is followed in the
widely-used “portal method.”

The major assumption in the portal method is
that points of contraflexure are iocated at mid-
length of all columns and beams. In addition, an
assumption concerning the distribution of shears
in the columns of a story is made. These assump-
tions reduce a highly statically indeterminate
problem to a statically determinate one. The
method neglects the effect of axial deformation in
the columns.

The assumptions assocxated with the portal
method lead to geometric mcompanblhty at the
joints of a frame and result in the following errors:

1. In the vicinity of any discontinuity in geom-
etry or stiffness, such as at the base or top of the
frame, or at setbacks or locations where significant
changesin member stiffnesses occur, large errors in
the calculated member moments may be expected.
This can be particularly serious in bottom stories,
where the combination of large axial forces and
moments in the columns can lead to instability
problems. This type of error can be partially cor-
rected by performing more exact analyses for the
localized discontinuity regionsi**® or by using
tabulated information on the location of inflection
points in the bottom stories.*?

The errors resulting from disregarding column
axial deformations increase with the increase in
the number of bays and the number of stories in a
frame and are reflected most markedly in the
moments in the exterior columns and girders of
the upper stories of tall frames. .43

2. Drift calculated on basis of moments obtained

by the portal method is subject to errors of two,

types. First, the assumed locations of the points
of contraflexure lead to predictions of drift
largert* than a computer-analysis, based on bend-
ing deformation only, would predict. This type
of error can be partially corrected by an improve-
ment in the column moments as discussed above.
The second type of error arises due to the neglect
of axial column deformation which is of major
importance in tall slender structures. This error
can be compensated for by adding the drift due to
the column strains calculated from the axial
forces in the exterior columns as obtained by
the portal method.?
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Another group of methods aimed at simplifying
the numerical work involved in frame analysis
consists in lumping the columns and beams so that
a frame of several bays is represented and ana-
lyzed as a single-bay frame (substitute frame
method) *** or as a column with rotational re-
straints at points where beams frame into the
column (equivalent column method). 514234 This
device considerably reduces the number of un-
kncwns. These methods give better vosults than
the portal method as far as column moments are
concerned, since they require no assumption re-
garding the location of the points of conira-
flexure. The accuracy cbtained with such meth-
ods, when applied to multibay frames, may vary
in each case, with larger errors in the distribution
of the moments to be expected in {rames with
widely varying member stiffnesses.

While the use of approximate methods for the
lateral load analysis of frames may, by current
standards of engineering practice in this country,
be adequate for regular frames with a few stories
or for the preliminary analysis of tall frames,
the increasing availability of computer programs
argues against the use of such approximate meth-
ods when more reliable solutions are obtainable.

Simplified methods, when used for the prelimi-
nary analysis of tall structures, should generally -
be followed by a computer analysis which includes
the effects of column and axial deformations as
well as bending.

For major high-rise structures a computer
analysis may be the most economical means of
arriving at a reliable design.

4.24 Computer programs—A large number of
digital computer frame programs*®® with
varying capabilities have been developed in recent
years. Some of these! which are capable of car-
rying out elastic analyses of either piane frames
or three-dimensional reticulated structures under
static loading conditions are well documented and
are available from computer manufaciurers. Most
of the others are available for use on a fee basis
or. by special arrangements with the developers.

4.24.1 Program features. Thie more important
frame program features which have relevance to
lateral load analysis are discussed bclow.

4.2.4.1.1 Axial deformaticn. Axial deforma-
tion of columns rmay be important in tall, slender
frames or in frames with stiff connecting beams. If
axial deformation is negligible, then it is worth-
while to neglect it, both to reduce the size of a
problem and to improve the conditioning of equa-
tions to be solved. While no definite rules may be
given, the effect of column axial deformation will
gencrally be important if the frame height-to-
width ratio exceeds about three. Reference 24 sug-
gests a limiting ratio of four. Axial deformation
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Fig. 4—Treatment of rigid joints

of beams in building frames due to applied loads
is always negligible.

4.24.1.2 Shear deformation. Shear deforma-
tion is normally neglected.

4.2.4.1.3 Finite size of joints between mem-
bers. In some cases it is realistic to assign a greater
stiffness to the area within the joint between
beams and columns than that assigned to the con-
necting members [see Fig. 4(c)]. For some facade
frames and shear walls (Section 4.3) this can be
more important. Three ways to do this are:

1. For symmetrical members with equal end

rotations, an equivalent EI value can be used [see
Fig. 4(b) ].*7

KQ+0OL
(E), = __(_'g_).__
where .
(EI), = equivalent EI
K = end rotational stiffness
C = carry-over factor
L = center-to-center span of member

where K and C are evaluated for a member with
infinite flexural stiffness within the joints.™

2. Where a computer program has the capability
of considering members with variable moment of
inertia, the joint rigidity can be simulated by
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beams or column sections as shown in Fig. 4(c}.
The column or beam secticn should terminate at
the actual junction of the column and beam and
a sufficiently higher moment of inertia should be
assigned from the edge to the centerline of the in-
tersection. The moments of inertia of the column
and beam sections within the joint area should
be increased to about 10 or 20 times the nominal
column or beam moment of inertia to realistical-
ly simulate the joint rigidity. Excessive increase
of stiffness in the joint area may lead to significant
numerical error in the solution and should be
avoided.

3. Possibly the best approach is to treat the ends
of the members as being fully rigid, and then cal-
culate the stiffness properties of the combined ele-
ments as illustrated in Fig. 4(d) before the frame
analysis is undertaken. Some frame programs in-
corporate a finite joint facility of this type.’!.%

4.24.14 Foundation movement. Ability to
include elastic spring supports is a useful program
feature (especially for shear -wall foundations).
A semirigid support can be modeled using a ficti-
tious member if spring supports are not allowed.

4.2.4.1.5 Second order geometry effects. Two
types of second order effects are:

1. The P-a effect. When a frame sways laterally
by an-amount A it must resist an eccentric mo-
ment equal to PA, where P is the total vertical
load at the level at which A is measured. This
P-A effect can be significant if nonlinear materi-
al behavior is also considered.®®

The P-A effect may be included in an analysis
using an iterative procedure® in which the sum of
the P-A moments in a story is replaced by a
statically equivalent set of horizontal shears act-
ing at the floor levels. Generally, the equivalent
lateral loads calculated from the P-2 moments
are small enough to be ignored, except in the case
of tall unbraced frames. )

2. Reduction in bending stiffness due to axial
load. Axial compression loads in columns reduce
their effective bending stiffness as well as increase
the fixed-end moments due to lateral loads. In
braced multistory reinforced concrete frames of
normal proportions, the errors in column moments
due to ignoring this effect will generally be less
than 5 percent and can be ignored. In frames
which are not braced by shear walls or similar
elements, the changes in flexural stiffness due to
axial loads can result in a significant increase in

"lateral deflection. Simple rules to determine when

these effects should be included in a computer
arialysis are needed. -

A program which includes this effect can be
used to investigate the stability of a frame. The
requirements of such an analysis are outlined in
Reference 62. Normally, such an analysis involves
an interative procedure in the determination of
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the final frame configuration under a particular
loading. This process can be lengthy and may not
be justifiable for the majority of structures.
4.24.1.6 Nonlinear behavier. The considera-
tion of the nonlinear behavior of structures arising
from nonlinearity of the stress-strain curve for
concrete, particularly under large deformations,
may become important in seismic analysis. Non-
linearities in structural response, whether arising
from material properties as for concrete, from
loading conditions (e.g., axial load effects on bend-
ing stiffness) or geometry (e.g., P-A moments) are
best handled by numerical iterative and/or step-
by-step procedures.’
4.2.4.1.7 Dynamic behavior. See Section 2.3.
4.2.4.2 Reduction in size for computer analy-
sis. Even with large-capacity computer programs,
some frames require an uneconomically long time
to analyze because of a large number of joints. In
such cases, it is advisable and reasonably reliable
to reduce the number of stories in the analysis as
illustrated in Fig. 547 A 50-story building, for
example, can often be realistically reduced to an
equivalent 10-story building with acceptable
results. .
Similarly it may be necessary to reduce the
number of bays.??3 This should not be done if
axial deformation is important, however.

4.2,5 Effect of masonry walls -and partitions—

In many frame-type structures, walls and parti-
tions are made -of precast or masonry units. Al-
though such elements are often considered to be
nonstructural and ‘perhaps—because of very light
reinforcement—may not contribute significantly
to the ultimate strength of the structure, they
generally may be expected to contribute to the
lateral stiffness of the structure under working
load conditions. Studies* ' have indicated the
possibility to taking full advantage of these parti-
tions by constructing them to ensure their par-
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ticipation in resisting wind loads, with particular
reference to the satisfaction cf the drift limita-
tion. An approach®-% to this problem which lends
itself well to currently available computer frame
analysis programs considers the contribution of an
infilling (or wall enclosed in a frame) as repra-
sented by the action of a diagonal across the en-
closing frame having an effective width which is
a function of the relative stiffness of the enclosing
members and the infilling.

The effect of walls and partitions on the re-
sponse of structures subjected to earthquake mo-
tions should likewise be considered. Walls filling
the space between frame members r:ict only tend
to increase the stiffness {and the damping) of a
structure and hence shorten its fundamental peri-
od of vibration, but may altogether alter the mode
of response of the structure and the resulting
distribution of forces among the different frame
cemponents. Hence, it may be dangerous to ignore
infilled partitions. When the effect of partitions
is included in an analysis, however, it is neces-
sary also to consider the behavior of the structure
when some or all of the partitions are destroyed.

4.2.6 Ejfective width of slab—In the analysis of
a frame, an “effective width” of the slab acting in
conjunction with the other elements of the frame
is generally assumed.

In a typical frame consisting of columns and
beams, with the floor slabs cast monolithically
with the beams or united by composite action, the
effective width of slab is specifiad by ACI 318-63.

Structures consisting of flat slabs or plates and
columns have been analyzed as frames by con-
sidering strips of the slabs joining the columns as
beams. The effective width of the slab would ap-
pear to be a function of the relative dimensions of
the column section with respect to the in-plane, as
well as transverse spans of the slab, and the distri-
bution of reinforcement in the slab. ACI 3183-63
allows the consideration of the entire slab width
(between adjoining bay center lines) as effective.

Relatively little'” has been done in ascertaining
the variation of the effective width of slabs with
the pertinent parameters. Further studies in this
direction are clearly indicated.

4.3 —Shear walis

4.3.1 Reinforced concrete walls are often intro-
duced into multistory buildings to resist lateral
forces when frame systems alone are insufficient
or when it is convenient to make partitions load
bearing. The calculation of lateral stiffness and
stresses in a single shear wall without openings
involves simple bending theory only. The term
“shear wall” as used here covers elevator shafts,
stairwells and central core units, in addition to
plane walls.
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Fig. 6—Coupled shear walls

Walls with openings present a much more com-
plex problem to the analyst. Openings normally
occur in vertical rows throughout the height of
the wall and the connection between the wall sec-
tions is provided by either connecting beams
which form part of the wall, or floor slabs, or a
combination of both.

The terms “coupled shear walls,” “pierced shear
wall” and “shear wall with openings” are com-
monly used to describe such units (Fig. 6).

When does coupling action become important?
If openings are very small, their effect on the over-
all state of stress in a shear wall is minor. Larger
openings have a more pronounced effect and, if
large enough, result in a system in which typical
frame action predominates. The degree of coupling
between two walls separated by a row of openings
has been conveniently expressed in terms of a geo-
metrical parameter a,* which gives a measure of
the relative stiffness of the connecting beams with
respect to that of the walls. The parameter a ap-
pears in the basic differential equation of the so-
called continuum approach.*>* A study by Mar-
shall** indicated that when the dimensionless
parameter, a H, (H being the total height of the
walls) exceeds 13, the walls may be analyzed as a
single homogencous cantilever. When utl 0.8, the
walls may be treated as two separate cantilevers.
For intermediate values of « H (je, 08 < « H <
13), the stiffness of the connccting beams should
be considered.
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4.3.2. Analytical methods for coupled shear walls
and their limitations—Prior to the early 1960’s little
attention was paid to the development of analytical
techniques for shear walls. Early papers by Euro-
pean authors introduced a period of increased ac-
tivity in shear wall research which led to the first
international conference concerned with the sub-
jeet in 1966. Papers published before 1966 were
reviewed for that conference.”” Since that time,
considerably more research information has be-
come available. '

4.3.2.1 Continuum approach

1. Description of basic theory. This technique was

first applied to the analysis of coupled shear walls

- by Beck,’* but probably the most comprehensive

treatment has been by Rosman.®®77 While it
has many limitations, the continuum approach can
be used to illustrate the basic behavior of coupled
wall systems. Hand analysis is feasible and it can
be programmed for a small computer.

In its most basic form the theory assumes that
elastic structural, properties of the coupled wall
system remain constant throughout, that both
walls are founded in a common, stiff footing and

- that the points of contraflexure of all beams are at

midspan.

For this method, the individual connecting
beams [Fig. 6(a)] are replaced by a continuous
connection of laminae [Fig. 6(b)]. Under hori-
zontal loading, the walls deflect and induce shear
forces in the lamina. A second order differential
equation is set up and solved to give shears,
moments, and deformations throughout the wall.
Several papers use this approach with differing
choice of variables, all yielding essentially the
same results,

2. Limitations and other variables. Very little
laboratory test experience is available and is
limited to plastic models.”®™ These tests have gen-
erally confirmed the accuracy of the continuum
approach for walls conforming to the basic as-
sumptions of the method at least prior to cracking
or inelastic action. In practice, many of these as-
sumptions do not hold.

Possible sources of inaccuracies of the method are:

a. Local wall deformations®3-88

b. Greatly differing wall stiffnesses"

c. Reduction in stiffness of coupling beams due
to cracking®®

The method has been modified to account for
certain special cases:

a. Varied lower story and foundation con-
ditions® "

b. Varying wall thickness8!-83

c. Inelastic analysis™ 54

In other cases, no direct solution is available
through the continuum approach.

*Having units of “l/length."
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Loading: Solutions are available for uniformly
“Jistributed loads, triangularly distributed loads
and for concentrated point loads at the top of the
building. Perhaps the most-readily available and

convenient are those aeveloped by Coull and
Choudhury.™"!

Inelasticity: -Inelastic theories for the analysis
of shear walls have not been fully developed al-
though the potential simplifications and economies
are great. In some cases, elastic analysis will re-
sult in moments which cannot be developed by
beam sections restricted in size by architectural
reasons. The possibility of designing the beams for
ultimate moments in proportion to the elastic
moment distribution has been suggested™ and re-
cently a theory has been deveicped for the elasto-
plastic analysis of coupled shear walls.®® An ulti-
mate strength analysis® proposed earlier cannot
be applied to.coupled walls which vary in stiffness
because it does not consider compatibility of de-
flections. The practical application of this latter
approach will have to await " experimental
verification .~ =

Summary: The continuura approach has re-
ceived a great deal of attention and would seem
to have reached a stage where further develop-
ments in analytical methods, while of theoretical
interest, are not likely to result in greatly im-
proved design techniques.

The major limitations of the technique arise from
the basic assumptions regarding the regularity of
dimensions, opening locations and structural prop-
~erties throughout the height of the coupled wall
system. Whenever the regularity of the wall sys-
tem-is broken, -whether-through changes in wall
thickness or concrete strength, or changes in the
number or location of bands: of openings, the
analysis becomes considerably more complex.
Even the basic theory for the simple case shown in
Fig. 6(a) is sufficiently lengthy for manual com-
putations that simplifications have been proposed
either through the .use of graphs®iil% or
simplifying assumptions concerning the integral
shear force* or lamina forces.’?

43.22 Frame analysis. Analytical methods
employing computers are not only more accurate
but are considerably more flexible and can take
into account many more variables than the con-
tinuum approach.

For analysis of multistory shear walls, a good
computer technique considers a frame with finite
joints™*" in which the wall is analyzed as a frame
except that the finite width of the columns in
comparison with the beams is recognized. The
analogy, in which the beams are assumed to be
infinitely stiff from the centerline of the column
(wall) to the edge of the actual opening, is il-
lastrated in Fig. 7(b) (see also Section 4.2.4). The
calculation can take into account changes in wail
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thickness, story height and concrete strength at
various locations within the height of the building.

4.3.2.3 Element analysis. The technique known
as finite element analysis considers the structure
to be divided into a mesh of two dimensional
elements in plane stress. By imposing the appro-
priate boundary conditions, a solution can be ob-
tained by matrix techniques which involve the
solution of many simultaneous equations. General-
ly, the accuracy depends on the fineness of the
mesh used. This in turn affects the computer run-
ning costs. Numerous finite element programs are
in existence and it seems only a matter of time
and development effort before their cost and ef-
ficiency justily wider use by structural engineers.

Other types of “elements” can also be used for
shear wall analysis. Lattice elements, consisling of
rods, rather than plates, can be employed using
existing computer programs. Again, the hetter the
lattice mesh fits the geometry of the structure be-
ing analyzed, the more accurate the analysig, but
also, the greater the running costs due to increased
computer time.

1.3.3. Width of slab sirip to be considered in
frame action—The designer faces a special prob-
lem when designing coupled walls conrected by a
slab only. What width of the slabs is to be con-
sidered effective as the connecting beam?

Little research has been concerned with this
important aspect of shear wall design; in fact,
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available test experience is contradictory. Values
less than the full width,” equal to the full width™
and greater than the full width™ have all been
shown to be valid under different circumstances.
Clearly, there are many factors affecting the be-
havior of more complex wall systems which can-
not yet be handied easily by theoretical means.
The consequences of choosing an effective width
should be fully understood by the designer (see

author’s closure to discussion of Reference 77)..

4,24 Design of shear walls—All portions of a
shear wall should be designed to resist the com-
bined effects of axial load, bending and shear de-
termined from a rational analysis of the structural
system.

Flexural reinforcement should be provided in
accordance with the requirements of the ACI
Building Code.* Walls with proportions such that
a linear strain distribution does not apply should
be designed as short cantilevers.

Design of shear walls for shear should be in ac-
cordance with Section 11.16, “Special Provisions
for Walls,” proposed revision of ACI 318-63.3°

Minimum amounts of reinforcement in both the
vertical and horizontal directions should be those
required by flexural calculations or those specified
in the provisions for shear strength.

In addition to providing the necessary amounts
of reinforcement, it is essential that reinforcement
details in every shear wall receive careful atten-
tion to insure optimum performance.

Contrary to the common opinion and the mis-
leading name, the strength of shear walls is
governed by flexure and not by shear, except for
very low and long walis. Shear walls of multistory
buildings behave like slender cantilevers. Only
extremely heavy reinforced columns at the ends
of thin shear walls (dumbbells) can force a shear
failure under heavy lateral loads. Laboratory
tests of shear walls in progress verify the above
peints.

The tensile forces resulting from the most severe
combination of vertical loads and overturning
moments due to lateral loads must be anchored
into the foundation medium unless they can be
overcome by gravity loads mobilized from neigh-

boring elements. This is discussed more fully in

Section 7.3.1.
4.4.—Tubes
The type of unit considered here has a closely
spaced exterior column system which simulates a
perforated rectangular hollow tube and is shown
in Fig. 8. This has been called a “framed tube"91
and this term s adopted here, /
4.4.1 Approximate method of analysis—In a suf-
ficiently tall structure, say over 30 stories, the
framed tube can be approximately analyzed for
preliminary design by considering two distinct
types of structural behavior as follows:

0DA

i

//}é}/%?/;/» %% .

Fig. 8—Framed tube—Perspective view

Wind direction

Fig. 9—Assumed wind direction in equivalent uan'lbd
tube

1. Frame behavior of the two walls parallel tc
the direction of wind. The framed tube has to
resist the shear force due to lateral load through
bending of the beams and columns of the two
frames parallel to the wind load as shown in Fig.
3. For preliminary analysis the bending moments
in these members can be determined by the portal
method (Section 4.2.3).

2. Tube behavior of the entire struciure. The
cantilever tube type behavior becomes.apparent in
studying the effects of the overturning moments
due to lateral load on the whole structure. For
this method of analysis the exterior columns sys-
tem can be considered as part of a rigidly
diaphragmed hollow tube.

Because of the shear lag across the windwaid
and leeward sides of the tube resulting from the
flexibility of the framing elements (see Fig. 3),
the columns on these sides, particularly those away
from the corners, cannot be considered to be fuily
¢ffective in resisting the overturning moment. To

*Chapters 15 and 16 of ACI 318-63 or Chapters & and 10 of 1ne¢
proposed revision of ACI 318-63.

AAL SAEINEINE 2 SESme s —ee



account for this, the effective plan configuration
of the equivalent tube may be reasonably con-
sidered as consisting of two channels, with a cer-
tain proportion of the columns in the windward/
leceward sides making up the channel “flanges,” as
shown in Fig. 9. A rule of thumb used by some
designers is that for preliminary design, the chan-
nel “flanges” should not be more than (1) one-
half the depth of the web (walls parallel to wind),

(2) one-third the width of the windward-leeward -

sides, or (3) 10 percent of the height of the build-
ing, whichever is smallest.

This approximate rule has generally given rea-

sonable values of shears, moments and axial forces

in the exterior columns consistent with those ob-
tained from a theoretically exact computer
analysis.

The overturning moment will produce axial
forces in the closely spaced columns in the two
channels and shear forces in the connecting span-
drels. The preliminary analysis for the axial forces

in the columns and the shears in the connecting '

spandrel may be based on classical beam theory.

The shears in the connecting beam as determined
by the preliminary design method wiil generally
indicate a reasonably uniform shear force in the
spandrel beams along the two exterior walls paral-
lel to the wind force. The moments resulting from
these shears may be used for the preliminary de-
sign of the spandrel beams. The preliminary de-
sign of the, closely spaced columns should be
based on the known dead load and live load forces
together with the axial force due to overturning
in combination with the moments caused by story
shears.

4.4.2 Lateral deflection—The primary resistance
to deflection comes from the walls parallel to the
wind forces. A usual proportion is 70 percent due
to frame action in the parallel walls and 30 Percent
due to axial forces in the columns.

4.4.3 Computer analysis—A more accurate assess-
ment of the force distribution in a framed tube
under lateral loads can be obtained by analyzing
it as a space frame. Most space frame computer

programs?*® allow for six degrees of freedom per '
joint and hence axial deformation which is impor-
tant in this type of structure will be accounted for. |

Because the depth-to-span ratic of elements in a
framed tube is generally greater than usual, it is
advisable to consider the effect of the finite width
of the frame members in developing the analytical
model (see Secticn 4.2.4).

S—STRUCTURAL SYSTEMS

5.1—General

Any of the three types of units described in
Section 4, singly or combined, form a structural
system (for lateral load). Generally, as the height
of a building increases, a point is reached beyond
which the lateral sway under wind loading, and
hence considerations of stiffness and not strength,
will govern the design of the structural system.
The point, in ‘terms of height or number cf
stories of average height, at which this condition
is reached depends on the type of structural sys-
tem. Ideally, that system shculd be chosen which
does not require an increase in the sizes of the
members beyond that required to support the
design vertical loads, i.e, a “premiumn free™!
building. )

Table 1 is presented to help the designer choose
the best structural system for a particular build-
ing. The ranges of applicability shown may vary
somewhat depending upon the use of the building,
the story heights and the design live, wind, and
earthquake loadings. .

Some features common to the analysis and
design of all such systems are listed below.

5.1.1 In-plane action of floor slabs—The floor
slabs distribute load to the lateral load resisting
units, mainly through forces in their own plane.
The actual in-plane deformation of the floors will
seldom have a significant effect on this distribution
and the assumption that the floors are fully rigid
in-plane is widely used.

5.1.2—O0ut-of-plane hending of floor slabs can be
important. A very small resistance to bending in a

TABLE |—GUIDE TO SELECTION OF STRUCTURAL SYSTEMS

Number of stories*
Section Apartment o
in Office buildings, _Sexsm_xc
Structural system report buildings hotels, etc. behavior
Frame 5.2 Up to 15 Up to 20 Very good
Shear wall (egg-crale) 5.3 Up to 150 Good
Staggered wall beam 5.4 Up to 40 Good
Shear walls acting with ,
frames 5.5 Up tc 40 Up to " 70 Good
*Single framed tube 5.6 Up to 40 Up to 60 Very gqu_
Tube-in-tube 5.7 Up to 80 Up to 100 Good

*The values given here are based on present day practice as well as trends indicated

by current practice.
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beamn connceling two vertical units can have a
significant effect on the behavior of the entire sys-
tem. I't is most important to ensure that a connect-
ing member possesses the necessary flexural
strength. Slab-column joints in flat-plate struc-
tures should be given careful attention.

5.1.3—The effect of torsion should be considered
if the layout is unsymmetrical or if the stiff ver-
tical units are located close to the center of the
structurs. Some earthquake codes require that a
structure be capable of resisting a specified tor-
sional Inading even if the applied lateral load
theoretically does not cause torsion (see Reference
7, p.Th).

Any combination of frames, walls or tubes can
be idealized as a space frame. If a space frame
computer program which considers all six degrees
¢f freedom at each joint is used in the analysis, any
torsional effects will automatically be accounted
for. Simplified methods of calculating torsional
effects due to actual or accidental'® eccentricities
may also be used.'?

5.1.4 Space frame analysis—QOne of the main
problems here is to idealize the in-plane action of
the floor slabs. Four possible approaches are:

1. If a conventional space irame pregram is
used, the floors can be modeled by interconnected
members of sufficient stiffness to represent the in-
plane action and the out-of-plane bending action.
The size of these members could be based on plane
stress framework analogies.®?% High finite rigid-
ity, however, is a main source of numerical error
in the solution.

2. Treat the floor as fully rigid in-plane (i.e., all
in-plane floor movements are defined by rigid

Unit| {Frame) Unit 2
( {Shear wall and frame)

Axis of
symmetry
Shear walls

-
I .
%]
! A p
AR T AR AT

(a) Simplified plan of structure

body deformations.)?™ This device significantly
reduces the order of solution and enhances the
numerical accuracy.

3. Idealizing ‘the floor slabs as horizontal beams
in bending”* appears to have limited applicability.

4. To divide the floors into finite elements is a
possible solution but hardly practical for a multi-
story structure.

Space frame analysis of multistory buildings can
be costly and is presently used only in very un-
usual cases. The following discussion will be con-
fined to approximate analysis techniques which as-
sume full in-plane rigidity of the floor slabs.

5.1.5—The effect of relative deflections due to
temperature and creep can be important, as dis-
cussed in Section 3.2.

5.1.6—P-A moments may be significant in tall
structures. A method of including these in analyses
is described briefly in Section 4.2.4.1.5.

5.2—Frame buildings

5.2.1 Methods of analysis—If all the plane frames
parallel to the direction of loading are the same,
the total lateral load in that direction can be

distributed equally to each frame. The frames cari

“then be analyzed by the methods discussed in
Section 4.2. Alternatively, a distribution of shear
to each column based on relative column and
beam stiffnesses®® or column stiffness*” can be
used. Parallel frames (with no torsion) can be
idealized in a manner similar to the shear wall-
frame method illustrated in Fig. 10.

5.2.2 Range of applicability of frame-type struc-
tures in relation to number of stories—Although
plane frame-type buildings of up to 60 stories have

Link bars
Unit | Unit 2
—— N r > )
y
s
N Shear
V WO“
V A o «J" y T 7

(b) Elevation showing connection of units

for .analysis

Fig. 10—ldealization for plane frame analysis
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been built, economic considerations tend to limit
the height of such structures to about 10 to 15
stories.”! This limitation has become apparent with
the increasing use of lightweight elements or glass
for walls and partitions. For buildings of greater
height, shear walls, acting alone or in conjunction
with adjoining frames, generally provide a more
efficient solution.
5.3—Shear wall buiidings

The structural systerm of a shear wall building
(also known as cgg-crate or crosswall construc-
tion) consists of a scries of parallel shear walls
which provide ooth lateral load resistance and
support for vertical load (sce Fig. 11). Stability in-
the longitudinal direction is normally provided by
elevator shafts, additional shear walls, etc.

5.3.1 Methods of analysis—The proportion of the

total lateral load which each wall withstands de-

pends on its stiffness relative to that of all walls
or coupled wall systems of the building if the rela-
tive stiffnesses of the walls remain constant
throughout the height of the building. The lateral
stiffness of each wall or coupled wall can be
based on the deflection at the top when subjected
to a uniformly distributed unit lateral loading.ts
Calculation of stiffnesses can be made quickly,
through the use of tables."®"' The method of dis-
tributing the load is described in References 100
and 101.

This procedure may yield inaccurate results
when the relative stiffnesses of the walls do not
remain constant over the height of the struc-
ture.33192 Another procedure based on the con-
tinuum approach (Section 4.3) has been sug-
gested.!®® The use of a plane frame program with
walls connected by “link bars” (as illustrated in
Fig. 10) is advantageous for irregular configura-
tions. Once the loading on each wall is deter-
mined, wall stresses are calculated (Section 4.3)
and thicknesses modified, if necessary.

53.2 Layout—In apartment, hotel and other
residential buildings, walls are customarily spaced
between 15 and 24 ft apart with floor slab thick-
nesses proportioned according to span. Spans up to
32 ft have been used with prestressed concrete
slabs. . :

In current North American practice, shear wall
buildings are cast-in-place but trends to systems
building now becoming evident are leading to an
increase in the number of buildings being con-
structed using large panel, precasl components
for floors and/or walls. The joint detaling in
such precast construction is most important
and the possibility of complete structural
collapse due to the failure of one joint or clement
must be consjdered.!"! The European Concrete
Committee has recently 1ssued detailed recommen-
dations for the design of precast shear wall
buildings.!*

ACI JOURNAL / FEBRUARY 1971

5.3.3 Range of upplication—The shear wall struc-
ture is used only in buildings where permanernt
partitions and the lack of flexibility for future
modifications can be tolerated. Its major ad- '
vantages lie in the speed of construction, low rein-
forcing steel content and acoustical privacy.

This type of structure is well suited for con-
struction in earthquake areas and has performed
well during recent disasters.’%® While costs vary
from city to city, shear wall buildings usually be-
come economical as soon as lateral furces affect
the design and proportioning of flat plate or beam
and column structures. Buildings of up to 70 stories
have been built using shear walls. -

5.4—Staggered wall-beam system

A recently introduced structural framing system
is the so-called “staggered wail-beam sys-
tem,”!7105 The basic concept is illustrated in
Fig. 12. The system uses story-high solid or pierced

4 +

(a) No openings in walls: access from outside

[T 3

{b) Coupled

wolis

(¢) Longitudinal corridor walls

Fig. | I—-Typical layouts of shear walls
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walls extending across the entire width of the

bui:ding and supported on two lines of columns
placed along cxterior faces. By staggering the loca-

tions of these wall beams on alternate floors, large
clear areas are created on ecach floor, yet the floor
slabs span only half the spacing of the wall beams,
resting on the top of one and hung from the bot-
tom of the next.

The wall-beam building is suitable for most

types of multistory construction having permanent .

intericr partitions, such as, apartments, hotels,
student residences, ete.

An advantage of the wall-beam building is the
ease with which a large open area can be created
in the lower floors when needed for parking,
commercial use, or even to allow a highway to
pass under the building.

3.4.1-~Method of Analysis—In the longitudinal
dizection, the floors act as continuous one-way
slabs either resting on or hung from alternate
wall beams. The slabs, in combination with the
wall beams, form a concrete I-beam.

To understand the behavior of the system under
lateral load, it is essential to consider the com-,
bined action of adjacent transverse frames as
shown in Fig. 13. Assuming that the floor slabs act
as infinitely stiff horizontal diaphragms, all points
on any one floor will have equal horizontal deflec-
tions under a symmetrical loading. Considering
“each transverse frame separately, it would appear

F
,,:___T___ L
Rt g o
f).« =)
, 5 8 e
2

Perspective

)
bt ':1
—1

11
—

| —

t 2 3
Longitudinal Section
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o |

Fig. 12—The staggered wall-beam system
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L Adjacent bents

(b} Actuct deformation
of ail bents tied
fogether by floor .

(a) Sttt beam-flextble column
deformation 1f odjacent bents
are allowed to deftect independenily
slabs

Fig. 13—Deformation of staggered wall-beam frames
under transverse lateral load

at first that cach bent would undergo the stiff
beam-flexible column behavior illustrated in Fig.
13a. However, if the adjacent bents are also con-
sidered, the horizontal deflection at each floor
level would not be equal, so that this behavior is
not possible. The deflected shape must, therefore,
be of the form shown in Fig. 13b, which results in

" equal deflections at each floor with the columns in

single curvature—a behavior similar to that of
shear walls with openings.

With the staggered wall-beam structure behavnv
1ng essentially as a vertical cantilever beam under
lateral loads, the columns are subjected to.a pre-
dominantly axial loading. The absence of sizeabie
bending moment in the columns allows these to be
oriented more advantageously by having their
longer sides parallel to the long side of the build-
ing. Thus oriented, they can offer greater resis-
tance to horizontal loads in the longitudinal di-
rection.

Lateral loads applied in a longitudinal direction
of the building can be handled in a number of
ways. Together with the floor slabs, the ouiside
columns constitute a frame which would be suf-
ficient to carry the horizontal loading in a building
of about 15 stories. For higher buildings, this
frame could be stiffened by the introduction of
shallow spandrel beams at the column lines or by
reinforced concrete utility cores.

5.5—Shear walls acting with frames

~Since the late 1940s, the use of shear walls to
resist lateral load in high-rise buildings has been
extensive. Many frame structures cannot be ef-
ficiently designed to satisfy lateral load plOVlS]OI’Jb
without the aid of shear walls.

The main function of a shear wall for the type
of structure being considered here is te increuse the
rigidity for lateral load resistance. Sheuar walls
also resist vertical load and the difference between
a column and a shear wall may not always be ob-
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_ vious. Two distinguishing features are: (1) the
shear wall has a much higher moment cf inertia
(about its major axis) than a column; and (2) the
shear wall has a width which is not negligible in
comparison with the span of adjacent beams. The
moment of inertia of a shear wall would normally
be at least 50 times greater than that of a column,
and a shear wall would be at least 5 ft wide.

5.5.1 Behavior under lateral loads—The dif-
ference in behavior between walls and frames
(Section 4.1} results in non-uniform interacting
forces between these elements when they are con-
nected together by floor slabs. A common assump-
tion is to neglect the frame and assume that all the
lateral load is taken by the shear walls. This may
not always be a conservative procedure, and it is
recommended that the centribution of the frame
be considered in the analysis.

5.5.2 Method of analysis—In Table 2 published
methods suitable for hand calculation are listed.
Of these methods, the use of the charts of Ref-

[50m

ences 47, 109, and 110 or the method described in
Reference 45 are the only approaches presently
available which are both simple and reasorably
flexible. The methods described in References 111
and 112 do not involve lengthy calculations but
their limitation %o constant properties with height
lessens their usefulness. The amcunt of labor in-
volved in any of the other methods listed in Table
2 makes them impractical for modern use. |

If the frames take only a small proportion of the
lateral load, & simplified analysis may t ¢ adequate.
When further analysis is required, a cor:puter pro-
gram should be used (see Table 3).

Where torsion may be reglected, struitures can
be idealized as shown in Fig. 10 and & plane frame
program used.!?2.8

Two important factors with respect tc plane
frame modeling are:

1. Extremely high moinent of inertia of the shear
wall. If the shear wall stiffness is extremely high
compared to the stiffness of columns of the frames,

TABLE 2—HAND METHODS OF ANALYSIS FOR SHEAR WALL-FRAME INTERACTICN

Reference Features included Calculations reguired

Khan and X X | x| x! x| X No sway moment distributior: or slope deflection

Sbarounist? analysis of frame; calculation of deflection fer

. frame and shear wall; iterative process

Parme42. 100, 110 X X | X Set of simultaneous difference equations of order
equals number of stories; form equations simplifies
the solution

Goulg:13 X | X! X As Parme: method of solving equaiions not des-
cribed

Rosenblueth and X X X Successive approximations to interacting forces

Holtz114 .

Cardanit X X X Substitution in equations; no simultaneous equa-
tions or iteration

Rosman112 X " As Cardan

McLeod+45 X X X

X means YES. l—--Charts given to simplify calculation

Blank means NO.

e Points of Contraflexure not at midheight of columns
’ ~———7Variation of properties with height
————-Bending of beams adjacent to shear wall
Foundation movement
b———— Shear deformation
L—-——- Axial deformation of columns

TABLE 3—CLASSIFICATION OF METHODS OF ANALYSIS OF INTERCONNECTED SHEAR WAILLS AND FRAMES

. In-plane
deformation Solution
Method of floors technique Reference Use
Plane frame Rigid Hand See Table 2 Use for preliminary analysis; when
there is no torsion or in-plane deforma-
tion of floor slabs
Computer 41, 103 Use when there is no torsion or in-
‘ plane deformation of floor slabks
Rigid floor method Rigid 84, 85, 86, 104 Use when torsion is imcortant
(with torsion) ' .
- . Computer
Floors act as hori~ |~ As beams : 87 . Use as for space framso; cannot be used
ZO{Etal‘b_eirz\i“ L with irregular layouts
Space frame Divide into 46 Use when torsion and in-plane defor-
. elements mation of flocr slabs are important
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(a)

(c)

(d)

Fig. i4—Typical layouts of high-rise buildings with shear wall-frame interaction

there may be a possibility of ill-conditioned stiff-
ness matrices and significant round-off errors.
Here, the number of significant digits used in the
" “calctlations is important.

2. It will often be necessary to account for the
finite width of the shear wall as described 'in Sec-
tion 4.2.4 under “Finite Size of Joints.” If torsion
is to be considered, a comprehensive space frame
program can be used as discussed in Section 5.1.3.

3.5.3 Layout of frames and shear walls—For of-
fice buildings the most common arrangement is to
have a central core for services, elevators, etc.,
with a column-free interior between the core and
the facades [Fig. 14(a)]. Buildings of this general
plan which have laterally stiff facades fall under
the tube-in-tube classification of Section 5.6. By
definition of the system being considered in this
section, therefore, the core of the layoutinFig.14 (a)

‘may take a major proportion of the lateral load.

With apartment buildings, the layout, and hence
the degree of interaction between frames and
walls, can be much more varied [Fig. 14 (b), 14 (c),
and 14(d) J. )

5.5.4 Methods of construction—~The requirements
of strength, stiffness, and ductility favor cast-in-
place construction. The strength of conventional
joints between columns and flat plate floors is low
and can only be relied on to a limited extent for
resisting lateral load, hence the need for shear
walls i flat plate buildings of significant height.

'

To cnhance this joint stiffness, drop panels or

beams can be added or the slab thickness increased
throughout The floor-column joints of lift-slab
structures are not normally assumed to participate
in lateral load resistance.

100

Precast systems are attractive from the point of
view of fabrication and erection. A common prob-
lem is providing adequate continuity between
abutting elements.'" The incorporation of post-
tensioning in precast systems can greatly enhance
their ability to carry lateral loads.

5.6—Single framed tube

This system, described in Section 4.4, was first
applied on the design of the 43-siory DeWiit
Chestnut Apartment Building in Chicago (1963).
From' the viewpoint of construction economy, the
framed tube compares favorably with the normal
shear wall type of construction. The closely spaced
column system also serves as the window wall
system, thus replacing the vertical mullions for
the support of the glass windows. The elimination
of the need for a separate system of metaliic
mullions to support the curtain wall can, of itself,
often justify the use of this structural system.

In the framed tube system the extericr column
spacing generally ranges from 4 fr to a maximum
of about 10 ft, center-to-center. The spandrel
beams interconnecting these closely spaced col-

unms generally vary from 2 {t to abcut 4 {t in dep!s. -

As in the design of all framed structures, an
optimum ratio of column-to-beam stiffness should
be aimed for to achieve an efficient vertical and
lateral load resisting system. In the DeWitt Chest-
nut Apartment Building, the coluinns weve spaced
at 5 ft 6 in. on centers and the spandrel beams were
2 ft deep.

3.6.1 Methods of analysis—Sce Scction 4

5.6.2 Range of applicability—A number of
framed tube type concrete bwildings, ranging from
20 to 50 storics, have been built and have proved to
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be architecturally desirable and cconomically sue-
cessful. For the {ramed tube system, experience
indicates that the premium, in terms of increased
member sizes, to be paid for additional height in-
creases rapidly beyond about 40 stories, in the case
of apartment buildings. For taller buildings, it may
be more economical to provide additional shear
resisting elements, such as interior shear or core-
walls. For office buildings, it is generally better to

use the tube-in-tube system described in the next ',

section.
5.7—Tube-in fube

For tall office buildings where there is 2 reason-
ably large service core, it is generally more ad-
vantageous to use a shear wall enclosing the entire
service core as puart of the lateral load resisting
system.

The need for column-free office spaces makes the
framed tube with core walls a natural solution.
The resulting structural system, consisting of an
inner tube formed by the core walls and an outer

tube formed by the closely spaced column-spandrel

beam grid, may be called  the “tube-in-tube” sys-
tem. In most of the recently built office buildings,
the clear span between the core walls and the
exterior framed tube varies from 35 to 40 ft. 1

The tube-in-tube system combines the ad-
vantages of both the framed tube structure and
the shear wall type structure. The shear wall inner
tube greatly enhances the structural characteris-
tics of the exterior framed tube by reducing the
shear deflection of the columns in the framed tube.

The tube-in-tube system is a refined and unique

version of the shear wall frame interaction type
structure.
6—ISOLATION TECHNIQUES FOR

EARTHQUAKE RESISTANCE
Recently, new systems for earthquake resistance

have been proposed which are entirely different
from the present design philosophy. In contrast to
the present philosophy of designing an entire
building to withstand the distortions resulting
from earthquake motions, the new “adaptive” sys-
tems are aimed at isolating the upper portions of a
tall structure from destructive vibrations by con-
fining' the severe distortions to a specially de-
signed portion at the base of the structure. The
concept is discussed in Reference 115, which also
describes a possible isolation system in broad
terms. The system is intended to accommodate
severc carthquake distortions in a ‘“soft” first
story of the. building, with the structiure above
subjected only to appreciably lower predeter-
mined forces.

The proposed system limits maximum dynamic
response forces to which the superstructure in a
multistory buwlding is subjected during an earth-
quake by designing the columns in the soft story
to yield at a predetermined lateral load. By thus
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prescribing a maximum yield level in the principal
lateral load resisting clements of the shock-ab-
sorbing soft story and forcing all inelastic defor-
mations to occur in these eleinents (columns) the '
superstructure is effectively isolated or shielded

from forces which would otherwise cause inelastic

deformation. .

With the inelastic deformations confined to the
shock-absorbing soft story, the superstructure
need no longer be designed for plastic deformia-
ticns. The superstructure in such & system then
needs onlv io be designed for vertizal and wind
loads, with special attention for exr¢hquake resis-
tance focused cnly in the shock-abzorbing sofi
story. This clearly offers economival and technics!
advantages when compared to the present methed
of designing a complex structure for earthquake
motions and providing for ductile’* members and
connections throughout the entire structure.

For buildings with a sufficiently long period of
vibration, the shock absorbing story shields the
superstructure from forces higher than its yield
capacity, setting an upper limit to the forces that
can enter the structure from the foundation. This
shielding has been borne out by observations of
buildings in earthquake damaged areas, which
showed that no serious damage occurred in stories
above the level of extensive inelastic deformation.’
Obviously, it is important to assurce that no in-
stability and collapse will result from the large
distortions and consequent secondary moments
in the first story columns.

An efiective isolation system not only allows the
structure above the soft story to remain eiastic
during an earthquake but spares the nonstructural
eiements from extensive distress. Since the skele- .
ton is only about 20 percent of the total cost of the
building, the protection of the remaining 80 per-
cent of the building’s value is of utmost
importance.

Isclation technigues would reduce the damage
during sn carthquake and ar the same time lead to
more economical structures since the special pro-
visions to ensure adequate ductility throughout
the entire height, required by present building
codes, would no longer be necessary. Tle cost for
details of articulation within the soft story can be
kept to a reasonable level.

Qtihker systems for carithquake isolation of multi-
stery buildings have also been suggested such as
ball bearings, foundations sliding on tetrafluro-
ethylene material and others.

7—FDOUNDATION DESICN CONIIDERATIONS
FOR LATERAL FORCES
7.1—CGeneral

In the design of foundations, consideration
should be given not only to the weight of the
structure, including live load, bul also to the
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{ransmissigny of lateral forces and their vertical
effects to the ground. Here a distinction should be
drawn between externally applied forces and
inertia forces resulting from the response of a
structure to motions of the subsoil.

Externally applied lateral forces include all
static pressures due to water, earth or fill, and
all equivalent static forces caused by wind,
mechanical equipment, etc., where a gust factor or

impact factor is inecluded to account for their -

dynamic character.

In general, tall structures provide sufficient
damping to alter the impact of wind forces, which
are generally characterized by longer periods than
most tall buildings, into moderate fluctuations of
their static pressure. In view of that, it has been
common practice to treat their effects as a static
problem, for the foundation as well as for the
superstructure.

The inertia-induced effects of lateral forces
created by earthquakes (or underground explo-
sions) are primarily of dynamic character. Here,
the supporting medium not only transmits the
moiion to the foundation but must also absorb the
feedback from the structure. The desire to arrive
at a simplified method of structural analysis has
resulied here also in reducing the dynamic prob-
lem to an “equivalent” static one. In this design
approach, which is presently being applied to most
cases, the structure is assumed to be fixed to a
rigid foundation medium, thus disregarding the
dynamic character of the interaction between
structure and supporting medium.!¢ ‘

Much excellent work has been done, and is in
progress, to evaluate the dynamic characteristics
of structure and subsoil.!'¢118 Although no specific
design recommendations concerning soil-structure
interaction effects have been made,'¢ it is hoped
that theoretical and experimental siudies in this
area'’™!* will ultimately lead to practical methods
of assessing the dynamic behavior of soils in rela-
tion to the structure they support.

7.2—Soil-structure relationships

On the basis of studics and observations relating
to the effect of a ground motion to the structural
response of a superstructure, the following general
observations can be noted, particularly with re-
spect to earthquakes.

1. Buildings having a fundamental period in the
same range as characterized by the ground motion

will be subject to greater scismic responses than .

buildings with fundamental periods significantly
different from those of the exciting ground mo-
tion.'®!" Recommended ratios between character-
istic periods of soil and structure vary from 1.5
to 4. .

2. The period and amplitude of a wave motion
traveling through the'underlying rock or soil gen-

ins

crally increases with increasing density and thick- -
ness of the soil material.’!%!*' It has to be realized,
however, that every seismic ground motion is the
result of a complex action resulting from a com-
bination of direct and reflected waves,!** and is
therefore greatly influenced by the geolegic struc-
ture and configuration of the subsoil at the par-
ticular site.1?3.1127-131

3. The foundation represents an important link
in the transmission of a shock from the subsoil to
the super structure and back. Depending on the
type of the foundation and the character of the
subsoil, the transmission may vary from a hinged
to an almost fully restrained condition.!** >

7.3—Resistance to lateral loads

The vertical foundation pressures resulting from
lateral loads are usually of short duration and
constitute, therefore, but a small percentage of the
influence that governs the settlements due to dead
load and sustained live load. Temporary over-
stressing of vertical bearing pressures under the
influence of such short-time lateral loads should
therefore be considered versus overdesign of cer-
tain bearing areas causing differential settlements
due to uneven soil pressures under service load .
conditions.

In general, resistance to differential settlements,
due to whatever cause, is important for the foun-
dation design of a tall structire. Where foundations
cannot economically be placed on or, extended to
firm, “nonyielding” soil or rock, the use of stiff
monolithic rafts or mats, floating on softer soil, is
indicated.!®® Where differential settlements appear
to be unavoidable, provisions for eventual vertical °
adjustments may have to be considered.

Liquefaction of fine sands in areas with high
ground water table, or sudden consolidation of
loose soils subjected to jarring motions must be
carefully investigated'™* as well as any possible
variations in the capacity of friction piles founded
in soils of similar type and consistency.

All horizontal pressures due to lateral lcads,
whether externally applied or internally created
by inertial resistance to ground motions, have to
be transferred safely to the ground. Static iriction
between foundation and soil provides “instant” re-
sistance to horizontal displacements, otherwise
the lateral support of shallow foundaticns requires
the development of passive earth pressure, frame
action with friction at the base, or a combination
of both.

Considerable progress has been made in recent
years to develop design methods for the lateral re-
sistance of piles and piers under various conditions
of soils and loadings.’* '* Lateral resistance {rom
passive earth pressure is a powerful reserve, but
its somewhat delayed action, after ceriain move-
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ments have taken plare, is often not fully
realized.'

For reasons of serviceability of the superstruc-
ture, mobilization of passive resistance over large
arcas, such as basement walls or especially pro-
vided aprons, may be more advisable than in-
dividual resistance aguainst smaller indcpendent
units, such as foundation piers or piles. At any rate,
construction procedures for foundations capable of
resisting lateral forces must ascertain that tight
contact between soil and substructure is estab-
lished and maintained. To obtain an even load dis-
tribution and common action amorg independent
fourndation units, lateral ties (struts) are required
between pile caps.'".Under similar conditions such
provisions will also improve the performance of
pier and footing foundations.

7.4—-Resistance to overturning

Resistance to overturning must be investigated
and the safety factor must be within the require-
ments of the local code. Overiurning calculations
should be made under complete absence of fill or
live load and should be based on a safe (low) esti-
mate of the actual available dead load.11!

The reference line for establishing the over-t
turning moment should be taken through the cen-
troid of the soil pressure wedge that will ultimate-
ly resist the overturning,'? rather than at the edge
of the foundation.

Where the weight of a structure is not sufficient
to guard against uplift or overturning, rock or

soil anchors must be provided. The effectiveness:

of such anchors should be based primarily on ac-
tual developed weight.!*? Soil shear, friction and
similar effects, if available, should be iniroduced
with conservative estimates and under considera-
tion of eventual fissures, moisture, etc., that may
interfere with their full development.

7.5—-Selection of type and performance

Any type of foundation, with certain modifica-
tions, can support tall structures subjected
to lateral forces. The performance of the entire
structure, however, depends greatly on the sclee-
tion of the most suitable type of founda-
tion'to-1tt145 with regard to soil, structure, -and
quality of construction. For this rcason, not only a
properly executed design, but also responsible
supervision, reliable testing of materials, and
quality of workmanship are essential to achieve
the desired performance.
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DYNAMIC CHARACTERISTICS OF MULTISTORY BUILDINGS®

By John A. Blume,! F. ASCE

INTRODUCTION

The reliable prediction of the response of a building to ground motion
caused by an earthquake or by an underground nuclear explosion requires
knowledge about the dynamic characteristics of the building as well as knowl-
edge about the probable ground motion at the building site as a function of
time. With the system defined and with the known or estimated excitation func-
tion, response followsfrom aproper application ¢f theory. However, computed
or measured response amplitude does not reveal how much of the motion is a
result of various types of freedom such as story shear, joint rotation, over-
all flexure and base rocking. Without this information, local distortions cannot
be fully identified and therefore stress analysis to reiate motion to damage
levels of the various members and elements cannot properly be undertaken,
It is thus not enly important to know the natural periods of vibration, stiff-
nesses, mode shapes, and participation factors of multistory buildings, but
also to know what types of freedom contribute to these values, and in what
degree.

An idealized model of a building can be analyzed and its dynamic proper-
ties canbe obtained according to established theory. Digital computers are cf
great aid in this; in fact, their Use is essential where there are several sto-
ries and more freedom is considered than rigid-floor story shear. Howevet,
it may be difficult in many cases, if not impracticable, to develop a realistic
idealized model from the drawings of a real building. The effective stiffness
participation of floor ‘systems, ‘walls, and stairwells may be difficult to de-
termine from the drawings, and the effective dynamic moduli of elasticity
may not be known. Another problem 'is ‘that base movement in the soil is hard

Note.—Discussion open until July 1, 1968. To extend the closing date one month, a
written request must be filed with the Executive Secretary, ASCE. This paper {s part
of the copyrighted Journal of the Structural Division, Proceuvdings of the American
Society of Civil Engineers, Vol, 94, No. ST2, February, 1968. Manuscript was sub-
mitted for review for possible publication on June 27, 1967.

& presented in brlef form as part of the Technical Seminer on “Bulldings in Eerth-
‘quake and Wind—Design and Analysis of Their iateral Resistance,® ASCE National
Meeting on Structural Engineering, Seattle, Wash., May 8-12, 1967.

! Pres., John A. Blume & Assocs. Research Div,, San Francisco, Calif,
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to model., Moreover, at times there may not be the ready availability of ade-
quate computer. capacity to analyze tall multistory buildings with joint rota-
tion, over-all flexure and base rocking as well as shear distortion. The
amount of time and labor required to develop member data and to prepare
computer data cards for building members when all these stiffness charac-
teristics are considered may be excessive.

An alternate method to that of rigorous analysis of an idealized model da-
veloped from a study of the building details is to vibrate a building and to
measure its actual periods and mode shapes, to calculate the masses, and
then to solve for the stiffnesses using basic dynamic theory. However, there
are shortcomin_gs inthis method, including the obvious problem that a building
not yet constructed, or one that for one reason or another cannot be vibrated
and measured, cannot be so analyzed. Another problem is that such testing is
costly and slow as an adjunct to an analysis procedure and it is often impos-
sible to excite enough modes to analyze a building with significant joint rota-
tion. In addition, the stiffnesses obtained are not readily identified with story
shear, joint rotation, over-all flexure, orbase motion, and therefora the mea-
sured motion cannot be directly associated with damage thresholds.

Most of the work in the literature has been based upon the rigid-floor
shear system generally under the tacit assumption that this single type of
freedom effectively models real buildings. Although some buildings, espe-
cially the traditional type with short spans and rigid concrete floor systems,
may be close tothis simple condition, it has been shown (1, 2, 3, 4, 5, 8 that
joint rotation may be important. Few investigators have been concerned with
axial deformation resulting from over-all flexure (1, 7, 8, 9, 10). It is evi-
dent, however, that buildings do tend to bend as a whole in actual earthquakes
(11, 12). Several authors have considered ground-structure interaction (1,717,
13, 8, 14, 15, 16) in one or more of its various phases. Very little has been
done, however, with the effect of local base motion in the soil (not to be con-.
fused with the vibratory motion of the soil caused by the disturbance} on pe-
riods and mode shapes.

Apparently, no prior work hasbeen done where the four types of freedom—
story shear, joint rotation, over-all flexure, and base motion—have been con-
sidered simultaneously for several buildings and with assigned parameters
for each freedom to assess the relative importance of these freedoms under
various conditions. The purpose of the study reported partially herein was to
explore the possibilities of developing relatively simple methods of deter-
mining periods, stiffnesses, and mode shapes of multistory buildings with
these various freedom characteristics. The methods developed provide useful
estimates of the relative contributions of story shear, joint rotation, over-all
flexure and base rocking. This work is limited to elastic state vibrations of
buildings having symmetry of mass and stiffness in each story about the main
horizontal axes; thus torsional coupling with translational modes is not in-
cluded. The three lowest horizontal modes are considered. The multistory
building types assumed herein are those wherein each floor generally extends
over most of the buiiding area and lumped-mass modeling is appropriate.
Rigid diaphragms inthe plane of the{loors and roof are assumed. Only a por-
tion of the comprehensive effort (i7) can be covered in this brief paper.
Building models and real buildings were analyzed rigorousty to explore the
effects of parameter variations. Over 100 building models and real buiidings

2 Numerals in parentheses refer to corresponding items in Appendix 1.—References.
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were utilized together witheight computer programs. New “perfod synthesis”
and “pseudo-stiffness procedures® are proposed to permit the dynamic char-
acteristics of buildings to be obtained using simple rigid-floor, shear analy-

sis while providing for joint rotation, over- all flexure, and base motion in the
soil.

TERMS AND PROCEDURE

Tall buildings can generally be modeled by analogy to a mechanical sys-
tem. The mass of each floor is lumped ai a4 discrete level, usually the floor
level. The weight of the walls, pariitions, stairways, etc., is also lumped into
the same rigid mass according to tributary areas or the manner in which the
reactions would occur under assumed lateral forces. This is indeed the most
popular concept for high-rise buildings whether the analysis be done by digital
computer, electric analog, or by hand calculation. There are some buildings
with stiff walls, however, that may be represented as vertical cantilevers with
distributed mass (7, 17).

There hasbeen some confusion in the literature regarding the term “shear

building.” Definitions 2re provided for the fuur types of freedom considered
in this study:

Shear Deformation.--Shear deformation is ¢hat deformation parallel to the
horizontal or x-axis which results frow an external force applied to a story
while the adjoining stories are preventaedfrom moving, andunder the assump-
tions that thefloors are rigid and the joinisdo not rotate, and that the vertical
story members are infinitely rigid inscfar as vertical deformations are con-
cerned. The shear deformation is determined according to relative rigidities
of all elements and with consideratior of both shear deformation and column
or pier bending, using shear areas and moments of inertia of the individual
vertical elerments. This system is termed “closed-&oupled.”

Joint Rotation Deformation.--Joint rotation deformation is that deformation

arallel to the x-axis obtained in a frame-type building by reciaxing the joints;
i.e.,, by removing the rigid-floor restriction under “Shear Deformation”
above, In effect, this is assigning real stiffnesses to the girders and effective
floor systems rather than acsuming them as infinitely rigid. This system is
termed “far-coupled.” The total x -axis {rame deformation less that deforma-
tion obtained by the rigid fleor assumption is the joint rotation contribution,

Over-all Flexure Deformation.—Qver-all flexure deformation is thal de-
formation parallel tc the x-axic obtained by relaxing the vertical elements
axially; i.e., by removing the restriction under “Shear Deformation,® above,
that there is no axial deformation in the vertical elements. The actual areas
and moduli of elasticity of the vertica! members are used. Each element is
subjected to axial deformation in a2ccordance with its participation with the
other elements in resisting over-all flexure of the building as a vertical
cantilever.

Base Deformation.—Base deformation is that deformation parallel to the
x-axis at any story level caused by rocking of the building (assumed to be
rigid) about the z-axis (the other horizontal axis) through the base of the foun-
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dation. The soilis assumed to have elastic properties. Translation in the soil
may also be included.

Four freedom conditions or cases will be considered. Subscrlptsr}, b, ¢,
and d will be used to identify stiffnesses, deformations, perfods, etc., as fol-
lows: Case a—only shear deformation as defined above is assumed to exist in
the building or the system; Case b—both shear deformation and joint rotation
deformation are assumed to éxist; Case c—shear deformation, joint rotation
deformation, and over-all flexure deformaticn are assumed to exist; and Case
d—shear deformation, joint rotation, over-all flexure, and base déformation
are assumed to exist.

There is one degree of freedom to be considered parallel to each horizon-
tal axis, x and z, for each story. There is therefore one natural mode of vi-
bration in each direction for each story, or lumped mass. This is trve under
Cases a, b, ¢, or d. The lower modes of vibration are the most important in
response to ground motion. In this study, only the fundamental, the second,
and the third natural modes of vibration in each direction will he considered.

The theory of the vibration of single mass systems is treated extensively
1n the literature; several authors have considered multimass systems, and
some have analyzed multis{ory buildings per se (1, 7, 8, 18, 19, 2, 20, 21, 22
Some of thebasic equations usedin this study will be presented. Itis assumed
nerein that the resistance of the structure to deformation is linear and stable
and also that the motion is so small as to retain these assumed linear and
stable characteristics without yield, deterioration, or failure. Rotatory iner-
tia is ignored as negligible except for base rocking. Units are in kips. inches,
and seconds, unlass otherwise noted.

By Newton’s second law and the balanca of forces of the system vibrating
freely without external force,

[ J‘\J {Dk} + [Clk {Dk} + k] {Dk} = {0} ............... (1)

in which D = the displacement parallel to the x-axis; M = the story mass;
Syp = the stiffness-influence coefficient defined as the external force on the

jth mass when the kth mass has a unit displacement and all other masses
have zero displacement; j and # are subscripts referring to the story or
lumped mass; and C = the damping coefficient defined as the force on the jth
mass exerted by the damping dashpots when the k! mass has a unit velocity
and all other masses have zero velocity.

It can be shown that in a principal mode of vihration, i, for the case where
there is no damping (damping has a negligible effect cn period for the damp-
ing values typical of buildings in the elastic range),

2 . _ o
(ispd - #% [Mjk]) {DMk}i ={o} ... s e (2)
and, for nonzero displacements, from Cramer’s rule, '

syl - [M,k:” S | (3

in which p, = the natural angular frequency of the z'h mode in radians per
sec; p = the ‘eigenvalue of the ith mode; and Dy = the modaldisplacement
or mode shape displacement. Another form of Eq. 3 is
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(Su = p:'Ml) slz S“ -Ts 10
Szl (Szz - pzi Mz) szs T 2n ( )
. =0 4
Sa1 Su sy - PIM,) --- Sin
Sru snz sna s Gnn - pzi Mn)

The expansion of the determinant in Eq. 4 to obtain a polynomial in powers of
the eigenvalues pf-, and the solution of the polynomial can be obtained directly
or by iteration. The mode shapes {DM}i can be found for each p? value by
using Eq. 2. The natural period of vibration, 7;, in seconds, is simply

The stiffness matrix and the damping coefficient matrix for a close-
coupled, or rigid-floor shear system, Case a, istridiagonaland symmetrical,
and there are relationships between the elements as may be seen in Fig. 1.
Thus the stiffness matrix may be written directly from known story stiff-
nesses. The Case a system is by far the simplest with which to work since
there are only as many unknowns as there are stories. On the other hand, 2
far-coupled system, or one that includes joint rotation has a full matrix as
shown in Fig. 2. In this case there are (n? + n)/2 different elements, or un-
knowns, in which » is the number of stories. The far-coupled matrix is full,
and thus general. It is applicable to Case ¢ and Case d problems as well as
those under Case b.

Various computer programs were developed and employed in the ALGOL
language and in FORTRAN O with Burroughs 5500 and IBM 7090 equipment,
respectively, at the Stanford University Computation Center. The programs
solved the above and other equations with various terms alternately known or
unknown. For example, some programs accepted stiffnesses or member prop-
erties and also masses, and the output would be natural periods and mode
shapes. Others accepted periods, masses and mode shapes to produce stiff-
ness coefficients. Different programs were used for Case a and for the general
situation with the full matrix. In solving for stiffnesses or damping coefficients
for any case but Case a, it was necessary to use more than one mode shape
in order to have sufficient data to obtain solutions. For example, the far-
coupled case of Fig. 2 would require at least (» + 1)/2 known modes. This is
obviously a serious handicap where there are several stories. A 14- or 15-
story building would require eight or more known periods and mode shapes to
sclve directly for the stiffnesses. The problem of surplus or redundant data
in the general programs was handled by taking best least squares solutions.

Many of the models used inthis study were selected from the literature so
that certain results could be compared to those from entirely independent
sources and programs. In all comparisons, output was the same or else the
(minor) differences were found not tobe the fault of the programs used in this
investigation. All programs were carefully verified for their intended pur-
poses and limitaticns. Some of these limitations werc, in themsélves, tools in
the researcheffort. Thebasic procedure was to obtain data for actual and hy-
pothetical building frames andalso for complete buildings and to subject these
data to analysis in the various programs. By means of cross {feeding of ma-
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terial from one type of program to another, a great deal was learned about
important parameters that affect periods, mode shapes, stiffnesses, and
damping coefficients.

PERIODS WITH VARIOUS STIFFNESS CHARACTERISTICS

The variations in natural periods of vibration under Case a, Case b, and
Case .c were explored. A total of 11 Case a models, 26 Case b models, .and 26
Case ¢ models were used for this purpose. All the Case a model girders were
assigned infinite moment of inertia and their columns infinite gross area for
axial loads. However, the columns were allowed to deform laterally in story
shear underbothflexure and shear in accordance with their actual properties.
Case b models were assigned actual stiffness values for all members except
that the infinite column areas were retained. Case ¢ models had actual stiff-
ness values for all members. Four of the basic models in this ratio study
were assignedvarious values of the girder moments of inertia to create more
models. These are designated by the basic structure number, SN, followed by
the average value of the midheight girder moment of inertia, designated I,
(inches®) shownin parenthesis. For example, basic model SN 11, with I = 579
in.%, under the three freedom cases, Cases a, b, and ¢, respectively, would be
designated: 11 a; 11 (579) b; 11 (579) c. If I; was not varied, no parenthesis
designation was used.

The SN 5 series wasbased on a three-story steel frame used by Schenker.
(4). It was necessary to assign values for column gross area (for axial re-
sistance) and column shear area, A,, for shear resistance. This was done by
reference to a handbook of steel rolled shapes. In addition to the basic Ig
value of 1675 in.%, other models were created with /; values of 503, 838 in.4,
1,117 in.%, and 1,240 in %, as well as infinity for the Case a condition.

The SN ¢ series was based on a four-story steel frame used by Berg (5).
The basic frame was SN 9 (290). Other models were created withJg = 217,
362 and 434 in.%, and infinity. All girders had their moments of inertia
changed proportionately to the I;-values.

The SN 11 series was based on 4 three-bay, eight-story model used by
Berg (5). Inthis series, alternate models were made with I; = 290, 579, 869,
and 1,158 in.%, and infinity for Case a. All girders had their moments of in-
ertia changed proportionately to the I -values.

Fig. 3 showsfour models, SN 14,15, 16, and 17, used by Housner and Brady
{0). These structures wcre assumedin this investigationto represent narrow,
one-bay wide buildings rather than units of wider buildings. Thus over-all
flexure was of considerable importance with the tall models. Only two sets of
Ic values were used—those shown in Fig. 3, and infinity for Case a. Column
gross areas and effective shear areas that were reasonably consistent with
the column moments of inertia provided by Housner and Brady (6) were used.
Complete agreement was not needed, however, since all the models used in
this period ratio study are consisteut within themselves and not dependent up-
on any values or data from ouiside sources.

SN 18 is an 18-story steel building {rame as reported by Rubinstein, (3, 9).
The author providesdata on the frame centerline dimensions, moments of {n-
ertia, and column areas, but not the stiffnesses per se. It was necessary to
estimate column widths and effective shear areas for this study.
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The models, SN 61 and 62, represent the two vertical planes of a four-
story reinforced concrete test structure at the Atomic Energy Commission’s
Nevada Test Site (23). The building is 12 ft by 20 {t in plan, and each story is
9 ft, floor to floor. There are four rectangular columns and the floor system
is beam and slab. The effective modulus of the concrete was assumed to be
3,000 kips per sq in. The calculated periods agree well with the periods mea-
gured under vibration. There are no walls, partitions, or stairways in the
building. SN 61 is for the plane parallel to the 20-ft d!mension-and SN 62 is
for the other plane. Only one I -value, besides infinily for Case-a, was used
with SN 61. However, SN 62 was subjected toa variation of hypothetical /. in

addition to the calculated 4,350 in.* value and infinity for Case a, arbitrary
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FIG. 3.—FRAMES FOR SN 14, 15, 16 & 17

values of 1,000, 2,000, 8,000, 16,00G and 24,000 in.* were used for this por-
tion of the study.

Model SN 68 was developed by analysis of an actual 10-stery reinforced
concrete building. The building, which is privately owned, is 229 ft long in the
direction under consideration. The height of 124 ft is composed of a 16-ft
lower story and 9 stories of 12 ft. The modulus of elasticity of the concrete
wastaken as 2710 kips per sq in. The floor systems of concrete beam and slab
were considered fully effective in the moment of inertia computations; I =
122,000 in.*

Table 1 is atabulation of the calculated natural periods of vibration for the
lowest three modes. All Jg-values are the average, midheight values as de-
fined. Case a is actually a special condition of Case b, with infinite girder
rigidity. The relative periods between Cases 2 and b are striking. re can
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hx no doubt that joint rotation is important, The effect of joint rotation on pe-

mr:od is generally less for the second mode than for the fundamental, and less

izor the third mode than for the second. Over-all flexure has less effect on

£c2riod than joint rotation. SN 18 is the only model for which a comparison of

TABLE 1.—MODELS, CONDITIONS, AND NATURAL PERIODS

Computed Periods of First Three
Modes, in seconds
Number Width, in | I, in Casc a or Case b,
SN of feet inches as shown Case c
Stories
5 3 60 503 (b) 1.06, 0.35, 0.23 1.06, 0.35, 0.23
838 (b) 0.96, 0.33, 0.22 0.96, 0.33, 0.22
1117 (b) 0.92, 0.32, 0.22 0.92, 0.32, 0.22
1340 (b) 0.90, 0.31, 0.22 0.90, 0.31, C.22
1675 (b) 0.87, 0.31, 0.22 0.88, 0.31, 0.22
® (a) 0.75, 0.28, 0.21
9 4 " 60 217 | (b) 2.12, 0.76, 0.46 2.13, 0.76, 0.46
230 (b) 2:0C, 0,73, 0.45 2,00, 0.73, 0.45
362 | (b) 1.92, 0.71, 0.44 1.92, 0.71, 0.44
434 (b) 1.86, 0.76, 0.43 1.86, 0.70, 0.43
0 {a) 1.51, 0.62, 0.40
11 8 60 250 (b) 2.86, 1.08, 0.65 2.88, 1.08, 0.65
578 (b} 2.37, 0.94, 0.57 2.40, 0.85, 0.57
8§69 (b) 2.18, 0.89, 0.54 2.21, 0.90, 0.54
1158 (b) 2.08, 0.86, 0.52 2.11, 0.87, 0.52
' uo (a) 1.72, 0.77, 0.46
14 5 ' 20 ' 300 {b) 1.53, 0,50, 0.28 1.54, 0.51, 0.28
w (a) 0.91, 0.35, 0.22
15 10 20 300 (b) 2.57, 0.92, 0.53 2.66, 0.94, 0.53
o (a) 1.40, 0.54, 0.34 .
16 15 20 450 (b) 3.43, 1.27, 0.75 3.77, 1.32, 0©.76
© (a) 1.79, 0.70, 0.43
17 20 20 525 (b) 4.14, 1.55, 0.94 4.84, 1.66, 0.95
« (a) 2.12, 0.84, 0.52
18 i8 45 12480 (b) 3.78, 1.22, 0.73 3.61, 1.28, 0.74
I (a) 1.76, C.71, 0.42
61 4 20 9530 {b} 0.35, 0.11, 0.064 0.36, 0.11, 0.064
« (a) 0.24, 0.082, 0.054
62 4 12 1000 | (b) 0.55,0.15, 0.07t | 0.56, 0.15, 0,071
2000 (b) 6.44, 0.13, 0.066 0.45, 0.13, 0.067
4350 {h) 0.35, 0.11, 90.061 0.35, 0.11, 0.061
5000 (bj 0.30, 0.30, 0.057 0.31, 0,10, 0.057
16000 (b} 0.25, 0.088, 0.054 0.28, 0.091, 0.054
24000 (b) 0.25, 0.084, 6.053 0.27, 0.088, 0,053
w (a) 0.22, 9.075, 0.050
68 10 228 122000 (b) 0.87, 0.32, 0.19 6.99, 0.32, 0.18
« {a) 0.58, 0,20, 0.12

« over-all flexure effects is possible. Rubinstein (9) obtained an increase. in the
:zundamental period, with column axial freedom, of 10%. The same percentage
imincrease Is shownby the period values of Ty, = 3.28 sec and T, = 3.61 sec

-:n Table 1. The actual period values are slightly different from Rubinstein’s,
- n.odoubt because of the assunptions niade about column width, effective spans
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and effective column shear areas; i.e., the models are not quite the same in
the two studies. The Southwell-Dunkerley approximation (7, 24) may be used
as abasis to isolate the fundamental periods that would exist in pure over-all
flexure or in other hypothetical types of isolated freedom. As an example, SN

18 would have the follewing isclated periods, in seconds, if {ts freedom pa-
rameters could exist alone:

Tyjr = VT3, - T, = V3.282 - 1.76% = 2,717
Ty = VT3, - Th = Y3.617 - 3.28% = 1.51

in which jr refersto joint rotation and f to over-all flexure., Over-all flexure
is almost as important in the fundamental mode period as Case a shear for
this unusual structure.

Joint Rotation Index, B, for Case b Conditions .—The stiffness of a frame
member inflexure is related {oits EI/L ratio, in which L = the member span.
The relative flexural stiffness of girders and columns largely determines the
importance of Case b versus Case a. The stiffness of a frame can be calcu-
lated by any one of many structural procedures. However, whatis wanted here
is not stiffness per se, but a reasonable and readily obtained index not only
for a bare frame but also for later use with entire building assemblies, Leat
I = the effective moment of inertia of a girder and its connected floor sys-
tem, and let Ic = the effective moment of inertia of a column together with
any connected materials. Assume that the girder and the column are con-
nectedso asto retain the right angle betweer them under the imposed'loading.
A joint rotation index, p, may then be introduced which is defined as follows:

all

I,
=G
2 18

Wy
Lc

1
in which the summations for all girders and columns are to be taken across
one story of the building for the story columns (and floor system) closest ¢
the midheight of the building. If the girders or columns change at the mid-
height stery, values of the two adjacent stories should be averaged, If differ-
ent materials are involved, transformed areas with consistent E-units must
be used. The I- and L-values must be in consistent units.

The concept of I is then extended to include the contribution of all hori-
zortal members and elements that would resist rotation of the floor system—
girders, beams, spandrels, floor or spandrel trusses, joists, slabs, decking,
etc. Unless there is reasonto expect otherwisec, all the members are assumed
to contribute to Is, and to act as composite elements with a common neutral
axis. Likewise the summation of 7¢/Z¢ i3 to include all vertical elements in
the story-—columns, walls, piers, pilasters, ccre units (defined as hollow
vertical members created by the walls of elevator, stair, and/or utility
shafts). etc. The vertical elements may occur at any location of the floor plan
so long as there is reascnatle symmetry. If the floor system should be very
flexible as compared tothe vertical or column systera, very low p-values will
result’ and distributed mass modeling mzy be preferable to lumped-mass
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models (17). A solid wall, with no framing or effective spandrels in the story,
is considered to have no I; and thus p = 0. A wall with small openings and
thus short 'spandrels and prers may be considered to be a unit member for
dynamic analysis rather than a system of many spandrels and piers. Of

course, inlernal stresses in the individual segments would be determined as
required for structural purposes,

For the models of Table 1, p-values were calculated and are plottedin Fig.
4 against R,,, the ratio of T,;/T,, for the first mode. In order not to make
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FIG. 4.—EFFECT OF JOINT ROTATION ON FUNDAMENTAL PERIOD
Numbers alongside points are striucture numbers, SN. Where more

than one {8 shown, the model frame, I¢, was varied. See text and
Table 1.

the figure too congested, the Ip-values are not shown. However, the models
can be identified by reference to Table &, In all cases, the greatest p-values
are assoclated with the greatest Is-values. Thus the SN 11 models would be
11(1158), 11(869), 11(579) and 11(290) from the top down. The corresponding
p-values ure 1.20, 0.902, 0.600, and 0.300. R,,, refers to the period of ratio
of mode, i, under Case b freedom to the same mode i under Case a freedom.
Fig. 4 shows good correlation for the fundamental mode down to p-values of
about 0.25. Similar plots have been made for the second and third modes. The
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second mode also has good correlation and the third mode is not as good, es-
pecially for the lower p-values. The building models for these ratios pur-
posely include a wide range of heights, slenderness ratios, girder spans,
column sizes, and other parameters in both steel and concrete construction.
Fig. 5 indicates mean values of p versus period ratios, R,;,;, for modes 1, 2,
and 3.

It is clear that joint rotation is an important factor in determining the pe-
riods of buildings, especially contemporary buildings which have longer spans

175 ¥ T T T B I~ )
1.50 - =
s
a o L=t
g L25 _I_C_ -
3 Le
@
-4
W
3
Zwor . n
T I T
L d
<
Z ors -
Z
=]
-
q
°
2 o350} =
[
z
54
-
0.25 ,
0 i i 1 } 1
i 125 50 178 2.00 2.25 2.50

Ripg * Tin/ Tia

FIG. 5.—JOINT ROTATION INDEX AND R;p,

The value of p is taken at the mid-height story. See text relating to
Eq. 6. °

and less floor stiffness than traditional buildings (18). Although the impor-
tance decreases with increasing mode number, it is still a significant factor
at p-values ci 1.00 or more. At a2 p-value of infinity, there would be no joint
rotation, and R,;, would be unity. At a p-value of zero, there would be no re-
sistance to joint rotation and R, would be infinity, indicating vertical canti-
lever columns or piers with no moment resistance applied at the girder
levels. Fig. 5 maybe applied to ctharframed siructures, ortobox-like struc-
tures the walls of which are so penetrated with large openings, ! the walls
may be analyzed as frames with joint rotation cavsed by girde ““ture. Fig.
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5 is not intended to provide for sollid wa!l structures or for walls with small
openings that could be ignored. If openings are only of nominal size and there
are short spans of wall spandrels or piers, a modified p» should be employed
whichintroduces shear as well asflexural freedom. Combinations of walls and
frames often result in small p-values (17).

Over-all Flexure Index, ', jor Case ¢ Conditions.—1It is desirable to have
an index to measure the importance of over-all flexural freedom that would
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be reasonably simple to calculate for actual buildings. A comprehensive study
of R;.p versus various irial relationships led to

o (&

/all
(Er)\kz Akdg
=1

in which @' is in units of feet®®; [ = the height of the building from the base
to the roof line, in feet; A, = the gross area of a continuous vertical element
or member £ (suchas columns, piers, pilasters, and walls) at the story clos-
est to the midheight of the building, in square feet (if columns change at the
midheight story, the average values of 4 from the adjacent storles are used);
d) = the normal distance in the direction of motion.from the center of mem-
ber k to the centerline of the floor plan, in feet; E,. = ratio of the modulus of
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elasticity divided by 30,000 kips per sq in. dimensionless. (Example: If ma-
terial is concrete with E, = 3,000 kips per sq in., E, = 3,000/30,000 = 0.1)
The value of ' isto be calculated for only one story, that closest to the mid-
height of the building, as for the joint rotation index, p.

Fig. 6 shows ' plotted against rigorously computed values of R;cp for the
lowest three modes of several building models. There is excellent correla-
tion, with minor exceptions. The smooth curves represent mean values. The
over-all flexure contribution to the fundamental period is not great, except
for tall, slender models such as SN 16, 17, and 18 with height to depth ratios
of 9, 12, and 6.2, respectively. The higher mode periods are affected less, as
shown. For the low sensitivity of Q', Fig. 6 provides satisfactory approxima-
tions for the increase {n period caused by over-all flexure. It is not intended

for use when p is small and girder shear is negligible; then R;cp would ap-
proach unity.

PERIOD SYNTHESIS

Although theory with the aid of digital computers is capable of solving
complex problems in multistory building dynamics, there are reasons that
indicate less rigorous procedures in many cases. Not the least of these is to
avoid the preparation of hundreds or thousands of data cards ior large
buildings, often under uncertainty as to real member stiffnesses. Two new
concepts will be presented—“period synthesis® (PS) for developing periods
from building drawings, and “pseudo-stiffness procedures” (PSP)for deter-
mining other structural-dynamic characteristicsfrom the design drawings or
from measured data. PS and PSP complement and reinforce each other in
many situations. This section covers period synthesis and the section follow-
ing covers PSP. The purpose of period synthesis is to compute or to estimate
natural periods of vibration under Case b, Case ¢, or Case d freedom withthe
simple procedures associated with rigid-floor, Case a freedom.

Opevrations in Period Synthesis. —The stiffnesses for T;a and the periods
per se are relatively easy to calculate by hand methods or by computer. The
close-coupled system with rigid floors provides the easiest form of struc-
tural deformation analysis, and computer operations, if used, require mini-~
mum storage, time, and data card preparation. In order to retain these
advantages and to obtain a reasonable and useful approximation of actual pe-
riod, ratios are employed together with geometric parameters and semi-
theoretical, semiempirical data. The following cieps are involved in period
synthesis under freedom cases, Cases a,b, and c. Calculate the story weights,
the joint rotation index, p, and the over-all flexure index £!. Calculate the
story stiffnesses under the assumption that all floors and the roof system are
infinitely rigid. The shear and flexural stiffnesses of all columns, walls, piers,
pilasters znd other vertical elements are to be included. Calculate the shear
system periods T;,. This may be done by hand if only a few stories are in-
volved, or by computer using simple Case a programs, An iterative method
basedon rigid-floor conditions—the Holzer-Blume building proceduce (25)—is
suitable for desk methods..The mode shapes under Case a conditions would be
a by-proauct of these computations. Ii only the fundamental mode is of inter-
est, the Rayleigh method may be used (25). Obtain R, and R ratios from
Figs. 5 and 6, respectively. Calculate the values of Ty, and T, using
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Ti = Tia x R,ba ................................ (8)
T" = T,a x Riba x R1Cb = le x R'cb ............... (9)

These equations are true by definition. If there are relably measured data
available, such as the fundamental mode period, advantage should be taken of
the known data. In the event of redundant or surplus information, the mea-
sureditems are retained. It must be assumedin the absence of other data that
the known periods are for the general freedom case, Case d, or Case ¢ if the
base conditions are obviously quite rigid.

Example of Period Synthesis.—The 8-story building model (5), SN 11 (579)
will be used as an example of period synthesis. The ground is assumed to bé
rigid. Pertinent data are, # = 102.5 ft, L, = 150 in. The midheight story has
3 girders of Ig = 579 in.* and Ly = 240 in. The columns must be averaged

TABLE 2.—COMPARISON OF VALUES OBTAINED BY PERIOD
SYNTHESIS AND BY EXACT CALCULATION

Parameter By Period Synthesis By Exact Calculation
Tia ) 1.72, 0.767, 0.461 1.72, 0.767, 0.4631
Ty 2.34, 0.943, 0.530 2,37, 0.944, 0.573
Tic 2.39, 0.952, 0.530 2.40, 0.949, 0.573

since they change section. There are 2-10 W 72 and 2-10 We 85 below, and 2-8
W48 and 2-12 W 58 above the midheight level. Therefore

Z"I‘G ~_3X 579

I = "2a0 =7
v Jg _ 2 (183.7+4207  476.1+ 723.3)_
LIS T 150 ( 3 ¥ 2 =113
From Eq. 6, p = 7.23/11.3 = 0.638. Exterior column average area =
(21,18 + 14.11)/2 = 17.65 sq tn.; interior column average area = (24,98 +

17.06)/2 = 21.02 sq in. Substituting in Eq. 7,

(102.5) )
17.65 a2 31.09 3 = 172,000 ft5/9
(1) (2 X 144 X 30% + 2 x 144 X 102)

Case a story stiffnesses, Sq;, based upon equal element heig
but sliding floor systems, may be obtained by

Ql

hts, ky, and rigid

all
_12E) o 1
Sa; = —hTi F (10)
k=1
: h? 30
inwhich ¢, = = + = 1
S HiC b !;? Auk ............................... {11)

in which I, = the moment of inertia of vertical element k, and A, = itseffec-
tive shear area. Units are kips and inches.

Story stiffness values co:nputed for SN 11(579) are 188, 310, 211, 211, 125,
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125, 44.2, 44.2 kips per in. from the first story to the top story. The story
weights and rigid-floor stiffnesses were used to compute Tia} = 1.720 sec,
0.767 sec, 0.461 sec. From Fig. 5, using p = 0.638, obtain R,;,, = 1.36, 1.23,
1.15. From Fig. 6, using ' = 172,000 ft** obtain R, ., = 1.02, 1,01, 1.00.

By Eqs. 8 and 9 and with T,, {from above, T, = (1.72C) (1.36) = 2.34 sec;
T, = (0.767) (1.23) = 0.943 sec; Ty, = (0.461) (1.15) = 0.530 sec = Ty ; Tic
=(2.34) {1.02) = 2.39 sec; and 7, = (0.943) (1.01) = 0.952 sec. Compariscns
of the values of T;4, Tjp, and T; . obtained by period synthesis and by exact
calculation are shown in Table 2. Many real buildings of known periods were
subjected toperiod synthesis withsimilar comparisons. The accuracy isless,
of course, with small p-values.

THE PSEUDO-STIFFNESS CONCEPT AND PROCEDURES

There is only one true vector of story stiffnesses for the Case a rigic-
floor, shear system; this applies, of course, to any and all modes. But it has
been shown that joint rotation and over-all flexure affect the natural periods
of lumped-mass building models, and also that the effect varies froin mode to

TABLE 3.—STORY PSEUDO-STIFFNESSES FOR SN 62 (4350) ¢

stor Mode 1, in Mode 2, in Aode 3, in Mode 4, in
y kips per inch kips per inch kips per inch kips per inch
4 148.7 229.3 365.7 514.2
3 179.3 245.7 412.0 565.1
2 198.4 347.1 389.4 549.8
1 318.0 426.7 597.8 808.2
Average 211.1 312.2 441.2 609.6

mode. If a building with more freedom than the Case a condition should be
analyzed as though it were a Case a problem, the results would be erroneous.
If the analysis input was mass and shear stiffness, the output periods and
mode shapes would not represent those for the real structure. If the input
should be true masses, periods, andmode shapes, the ocutput story stiffnesses
would be false. However, it is desirable—in seeking a simplified method of
determining periods, mode shapes, stiffnesses, and the relative distortion
contributions of shear, joint rotation, over-all flexure, and base motion—to
retain the many advantages of Case a analysis which is a minor effort com-
pared to formal analysisfor Case b, ¢, or d. The pseudo-stifiness concept that
follows will use false, or pseudo, story stiffnesses under Case a‘computa-
tions, but will determine how false the stiffnesses are and will apply neces-
sary corrections.

To provide a simple example of false, or pseudo, stiffnesses, SN 62 (4350)
¢ was analyzed as though it had Case a rigid floors. True periods, masses
and monde shapes were used as input to obtain the pseudo-stiffresses listed in
Table 3. The stiffnesses increase with mode number bhecause the effects of
joint rotation and cver-all flexure decrease with the higher modes. The modal
data could be pooledin a least squares best solution and this has been done in
this work and by Nielsen (26). However, the stiffresses produced 1d be hy-
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brid values, not identified with the actual freedom conditions and thus not
suitable for distourtion and stress analysis.

Several buildings and building models with more degrees of freedom than
Case a were analyzed, all with similar results--the pseudo-stiffnesses vary
with the mode and become greater as the mode becomes higher.

Development of Pseudo-Stiffuess Procedures.—The pseudo-stiffness con-
cept is proposed to relate the periods and pseudo-stiffnesses of buildings of
any type of freedom to the periods and stiffnesses of close-coupled rigid-floor
shear systems inconsideration of: {1) Modal data if available in sufficient de-
gree; (2) building parameters as set forth under “Period Synthesis,” above;
or (3) combinations of items 1 and 2. All period and stiffness computations
are conducted under simple Case a rigid-floor, shear system conditions re-
gardless of the actual coupling or the type and degrees of freedom in the
building. Mode shapes are produced as well as real stiffnesses and periods.

Let 5, denote pseudo-stiffness. Thus, §,, refers to a pseudo-stiffness for
the first mode; S,p the pseudo-stiffness for combined shear, joint rotation,
and over-all flexure for the second mode; etc, For a one-mass system, stiff-
ness varies as the inverse of period squared. Given a period, T,, for locked
joints, and a longer period, T3, when the joints are allowed to rotate, -

S T2 1
2ph a =
Sa 15 RlP
P S R e . (12)
S, = —ﬂ)—
pb (Rba 2

. . __S _ S
Likewise, Spc = (72-6‘2')3 = zﬁcb X Rpgle "ttt (13)
S Sg )
= z———ly = i e e 1
and spfi Rag¥ (Rge X Rep X Rpo) (14)

Let {Sipxl,, = (%%3} ............................... (15)

in which {S;p,} = the pseudo-stiffness vector for the ith mode and for the de-
gree of freedom, x, which may te Case b, c, or d; R;,, = the ratio T,,/T;,
for the ith mode and freedom index, r; and { }av represents the average value
of all the elements in the vector,

In order to {est the relationship postulated, the building frames and build-
ings previously used were utilized in the following manner: The Case c values
for period and mode shape calculated rigorously were used, together with the
story weights, as input to a close-coupled program. The output of such runs
are pseudo-stiffness vectors that are compatible with the correct periods and
mode shapesfor the actual freedom inthe systems. The Case a stiffness vec-
tors were also computed. Then the averages of the elements in the vectors
were compuled and Eq. 15 was used to solve for R;., for each of the first
three modes. Independent values of R;., were obtained from the rigorous cal-
culations by simply taking the ratics of Case ¢ periods cver Case a periods,
or R;.q. The values computed by Eq. 15 are close to the actual in n.i. 1y cases
and the worst case, SN 18, has only about 10% error. Since this is un unusual
structure with 45-ft spans and a high first story (3), it was decided not to
modify the equation by regression analysis or other means.
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There are several ways of developing or obtaining story pseudo-stiffnesses.
Where measured mode shapes and periods are available, stiffnesses can be
obtained by direct computation using a Case atype program. The input period,
masses, and mode shapes will be compatible with the cutput stiffnesses and
with the definition—“the false stiffnesses necessary to produce correct dy-
namic properties using a close-coupled, rigid-floor assumption in calcula-
tion.” If, for example, T,; 1s known, {S,pd} will be obtained. Where period
ratios are known or can be -estimated, the average pseudo-stiffness can be
computed from Eq. 15. With this value, the specific story values can simply
be estimated by reference to the building geometry or by reference to the
rigid-floor shear values, {Sa}, or by both. A direct and generally satisfactory
method is to use the assumption that the story pseudo-stiffnesses are pro-
portional to the average pseudo-stiffnesses, as follows:

i%‘:ﬁ:‘ = {—S{gnj};l ....................... L SRRE (16)

but by equating equal terms from Eq. 15,
{Sipxty = RS - S & )

Another method of obtaining pseudo-stiffness vectors has application to the
fundamental mode. K the deformation of the building is known or can be cal-
culated under assumed static lateral forces or displacements, stiffnesses
compatible with the conditions can be computed under the close-coupled as-

sumption. This approximation is especially useful in considering base trans-
lation or rocking in the soil.

story shear \4

story pseudo-stiffness = net story deflection 4 *°° " * R

Lo (18)

Pseudo-Stiffness Procedure Zevo (PSP-0).—This procedure is for the sit-
uation where nofield measurements are availaktle on periods or mode shapes.
It could apply to calculations for a building not yet constructed, or to one for
which it is not feasible to obtain actual vibration data. The designdrawings
are available and it is desired to estimate the periods and mode shapes for
the first three natural modes of a building that is far-coupled and may 2lsc
have significant over-all flexure. Base rocking will be assumed as insignifi-
cant here. The procedure combines period synihesis operations and PSP.

The story weights, the joint rotation parameter, g, and the over-all flexure
parameter, Q' are calculated. Eq. 6 is used for p, -and Eq. 7 for &'. Values of
Rjpa are obtained from Fig. 5 and values of R;.p from Fig. 6. The story

stiffnesses, S,, are then calculated under the assumption that all floors anc

the roof of the building are infinitely rigid. The shear system periods, Ty4.
are obtained with a Case a computer program, or by an iterative procedure
such as the Holzer-Blume building procedure (25). The rigid-floor mode
shapes are also obtained in this step. The T;, and T;. periods are calculated
with Egs. 8 and 9; (R;,, )/ is then calculated for each mode and freedom case
of interest, and the story pseudo-stiffnesses are obtained from Eq. 17. The
story pseudo-stiffnesses are entered intc a rigid-floor program, or else cal-
culations may be conducted by iteration, to obtain periods and mode shapes
for each mode of interest. The periods shouldeszentially agree with those de-
veloped previously by period synthesis. If they do not, the work should be
reviewed.
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Although the above operations seem long and involved, as for any step-by-
step explanation, they really are not, considering the sparse initial data and
thefact that a far-coupled system with over-all flexure {5 analyzed as a sim-
ple shear system with close-coupling. If the mode shapes are not required for
the Case b and Case c conditions, it is not necessary to proceed beyond the
use of Egs. 8 and 9,

Example of PSP-0 with SN 11 (579)c.—SN 11 (I = 579) was used previ-
ously as an example of period synthesis. These steps constitute the period de-
termination phase of PSP-0. The (R, ,)? values are calculated as follows:

(Rygp (T;‘EF = 0.540

(Rzab)z = 6%3)7 0.660
(R3gp =T1‘1-5)7 = 0.758 = (Ry,.)?

1
2 —
Rigel = G35 1o = 0520

1
2 = -
Raack = 775 % o1 = 0649

The story pseudo-stiffnesses are obtained by Eq. 17; they are listed in
Table 4. The pseudo-stiffnesses are used to calculate the mode shapesas-

TABLE 4.— SN 11 (579) PSEUDO-STIFFNESSES

S .,,inkips S2pb In Sippyer IN 1pc' , in kips
1pb 3pbyc 2pc
Story Ager inch ldlpnscger kips per inch kl;)nsc};:er ger inch

8 23.8 29.1 33.4 22.9 28.6

7 23.8 29.1 33.4 22.9 28.6

6 68.0 83.2 95.5 65.5 81.8

5 68.0 83.2 95.5 65.5 81.8

4 114 140 161 - 110 138

3 114 140 161 110 158

2 168 205 238 162 202

1 102 125 1438 98.3 123
Average 85.2 104 120 §2.1 103

suming a rigid-floor condition. The data shown in Table 4 were used, in this
case, in a computer program to obtain periods and mode shapes. The mode
shapes of the Case ¢ condition are essentially the same asfor the Case b con-
dition, as might be inferred from the low values of R;.; . The mode shapes ob-
tained by PSP-0 are plotted in Fig. 7 alongside the exact mode shapes. The
agreement is good, The periods obtained under PSP-0 are shown in Table 5
with the actual periods. The first and second mode periods are in close agree-
ment, and the third mode values are acceptable for practical purposes.
Pseudo -Stiffness Procedure One (PSP-1).—Pseudo-stifiness procedure one
(PSP-1) i f;)r the situation where the fundamental mode period and mode
shapes a~"..own from reliable field measurements. The building drawings
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are also available. Itis desired to obtain the periods and mode shapes for the
second and third modes and also the shear stiffness vectlor {Sa} and the
story pseudo-stiffnesses for various freedom cases and modes. The basic
procedure is similar to PSP-0 except that use is made of known data and the
stiffnesses are derived from the mode shape, In cases of surplus data, the
measured data are employed.

The story weights, the joint rotation index, p, and the over-all flexure in-
dex, ', are calculated. The S,-Pc pseudo-stiffnesses are coiﬁpﬁted from the
known mode shape, period, and the story weights. A Case a program is used
for this purpose. The degree of freedom is assumed tobe Case ¢ if the ground
is known tobe rigid, otherwise it is Case d. Values of R; xq are obtained from
Figs. 5 and 6 with the values of p and Q'. The factor (R,.,)* is computed, and

By PSEUDO PROCEDURE ZEROQ: —_—

ACTUAL VALUES: — === ———
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FIG. 7.—SN 11 (Ig = 579) NORMALIZED MODE SHAPES

then the 1S,} vector using Eu. 17 with (R, ¢,)? and {sipet- Usingthe {S,} vestor
as abase, story pseudo-stifinesses are developed for all other:desired mode-
freedom cases; Eq. 17 is used. By definition, R, = T,cﬂ"u, therefore Ty =
TycRycxs OT

J N G I 2 e .. (19)

Other fundamental mode periods {Cases a and b) are obtained by Eq. 19. {Sa}
and the pseudo-stiffnesses from above are used to obtain periods for the sec-
ond and third modes, Cases z and b, and mode shapes. As a comparison and
check, the T,, and T,, periods may be usedwith the R;,., ratiosto obtain other
periods, as in PSP-0. It is to be noted that the mode shapes for Ty, and Ty,
would be the same as the measured shape of T, since all pser * -stiffnesses
have been charged proportionately in this procedure. This is pproxima-
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tion of course, butof minor-importance unless R,,, and Ry} . are exceptionally
large.

PSP-2 and PSP-3.—PSP-2 applies where the first and second modes are
krownfrom field vibration measurements. The operations are similarto PSP-
1 except that advantage is taken of the known data from two modes instead of
one. If the field data are equally reliable for the two modes, {Sa} can be de-
rived from each and then averaged, story by story, to obtain best values,

PSP-3 applies where the first, second, and third modes are measured. If
the p and Q' parameters indicate very little participation of joint rotation and
over-all flexure, respectively, inthe third mode, this mode may produce bet-
ter {Sa} values. Generally, however, it would be desirable to obtain a compar-
ison from all three modes and either average directly or use weighted
averagesto obtainthe best S, vector. Possible ill-conditioned modal data may
also be a factor in selection of the best values. The mode requiring minor or

TABLE 5.—SN 11 (579), COMPARISON OF PERIODS FROM
PSP-0 TO ACTUAL PERIODS

T,p,in | T,p, in Tspoin { Tio,in | Ta2c,in | Tyc, i
1b! 2bs sb ic 2¢ 3c, in
Method Seconds | Seconds Scco'nds Seco'nds Seco.nds Seconds
By Egs. 8 and 9 2.34 0.943 0.530 2.39 0.952 0.530
By PSP-0 2.34 0.944 0.530 2.39 0.952 0.530
Actual 2.37 0.944 | 0.573 2.40 0.949 0.573

no ill-condilioned data adjustments would be preferred, atleast forthe stories
where the ill-conditioned data exist.

GROUND COMPLIANCE

Case d freedom includes motion of the building base in an assumed elastic
materizl. The motion may be due to translation and to rocking. The latter is
considered more significant for most buildings. Since the motion of tall build-
ings due to soil compliance is a small part of the total motion, little error is
introduced in considering the superstructure to have uniform mass and stiff-
ness for the purpose of developing R4 (7, 16, 17). Let

Rige =

in which A, is the static deformation under Case ¢ of the iop of the building
under given lateral forces, preferably the weight of the structure, inches; and
b, isthe deformation at the same top level due solely tothe compliance of the
foundation materials under the same lateral forces, in inches.

1t is beyond the scope of this paper to provide detailed data for A,. Sub-
grade moduli of the soilare utilized together with the geometric properties of
the foundations. Generally it can be assumed that the superstructure so con-
nects the separate foundations as to develop their over-all, or gross, moment
of inertia to resist rocking. By definition,

Tiwd = Ta X Ripa * Rich X Ryge ™ Tic X Rige vvveo v e (21)
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Rocking may generatlly be ignored for other than the fundamental mode and it
is not very significant for that because poor soil under tall buildings is com-
pensated by lower unit bearing pressures (or perhaps with piles or caissons)
and therefore greater base areas (13, 17),

A Ag-value of 1in. is arbitrarily assumed for SN 11 (579) as compared to
another arbitrary value of 5.84 in. for A.. Each deflection wouldbe caused by
the same lateral force. Then

P
R,gc = Q.Bf_ + 1.00 _ 1.08 <
v5.84

Thus the real period, T4, would be 8% longer than the period T, for assumed
rigid soil. -
The pseudo-stiffness procedure is readily applicable tothe problem of how
ground compliance affects dynamic characteristics. Other applications in-
clude the determination of actual floor system stifinesses when measured pe-
riods and mode shapes are available, and the analysis of story distortion,

which enables meaningful stress analysis and the prediction of possible
damage.

STORY DISTORTION AND DAMAGE PREDICTION

There is reason to believe, especially for multistory buildings located a
considerable distance from the source of seismic energy, that a great deal of
the greatest response motion is essentially harmonic vibration in a low natu-
ral period (23). If the building mode shapes are known and if the response is
measured or can be estimated in terms of period and relative motion at one
or more levels, then the relative motion at all levels can be determined from
the mode shape involved. Moreover, if the structure parameters {Sa}, p, &',
and the soil and foundation data are known, the motion can be broken down in-
to types a, b, ¢, and d. The following expressions are useful:

V.

S, = —.’—
Jirx " Agiy
in which V; = the shear in story j, and Ay;, = the relative story jdeforma-
tion in mode i for freedom case (x). It can be shown with Eqs. 17 and 22 that
V; \ .

Aju: = —Ci,——yf'*{sr}] = -’:ljia (R;‘XEIZ ............ AR {23}

iax?

As an example, the relative story deformation of a building has been mea-
sured or estimated (o be 0.50 in. in Case d, fundamental mode. The value of
S, for the story = 8,800 kips per in., and Ry, = Ry X Ryep X Ryge = 1.17
x 1.04 x 1.08 = 1.32. From Egq. 23, V = 2,550 kips and 4, = 0.230 in., 4,
= 0.400 in., A, = 0.432 in. and 44 = 0.504 in. The net story distortions for
shear, joint rotation, over-all flexure and base rocking are therefore: 0.290
in., 0.110 in., 0.032 in., and 9.072 in., respeciively. From these values, unit
stresses of interest can be determined and damage, if any, can be predicted.
Obviously, erronecus resulls would be obtained unless the various {reedoms
are considered, The often used assumption that all story distortion is due to
shear would.~in this example—lead to story shear unit stresses 72% greater
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than the actual value and wouldneglect cther important considerations such as
column axial loading.

APPLICATION TO REAL BUILDINGS

A simple model hasbeen used for the example problems in this paper, and
it is one that was used in deriving the relationships for p and R'. This has
been done only because of space limitations. Real buildings of known (mea-
sured) periods and mode shapes were analyzed so that computed data could be
compared tothe actual. In 22 various period determinationsby PS and by PSP
methods, the ratios of computed to actual values ranged from 0.93 to 1.18,
with a mean of 1.021 anda coefficient of variation of 0.078. Mode shapes com-
pared well, with only minor exceptions. None of the structures had been used
in p and Q' evaluations. It is to be recognized that in a completely rigorous
analysis of a building, necessary assumptions as to floor stiffness, eifective
moduli of elasticity, and of the interaction of walls, stairwells and frames
may lead to wide variations from the real conditions and values regardless of
the scope or the formality of the analysis.

As p decreases below 0.25 there will tend to be less accuracy in PS and
PSP results and a rigorous analysis may be desirable. However, very small
values of p indicate that distributed mass models may also be used (7, 17).

SUMMARY AND CONCLUSIONS

In order to evaluate unit stresses orte estimate possible damage in multi-
story buildings frcm lateral motion it is essential to determine how much of
the dynamic response at any story level is due to shear deformation between
floors, joint rotation, over-all flexure and ground compliance. Any of these
freedoms may be important, especially in contemporary structures, although
ground compliance is generally of least significance inthe structural-dynamic
properties of high-rise buildings.

Simple indices and procedures have been introduced with which the con-
tributions of joint rotation, over-all flexure, and ground compliance in the
three lowest modes of vibration may be estimated, Numerical data are pro-
vided on the effects of joint rotation and overall flexure in the three lowest
modes relative to shear-building freedom over a wide range of building
characteristics,

A period synthesis concept and pseudo-stiffness procedures have been
proposed to enable the approximate determination of natural periods of vibra-
tion, mode shapes and stiffnesses of multistory buildings with consideration
of joint rotation, over-ail flexure and ground compliance while performing
only simple time-saving analyses for assumed rigid-floor shear buildings.
The use of the procedures on several real buildings has provided good cor-
relation with measured characteristics,
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APPENDIX II,-NOTATION

The following symbols are used in this paper:

Ap = gross area of a continuous vertical element or member, k, (such
as columns, piers, pilasters, andwalls) at the story closest tothe
midheight of the building, in square feet;

A,p = effective shear area of member %, in square inches;

a, b, ¢, d = subscripts indicating degrees of freedom as defined in text;

C = damping coefficient;

Cyp = damping coefficient, defined as the force on the jth mass exerted
by the damping dashpots when the kth mass has a unit velocity
and all other masses have zero velocity, in kip seconds per inch;

D = displaceinent parallel to the xv-axis, in inches;
Dps = modal displacements in the ith mode; eigenvector;

dp = normal distance in the direction of motion from center of mem-
ber k£ to centerline of floor plan, in feet;

E = modulus of elasticity, in kips per square inch;

E, = ratio of modulus of elasticity to 30,000 kips per square in,,
dimensionless;

f = subscript indicating flexure;

£ = subscript indicating ground compliance;

H = height of building from base to the roof line, in feet;

I. = momentof inertia of column or pier, in inches*; unless otherwise

shown, I, would b~ the average effective value at the midheight
story level; I, rci. s to] of member &}
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moment of inertia of girder, spandrel, or of floor system, in
Inches*; unless otherwise shown, Ic wouldrepresent the effective

value (at midheight story level) of the girder and its connected
floor system;

= subscript indicating mode number;
= lumped-mass or degree of freedom subscripts; in a matrix, j re-

fers to row number and k to column number; also, k is used as a
subscript denoting member or element;

= subscript indicating joint rotation;

= length of member, in inches;

= mass of a story, in kip-seconds? per inch;

= number of stories or lumped masses;

= angular frequency of the ith mode, in radians per second;

characteristic value, or eigenvalue of the i th mode, in radians?
per second?; .

the period ratio T, /T;,, for the ith mode and freedom index x,
which may be Case a, b, ¢, or d;

stiffness influence coefficient, defined asthe external force onthe
ith mass of the model when the kth mass has a unit displacement
and all other masses have zero displacement, in kips per inch;

= Case a story stiffnesses, in kips per inch;

the pseudo-stiffness of story, j, in mode i under freedom case x,
in kips per inch; x may be Case a, b, ¢, or d;

structure number, or model number;

a story spring factor; as subscript, indicates shear;

natural period of the i th mode, in seconds;

story shear, in kips;

= weight, in kips;
= average value of quantity X (or of any other value in the vector

bracket);

horizontal axis parallel to motion; also, a variable designation for
Case a, b, ¢, or d;

= net story distortion, in inches;

joint rotation index;

= h% /1 + 30/A,y in inches™2;
= over-all flexure index.
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STRUCTURAL DYNAMICS OF CANTILEVER-TYPE BUILDINGS

John A. Blume'l)

SYNOPSIS

Structural and dynamie properties of buildings vary with the ratio
of the stiffness of the horizontal tc the vertical members and elements.
¥any contemporary buildings have low ratios, and perform more as canti-
levers than as frames. Cantilever-type buildings are investigated over
the entire range of relative stiffriesses. Traditional design methods
pay result in serious inndequacies. A Modified Cantilever Method is pro-
posed to determine rapidly the natural periods of buildings having little
poment restraint from the floor systems. Useful concepts and structurale
dynamic data are provided for cantilever-type buildings, which type has
been subject to severe earthquake damage in Chile, Anchorage and Caracas.

CLOSSARY OF TERMS

A = effective sbhear area = gross area./a; 1n2

D = Jateral flexural deflection of top of building loaded
laterally with its own weight; inches

D = lateral shear deflection of top of building loaded laterally
wvith its own weight; inches

E a the effective dynamic modulus of elasticity; kip/ :Ln
H = total height of building, inches

I = pmoment of iﬁertia about the axis normal to the plane of
loading;

L = the member span, center 1o center of intersecting members;
‘ L' the clear member span; inches

M = moment; in-kips (For 22 M see equation 3)

ORM = the overall resisting moment provided by axial forces in
the vertical members; in-kips

OIM = overturning moment, or cantilever moment, due to lateral
forces; in-kips

T = natural period of mode 1; sec

W = total weight of the bullding; kips _

o = factor for effective shear area based upon the shape ;(2’3’5)

dimensionless

Bi = ratio of period i computed with tapered flexural stiffness
to that computed with average stiffness; dimensionless

(1) President, John A. Blume & Associates Research Division, San Francisco,
California
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A = ratio of period computed rigorously as a lumped mass system
to period by equation 11; dimensionless ,
p = _index of Joint rotation, or the ratio of horizontal member
stiffness to vertical member stiffness at the midheight
’ story (see equation 1)
p! = p vhen clear spans are used g&s per equation 2
2 = the summation symbol
P = ratio of period for a pure cantilever (p = 0) computed as
lumped massed system to the period computed as & uniform bar
,»Subscrigts ' <.
- g,b,c¢ refer to case (a), (b), or (c) in Figure 1k
f refers to flexure

8 refers to shear
c refers to colum, or to vertical member or assembly
G refers to girder, or to horizontal member or assembly

INTRODUCT ION

There are important reasons for considering cantilever-type build-
ings, including the fect that many contemporary buildings tend to respond
to ground motion more as a system of slightly restrained vertical ele-
ments than as traditional rigid frames. Another reason is that buildings
with spandrel or girder damage or hinging tend to function as pseudo
cantilevers in subsequent earthquake response.(l) In addition, much can
be learned about building dynamics including important new parameters and
time-saving methods of enalysis.

Whether or not a building tends to perform as a rigid frame, as a
vertical cantilever, or as some combination of the two depends upon the
relative stiffness and strength of the horizontal and the vertical ele-
ments. The horizontal eclements may be beams, girders, joists, spandrels,
floor slabs, or various combinations. The vertical. elements may be
colums, piers, pilasters, walls, core units (such as around stairwells
and elevator shafts), or various combinations. The tendency in recent
years has been to make the horizontal elements much less rigid than the
vertical elements. This changes or negates much in accepted structural
design practice and certain concepts regarding dynamic properties cf
buildings. Damage in recent earthquekes indicates that design practices
mist be improved for cantilever-type buildings or for structures that
might become cantilever-type during earthquakes. '




BASIC TERMS AND SYMBOLS

A vuper by Jacobsen in 1939(2) provided excellent data on distributed
mass models of buildings which are constructed essentially of solid walls.
These might be .termed pure centilever buildings, the limiting case in a
whole spectrum of cantilever types in current bullding configurations. The
other end of the spectrum is the traditional rigid frame building with
deep spandrels or girders, often with stiffnesses equal to or greater-than
column stiffnesses. Stiffness is defined as the ratio EI/L for each
member, under the assumption herein that the members remain normsal to each
other at the Joints. For simplicity, E can be assumed constant for a
building, either because there is only one material or because the analyst
can usc transformed areas with a single riodulus of elasticity. It is
necessary to have a simple index to define the degree of horizontal to
vertical stiffness in & building. As previously proposed(3,%) et

q%} EQ
1 Lg
P = = (1)
D C
1 Ie ’

The summations are taken for all members in the midheight story. If
the girders or colurmms change in that story, average values from the ad-
Jacent stories are used. Stiffness ratios vary with height, although not
to a great degree in most cases, especially in cantilever-type buildings. -
p is very easy to cobtain and is & most useful index in this problem. ' If
a wall should be solid, or have only insignificant openings, and be the
only vertical resisting element, p would not exist and can be considered
as zero. This would be a pure cantilever. However, if there should be
some horizontal (floor) framing either between walls in the direction
under consideration or elsewhere in the story, the numerator would exist
and p would have a value other than zero, even though very small. p is
alwvays cocputed for the entire story including all members in that story.

Figure 1 indicates some partial building elevations together with
approximate p-values based upon arbitrary assumptions as to the widths
(normal to the elevation)-of the horizontal and vertical members shown.
Elevation (e) represents failed spandrel sections, and (f) represents a
contemporary building of wall sections and flat slab floors.

In computing p, the height of the columns, walls, or pilers would
normally be taken as the full story height floor to floor, and the length
of the horizontal elements, center to center of the vertical elements.

In a few cases, the walls are punctured with openings of such size as to
create short spans for which shear deformations would be significant In
such cases, clear spans would be used in equation 2.
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p-values were computed for many rigid frames and real buildings,(3)
and rigorous analyses were conducted with the aid of computer facilities
to obtain the relationship of structural and dynamic characteristics to p
anl other parameters. Buildings may be generally classified as shear,
shear-frane, cantilever-frame, framed cantilever, or cantilever degending
upon p (or p') values and related characteristics. Another paper( ) has
presented the effects of Joint rotation, -overall flexure and base compli- -
ance for the shear and shear-frame categories, which may generally be
considered to have p-values greater than 0.10. This paper is concerned
with the three cantlilever types of buildings with p-values generally less
than 0.10. It also discusses another type of building, the braced frame.

A basic concept in structural engineering is that the algebraic sum
o1 the mements of all forces in a system in equilibrium must be zero, and
all points in the system must have a set of forces and stresses that
~satisfy this law as well as the requirement for the algebraic sum of the
irr>as along each axis to equal zero. The relative amount of moment
rec_vtance of any type in a building frame varies as o varies. At any
horizuntal plane including the base of the building

OIM + ORM + LM = 0 ' ‘ (3)

In this equation, clockwise rotation is considered positive. All moments
rust, of course, be in consistent units. With this equation it is ap-
varent that for a pure cantilever, ORM would be zero and therefore M=
-CTM, ror a rigid freame or for a combiration of framing and walls, piers
ani/or core units -- given a diaphragnm rigid in its own plane -- there
w1l be both ORM and 2, M. The relative amount of each -- and therefore
the shears in the girders and the axial forces in the colums -- will vary

if p varies.
ANALYSIS OF CANTILEVER-TYPE FRAMES

Various cantilever-type frames were anslyzed rigorously under static
lateral forces to obtailn moments, shears, and axial forces, end alsc
natural periods and mode shapes. In scme cases girder stiffnesses were
varied to obtain various p-values and in other cases column stiffnesses
were varied. Figure 2 shows an 8-story frame used for 22 runs with vari-

ous combinations of column areas and moments of inertia. Figure 3 is &
16-story frame also computed for 22 colurm conditions. For these models
the column properties were assumed constant from top to bottom and for all
columns in each run. Column widths were assumed to be 14 inches parallel
to the loading. p-values for each frame were varied from 1.50 to 0.000l.
For each value, colums were alternately allowed to deform axially {colurm
"shortening") in overall flexure, and not to deform axially. E was taken

as 30,000 kip/in?.
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Structural Variations with p. Figures 4 and 5 show the relation-
ship of p and 2, M for frumes having various values of p, for the 8 and
1l6-story models. It is apparent that approximate methods of analysis
vwhich assume points of inflection at midheight of columns, or even some-
vhere in the lower story, are quite erroncous for p-values somewhat less
than 0.10. Lower, and upper, story moments can be much greater than
indicated by appr ximats methods of rigid frame analysis, as has been
previously noted. 1,6,7 This is a very important point for buildings
with long spans or relatively flexible floor systems; especially in the
lowver and in the upper stories.

Figure 6 shows the axial force in the exterior column solely from
lateral forces for various stories of the 8-story frames. It is to be
noted that the lower story is sensitive to p changes even at high values
while the other stories (except the second) have essentially constant
column axial forces until p becomes less than about 0.0L. Below this
value the structure is approaching the pure cantilever condition end the
colunn axial forces therefore approach zero. Figure 7 shows similar data
for the l6-story frames. The results are similar.

Figure 8 shows the shear in the exterior girder for various floors
of the 8-story frames and Figure 9 for the l6-story frames. The lower
levels are the most sensitive to p-values over the whole range. Figures
6, 7, 8, and 9 are each for the cases in which the columns are allowed to
deform axially. Some of the local variations are due to frame geometry
effects such as flexural rotation of the columms distorting girders.

Figure 10 ‘indicates the ratio of the mpment resisted by flexure,f)hh
to the overturming moment, at the base for various p-values. From equa-
tion 3, using absolute values for convenience,

ORM
O™

The values 25 M/OTM are plotted directly in Figure 10, and ORM/OTM may be
scaled between the curves and the ratio value of 1.00. Data.are shown
for the base levels of the 8-story and the l6-story freme. These curves,
or similar curves for other structures more representative for specific
problems, are useful for various purposes including the consideration of
the effects of possible p variations during earthqueskes. If the girders
should hinge, p would decrease and thus increase the flexursl moment
demands on the columns or piers while the axial forces, per se, in the
vertical members would decrease. On the othet hand, if the columns should
hinge before the girders, p would increase and the cqlumms would have less
" flexural moment with increased axial forces to develop the necessary RM
values. The relative hazards of one type of failure over another would
depend on the particular interaction characteristics of the column seetion
and the numerical values of moment and axial forces. .

1.00 - %Tﬁ | (%)

Dynamic Variations with p. The ratios of natural periods,lT /T.. and
Tl/T3, vary with p as shown in Figure 11. It is apparent that for t
very-low p-values the system is approaching thg classical ratios of 6.27
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and 17.6 for uniform cantilever bars in flexure. For high p-values the
ratios are epproaching the shear bar values of 3 and 5. Joint rotation
is reduced with high p-values indicating greater relative girder stiff-
ness; thus story "shear' predominates.(3,4) On the other hand, for
buildings with p~values .,wuch less than unity the shear bullding concept
(8, 9) without correction (3,4,10) involves serious error in period
determinations.

Figure 11 indicates the categories of buildings associated with the
relative stiffness of the horizontal and the vertical elements.' In the
upper range where the curves are almost vertical there is the "shear"
building. Immediat ely below this is the "shear-frame" building in which
Joint rotation plays an important part. In the next range, flexure and
shear are Loth important and there may be no points of inflection in the
coln~as of the lower story or two. This range is designated herein as
.c¢ "cantilever frame". With lower p-values, overall flexure tends to
dominate =nd there may be no column inflection points in many of the lower
ctories. This is termed here the "framed cantilever" range. Finally, at
very low values of p, the building may be considered a cantilever for most
purposes. The divisions between these categories are arbitrary and must
be considered as subject to variation, and overlapping, depending upon -the
particular matter of interest. The popular but misleading term "shear
wvall" has no relationship to these categories. On the contrary, a build-
ing with "sbear" walls with or without a frame will have low p-values and
will tend to be a cantilever-type wherein flexure will often dominate over
shear per se. The "p" approach is general.

Only the ‘shear building is subject to, analysis by popular, approxi-
rate dynamic or static methods. For all others, joint rotation and over-
all flexure are significant or dominant, and points of columm moment
inflection may be far from the positions indicated by approximate frame
analysis procedures. The dynamic characteristics of building types 1 and
2 have been covered in‘a scparate paper.(h) The other three types are
cons? lered herein.

The mode shapes also vary with p as shown in Figure 12 for the funda-
mental and the second iodes of the l6-story frame. The low p-values indi-
cate flexural performence. The second mode nodal point is much higher
with the low p-values and the fundamental mode shape is curved from the
vertical position as shown. It has been found, however, that a highly
tapered shear stiffness from top to Vottom can also produce & mode shape
as shown (for the low p-values) even in pure, shear.{3) Thus & so-called
"flexural" curvature of a building may or may not represent dominant
overall flexure and low p-values. The p-value, however, is & real indi-

cator-of-the-relative-importance-of-shear-and—flexures—The-participation
factors for top story deflection (6) are also shown in Figure 12. There

is considerable variation with the p-velue.
!

Error in Approximate Methods of Frame Analysis. The technical liter-
ature and most textbooks on structural freme analysis contain considerable
data on various approximate methods of stress analysis of rigid frames for
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buildings. Probably the most popular for several decades have been the
"Portal Method" and the "Cantilever Method", although there are many
others. Most of these methods are based upon assumptions ag to the
locations of points of inflection in girders and columms and/or as to
shear distribution or axial forces in the colums. Enough assumptions
are made to make indeterminate structures subject to analysis by ordi-
nary equations of cquilibriuwn. These methods have been and still are
widely used in building design. .

In most cases with traditional type buildings or buildings of the
shear or chear-frame types -- in other words, buildings with p-values
greater than say 0.10 -- the results obtained are satisfactory. However,
with low p-values the results can be seriously in error and dangerous in
design as indicated in Flgures 4 and S where the points of inflection may
not exist at all in runy stories. This phenomenon, which has been re-
ported previously,(6) occurs in cantilever-type buildings. Low p~values
exist where the spans are long and/or the floor systems are shallow,
where planned vertical structural members such es core units, walls,
plers or massive colums dominate the response, or where non-structural
filler walls or partitions are placed in a building in such manner as to
dominate the response;, at least until demage occurs and possibly allows
the frame to act somewhat as the designer intended. However, girder
hinging in earthquakes can also cause low p -values and cantllever-»ype
response. (1)

Cantilever-type buildings must be treated as such and either be
analyzed by rigorous methods or with proper allowances for the nature of
the cantilever-type system. This becomes very important in not only de-
sign but in the analysis of existing buildings for resistance to ground
motion. .

Table I is a comparison of shears, axial forces and moments for the
lower stories of the exterior column of the building frame of Figure 2,
loaded as shown, The values have been computed by the Portal Method, the
Cantilever Method (which bears no relationship to the cantilever consid-
erations of this paper), and by rigorous methods with computer aid. Only
the lateral forces of Figure 2 are considered in this analysis. The low
p-velue cclumn shears are greater than the approximate methods suggest,
the axial forces are less, and the colurm moments are much greater. It
would seem that cantilever-type buildings designed under traditional ap-
proximate methods can be grossly overstressed, and have been in recent
destructive earthquakes. If this overstressing occurs with structures
not designed to be ductile,(6) failure can be expected. -

PERIOD DETERMINATIONS

Natural periods of any category of buildings mey be computed by the
lumped mass analogy, providing the computations are conducted rigorously
and the effects of column or pier width and joint rotation are carefully
considered. So-called "shear" methods are not appropriate for any but
the shear category in Figure 1l. The lumped mass computation may involve
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considerable, . and sometimes unnecessary, labor for cantilever-type build-
ings. Fven with digital computers it is necessary to prepare data cards
for ell members:

Pure Cantilevers. If p-values are zero or very close to zero, the
structure can be considercd e pure cantilever system, and the periods can
be readily computed by hand methods. (2,3) The building may consist of
several vertical cantilever walls or elements or it may be & single tube
or hellow rectangle. The assumption may usually be made that the total
miss, shear area, and moment of inertia are uniformly distributed over the
height as outlined by Jacobsen. (2) For a pure cantilever with a fixed

base !
‘ T, = 0.288 ./ D, , sec < (5)
T2s = Tls/3 . . (6)
Tyg = T /5 ()
Tp = 0.258 ./ D, , sec (8)
Top = 'rlf/s.a'( (9)
'1:3f = Tlf/lT.6 (10)
- k2 2
Tisr = ﬁis * Ty (1)
wH
D, = 5B AE . ' (12)
D = WH3 _ AVHEDS (13)
t 81 - (10) %

The above equations are shown for the case of s single vertical ele-
nent, which may be of any shape. If there should be two or more vertical
elexents without significant connection between them so that they would
bend individually (i.e., develop no significant shear between them due to
fiexure) and if they participate in parallel, then the sum of their indi-
vidual Ay and I values would be used in the above equations for Ay and I
respectively. However, if individuel vertical elements have sufficient
connecting elements to develop flexural shear for the levels of stress
involved, inen the gross 1 value for- the composite elements would e
employed. 1In this scnse the term gross I includes the Ad“ contrihution
of the combined elements about thelr common neutral axis. There may be
such—combined—elements—in_a_building together with many individual ele-
ments, as for exaryle internsl core-wall units and individoal building— —
colums. The deter.ination of the effective I value thus requires con=-
siderable judgment. Eoch case must be considered on its own merits. The
decision -- often a Wifficult one -- must be made whether the analysis
is approxiiwnte or rigorous. -

The ovriods of several reel cantilever buildings were computed as

above end Llic results compared to known measured periods with good agree-
ment, as shown in Table IX. The low p-values are due to stiff wall
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elements and/or flexible floor systems. There are many buildings with
such characteristics. The ones shown in Teble II are privately owned
and are therefore not identified herein. :

Most buildings of the cantilever-type are dominated by vertical
walls, plers or core elements that do not tend to vary greatly with
height in the building. Thus the assumption of uniform properties is
generally acceptable. This may be checked and, if necessary, corrections
made by reference to Flgure 15 and equation 14.

The Modified Cantilever Method (MCM). In order to explore the
effects of mowmont restraint on the natural periods of framed-cantilever,
cantilever-frace,and cantilever buildings, the 8-story and the l6-story
frame Lullding rodels were used as follows. The lowest three natural
pertods und mode shapes were computed rigorously as lumped mass models
vith a wide range of p-values. In addition, the periods were computed by
equeticns 8, 9, 10 and 13, ignoring the slight restraint of the relatively
flexible girder systems. Shear was also considered but it wvas found to
be negligible,

Ti computed rigorously as a lumped mass system
Tist
Figure 13 skhows the values of A, versus p for the lowest three modes of
both the 8 and the 16-story frames. Some Ay velues are greater than
unity. This illustrates a condition that holds for all values, namely
that a lurped mass system has different characteristics than a uniformly
distributed system. Of course, as the number of masses increases the
period ratios would approach unity.

Let Xi

by equation 11 {or its equivalent)

A separate investigation was made as to the difference in periods
between a uniform rod in pure flexure and for that seme rod modeled by N
equal lumped masses with the masses equally spaced starting at the top of
the rod. The latter case, of course, simulates the lurping of a typical
building. A building per se is neither a distributed rod nor a lumped
system; it. falls between these limits. There are several ways to conduct
the computations for the lurped mass system representing the rod. Three
were employed: (a) rigorous computation, (b) rigorous determination of
Dy as & lumped mass system followed by the use of equations 8, 9 and 10
to get the periods, and (c) determination of story deformations as a
flexural rod followed by pericd computation with lumped messes. The case
(p) method gives periods slightly shorter than the rigorous method for a
small number of masses. However, this difference is reduced as the number
of masses increases. The only difference between procedures (a) and (b)
is the assumption about mass distribution in getting the periods from
known deformations. The results for all three methods are shown in Figure
1k. The values are independent of the mode, i. The ratios shown in
Figure 14, case (a) computation represent the asymptotic A values as p
approaches O. For example, the 8-story values, for all modes, would ap-
proach 1.12, and the l6-story values would approach 1.06.
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The B-story und l6~story frames used for a major part of this study
were assigned uniform column moments of inertia -- for each p-value --
over the height of the -tructure. Since these colums actually represent
the corgj}pier or wall-t rpe members that are usually dorinant and essen-
tially uniform in low p=-value structures, this assumption best simulates
real cantilever-type builcings. The Modified Cantilever Method (MCM)
utilizes the midheight characteristic of p, I, and Ay and simulates most
real structures with very low p-values. If I should vary or taper conside
erably with height, corrections can be applied based upon the results of
a study of the stiffness taper parameter. Most tall buildings have ese-
sentially uniform weight distribution with height even if the stifiness
varies. The rcason is that there are many more significant weight contri-
butions than those of the structural members. The assumption of uniform
weight dictribution -- barring setbacks, of course -- is therefore re-
ta“n_i. Very little has been done with the case of variable stiffness
and uniform noss. However, Salvadori and Heer provided useful constants
for cantileverc of constant mass and linearly verying flexurel stiffness.
{11) Their data were erployed herein in a study that compared the periods
of tapered stiffness flexural cantilevers to the periods computed as uni-
form stiffneuc cantilevers of average moment of inertia. With the
asswmtion of Linearly varying moment of inertia, the midheight value of
I is the same ag tre average value.

Fim:re 15 swmarizes the results of the tapered stiffness study and
provides convenient correction factors, 84, for the first three modes of
vicration. The ratio of the true tapered-stiffness period to the period
computed on the basis of assumed uniform moment of inertia, B4, is plotted
asainst the tuper ratio, defined as the moment of inertia at the top -of
tne cuildipng divided by that at the base., Assumptions are that I varles
linecarly and the mess is uniform. Only flexure is considered. 3{ 1is very
close to unity and therefore negligible for the second and third modes
except for very highly tapered stiffnesses. The first rode is more sen-
sitive and 3] becomes important for taper ratios less than, say, 0.50.

It has been shown(3,4) that for tell buildings with p-values such as
to indicate the shecar or shear-frame types (see Figure 11) column axial
deformation -- often termed column "shortening” -~ may be significant in
period determination and in stress analysis. This effect was alsc invese
tigated for low p-value building frames. As may be expected, the effect
of axial deformation becomes less with decrcasing p-values. It essen-
tially vanishes if p is less then 0.0l and is generally negligible for

p-values—less—than-0.10. This-effect-is—therefore—neglipgible-—for—canti=——""
lever-type buildings.

The Modified Cantilever Method (MCH) provides for the computation of
approximate tall-building periods by the simple methods ncrmally uscd for
cantilever beams. It applies to buildings of the cantilever, fraucd-
cantilever, or cantilever-frame types having low p-values.

P
) (=X \
7, o= (Ty.e) (A)) (‘Pa) (84}

i isf
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(1)

(2)
(3)

~ (4)
(5)
(6)

(7)

(8)
(9)
(10)

(1)
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