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F.A.CULT.A.D DE INGENIE.RI.A. U_N_.A._IVI_ 
DIVISIC>N DE EDUCACIC>N CONTINUA 

A LOS ASISTENTES A LOS CURSOS 

las autoridades de la Facultad de Ingeniería, por conducto del jefe de la 

División de Educación Continua, otorgan una constancia de asistencia a 
quienes cumplan con los requisitos establecidos para cada curso. 

El control de asistencia se llevará a cabo a través de la persona que le entregó 

las notas. Las inasistencias serán computadas por las autoridades de la 

División, con el fin de entregarle constancia solamente a los alumnos que 

tengan un mínimo de 80% de asistencias. 

Pedimos a los asistentes rec~ger su constancia el día de la clausura. Estas se 
' .-.. - ";' 

retendrán por el periodo dé un año·, pasado este' tiempo la DECFI no se hará 
' ' ' .-·: . . _,. ' 

responsable de este docu;..;.~tó. ) ·," 
· .• ' 1 

.- r .... -

Sit recomienda a los . asistentes ; participar activamente con sus ideas y 

experiencias, pues los cursos que ofrece la División están planeados para que 

los profesores expongan una' tesis, pero sobre todo, para que coordinen las 

opiniones de todos los interesados, con'stituyendo verdadero; seminarios. . ' 

Es muy importante que todos los asiste':ltes llenen
1 
y, entreguen su hoja de 

inscripción al inicio del curso, información . que servirá para integrar un 

directorio de asistentes, que se entregará oportunamente. 

Con el objeto de mejorar los servicios que la División de Educación Continua 

ofrece, al final del curso 'deberán entregar la evaluación a través de un 

cuestionario diseñado para emitir juicios anónimos. 

Se recomienda llenar dicha evaluación conforme los profesores impartan sus 

clases, a efecto de no llenar en la última sesión las evaluaciones y con esto 

sean más fehacientes sus apreciaciones . 

'· Atentamente 
División de Educación Continua. 

Palacio de Minería Calle de Tacuba 5 · Pnmer p1so Deleg. Cuauhtémoc 06000 México, D F. APDO Postal M-2285 
Teléfonos 5512-8955 5512-5121 5521-7335 5521-1987 Fax 5510-0573 5521-4021 AL 25 
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Figure. 10. Finite clement model. 

stresses in masonr;• given by American codes. It is reJson· 
able to assume with these stress levels that little or no 
cracking should have occurred. 

MPa 0.69 0.56 038 0.10 -0.10 -0.38 -0.56 -0.69 

em;.-a.~\:::·~-.-¡.- ' ¡- '1 1 
psi 100 81 55 15 -15 -55 -81 -100 

Figure 11. Shear stress contours. 

Stress contours ·are not shown for the cases where the 
FEM model was run with equivalent static forces. or with 
a response spectra analys1s, bowev.er. good agreement was 
seen between them and those for the time-step integra· 
tion analysis. This suggests thatthe discrete MDOF mod· 
el may be suitable for estimating peak lateral forces de· 
spite its simplistic assumptions. Moreover. the linear 

. response spectra approach preved adm1ssible once < modes of vibration could be identified. ,. 

6 CONCLUSlONS 

Various analytical techniques used to study response and 
damage of the historie unreinforced masonry structure 
helped to explain why the building withstood the Loma 
Prieta Earthquake with little damage. Wall shear stress 
levels were shown by both crude and sophisticated meth· 
ods to be within reconcilable ranges. 

The recorded response and the overal! behavior of the 
structure during the earthquake were estimated well with 
the discrete MDOF linear dynamic analyses. Though it 
was far simpler than the finite element model, salient 
characteristics of response such as diaphragm flexibility, 
soil-structure interaction and lateral stiffness of wal!s 

... with openiRgs could be-represented. 
The study has inferred that the vulnerability of unrein

forced masonry construction east of the Rockies may not 
tie as severe as believed with the common consensos. 
There is promise that future earthquake hazard studies 
for specific buildings m ay show that demolition or expen· 
sive rehabilitation may not be necessary. 
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ESTIMATING RESPONSE OF MASONRY STRUCTURES 
WITH LINEAR FINITE ELEMENTS 

·1. ABSTRACf 

Arturo Tena-Colunga 1 and Daniel P. Abrams2 

t 

Dynarriic response of two, three-story reinforced masonry structures that were 
subjected to simulated eanhquake motions was correlated with results of numerical 
models. Three dimensional elastic finite elements were used to model perforated 
flanged walls. Computed frequencies and mode shapes are compared with those 
obtained from experiments. The influence of different lateral force distributions on 
normal and shear stresses at the piers was also examined with the finite element 
models. In addition, lateral drifts were computed using the FEM which were 
correlated with measurements. Research was pan of Task 7.1 of the U.S.-Japan 

· coordinated masonry research program. 

2. INTRODUCTION 

A number of analytical models for perforated shear walls ( commonly known as· 
a "pier models" ) do not replicate the rotational restraint at the top and bottom of 
piers. Frame type ·models .for perforated walls also overestimate lateral stiffness 

· because intersections of pseudo beam and column members must be considered 
rigid. To avoid these artificial restraints, a perforated wall ca? be represented with 

1 Graduate Research Assístant, Department of Civil Engineering, 
University of Jllinois at Urbana-Champaign; Urbana, Illinois 61801 U. S.A. 

1 Associate Professor, Department of Civil Engí11ecrillg, 
University of Jllinoís at Urbana-Champaign; Urbana, Jllinois 61801 U.S.A. 



plane stress finite elements. If an in-plane wall contains a flange, shell elemcnts 
need to be used to model both bending and membrane actions of the flangc. 

It may not be possible to accurately model beha,·ior of reinforced masonry structures 
with linear elastic models because of effects related to cracking, sliding along bed 
joints and slippage of reinforcement. The purpose of this paper is to help illustrate 
the utility of linear elastic finite shell elements for estimating response and behavior 
of low-rise reinforced masonry building structures. An attempt is made to show the 
merits and limitations of using a linear elastic, and thus approximate, finite element 
model to represent the inore complex behavior ancl response of reinforced masonry 
within both linear and nonlinear ranges. Computed frequencies and mode shapes 
are compared with those obtained from experiments. The influence of qiffercnt 
lateral force distributions on normal and shear stress distributions acroos a story 
is examined with the finite element model. Computed drifts for an invened triangular 
load distribution are compared with those measured on ·the shaking table. 

As a pan of Task 7.1 of the TCClvlaR program, one-quaner scale, three-story, 
reinforced masonry StJ;uctures were subjected to simulated scismic loading .. A full 
description of the experimental program and its preliminary results are described 
in references 1, 2, 3 and 5. As is showiÍ in Fig. 1, test structure Rlv!1 was a fully 
symmetric structure that consisted of flanged walls with window openings, \''hile 
test structure RM3 had an asymmetric layout with window and door openings: The 
models were designed based on flexura! criteria, in arder to show that reinforced 
masonry could be designed to incur inelastic deformations. Simulatcd eanhquakes 
were based upon the one recorded at El Centro, California ( NS component ), during 
the 19-10 lmperial Valley Eanhquake. The amplitllde and time scale of the record 
was adjusted so that the structures would respond in a desired range. 

3. DESCRIPTION OF FINITE ELEMENT MODEL 

Four..:noded ( 6 dof/node ), rectangular flat-shell, finite elements were used to model 
the inplane perforated walls, flanges and slabs. This element combined both flexura! 
and membrane actions ( a complete dcscription can be found in Re f. 4 ) . Symmetry 
with respect to the lateral force distribution was taken into consideration, and 
therefore, just half of the structure was modeled. The mesh for structure RM 
consistcd of 138 elements and 180 ·nades, whereas the mesh for structure RM3 
consisted of 108 elements and 150 nades( Fig. 2 ). The meshes were coarse for 
representing stress values quamitatively, howevcr, they were felt to be adequate 
for defining qualitative stress patterns and for estimating deflections. A consisten! 
mass formulation was used in the analysis for distributing the self weight of the 
elements, and the additional weight supported by the slabs. The modulus of elasticity 
used in the analysis was 721 ksi, which was obtained from the average of prism 
tests( Rcf. 1 ). A Poisson ratio of 0.28 was considered. 



4. FREQUENCIES AND MODE SHAPES 

Frequencies for the first three translational modes were computed and are in Table 
1. The apparent first mode frequencies measured during the free vibration tests 
befare al! carthquake test runs of structures were found to be 15 Hz and 13.5 Hz 
for models RMl and RM3 respectively. The analytical models were always stiffer 
than the real structures. These differences may be attributed to premature cracking 
of the models due to shrinkage. In addition, the flexibility of the shaking table 
platform and support system was neglected in the analysis. Also, finite elements 
are always stiffer than the exact solutions, 

TABLE 1.- COMPUTED FREQUENCIES FOR FIRST 
THREE TRANSLATIONAL MODES ( Hz ) 

MODE MODEL RMI MODEL RM3 

1 19.6 15.6 

2 1" 58.0 48.6 

3 96.4 80.9 

The fundamental modes shapes obtained from the finite element analysis are 
presented in Fig. 3 .. They are compared to normalized shapes measured during 
shaking in Fig. 4. The modal participation factor~~. for any mode shape i, is defined 
as ~~ = rmi<!J,i 1 rmi<ll1? , where <!J1i is the amplitude of mode shape i at leve! j, and 
m¡ is the mass at leve! j. 

Computed modal participation factors fof normalized first mode shapes are 
compared in Table 2 for measured and calculated values. Correlations for both 
structures suggested that the modal participation factor for the first mode was 
insensitive to the shape assumption, and thus, a coarse mesh model was felt to be 
appropriate. 

TADLE 2.- MODAL PARTICIPATION FACTORS FOR THE FIRST MODE SHAPE 

Modcl Measurcd Calculated • % Difference 

RMI 1.30 1.28 1.3% 

RM3 1.28 1.28 0.5% 

5. VERTICAL AND SHEAR STRESSES 

From lateral acceleration mcasurements at each of the three levels, it was apparent 
that force distributions fluctuated substantially during shaking. Therefore, it was of 
interest to study thc sensitivity of shear and normal stress distributions at thc base 



story to variations in the lateral force distribution. The question was " does the 
lateral distribution influence damage at the base which, in turn, influences the lateral 
force distribution ? ". 

The same finite element meshes used for the frequency analysis were used to study 
the influence of diffcrent lateral force distributions on normal and shear stresses 
at the base story, where most of the damage was observed. Lateral forces were 
distributed across the nades of each floor slab. Three hypothetical laieral force 
distributions were studied: (a) inverted triangular, (b) uniform, and (e) triangular. 
The analyses were done using forces that would result in the same maximum base 
shear as measured during the last test run of the shaking table tests. The computed 
stress contours are shown in Figs. 5 and 6. A summary of the results obtained are 
presented in Table 3. 

The vertical normal stresses can be analyzed from Figs. 5 and 6 for the different 
load distributions under study. For all distributions on both models, the tension 
and compression stress concentrations were located nearby the corners of an 
opening, as well as in the vicinity of the corner of the exterior piers at the base leve!, 
as was expected. The inverted triangular load distribution produced higher stress 
concentrations at the first story than the triangular or uniform load distribution. 

TADLE 3.- MAXIMUM STRESSES FOR DIFFERENT CONDITIONS AND 
DISTRinUTIONS OF LATERAL LOADJNG( FROM F!NITE ELEMENT ANALYSIS )_ 

LATERAL LOAD a) EQUIVALENT BASE SHEAR 
DISTRIBUTION MODEL RMI ( V1 :1.65W) MODEL RM3 (V¡ = 1.47\V) 

TXY( • ) TXY( - ) ay( • ) ay( - ) TXY( • ) T)(Y( - ) ay( • ) ay( - ) 

lnverted Triangular 210 66 375 375 306 70 759 932 
(1.45) ( 0.46 ) ( 2. 59 ) ( 2. 59 ) (2.11) ( 0.48) ( 5.23 ) ( 6.43 ) 

Uni(orm 210 59 332 332 299 68 678 880 
( 1.45 ) ( o. 41 ) ( 2.29) ( 2.29) ( 2. 06 ) ( 0.47) ( 4. 67 ) ( 6.07 ) 

Triangular 
208 51 247 247 287 65 548 778 

( 1.43) ( o. 35 ) ( l. 70 ) ( 1.70 ) ( l. 98 ) ( 0.45) ( J. 78 ) ( S. 36 ) 

NOTES: 
Stress units : psi ( MPa ) 

( t ) Tcnsion 

The magnitude of the compressive vertical stresses at maximum base shear condition 
for the inverted triangular force distribution ( Table 3 ) may be considered as 
modera te for structure RMl ( 375 ·psi), and important for model RM3 ( 932 ps~ ). 

The analyses indicated that structures RM1 should have cracked at a bast shear 
equal to 0.43\V and that structure RM3 should ha ve cracked ata base shear of 0.2\V 
( assuming a tensile strength equal to 100 psi). These values of base shear were 
lower than those for the initial test runs when no cracking was observed ( 0.41W 
and 0.38\V for RMl and RM3 respectively ). 



Computed shear stresses are presented in Figs. 5 and 6 for the three different load 
distributions and an equivalent base shear. The shear-stress contours identify the 
stress concentration regions in the vicinity of openings, particularly in the central 
pier at the base. The stress contour at the first story are approximately the same 
for all three lateral distributions. The central pier of RMl should be subjected to 
a high shear stress concentration in the zone located between adjacent windows. 
In the first story, the average shear stress in that zone should be almost twice as 
much as the average shear stress for the exterior piers. The magnitude of the 
maximum shear stresses ( Table 3) corresponded to the peak shear stresses obtained 
from diagonal compression tests of square reinforced panels ( Ref. 1 ). However, 
the damage observed did not correlate well with the stress concentration regions 
defined by the finite element analysis. In RMl, exterior piers failed in diagonal 
tension while the central pier could not attract the shear_ that. was expected due to 
the sliding along the bed joints at the top and bottom levels of window openings 
( Fig. 7 ) . This sliding mechanism was not modeled with the elastic finite elements. 

6. LATERAL DEFLECTiq_NS 

The maximum deflection at the top of each structure was computed using the linear 
elastic finite element model with an inverted triangular load distribution. The 
magnitude of the loads was determined according to the base shear measured 
experimentally for each run. For the first test run, uncracked elements were used. 
In subsequent runs, cracking was considered by using a simplified approach. The 
moment of inertia of the cracked section, l.,, was considered instead of the moment 
of inertia of the gross section, ]8 , for those piers which were observed to be cracked. 
An equivalen! modulus of elasticity ,Ecro was input to the computational model ; 

lt should be noted that the axial stiffness of elements subje~ted to tension was 
overestimated, while the axial stiffness of those subjected to compression was 
Ünderestimated. However, these effects should balance by themselves because of 
the rather symmetric mapping considered. 

Measured and computed maximum drifts for models RMl and RM3 for each test 
run are presented in Table 4. Computed drifts are always smaller than measured 
values. The correlation between measured and computed drifts for small amplitude 
test runs was good. Differences between measured and computed drifts at failure 
wcre evident and show the limitation of using cracked-elastic models together with 
a static analysis in the forecasting of drift for inelastic structures subjected to 

· dynamic excitation. The correlation between measured and computed drifts is better 
for structure RMl than for structure RM3. This seems reasonable since RMl did 
not yield until run 3, while RM3 should have yielded during run 2. 



TABLE 4. - MEASURED VS COMPUTED MAX!MUM DRIITS ( S3 1 H ) 

MODEL RMI 

vb Mb Measured FEM 
Run --- --- Drift ( <;;, ) Drift (% ) 

w M y 

1 0.41 0.37 0.03 0.02 

2 0.72 0.73 0.09 0.08 

3 0.97 0.81 0.19 0.15 

4 1.65 1.15 !.06 0.42 

MODEL RM3 

vb Mb Measured FEM 
Run --- --- Drift ( % ) Drift (% ) 

w M y 

1 0.38 0.55 0.04 0.03 

2 0.72 !.O 1 0.17 0.10 

3 0.92 1.29 0.41 0.19 

5 0.99 1.34 0.49 0.22 

6 1.47 1.58 1.32 0.48 

7. SUMMARY AND CONCLUSIONS 

The study showed that linear elastic finite eleinents : 

a) Could give reasonable estimates. of natural frequency. 
b) Could give excellent estimates of mode shape and modal 

participation factor. 
e) Could not give good predictions of damage patterns, because of 

inelastic sliding and yielding mechanisms . 
d) Could give good estimates of lateral drift for low-amplitude 

excitations, but not for large-amplitude ones. 

Future research on analytical modeling of masonry should include development of 
inelastic elements that can represen! cracking, yielding of reinforcement, sliding 
mechanisms and diagonal tension. 
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STRUCTURAL EV ALUATION OF .LOW-RISE MASONRY BUil.DINGS WITH 
FLEXIBLE DIAPHRAGMS SUBJECTED TO EARTHQUAKES 

Arturo Tena-Co!unga 1 and Daniel P. Abrams2 

l. ABSTRACT 

Paper presents a comprehensive methodology for the structural evaluation of low-rise 
masonry structures with flexible diaphragms when subjected to moderare or strong 
eanhquake motions. A discrete multi-degree-of-freedom dynamic model was developed 
to reproduce the dynamic response of !ow-rise masonry buildings with flexible 
diaphragms The proposed discrete model has been used both to compute ume-history 
responses of any structural element representcd on it as we!l as to determine peak 
responses, or responses at specific times of interest Based on the dynamic responses 
computed with the discrete models, different types of evaluation of panicular structural 
components, or the structure as a whole, can be performed In-plane and out-of-plane 
stress evaluattons of masonry components can be done using the results computed from 
the di serete models together with a suitable stress model. The case studies of a low-rise 
masonrv buildings with flexible diaohragms which obtained instrumented records from · 
the 19S9 Lomi Prieta Eanhquake are presented to help illustrate the proposed 
methodology 

2. INTRODUCTION 

It is common practice among structural engineers to target masonry construction as · 
vulnerable and unreliable when subjected to moderate or strong eanhquakes, panicularly 
unreinforced masonry (UR.J\1) structures This belief seems to be based on the extent of 
damage experienced by sorne URM buildings during major eanhquakes in the past. 
Howe,'er, masonry structures can behave well when subjected to strong ground motions, 
including the unreinforced type, as it has been witnessed in recent strong eanhquakes 
such as the 1985 Mtchoacim Eanhquake in México (confmed masonry construction) and 
the 1989 Loma Prieta Eanhquake in California (sorne low-rise URM buildings). 

One of the reasons that structura! engineers may have to condemn old masonry 
structures without taking any technical consideration is the lack of conftdence on using 
standard analytical methods to evaluare stresses in masonry buildings subjected to lateral 

1Coordmator of StruclUres. Centro de lm·estigación Sism1ca. A C. Fundación Ja\·ier Barros Sierra. l.t200 
MbJco DF, !v!EXICO 
2 Profcssor. Department of C1\'il Eng1necnng. Uni\'ersity of l!hnois at Urbana-Champaign. Urbana. 
lllm01s, 61801, USA 



r 

loading The ABK Methodology (ABK, 1981) and the UCBC Code (SEA OC, 1990) 
have providcd the first set of rccommcndations to evaluate old masonT)· construction, 
however, their influence is very regional and their procedures might seem crude for sorne 
and conservative to others. Dynamic effects are virtually no considered in these 
provtstons. 

This work presents a methodology for the structural evaluation of low-rise masonry 
structures with flexible diaphragms when subjected to moderate or strong earthquake 
motions. The methodology intends to be comprehensive, considers the dynamic response 
of masonry structures, and is based u pon MDOF discrete dynamic models as outlined in 
detail elsewhere (Tena-Colunga, 1992 a!b, Tena-Colunga and Abrams, !992a). Dynamic 
in-plane and out-of-plane stress analyses are addressed. Simplified 3-D stress evaluation 
can also be performed. The complexity of the analytical models to use in conjunction 
with the discrete models depends on the necessities, experience and judgment of each 
engineer, that is, they are not fixed by the proposed methodology 

3. BASE ANAL YTICAL MODEL FOR THE PROPOSED METHODOLOGY 
MDOF DISCRETE DYNAMIC MODEL 

The proposed methodology for the structural evaluation of low-rise masonry structures 
with flexible diaphragms when subjected to seismic loading is entirely based upon the 
discrete multi-degree-of-freedom (MDOF) dynamic model as outlined elsewhere (Tena
Colunga !992a!b, Tena-Colunga and Abrams, !992a) The discrete MDOF model was 
developed to simulate the dynamic response of low-rise masonT)· buildings with flexible 
diaphragms. This model represents the dynamic response of a strucrure in a given 
direction of interest by a reduced number of discrete masses associated to translational 
degrees of freedom acting in that direction. Flexible diaphragms are represented by 
elastic springs, which depending on the supporting conditions of the diaphragms are 
idealized as shear-bending or axial springs, or a combination of them (Fig 1 ). Walls 
resisting lateral forces in the direction under study are represented by equivalen! 
condensed beams with translational degrees of freedom which include the rotations of 
the walls throu¡¡h static condensation. Soil-structure interaction effects can be easily 
considcred in the modeling by detining an average lateral dimimshed matrix from the 
averag·e lateral stiffness matrix and the foundation flextbility represented by two 
generaltzed springs (rotational and translational). as presented by Hjelmstad and Foutch 
(!988) 

The dtscrete model ha ve predtcted well response time-histories of structural elements of 
instrumented masonry buildings during the Loma Prieta Earthquake, the firehouse of 
Gilroy and a two-story office building at Palo Alto, as it has been presented elsewhere 
(Tena-Colunga, 1992 a!b; Tena-Colunga and Abrams, 1992 aJb) Therefore, based u pon 
the dynamic responses computed wtth the discrete models, different types of evaluation 
of pamcular structural components, or the structure as a whole, can be performed at 
spectfic times of interest ln-plane and out-of-plane stress evaluations of masonry 
components can be done using the results computed from"'the discrete models together 
with a suitable stress model. A simplified method of 3-D dynamic analysts, named 3-D 
quasi-dynamic analysis (Tena-Colunga, 1992b, Tena-Colunga and Abrams !992a, 1993 
and l994a), was developed based upon the dynamics of the discrete models. The case 
study of a low-rise masonry building with flexible diaphragms which obtained 
instrumented records from the 1989 Loma Prieta Earthquake, the ftrehouse of Gi1roy, is 
presented to help illustrate the proposed methodology. 

4. TWO-DIMENS!ONAL IN-PLA-1\!E Ai'IAL YSIS 

The discrete MDOF dynamic models can be used to identify peak dynamic responses (or 
responses at a given time-step of interest) in any structural element represented on them. 



For example, peak accelerations for a given structural element (e.g., a wall) can be 
extracted from the dynamic analysis with the discrete models. These accelerations can be 
traduced to equivalent lateral forces. These equivalen! lateral forces are used to estímate 
shear stresses within the element of interest, using from simple approaches (e.g., classic 
elastic solutions) to refined methods ofanalysis (e.g., finite elements) 

4.1 C!assic Elastic Solution For Shear Stresses 

Quick estimates of in-plane shear stress can be obtained by employing the elastic solution 
given by Jourawski's formula : 

vo 
T"> = Jb ... ( 1) 

where Txy is the average shear stress through the width and at the depth of interest of a 
given cross section, Vis the acting shear force, Q is the first moment of areas about the 
neutral a.xis of bending, I is the moment of inertia of the section with respect to the 
neutral a.xis, and b is the v.idth of the cross section at the depth of interest. Shear stress is 
maximum at the neutral axis and null at the free edges. For a rectangular cross section, 
the maximum shear stress is 1.5 times the average shear stress, that is : 

3V 
T =-
m~ 2A 

... (2) 

where A is the area of the cross section Equation 2 constitutes a crude approximation 
for a perforated wall because its cross section is not salid along its height. Nevertheless, 
it is a use fu! too! to obtain index val u es of peak shear stresses because it is simple. 

4.2 Allowable Shear Stresses.for Unreinforced Masonry 

Computed shear stresses were compared against the allowable shear stresses of different 
masonry building codes and recommendations used in the United States. namely the 
ABK .tvlethodology (" ABK", 1981 ). the Uniform Code for Building Conservation 
(UCBC; SEAOC, 1991), The 1991 Uniform Building Code (1991 UBC; ICBO, 1991) 
and the ACl 530-92 Code (TMS, 1992) 

4.3 C!assic Elastic Solution for Combined Bending and Axial Stresses 

In unreinforced masonry elements, it is importan! to determine if a state of net tensile 
stress wil! exist because of the low tensile strength that URM has. Quick estimates of 
fle>.:ural stresses can be easily determined by using the classic combined stress equation : 

... (3) 

wherefa is the acting·axial·stress,fb is theacting bending stress, and Fa is an allowable 
working stress criterion given by acode. Equation 3 can be rewritten in different ways to 
fit the criteria of a particular building code. 

4.4 Allowable Combined Stress Criteria 

The UCBC Code specifies that URM piers need no to be analyzed for tensi1e stresses, 
thus, gives no recommendations to check for combined stress states. The ABK 



Methodology has a capacity criterion that does not consider explicitly combined stress 
states in the evaluation of URJ'vl elements. The allowable combined stress criteria of the 
1991 UBC and the ACI 530-92 cedes is similar. The unity equation is the criterion for 
compressive stresses due to bending and axial load : 

... (4) 

where fa is the acting axial stress (psi).fb is the acting bending stress (psi), Fa is the 
al!owable compressive axial stress in URM (psi), and F b is the allowable compressive 
flexura! stress in URM (psi). For net flexura! tensile stresses due to bending and a:cial 
load , both cedes adopt the following criterion : 

... (5) 

where F1 is the allowable tensi1e stress (psi), as addressed by each code (ACI Table 
6.3.1.1 and UBC Sec. 2406 (e) 4). The allowable stresses of Eqs. 4 and 5 can be 
multiplied by 1.33 when lateral loading is considered in the analyses, as is the case of 
earthquake loading. 

5. OUT-OF-PLA..t'lE ANAL YSIS 

The cracking or partial (total) collapse of walls due to the out-of-plane pushing of 
flexible diaphragms has been a dominan! failure. mode observed in UR.!'vl structures 
during past earthquakes. Nevertheless, little attention has been devoted to develop 
suitable analytical methods to evaluate this phenomenon. The discrete JviDOF dynamic 
models can be used to predict critica! lateral displacements imposed to the wall.s 
orthogonal to · the direction of analysis These pred1cted lateral displacements can be 
imposed on FEM representations of these orthogonal walls to evaluate if the horizontal 
bending stresses do not surpass an allowable tensile stress criterion The refinement of 
the FEM mesh will depend on tñe judgment and necessities of each individual. To the 
authors knowledge, there are no simplified methods available in building codes and bas1c 
literature (Schneider 8.:. Dickey, 1987) to evaluate stresses for URM structures when 
subjected to out-of-plane pushing of flexible d1aphragms due to lateral ( earthquake) 
loading Thus, researchers, building officials and practicing engineers should sum efforts 
in this direction in order to develop suitable s1mplified methods wh1ch could be easily 
used and understood by anyone interested on the subject. 

6 STh·lPLIFIEO 3-0 OYNA!'v!IC ANAL YS!S 

A simplified method of 3-0 dynamic analysis, named 3-0 quasi-dynamic analysis, which 
is based entirely on the MDOF discrete models, has be en-developed and primarily u sed 
to evaluate stress states at identified times of peak dynamic responses of structures with 
flexible diaphragms. The quasi-dynamic analysis has been presented in detail elsewhere 
(Tena-Colunga, 1992b; Tena-Colunga and Abrams, 1992a, 1993 and 1994a). The quasi
dynamic analysis consists of extracting the accelerations predicted by the time-step 
integration.analyses oftwo 2-D discrete rviDOF dynamic models of a given structure 
(each discrete model corresponding to one of the principal orthogonal directions of the 
structure) at given times of interest. These accelerations are imposed on a 3-0 
representation of the structure (for example, a finite element mesh) as equivalen! static 
forces Accelerations at the d1aphragms are assumed to act over the same tributary areas 
of the diaphragms considered in the 2-D discrete dynamic models. This method was 
compared to the more traditional 3-D -modal time-step integration and had a general 
good agreement with it, using considerably less computational effort. 



7. CASE STUDY: OLD FIREHOUSE AT GILROY 

The building is a two-story historie building located in downtown Gilroy, California. The 
southeast view ofthe firehouse is depicted in Fig. 2. Gilroy is located-approx.imately 15 
miles south east of the epicenter of the Loma Prieta earthquake. The structure was built 
in 1890 and is a box-type structure, where the lateral force resisting system is composed 
of unreinforced masonry brick walls together with flexible diaphragms (wood sheathing) 
floor systems (Fig. 3). The plywood diaphragms consist of 2.54 cm (1 ") by 10.12 cm 
( 4 ") timbers running in the diagonal direction and nailed to timber joists that are 
supported by built-up trusses. The plywood thickness is 1.27 cm (0.5'') foral! spans with 
the exception of the south diaphragm at the first floor, which is !.59 cm (0.625") thick. 
Al! walls are three-wythe, 30.54 cm (12") running-bond unreinforced masonry brick 
wa!ls joined by mortar bed joints 1.27 cm (0.5'') thick, except for the south (front view) 
wa!l, which thickness varies from 30 54 cm (12.") at the openings zone to 40.64 cm (16") 
and 43.18 cm (17") for the exterior piers as a result of architectural considerations. The 
diaphragms and the walls were tied by 1.91 cm (0.75") .p steel rods anchored in the 
outside wythe of the walls by a hook, and with or without a hook in the diaphragms. The 
building is founded on spread footings. 

Prior to the Loma Prieta Earthquake, the former firehouse was instrumented by 
California Strong Motion Instrumentation Program (CSMIP) with six accelerometers 
(Fig. 3) Recorded peak ground accelerations were as high as 0.29g (sensor 3, Figs. 3) 
and peak roof accelerations as high as 0.79g at the diaphragm andO 4lg at the central 
wall (sensors 5 and 4, same figure) Considerable amplifications of the peak accelerations 
between the ground and the roof. and between the walls and the diaphragms were 
observed The former firehouse withstood the Loma Prieta Earthquake with little 
damage The structure has been the subject of a detailed investigat10n which results can 
be consulted elsewhere ( Tena-Colunga, 1992b, Tena-Colunga and Abrams, 1992a). 

7.1 Discrete Models 

The discrete models presented-on Fig. 1 were used to predict peak accelerations on the 
walls of the firehouse in the E-W and N-S directions. The predicted peak accelerations 
for the E-W direction are illustrated in Fig 4 It can be observed that the walls with more 
openings (e g. south wall) experience higher accelerations than the more salid walls (e.g. 
north wall) as a consequence of the diaphragm flexibility, as it has be en pointed out in 
previous works (Tena-Colunga, 1992b; Tena-Colunga and Abrams, 1992a and 1994b ). 
Wah these accelerations and the tributaf)' masses, equivalen! lateral forces were 
computed. 

7.2 2-D In-Piane Shear Analyses 

Two different methods were u sed to evaluate in-plane shear stresses. Quick estima tes of 
in-plane shear stresses were obtained using classic elastic solutions (Eqs. 1 and 2), and 
they are compared against the ultimate an allowable shear stresses given by different 
masonry codes and recommendations of the US in Table l. The compressive strength of 
the masonry, f m was taken as 9.5 MPa ( 1325 psi), according to the lab material tests 
performed with the bricks claimed from the firehouse, and the basic bed-joint shear stress 
v1 was defined as O 61 MPa (85 psi) from measured in-place shear data (Tena-Colunga, 
1992b; Tena-Colunga and Abrams, 1992a). The amount of compressive axial stress for 
each wall dueto dead load only is also given in Table l. 
The max.imum shear stresses presented in Table 1 are much higher than the allowable 
shear limits prescribed by the UCBC code provisions, especially for the south, central 
and east walls. Hence, under this criterion, severe shear cracking should be expected at 
these walls. In contras!, the structure stood the Loma Prieta Earthquake with little 
damage (at the south wall only), as described in previous works (Tena-Colunga, 1992b; 



Tena-Colunga and Abrams, 1992a). The UCBC provisions constitute the current state
of-the-an in the evaluation of existing URM búildings. 

Table l. Estimated vs code shear stresses at the firehouse ofGilroy. Umts: MPa (psi) 

\Val! Estimated Wall Stresses U! ti mate Shear Allowable Shear 

Axial Ave Shear Max Shear ABK (ma'<) UCBC (max) UBC (ave) ACI (ave) 

South 0.32 (44.) 0.29 (40.) 0.43 (60.) 0.58 (81.) 0.11 (15.) 0.14 (20.) 0.39 (55.) 

Central 0.29 (40.) 0.24 (33.) 0.35 (49.) 0.56 (78.) 0.11 (15.) O.P (19.) 0.39 (55.) 

North 0.18 (25.) 0.08 (IL) 0.12 (16.) 0.48 (67.) 0.09 (12.) 0.11 (16.) 0.39 (55.) 

East 0.29 (41.) 0.16 (22.) o 24 (34.) 0.57 (79.) 0.11 (15.) 0.14 (19.) 0.39 (55.) 

Wcst 0.21 (29.) 0.08(11) 0.11 (16.) 0.50 (70.) 0.09 (13.) 0.12 (17.) 0.39 (55.) 

On the other hand, data in Table 1 suggest that, for all walls, the computed maximum 
shear stresses did not surpass the ultimate shear stress criterion of the ABK 
Methodology. Maximum shear stresses were less than 74% of the deterrnined in-plane 
shear strength. On the basis of approximate stresses computed this way, it is credible that 
masonry should ha ve not cracked during the Loma Prieta Eanhquake. 

Under the 1991 UBC criterion, only the nonh and west walls should be expected to 
survive the eanhquake v,ithout severe damage, whereas under the AC1 530-92 criterion, 
only the south wall should have experienced shear damage while the rest of the walls 
should have remained undamaged. Therefore, data in Table 1 suggests that the UBC " 
criterion is very conservative for regarding allowable shear stresses for URM 
bearing/shear walls, whereas the provisions of the ACI 530-92 code seem to apply well 
in this panicular case study 

More refined stress analyses. were perforrned using 2-D finite elements. All the walls 
were modeled using eight-noded, two-DOF per node quadratic serendipity isoparametric 
plane stress elements available m the fir.ite element program POLO-FINITE (Lopez et al, 
1987). For the illustration purposes of the present work, only the analysis of the critica! 
wall, the south wall (Fig. 5) is addressed. Mesh refine'Tient attended to research 
purposes, specially to define qualitative stress patterns. For practica! purposes, a coarser 
mesh could have been used. The variations in the thickness of the wall dúe to 
architectural aesthetics were included in the modeling. Y oung's modulus of the masonry 
was taken as 515 ksi, according to the data obtained from the test of the prisms made 
\\ith reclaimed material from the firehouse (Tena-Colunga, 1992b, Tena-Colunga and 
Abrams, 1992a). Equivalent seismic forces obtained from the accelerations of Fig. 4 
were uniforrnly distributed along the edges of the clements that define the floor levels. 
Self weight of the masonry was introduced in all elements through a uniforrnly 
distributed body force Additional gravitational loads were also applied along the edges 
of the elements that define the floor levels. Because of the symmetry of the wall with 
respect to its vertical axis, the direction of the seismic load was not a major factor to 
constder in the stress analysis. However, the stress contours presented .in Fig. 5 
correspond to a lateral loading acting from west to east (Fig. 4 ). A mirror image stress 
contours should be present if the seismic loading would ha ve been considered to act from 
east to west. 

Shear stress contours are presented in Fig. 5. Eight contour levels were selected to 
evaluate the overall response of the wall according to different code provisions. Target 
values that define contour boundaries correspond to those given by the UCBC, the ACI 
530-88, and the ABK Methodology, according to Table l. An upper target value of O. 72 
MPa (1 00 psi) was introduced to identify regions where shear stresses were predicted to 



surpass the ultimate maximum shear capacity of the masonry, according to the ABK 
Methodology. 

Stress contours presented suggest that under the critica! state of loading, the ultimate 
shear capacity (81 psi) could have been surpassed primarily in a region between the 
extreme outer upper comers of the windows at the first floor and the outer v.indows of 
the second floor. A mild shear crack was observed at that location in the west si de of the 
wall. The contours also identify high shear stress concentrations in the upper corners of 
the o u ter v.indows at the second floor. Given the unrefinement of the mesh in the regions 
nearby openings, this information should be ignored. In general, stress contours suggest 
that the wall should have experienced sorne damage in a relatively small wall extension, 
according to the ultimate shear capacity criterion of the .tillK Methodology. The wall 
was lightly damaged in ene of the critica! regions defined by the contours under the ABK 
Methodology criterion. 

Under the ACI 530-92 code guidelines (allowable shear stress of 55 psi), the stress 
contours of Fig. 5 define a larger affected area in the critica! regions identified under the 
ABK criterion. In addition, the suspicious damaged zones spread into the first story piers 
and to regions nearby the top of the central door opening and inner upper comer of the 
v.ide window openings at the first floor. Sorne mild cracking was observed in the last 
region, however, no damage was observed at the first story piers during the field survey 

If the maximum allowable shear stress of 15 psi of the UCBC is considered, then, stress 
contours of Fig. 5 suggest that the walls could have experienced generalized and 
extensive shear damage According to the damage observed during the fleld survey of 
the firehouse, it is felt that the shear stress criterion of the UCBC cede is very 
conservati,·e. The south wall presented a negligible amount of shear damage whereas the 
UCBC code predicted severe generalized damage The ultimate shear strength criterion 
of the ABK Methodology has given a reasonable prediction of the observed damage for 
this case study The ACI provisions, although intended for design of new construction 
rather than for evaluation of old structures, gave a reasonable prediction of the observed 
darnage at the wall also. 

7.3 2-D In-Plane Combined Stress Analyses 

Estimated net fle).:ural tensile and compressive stresses for each wall using eructe 
methods (Eqs 4 and 5), and associated to the lateralloads ofFig. 4, are surnrnarized and 
compared against the criteria of the 1991 UBC and ACI 530-92 codes in Table 2. The 
allowable fle);ural !ensile stress, F1 , has been airead y increased by 3 3 percent in the 
Table. The ACI 530-92 code allows no tensile stress for this condition. Computed values 
from the left hand si de terms of Eqs 4 and 5, are presented in the table to compare more 
easily against code's cíiteria In Table 2, the axial compressive stress due to dead load 
only is dcfincd by fad· while the compressive stress du~ to dead and live load is defined 
byfadl 

It could be observed from Table 2 that, under the critica! loading condition, all walls 
should have no problem for net compressive stresses (Eq 4) .. AJl walls but the west wall 
are subjectcd toa net tensile stress state under the critica! i:ondition (Eq 5). The central 
wall is the only one which could have experienced net flexura! stresses higher than those 
allowed by the lTBC cede. However, no fle~-ural tensile cracks were observed in any of 
the walls at the first story piers. The only cracking caused by tensile stresses in the 
building was the horizontal bending cracks at the bottom and the top of the slender piers 
among window openings at the second leve! of the south wall. Therefore, this eructe 
method of evaluation correlates well with which was observed in the structure. 



Table 2. b·aiuation of estimated combined stress states "ith respect to the 
1991 UBC and ACI 530-92 codes 

Estimated stresses (psi) Codé allowable stresses (psi) Combmed stress cnteria 

Wall lb fad fadl Fb F F Ft Ft Eq. 5 Eq. 4 · Eq. 4 a a 
UBC ACI UBC ACI (psi) UBC ACI 

South 68 44. 55. 437. 265. 331. 36 O. 24 0.36 0.32 

Central 99 40 53. 437. 265. 331. . 36. O. 59 0.43 0.39 

Nonh 33. 25. 30. 437. 265. 331. 36. O. 8 0.19 0.17 

East 55. 41. 50. 437. 265. 331. 36. O. p 0.31 0.28 

West 22. 29. 35. 437. 265. 331 36. O. -7 0.18 0.16 

More refined stress analyses were performed. using the 2-D finite elements, with the 
elements characteristics and details as described before. For the illustration purposes of 
the presem work, only the analysis of the critica! wall, the central wall (Fig. 6) is 
addressed. Critica! stress contours were defined when lateral loading was applied from 
west to east (left to right in Fig. 6). Target values were chosen to identifY net tensile 
stresses and sorne allowable tensile and compressive stresses according to cede criteria 
(Table 2). It can be observed from the stress contours of Fig. 6 that under the critica! 
state of loading, sorne net tensile stresses (ACI 530-92 criterion) are identified primarily 
at opposite corners of the door opening (left-top and right-bottom corners), at the 
second floor leve! and the left si de of the Jeft and right piers at the first story If the 1991 
UBC allowable tensile stress normal to the bedjoints of0.26l'v1Pa (36 psi) is considered, 
the identified regions are less spread. The higher tensile stresses are concentrated at the 
corners and they should be disregarded because the mesh is too coarse in thosé zones to 
accurately estimate stresses. The central wall was primarily únder compression and 
v..ithin the allowable limits 

7.4 Out-Of-Plane Stress Anal)(Sis 

Horizontal normal stresses caused by the out-of-plane pushing action of the diaphragms 
and the walls perpendicular to the wall under consideration were studied using -finite 
elements. The case study of the south wall is presemed for illustration purposes for out
of-plane bending because is the weaker wall of the firehouse in the E-W direction. 
Standard isoparametric quadratic shell elements ( eight nodes, six-dof-per node) were 
used to determine out-of-plane stress distributions instead of the more traditional plate 
bending elements, because of the irregularities in the geometry of the walls and openings 
which requires trapezoidal elements in the mesh. The soil-foundation system was 
modeled v..ith rigid beam elements connected to vertical and horizontal springs in the 
direction of the out-of-plane displacements The stiffness of the spring elements was 
defined according to the ATC 3-06 specifications (ATC:., 1978). 

Out-of-plane stresses were deterrnined by imposing to the wall under study the corrected 
predicted in-plane displacements obtained from the discrete models at the center of the 
diaphragms and at the wall's running in the perpendicular direction at the time where the 
peak displacement was obtained Therefore, for the south wall, the predicted and 
corrected displacements·obtained from the discrete model in the N-S direction (Fig. 1) at 
t=5.45 seconds were imposed to the nodes which represen! the intersection of the 
discrete masses of the N-S modeling in the south wall. These displacements are 
summarized in Table 3 

The computed deflected out-of-plane shape of the south wall under these imposed 
deformations is presented in Fig. 7, where a frame of reference is offered to help 
visualize the out-of-plane deformations. The displacements at the base are uniform 



because the foundation was assumed to behave as a rigid body. The horizontal nonnal 
stress contours obtained from the out-of-plane finite element analysis under these 
imposed defonnations are presented in Fig. 8. Contour values were selected to highlight 
net !ensile stress states. The 1991 UBC Code specifies an allowable tensile stress of 
0.52MPa (72 psi) for flexura! tension nonnal to the head joints. Tensile stresses 
exceeding the UBC allowable stresses were located at the center of the wall below the 
central window opening at the second floor. The highest tensile stresses were found 
nearby the intersection of the wall with the center of the diaphragm at the first story. The 
identify o ver stressed region was narrow. No cracking under this condition was observed 
in the wall. Although most of the central part of the wall was subjected to tensile stresses 
nonnal to the head joints, the magnitude of these stresses was generally lower than the 
allowable stress prescribed by thP. UBC code. Therefore, the south wall was expected to 
present little or no damage under out-of-plane pushing. An effective connection between 
the wa!ls and the diaphragms may have contributed to an adequate performance of the 
walls under out-of-plane loading. 

Table 3. Imposed and corrected out-of-plane displacements to the south wall 
at t=5.45 seconds. Units: cm (inches) 

lntcrsection \\1th Fmt Floor Roof 

East Wall o 23 (0.09) 0.36 (0 14) 

Centcr of South Diaphragm 0.79 (0.31) 1.02 (O 40) 

West Wall O 18 (O.Oí) 
1 

0.25 (0 10) 

8. Sl:.J?vl1vL-\R Y MTI CONCLUSIONS 

A comprehensive methodology for the structural evaluation · of low-rise masonry 
structures with flexible diaphragms when subjected to moderate or strong eanhquake 
motions based on discrete MDOF dynamic models was presented. Different types of 
evaluation of structural components, or the structure as a whole, were addressed using 
both simpltfied and elaborated procedures in conjunction with the discrete models. In
plane and out-of-plane stress evaluations of masonry components were illustrated using 
the resu!ts computed from the discrete models together with a suitable model. The case 
study of a low-rise masonry building with flexible diaphragms which obtained 
instrumented records from the 1989 Loma Prieta Eanhquake was ·presented to help 
illustrate the proposed methodology. The proposed evaluation procedure was helpful to 
correlate the predicted responses against the observed extent of damage after the 
eanhquake. The methodology was helpful to evaluate anorher instrumented low-rise 
masonry building (Tena-Colunga and Abrams. !992b). It is felt that the proposed 
methodology based on the discrete models can be used with confidence in the seismic 
evaluation of low-rise masonry structures with flexible diaphragms. The present study 
a!so highlights the need to develop simplified methods to evaluate out-of-plane stresses 
in wall components due to the pushing action of flexible diaphragms, as this is a 
dorninant failure mode observed during recent eanhquakes 
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SEISMIC BEHAVIOR OF STRUCTURES WITH FLEXIBLE DIAPHRAGMS 

By Arturo Tena-Colunga' and Daniel P. Abrams,Z Members, ASCE 

AaSTRACT: The inftuence of ftoor ftexibility on the seismic response of building suuctures is discussed through 
comparison of the computed seismic response for structures with flexible diaphragms and counterpart structures 
with rigid diaphragms. Case studics of three existing buildings with flexible diaphragms and analogous systems 
with rigid diaphragms are presented to illustrate these differences. Each building was subjected to the 1989 
Loma Prieta Earthquake. The structures were: ( 1) A two-story firehouse in Gilroy with unreinforced masonry 
walls; (2) a two-story timber office building irl Palo Alto with grouted and reinforced clay-unit masonry shear 
walls; and (3) an eight-story hotel in Oakland with unn:inforced clay-unit masonry and reinforced-concrete shear 
walls. The analytical studies show that, in sorne cases, diaphragm and shear-wall accelerations can increase with 
the flexibility of the diaphragm. Torsional forces can reduce considerably as diaphragm flexibility increases. 
Further, approximate expressions prescribed in current seismic codes can underestimate the period of vibration 
of systerns with flexible diaphragms. 

INTRODUCTION 

Structures with flexible ftoor systems behave differently un
der dynamic lateral loading than structures with rigid dia
phragms. The Amencan Plywood Association (APA 1983) rec· 
ognizes this fact by publishmg a design guide that discusses 
procedures for determining and distributing seismic forces us
ing flexible plywood diaphragms. The AB K Methodology 
("Methodology" 198.!) recommends analytical procedures for 
thc horizomal displaccment control of flexible diaphragms that 
are based on dynamic testing and modeling. Recommendations 
for the seismic evaluauon of URM buildings wilh flexible di
aphra.gms contained 1n the Unifonn Code for Buildmg Con
servation ("Seismic" 1994) were derived from the ABK re
scarch as were similar prov¡sions includcd in FEMA. 178 
("E\·aluauon" 1992). The Umform Building Code (UBC) 
( 1994 r contatns prov¡sions for the seismic design of newly 
constructcd buildmg systems that consider.fl.exible-dJaphragm 
behavior. In Section 16:!8.5. a statement is madc that story 
shear force shall be distributed to various elements in propor
t\On lO the1r relative rig•dllJCS. cons1dering the rigidity of the 
d1aphrag:m. Dwphragms are to be considcrcd flexible when the 
diaphragm deflecuon cxceeds twice the story drift. Torsional 
effects are addrcssed in UBC Section 1628.6 only for the case 
when d1aphragms are not flexible. Diaphragm deftecuons shall 
not exceed pennissible deflections of attached elcments per 
Scctwn 1631.2.9. 

The concept that building structures with flexible dia
phragms behave d¡fferently from systems with rig1d dia
phragms ts fundamental. However, flexiblc·diaphragrn systems 
are still analyz.ed wlth criteria and recommendations developed 
for structures with ngid diaphragms. This practice is not nec
essarily conservative As discussed in this paper, structures 
wnh flexible diaphragms can ex.perience higher accelerations 
and displaccments than structures with rigid diaphragms, and 
thetr fundamental penods of v¡bration can be significantly 
1onger. 

In moderate and strong eanhquakes, a number of timber 
diaphragms may be forced to develop their full strength as 
thcy are defonned past the proportional limit. When this hap-
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pens, dynamic response will be nonlinear as the diaphragms 
tend to degrade in stiffness. In such case, the lateral force 
applied to a shear wall will not exceed the st.rength of the 
diaphragm, and it is feasible to simply apply lateral forces to 
a wall that are equal lO the diaphragm strength (as prescribed 
by !he AB K method). Because diaphragm damage was no! 
observed 10 the three subject buildings describcd in the fol
lowing sections, diaphragms were modeled with linear ele
ments. Conclusions drawn from th1s study are applicable only 
to elastic d1aphragms. 

SUBJECT BUILDINGS 

Three existing buildings. which were subjected to the 1989 
Loma Prieta Eanhquake werc selected for analytic~l.investi
gation. Each building system consisted of lateral-force-rcsist
ing elements of masonry and flexible floor and roof dia
phragms of tlmber The se1smic response of each building 
system is computed and comparcd wnh mcasurcd accelera
tions whcn available. The response of analogous, hypothetical 
systems wnh rigid d1aphragms are then computed to contrast 
the response of actual systems wllh flexible diaphragms. 

Firehouse in Gilroy 

The first subject building is a two-story fonner firchouse, 
located in Gilroy, Califorma (fig. 1). The town of Gilroy is 
approximatcly 25 km south east of Loma Prieta. The structure 
was built in 1892 and is one of the first tnstrumented unrein~ 
forced masonry buildings to be subjected to a modcrate earth~ 
quake. The firehouse ts a box.-type structure, where the lateral
force-resisting elements are unrcinforced masonry brick walls 
tied C?Jgether with flexible timber floor and roof diaphragms 
(Fig. 2). The buildmg was rehabilitated before !he 1989 earlh-

"'<J\ --- ~ .. --·-·-- ·-

FIG. 1. South Elevatlon of Gllroy Flrehouee 
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FIG. 2. Accelerometer Locatlons for Gilroy Flrehouse 

quake by adding plywood sheets to diagonal shealing (25 X 
101 mm). The plywood thickness is 13 mm for all spans ex· 
cept the south diaphragm at the first !loor, which is 16-mm 
thick. 

. All unreinforced masonry walls are three wythes of el ay· 
unit brick laid in runmng bond with header units at every fifth 
course. Typical wall th1ckness 1s 305 mm. The thickncss of 
thc south wall varies from 305 mm around the window open
ings to 406 mm and 432 mm at the exterior piers. Mortar is 
in good condiuon, and was made w1th sand, hydrated lime, 
and sorne cement. Bed and head Joints are 12-mm thick. The 
floor, ceiling, and roof diaphragms are tied to the masonry 
walls with 19-mm diarneter steel rods that are anchored in the 
exterior wythes w1th a hook. The building is founded on 
spread footings. 

The building was instrumented by the California Strong 
Motion Insu-umentation Program (CSMIP) with s1x acceler
ometers (Shakal et al. 1989). During the Loma Pneta Earth· 
quake, recorded ground accelerauons in the east-west direction 
were as high as 0.29g (sensor 3, Fig. 2). East-wcst accclera
tions were as high as 0.79g at the midspan of the roof dia
phragm and 0.4lg at the top of the central wall (sensors 5 and 
4, respectively). The structure withstood the earthquake with 
little damage for reasons discussed in Tena-Colunga and 
Abrams ( 1992). 

Olfice Building in Palo Alto 

The second subject building is a two-story office building 
(Fig. 3) in Palo Alto, California (50 km north of Loma Prieta), 
which was built in 1974. The lateral-force-resisting system 
consists of two grouted and reínforced, clay-unit masonry 
walls at the north and south ends. Flexible !loor and roof di· 
aphragms span between each wall (Fig. 4 )_ The second floor 
consists of 38-mm-thick lightweight concrete over 19-mm
thick Douglas Fir plywood mounted on 914-mm open truss 
joists running in the east·west direction every 610 mm. Two 
interior glulam beams (130 X 381 mm) running in the north
south direction and four exterior glulam beams (130 X 419 
mm) complete thc floor system. The roof diaphragm is more 
flexible than the first-floor diaphragm. with 13-mm·thick ply
wood and deep interior and exterior timber beams running in 
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FIG. 3.- Southwest Elevatlon of Palo Alto Offlce Building [from 
Shakal et al. (1989)] 

both direcuons. The aspect ratio of both d1aphragms (length/ 
width) is 1.87. 

The L-shaped masonry walls are 305-mm thick. Grout has 
been placed within a 178-mm cavity between the two wythes. 
Clay-masonry units are grade MW and are laid in running 
bond with a type S mortar. \Valls are reinforced w1th No. 4 
bars at 305 mm in both horizontal and ven1cal directions. Ad
ditional vertical reinforcing bars were prov¡ded at the comers. 
All reinforcernent steel was speciñed to be Grade 40, and the 
length of lap sp!ices was specilied at 50-bar diameters. Dia
phragms are tied to the walls at ledgcrs with 19-mm·diameter 
steel rods that are anchored with a hook lo the grouted collar 
joint. These ledgers are nominally placed every 610 mm in 
both directions. Plywood is connccted to the ledgers with Of · 

The gravity-load system consists of tubular steel colu. 
(89·mm diarneter) and extenor glulam columns. The buildk"' 
is founded on spread footings. 

The building was instrumented by CSMIP with seven ac
celerometers. Recorded ground accelcra.tions dunng. the Loma 
Prieta Earthquake were as high as 0.2lg (sensor 3, F1g. 4), 
and roof accelerations were as h1gh as 0.34g at the north wall 
and 0.55g at the m1dspan of the diaphragm (sensors 4 and 5, 
F1g. 4 ). The office building sustained the earthqu:;J<.e with no 
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FIG. 4. Accalerometer Locatlons tor Palo Alto Office Building 



damage. The su-ucturc has been the subject of a dctailcd in· 
vcstigation descnbcd in Tcna-Colunga and Abrams (l992c). 

Hotel in Oakland 

The Tourraine Hotel (Fig. 5) is a seven·story building lo· 
cated m downtown Oakland, California (76 km nonh of Loma 
Prieta) and constructed in 1914. Thc: plan of the first Hoor is 
rectangular in shape, whcreas the plan of the second through 
scventh fioors is C-shaped (Fig. 5). The building is 30.5-m 
long on the north elevation (Ftg. 6), 1 8.3-m wide on the east 
elevation, and 28.1·m tall. 

The lateral load system consists of unreinforced masonry 
and lightweight reinforced-concrete shear walls with flexible 
wood dtaphragms. The east and north facade walls are 356-
mm·thick clay-unit masonry·walls, whereas the south and west 
property-line walls are 203-mm-thick lightweight concrete 
walls with brick vencer. The verticalload-carrying system con
sists of stecl frarnes with semtrigid connections encased into 
the masonry and reinforced-concrete walls. All steel connec
tions are riveted and consist of clip angles at the top and bot
tom of beams for connections to columns. 

Roor systems are 19-mm-thlck plywood diaphragms, with 
rough llmber fioor JOists (76 X 330 mm) supponed on steel 
bcams. Typical ftoors have 25 X 102 mm straight shcathing 
ovcrlaid by 25 X 76 mm tonguc and groovc Hooring. The 
sccond floor 1s shcathcd w1th 25 X 152 mm diagonal shcath
ing. ''Government' · anchoes were used to connect lhc fioor 
systems to the exterior masonry walls. Two anchors pcr bay 
were typically used. Government anchors were also used as 
an extra tie betwecn fioor joists over intenor beams. Ceilings 
are cement plaster on expanded metal lath attached directly to 
the undcrside of thc cciling joists. Typical partiuon-wall con
strucuon is plaster on metal lath over wood studs. 

Modcrate structural damage was obscrved following the 
Loma Prieta Earthquake. D1agonal shear craCts wcre observcd 
at the sccond story piers of both the east and ·thc north masonry 
walls, as we\1 as bctwecn wmdow openings on the south re
tnforccd-concrete walls at the first and secOód stories. Exten
sive cracking was scen on the first-story piers encasing the 
stecl columns, in part1cular at the northeastcm cerner of the 
build1ng. Extensive damage was observed to the pi aster on the 
first-ftoor cclimg. All ftoor systcms werc found in good con
dition after the earthquake. There was no evidence of fo"un~ 
dation distress. 

• 
FIG. 5. Southeaat Elevatlon of Tourralne Hotel 

FIG. 6. North Elevation of Tourraine Hotel (Courtesy of URS 
Consultants) 

Observed damage can be associated with the torsional fiex· 
ibility of the buildmg on the first story. North and east ele
vations consist of masonry facade walls that are discontinuous 
on the first story while south and wcst elevations consist of 
salid walls of remforced concrete. The largc eccentricity of the 
lateral forces about the center of stiffness resulted in substan
tial torsional forccs. and thus damage to the comer elcrrientS. 

ANALYTICAL STUDIES 

Discretc, multidegree-of-freedorn (MDOF) dynamic models 
were developed to study thc measurcd dynarnic response of 
the Gilroy firehouse and the Palo Alto office buildmg. The 
MDOF dynamic model (Tena-Colunga 1992; Tena-Colunga 
and Abrarns 1992) was based on ltnear masonry behavior and 
flexible and linear diaphragms. Soil fiexibility was modeled 
with rranslational and rotational spnngs attached to the foun~ 
dation.-The 10-DOF and etght-DOF discrete models in Fig. 7 
werc used to represent the dynamic response of the firehouse 
in the cast-wcst and north·south dircctions, rcspcctivcly, 
whereas the stx-DOF d1scrcle rnodcls in Ftg. 8 were used to 
model the dynamic response of the officc building at Palo Alto 
in each direction. Acceleration and dt::.placement histories werc 
computed with these models and compared favorably against 
the measured seismic response in earlicr studies. Thcn, models 
were used to estimate the dynamic response of the same butld
ing systems with rigid diaphragms so that correlations could 
be made between the two cases. 

The seismic response of each of thc three buildings was 
exarnined with respcct to: ( 1) maximum lateral accelerations~ 
(2) maximum lateral displacements; (3) torsional effects; and 
( 4) natural periods. 

Maximum Lateral Accelerations 

Computed peak accelcrations for flexible and rigid dia
phragm systcms are shown in Table 1 for the firehouse and in 
Table 2 for the office building. 
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FIG. 7. Discreta Oynamic Models for Flrehouse: (a) East-West 
Dtrectlon¡ (b) North-South Oirectlon 

'" 

FIG. 8. Discreta Dynamlc Models forOfflce Buhding: (a) East
West Dlrectlon; (b) North-South Oirectlon 

For a fixcd-base condition, the assumption of flexible dia
phragms can result in lower wall acceleralions than the as
sumption of rigid diaphragrns (0.15g versus 0.22g for the 
south wall of the firehouse). However, the opposite may be 
trUc when soil fiex.ibility is considered. In this case, wall ac
celerations were computed to be larger with flexible dia
phragms than with ngid diaphragms (0.40g versus 0.3lg). Al
though lhe soil was identified as stiff, and the foundation 
consisted of spread footings. the consideratton of foundation 
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TABL.E 1 Roof Acceleratlons tor Flrehouse (g) 

Flexible Rigid 
Diaphragms Diaphragms 

FIX9d Flexible Fixed Flexiblr 
Element Measured base base base. base 

(1) (2) (3) (4) (5) (6) 

(a) East-west d¡recuon 

South wall - 0.15 0.40 0.22 0.31 
Central wall 0.41 0.06 0.34 0.22 0.31 
North wall - 0.04 0.31 0.22 0.31 
South diaphragm 0.79 0.55 0.79 0.22 0.31 
North diaphragm - 0.17 0.39 0.22 0.31 

(b) North-south d.irecoon 

East wall - 0.20 0.30 0.22 0.24 
West wall - 0.08 0.20 0.22 0.24 
South d1aphragm 0.55 0.44 0.54 0.22 0.24 
Nonh d1aphragm - 0_43 0.53 0.22 0.24 

TABLE 2 Root Accelerations tor Offlce Building (g) 

Flexible Rigld 
Diaphragms Dtaphragms 

FlXGd Flexible Fixed Flexible 
Element Measured base base base base 

(1) (2) (3) (4) (5) (6) 

(a) East-west dm:cuon 

South wall 0.32 0.06 o 21 0.17 0.21 
North wall 0.34 0.06 0.21 0.17 0.21 
Di:~.phragm 0.53 044 0.55 0.17 0.21 

(b) North-soulh dm:coon 

South wall - 0.07 

1 

0.16 0.21 0.26 
North wall - O.Q7 0.16 0.21 0.26 
Diaphragm 0.36 0.37 0.45 0.21 0.1( 

fiexibility was essenual for good correlation with the measured 
dynamic response of the firehouse. 

According to the model of the firchouse in the east-west 
dircction. the most flexible wall [south wall, Fig. 7(a)] should 
accelcrate shghtly more than thc adjaccnt paralle! walls (0.40g 
versus 0.34g and 0.3lg) when diaphragms and the soil are 
assumed to be flexible. Similar observations can be drawn in 
the north-south direction where the more flexible east wall 
should accelerate more than the west wall (0.30g versus 
0.20g). 

Aexible diaphragms should accelerate more than stiffer di
aphragms. In the east-west direction, peak acceleration at the 
midspan of the south firehouse roof were measured to be the 
sarne O. 79g as computed. and was larger than the estimated 
acceleration for the shmter north diaphragm span (0.39g). 
These values should decrcase to 0.3lg with a rigid diaphragm 
according to the model. 

The computed response of the office building (Table 2) in
fers similar, but less pronounced trends. Wall accelerations 
were computed to be much less with flexible diaphragms than 
with rigid diaphragms when a fixed-base condition was con
sidered (0.06g versus 0.17 g in the east-west direction). but 
were the sarne (0.2lg in the east-west direction) for both rigid
and fiexiblc-diaphragm assumptions when soil fiexibility was 
considered. Roof acceleraticns were again much larger when 
dtaphragms were considered lo be flexible (0.55g versus 0.2lg 
in the east-west direction). 

Maximum Lateral Displacements 

Computed peak deflections for flexible- and rigid-dia· 
phragm systems are shown in Table 3 for the firehouse and in 
Table 4 for the office building. 



TABLE 3 Roof Olsplacements tor Flrehouse ( mm 

Flexible Rlgid 
Diaphragms Dlaphragms 

Fixed Flexible Fixed Flexible 
Eiement Measured base base base base 

(1) (2) (3) (4) (5) (6) 

(a) East west d1recuon -
South wall - 5.1 21.8 2.0 14.5 
Central wall - 2.0 18.3 2.0 14.5 
Non.h wall - 0.8 17.0 2.0 14.5 
Soulh d1aphragm - 22.1 40.6 2.0 14.5 
Nonh d1aphragm - 4.3 21.1 20 14.5 

(b) North south d1recuon -
East wall - 3.0 6.6 1.5 2.4 
West wall - 1.3 4.6 1.5 2.4 
South d1aphragm - 12.4 16.3 1.5 2.4 
North diaphragm - 12.2 16.0 1.5 2.4 

TABLE 4 Root Olsplacements tor Otfice Building (mm) 

Fiex1ble Rig1d 
Diaphragms Oiaphragms 

F1xed Flexible Fixed Flexible 
Element Measured base base base base 

( 1) (2) (3) (4) (5) (6) 

(a) East west drrection -
South wall - 1.3 5.1 1.5 4.6 
North wall - 1.3 5.1 1.5 4.6 
Diaphragm - 20.6 26 7 1.5 4.6 

(b) l'orth soulh dtrectLOn .. 

Sout.h wall - 1.8 5.1 2.5 5.3 
Non.h wall - 1.8 5.1. 2.5 5.3 
Diaphragm - 12.7 16 3.t 2.5 53 

According to the model. the most flexiti\Cwal\ of the fire
house (south wall) should deftect more than the adJacent par
alle\ walls when a flexible diaphragm is assumed (2.18 cm 
versus 1.83 cm, and 1.70 cm for a flexible soil). With a rig1d 
d~aphragm, deftections of all walls should be equal by defi
nition, and generally less than those for the flexible-diaphragrn 
system, p::uticularly when the soil is considered to be flexible. 
D1aphragm deflections should be much larger for flexible than 
for rigid systems; however, the ralio of diaphragm deftections 
for flexible and rigid systems should reduce as soil ftexibihty 
is increased. Similar, but less pronounced trends can be seen 
wilh computed displacements of the office building. 

Although the analytical models only considered lhe in-plane 
masonry shear walls, diaphragm deftections will irnpose large 
defiections on the transvcrse walls. This action can result in 
signifi.cant tensile stresses normal to the bed jomts, and may 
cause horizontal cracking at the brick-mortar interface. No 
damage of the firehouse was observed in this context. because 
the imposed out-of-plane wall deformatlons were small. Finite
clement idealizat..ions of transverse bending in the south and 
cast walls wcre done to identify critical tensile stresses normal 
to thc head joints at times of peak displacernent. Peak tensile 
stresses normal to the head jomts were detennined to be only 
slightly larger than the allowable working stresses prescribed 
by the 1994 UBC (Tena-Colunga and Abarns 1 992b). 

Torsional Effects 

The inftuence of diaphragm ftexibility on torsional effects 
was examined using a Lhree-dimensional finite-element mode1 
to study the vibrational characteristics of the firehouse. The 
finite-element code ABAQUS (1989) was used for the analyses 
with three-dimensional thick shell elements for the masonry 

)_ 
' . 

FIG. 9. Torsional Mode Shape for Firehous·e· 

wal!s and diaphragms. The second global mode shape (Fig. 9) 
defined a tors10nal mode characterized by significant rotational 
components in the x-: plane. However, the inftuence of this 
mode was diminished as thc fiexibility of the diaphragm was 
increased. The associated modal masses in the north-south (the 
z direction) and &.e east-west (the x direction) were relatively 
low (0.7% and 7.5% of the total modal mass, respeclively). 

Another set o~ analyses was done considcring rigid ct1a
phragms. A matnx rnethod was used to compute the torsional 
eccentricity of the structurc (Damy-Ríos and Alcocer 1987). 
~e tor.sional eccentricities as fractions of the max.imurn plan 
d1mensJon were, for the east-west direction: e, = 0.20L1 (first 
floor), ez = 0.23L1 (roof leve!). and L 1 = 12.~ m; and for the 
north-south d~rection: e,= 0.31L, (first ftoor). e,= O. 14L, (roof 
leve!), and L 2 = 19Om. The first two mode shapes and as
sociated modal mas! es were computed using standard mcthods 
of structural dynarmcs. For thc first molle. thc .associatcd mo
dal masses were 52 7 and 29.9% of thc total modal mass m 
the east~west and no.·lh-south direcllons, rcspectivcly, whereas 
for the second modt thc assoc¡ated modal ma.sses were 32.9 
and 47.7%. These ar:alyses confinncd thc hn,;.h torsional cou
pling that the firehouse should have expcn~nced ¡f the dia
phragms were consid.:red to be rigid. 

A computational srudy of tht: Oakland hotel structurc also 
rev~aled the irnportar1CC of a flexible diaphragm in reducmg 
tors10nal effects. As tor the firehouse, a three-dimensional fi. 
nite-element model was used to define the vibrational char· 
actenstics of the hotel considering that the diaphragms were 
flexible or rigid. The first four modes computed for both d1-

aphragm assumptlons are summarized in Table 5. Modal 
masses are presented as a fraction of the total modal mass 
acting in the identified direction. Torsional coupling IS much 
higherfor the rigid-dia¡jtragm assumption. For thc first mode, 
the associated modal ffi'iSS in the nonh-south direction de· 
crcased from 75.8% of D1e global mass to only 56.8% when 
the diaphragms were considered to be rigid. In addition. the 
associated modal mass it the orthogonal direction increased 
frorn 2.0 to 16.3% for tllis mode, which illustrates torsional 

TABLE 5 Mode S ha pes for Hotel 

FLEXtBLE DIAPHRAGMS RtGID DIAPHRAGMS 

Associated Associated 

Period Modal Mass Penod Modal Mass 

M o de (s) X 7 z (s) X y z 
(1) (2) (3) (4) (S) (6) (7) (8) (9) 

1 l.ll 0.02 000 0.76 0.97 0.16 0.00 0.57 
2 0.80 0.83 000 0.02 0.43 0.58 0.01 0.25 
3 0.49 0.01 000 0.07 0.27 0.14 o.oo 0.06 
4 0.40 0.00 004 0.00 0.20 0.02 0.56 0.03 
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coupling with the rigid-diaphragm idealization. This tendency 
was even more pronounced for the second mode. 

Natural Period 

For estimation of the fundamental period of vibration, most 
seismic cedes do not differentiate between building systems 
wtth flexible diaphragms from those with rigtd diaphragms. 

Method A of the 1994 UBC code (Section 1628.2.2) is an 
approximate method in tended for all bui1dings. The period es
timate is given by Eq. (28-3) of the code, which for shear
wall systems (masonry or reinforced concrete) can be rewritten 
as 

0.0743 , .. 
T = -;==~;=::'::'=;=::;=;"C h,;" 

~LA, [ 0.2 + (~JJ 
(1) 

where A, = minimum cross-sectional shear arca in any hori
zontal plane of a shear wa11 in the tirst story (in m'): D, = 
lenglh of a wall in the direction parallel to lhe applied forces 
in the first story (in m); and h. = height of the buildmg (in 
m). The D,lh" ratio shall not exceed 0.9. This equation is based 
on experimental data from structural systems with rigid dia
phragms, and may therefore be inaccurate for flexible-dia
phragm systems. Method B of the 1994 UBC is based on the 
Rayleigh quotient and the fundamental period is detennined 
using the structural properties and deformauon characteristics 
of the resisting elements. If a suitable model is used for the 
analysis of suuctures with flexible diaphragms, the natural pe
riod estimate should be closely predtcted ustng this method. 

The National Earthquake Hazards Reduction Program 
(NEHRP) ("NEHRP" 1994) provisions state lhat the period 
of a building structure shall be based on establishcd methods 
of rnechanics and the properties of structural systerns in the 
direction of analysis. The base of the building is ~ssumed to 
be fixed. Thc natural penod as calculated shalJ not exceed the 
approximate period of the structure as esumated with the 
following: 

T s C,.T,. (2) 

where C,. = a coefficient for an upper limit on calculated period 
[Table 2.3.3, "NEHRP" ( 1994a)]; and T. = approximate fun
damental penod of the building, which for a shear·wall build. 
ing is computed as 

(3) 

where h. = height (in m) between the base and lhe highest 
leve! of the building. Eq. (3) is intended to give a conservative 
shorter period for use in estimating an equivalent base shear 
("NEHRP" 1994b). Good correlations cannot necessarily be 
expected for structures with flexible diaphragrns. 

The 1994 NEHRP provisions also include sml-structure·in
teraction effects. The effective fundamental penad of a build
ing structure can be detennined using Eq. 2.5.2.1.1-1 of the 
provisions, which ts based on the ATC 3-06 docurnent ("Ten
tative" 1978) and is reproduced as follows: 

T= T ~(1 +;,) (1 + ~:') (4) 

where T a pcriod as determined with (2); ¡¿ " stiffness of a 
fixed-base building; fi = effective height of the building or 0.7 . 
times the total height; Ky = lateral foundation stiffness; and K8 

= rocking stiffness of the foundation. Because (4) includes the 
stiffness of the soil and structure, a period estimate is reason
ably accurate if a suitable rnodel is used for a ficxible·dia
phragm system. 
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TABLE 6 Fundamental PerlodS and Code Estlmates (s) 

NEHRP 
f1xed NEHR p 

Building Period UBCA UBCB base w1th soi 
(1) (2) (3) (4) (5) (6' 

Ftrehouse, NS 0.325 0.154 0.321 0.234 0.) 
F1rehouse, EW 0.453 0.138 0.453 0.234 0.40u 
Office builcling, NS 0.367 0.210 0.350 0.216 0.370 
Office buildmg. EW 0.400 0.300 0.370 0.216 0.420 
Hotel, NS 1.113 0.488 1.102 0.594 1.125 
Hotel, EW 0.804 0.519 0.793 0.594 0.823 

Periods of vibration per the UBC and NEHRP provisions 
are compared in Table 6 with the measured periods of the 
Gilroy firehouse and the Palo Alto office building. Periods 
were read from Fourier arnplitudc spcctra computed from mea
sured acceleration records. 1l1e computcd fundamental pcriod 
of the Oakland hotel from three-dimensional finite-element 
analyses was used in lieu of measured data. The UBC Method 
A and NEHRP fixed-base periods consistently provided shorter 
periods than were inferred from measurernents or were corn
puted. Furthennore, these period estimates differ substantially 
between themselves. Because the destgn spectra for both the 
UBC and the NEHRP provis10ns result in larger dcsign forces 
as the natural period gets shorter (based on a stiff soil), the 
majar effect of underestimating the natural period of a struc
ture ts that the base shear will be ovcrcsumated. Hence, the 
use of these approxtmate periods will b..:. conservative. How
ever, for softer soils, higher accelerations are expectcd for 
structUies with periods in the mediurn range, and the under
estimaung penad will not necessarily be conscrvative. 

Period estimates based on the more rigorous cod.e rnethods · 
(UBC Melhod B and NEHRP wtth sotl-structurc intcraction) 
were in clase agreemem with measured and finite-elcrr 
method values. For thcse utlmatcs, the dtscrete MDOF mo 
(Figs. 7 and 8) were used 10 determine the structural propert11 ..... 
of lhe building systems. 

SUMMARY ANO CONCl.USIONS 

The inftuence of floor fle dbtlity was examined for building 
strUctures with enher flexi\>le or ngid diaphragrns. The dy
narmc characteristics of three existing building systems with 
flexible dxaphragms, and cou.1terpart hypothetical systems with 
rigtd diaphragms, were contrasted to help illustrate the signif
icance of ftexible-diaphragm behavior on seismic response. 

Analytical studies suggested that, as diaphragm ftexibility 
increases, diaphragm and shear-wall acclerations can increase 
in sorne cast:s. Flexible in-plane shear wa1ls can vibrate at 
higher accelerations than stiffe~ walls in a flexible-diaphragm 
system. Design critena based en rigid-diaphragm behavior is 
not necessarily conservative for ftexible-diaphragm systems. 

Torsional effects can be reduced considerably as the ftexi
bility of the diaphragm is increased. 

The fundamental period of building systerns with flexible 
diaphragms is consistently longer than values estimatcd with 
simplified rnethods glven by current seismic codes. 
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APPENDIX 11. NOTATION 

Th~ following symbols are used in thi.s paper: 

A, 

c. 
D, 

t!z, ~~ 
¡¡ 

h. 
K o 
K, 
k 
L 

L~o L2 
T 

T, 

= 

= 
= 
= 
= 
= 
= 
= 

= 

= 
= 

minimum cross-sectional shear arca of shear wall in any 
honzontal plane at first story; 
coefficient for an upper limit on period; 
length of wall in the direction parallel with shear forces; 
torsional eccentricies in the x and z directions; 
effective height of building. 0.7 times full hc:ight; 
height of building; 
rocking stiffness of foundation; 
lateral stiffness of foundalion; 
stiffness of fixed-base building; 
length of building in direction being analyzed; 
Iength of building parallel to torsiona.l eccentricities; 
fundamental period of buildmg; and 
approximate fundamental period per Eq. (3 ). 
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!S"crmas Técni ~ás Complementarias para Diseño y Construcción de Estructuras de Mampostería 

NOTACION 

A, area de acer 'de refuerzo colocada en el extremo de un 

A 
•'· 

A, 
A, 
B 

b 
e 
" 

d 

el 

d' 

E 

F 
1 

~: 
í 
"' 

f* 

r, 
G 
H 
H' 
L 
L' 

p 

muro 
área total dt refuerzo honzontal en el muro 
área total dt refuerzo vertical en el muro 
area bruta d : la sección transversal del muro 
coeficiente ; ·ara el cálculo de la resistencia ante carga 
vertrcal de n uros rigidizados por elementos transversa· 
les . 

1 
longitud de rpoyo de una losa soportada por el muro 
coeficiente< e variación dz la resistencia en compreSión 
de las pieza i · 
coeficiente ' :! variación de la resistencia en compreSión 
de la mamp •steria 
coeficiente ' o variación de la resistencia en cortante de 
la mampost· ria 
distancia er ere el centrorde del acero de tensión y el 
e>.trcmo opr esto del muro 
menor dime rsión de la sección del castillo o cadena que 
confina al 11 uro. 
distancia cr tre los centroidcs del acero colocado en 
ambos extrc nos de un muro 
módulo de e asticidad de la mampostería para esfuerzos 
de compresr m normales a las juntas 
factor de re( rcción por efectos de excentricidad y es be!-
tez 
factor de rcr ucción de resistencia 
resistencia e ;pecificada del concreto en compresión 
media de la ·esistencia en compresión de la mamposte· 
ría, referida al área bruta 
resistencia e o diseño en compresión de la mampostería. 
referida al ir ea bruta 
media de lt! resistencia en compresión de las piezas, 
referida al :i ea bruta 
resistencia e o diseño en compresión de las piezas. refe
rida al área rruta 
esfuerzo de luencia especificado del acero de refuerzo 
módulo de e Jrtante de la mampostería 
altura no re~ tringida del muro 
altura efecti a del muro 
longitud efe :tiva del muro 
separación entre elementos que rigidizan 
transversalr: tentc al muro 
momento flc xionante, aplicado en el plano, que resiste el 
muro en flc: ocomprcsión 
momentofl< xionante. aplicado en el plano, que resiste el 
muro en flc· ·ión pura 
carga axialt Jtal que obra sobre el muro, sin multiplicar 
por el factor de carga 
carga axial !•>tal que obra sobre el muro multiplicada por 

el factor de carga. 
P • resistencia de diseño del muro a carga vertical 
p, cuantJa de refuerzo horizontal en el muro 
P, cuantJa de refuerzo vertical en el muro 
Q factor de comportamiento-sísmico 
s separación del acero de refuerLo 
t espesor del muro 
V • fuerza cortante resistente 
v• esfuerzo éortante de diseño, sobre área bruta 
v media de los esfuerzos cortantes resistentes de muretes. 

sobre área bruta 

l. CONSIDERACIONES GENERALES 

1.1 Alcance 

Los capítulos 2 a 5 de estas disposiciones se aplican al drsc1io 
y construcción de muros constituí dos por piezas pnsmáticas de 
piedra artificial. macizas o huecas, unidas por un mortero 
aglutinante. Incluyen muros reforzados con armados in teno
res, castillos. cadenas o contrafuertes. 

El capítulo 6 se aplica al diseño y construcción de elementos 
de mampostería de piedras naturales. 

2. MATERIALES PARA MAMPOSTERIA 

2.1 Piezas 

2.1.1 Tipos de piezas 

Las piezas usadas en los elementos estructurales de mampos
tería deberán cumplir los requisitos generales de calidad 
especificados por la Drreeción General de Normas de J¡¡ 
Secretaria de (;{)mercw y Fomento Industrial para cada mate
rial. En particular deberán aplicarse las siguientes normas. 

C6 Ladrillos y bloques cerámicos de barro, arcilla 
o similares 

C!O Bloques, ladrillos o tabiques y tabicones de concreto 

En el capitulo de diseño sísmico del Reglamento se fijan 
distintos factores de comportamiento sísm1co, Q, en fimclÓll 
del tipo de pieza que compone un muro y de su refuerLo 

Para fines de aplicación del capitulo mencronado se conside· 
rarán como piezas macizas aquellas que tienen en su sección 
transversal más desfavorable un área neta de por los menos 75 
por ciento del área total. y cuyas paredes no tienen espesores 
menores de 2 cm. 
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L ,; piezas huec 1s a que hace referencia el capítulo de diseño 
s1 e mico son las que tienen en su seccción transversal más 
de s r:worable un : rea neta de por lo menos 45 por ciento del área 
b 1uta; además el 'sPesor de sus paredes ex1eriores no es menor 
q11o 1.5 cm. · 

]. i 1 Reszstenc¡,' en compresiÓn 

L 1 esistencia en compresión se determinará para cada tipo de 
P'' ns de acuerde con el ensaye espccíficadoen la norma NOM 
e ~(~. 

P;;:" diseño se en 1pleará un valor de la resistencia, r;. mbdida 
so:'" el área b1 uta, que se determinará como el que es 
al< '·1zado por lo :nenas por el 98% de las piezas producidas. 

Ct "ndo se tenga r videncia de que el valor mínimo garanti?.ado 
po el fabricante cumple con la definición anterior. podrá 
to1 1arse éste con· ) resistencia de diseño. 

Ct· 1 :1do no se cu npla lo anterror, la resistencia de diseño se 
de;: 1 minará con )ase en la infonnación estadística existente 
sol ' ; el product< en cuestión o a panir de muestreos de la 
pn .lucción de l<:~ pieza en cuestión. En este último caso se 
ob: :·1drán al men JS tres muestras de diez piezas cada una. de 
lot• ; diferentes d. la producción. Las 30 piezas así obtenidas 
se :nsayarán con ,¡ procedimiento especificado en la norma 
Ci ·, ,. la resisten: 1a de diseño se calculará como. 

f* r 1 + 2.5c, 

cloi . ~ 

e, 

o , 

es el promc( 10 de las resistencias en compresión de las 
piezas ensa~ 1das 
es el coefic1 :nte de variación de la resistencia de las 
p1ezas ensa; 1das, pero su \"alar no se tomará menor que 
0.20 para p1 ·zas provenientes de plantas mecanizadas 
con control le calidad de la resistencia. que 0.30 para 
piezas de fa ·ricación mecanizada, pero sin control de 
:alidad de re .¡stenc1a, y que 0.35 para piezas de produc
ción anesan l. 

\torteros 

Los !IIOneros que ;e empleen en elementos estructurales de 
ma1 1postería debe án cumplir con los requisitos siguientes: 

a) Su resist ncíaen compresión será porlo menosde40 
kg!i:"m'. 

b) La relación volumétrica entre la arena y la suma :!·: · 
ccmentantes se encontrará entre 2.25 y 3. 

e) La resistencia se determinará según lo especificado 
en la norma NOM e 61. 

d) Se empleará la mínima cantidad de agua que dé 
como resultado un manero fácilmente trabajable 

L3. tá.bla siguiente muestra las características de algun\1s 
proporcíonamientos recomendados. 

PROPORCIONAMIENTOS, EN VOLUI\IEI'\, 
RECOMENDADOS PARA MORTERO EN 

ELEMENTOS ESTRUCTURALES 

Tipo 
de 

mortero 

I 

¡¡ 

Ili 

Panes 
de 

ccmcn!o 

Partes de 
cemento de 
albañilería 

O a '1, 

'1, a 1 

Partes 
decal 

O a 1 /~ 

Panes 
de arcnJ• 

Valor 
lipico de 

la rctstcncia 
nominal 

en CQmprcsiOn 
en lg,'cm: 

125 

75 

40 

• El volumen de arena se medirá en estado suelto. 

2.3 Acero de refuerzo 

El refuerzo que se emplee en castJllos, dalas y/o elemento> 
colocados en el interior del muro. estará constituido por barra5 
corrugadas que cumplan las especificaciones NOMB6 y NO!\ 1 
B294. por malla de acero que cumpla con la especificaciór 
B290 o por alambres corrugados laminados en frío que cum
plan con la norma NOM B72. o por armaduras soldadas por 
resistencia eléctrica de alambre de acero para castillos y dalas 
que cumplan con la norma NOM B-456. Se admitirá el uso de 
barras lisas únicamente en estribos, en mallas clcctrosoldada.~ 
o en conectores. Se podrán utilizar otros tipos de acero siempre 
y cuando se demuestre a satisfacción del Departamento su 
eficiencia cOmO refuerzo estructural. 

Como esfuer1.o de diseño, f. se considerará el de fluencia 
' garantizado por el fabricante. La verificación de calidad del 

acero se hará de acuerdo con la norma correspondiente de la 
Dirección General de Normas. 
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1.-· ·-tamposterü. 

l - Res1stencú. a comprensión. 

L:l :, sistencia de. liseño en compresión de la mampostería, f!, 
soh : área bruta. se determinará con alguno de los procedí
mi .:1 ,ws siguientl s: 

a) Ensaye,· de pilas construidas con las piezas y mor· 
teros q¡·e se emplearán en la obra. Las pilas estarán 
formad !S por lo menos con 3 piezas sobrepuestas. La 
relació.1 altura espesor de la pila estará comprendida 
entre2 · 5; las pilasseensayaránalaedadde28días. 
Para e almacenamiento de los especímenes, su 
cabece: do y el procedimiento de ensaye se seguirán, 
en lo q1 e sean aplicables, las normas que rigen para 
el enso ce a compresión de cilindros de concreto 
(NOM :::83). 

E! ·;fuerzo mcd1) obtenido, calculado sobre el área bruta. se 
e o 'egirá multipl cándolo por los factores de la tabla siguiente· 

FACTOI ~S CORRECTIVOS PARA LAS 
RESISTEN< lAS DE PILAS CON DIFERENTES 

RE:,ACIONES DE ESBELTEZ 

Re iCión de esbe tez de la p1la 2 3 4 5 

F:1 1or correctivc 0.75 0.90 1.00 1.05 

Pa :1 esbelteces u.termedias se interpolará linealmente. 
i...:1 ~esistcncia de diseño se calculará como 

r• m 1 + 2.5cm 

en :¡ue 

~" es el promc jio de la resistencia de las pilas ensayadas, 
corregida p JT esbeltez 

e 
"' 

el coeficien e de variación de la resistencia de las pilas 
ensayadas, ue en ningún,caso se tomará irúcrior a 0.15 

La :i~terminació1 se hará en un mínimode9 pilasconstruídas 
co ' p1ezas prove1 ientes de por lo menos 3 lotes diferentes del 
flll:llllO producto 

b) A partir de la resistencia de diseño de las p1ezas 
el mortero 

l. Para bloques y tabique de concreto con relación 
altura a espesor no menor que un medio. y CO!l 
r• =" 200 kg/cm', la resistencia de disei1o a compre
siÓn será la que wdica la tabla sigu1entc. si so 
comprueba que las piezas y el mortero cumplen coli 
los requisitos de calidad especificados en 2.1 y 2.1. 
respectivamente. 

RESISTENCIA DE DISEÑO A COMPRESION DE LA 
MAMPOSTERIA DE PIEZAS DE CONCRETO 

(f* SOBRE AREA BRUTA) .. 
f* m' en kg/cm' 

~ ,. en k g/ cm' Morteroi Mortero ll Mortero Ili 

25 15 10 10 
50 25 20 20. 
75 40 35 30. 
100 50 45 40. 
150 75 60 60 
200 100 90 so 

Para valores intermedios se mterpolará linealmente . ." __ , 

r- p' 

2. Para piezas de barro y otros materiales. cxcept1: 
concreto, con relación altura a espesor no menor qu· 
un medio, la resistencia de disefio a compresión ser: 
lo que se obtiene de la tabla s1guiente para lo 
morteros recomendados 

RESISTENCIA DE DISEÑO A COMPRES!Oii 
DE LA MAMPOSTERIA DE PIEZAS 

DE BARRO 
(f* •' SOBRE AREA BRUTA) 

f* m' en kglcm' 
en kg/cm' Mortero 1 Mortero 11 Mortero IJJ 

25 10 10 10 
50 20 20 20 
75 30 30 25 
100 40 40 30 
150 60 60 40 
200 80 70 50 
300 120 90 70 
400 140 110 90 
500 160 130 110 

-Ú 
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l:!ra valores in :rmediosse interpolará linealmente. 

e) VaiOJ ·s indicativos. Si no se reali7an detcnninacio
nes e.· Jerimentales podrán emplearse los valores de 
f*. qL :, para distintos tipos de piezas y moneros, se 
prcse1 tan en la tabla siguiente: 

gESISTENCL, DE DISEÑO A COMPRESION DE LA 
\lAMPOSTf RIA, f* •' PARA ALGUNOS TIPOS DE 

PII ZA, SOBRE AREA BRUTA' 

Valores de f* •• en k g/ cm' 
Tipo de pieza Mortero 1 Mortero 11 Monero 111 

rabique de bo ro recocido 15 15 15 

'lloquc de cm -reto tipo A 
pesado) 20 15 15 

Tabique de ca tcreto' 
: f* >80 kg/cm ) 20 15 15 ,. 
i":lbique con h !CCOS VCrti-

::•les' (f* >12r kg/cm') 40 40 JO 
' 

1 1 .a relación á1 ~a neta-brutJ no será menor de 0.45. 
:·abricado cor: arena sílica y peso volumétrico no menor de 
,.\Oükglm'. 

d) Res1stc 1cia en compresrón de mampostería con 
refuer~ ' mterior. Para mampostería con refuerzo 
interio1 que cumpla con los requisitos especificados 
en 3.4. ;e tomará para f*. el valor que corresponde 
a mam¡ astería sin refuerzo. incrementado en 25o/o, 
pero nc en más de 7 kg/cm'. 

e) Resiste,cia en compresión de muros confinados. 
Para muros reforzados con dalas y castillos que 
cumpla tlos requisitos de 3.3, el esfuerzo resistente 
en com Jresión, f* •. calculado para la mampostería 
sin refuorzo podrá Incrementarse en 4 kg/em'. 

2 .. .. Esfuerzo co .. tante resistente de diseFJo 

La 1 ::s1stencia a üerza conante de muros de mampostería 
se~an se calcula en la sc~ión 4.3. se basa en el esfuerzo 
cor .: nte resistente de diseño, y+, el cual se tomará de la tabla 
srg :onte· 

E.' 1 UERZO CüRTANTE RESISTENTE DE DISEÑO 
I'ARAALGl"NOS TIPOS DE MAMPOSTERIA, 

~;OBRE AREA BRUTA 

Ftcza Tipo de manero en kg/em' 

Tal" hJUe de barro : ecoéido 3.5 

Tabique de concreto 
(f* > 80 kg/cm') 

' 
Tabique hueco de barro' 

Bloque de concreto tipo A 
(pesado) 

11 y I1I 

1 
11 y 111 

1 
11 y m 

1 
JI y 111 

3 

3 
2 

3 
2 

3.5 
25 

1 Laspiezashulicasdeberán cumplir con los requisitos tijac'os 
en 2.1. Cuando el valor de la tabla sea mayor que 0.8 '11';:" 
se tomará este último valor como v• 

' Tabique de barro con perforaciones venicales con rclaCJ. "' 
de áreas neta a bruta no menor de 0.45 

Para materiales no cubienos en la tabla anterior el esfuer ·o 
cortante resistente se determinará mediante ensayes con pr L"~~ 
cedimientos aprobados por el Depanamento. 

Será aceptable la determinación del esfuerzo conante resiste·'
te a panirdel ensaye de mure1es con una longitud de al men•JS 
una vez y media la máxima dimensión de la pieza y con ·:l 
número de hiladas necesario para que la altura sea aproxim1-. 
da mente igual a la longitud Los muretes se ensJyarán som..::~ 
tiéndolos a una carga de compres1ón a lo largo de su diagon rl 
y el esfuerzo ca nante medio se determinará dividiendo la carra 
máxima entre el área bruta del murete medida sobre la misn .;¡ 
diagonal. 

La determinación se hará sobre un mímmo de 9 muretes 
construí dos con piezas provcmcntcs de por lo menos tres lote~ 
diferentes. 

Para diseño se utili7.ará un esfuerzo resistente igual a 

v* = 
t - 2.5c. 

en que 

v es el promedio de los esfuerzos reststentes de los murete, 
ensayados 

cv es el coeficiente de variación de los esfuerzos resistente> 
de los muretes ensayados que no se tomará menor que 
0.20 

Para muros que dispongan de algún SIStema de refuerz<· 
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e u. a contribució 1 a la resistencia se quiera evaluar o que 
te¡¡ ~an caracteri .ticas que no pueden representarse en el 
ta11~1ño del mt: rete, las pruebas de compresión diagonal 
an.os descritas • leberán realizarse en muros de al menos 
1 ·:2m. 

3 Reszstencir al aplastanuento 

Ct :~ndo una carg t concentrada se transmite directamente a la 
m.' m poste ría, el :sfuerzo de contacto no excederá de 0.6 f* •. 
El esfuerzo actu mte se calculará con las cargas de diseño 
ob:cnidas aplica' do los factores correspondientes a la combi- · 
nación de acccio 1es de que se trate según el articulo 19

1
4 del 

Re ~lamento. 1 

2 · -1 Resistenc11 a tensión 

1 

Se ;onsiderará q ·e es nula la resistenCia de la mampostéria a 
es .:erzos de ten: .ón perpendiculares a las juntas. Cuando se 
re :uiera esta re· tstencia deberá proporcionarse el refuerzo 
nc -·2Sario. 

· j Módulo de elasticidad 

E 1 • 'lódulo de ela ticidad de la mampostería, E, podrá determi-
n; . .;e cxpcrimcJ~ almentc o calcularse en forma aproximada 
cr no sigue: 

P .. " rnampostc1 "de tabiques y bloques de concreto. 
' 

E - 800 f* m par: cargas de corta duración • 

E 350 f*. par: cargas sostenidas 

P: · :t mamposter a de tab1que de barro y otras piezas. excepto 
b de concreto· 

E 600 f*. par: cargas de corta duración 

E 350 f* m par: cargas sostenidas 

2 . G Módulo dt cortante 

E módulo de ce tante de la mampostería se tomará como 

G = 0.3E 

3 .. ,ISTEMAS 1 STRUCTURALES A BASE DE MUROS 
D!: MAMPOS' ERIA 

3. 1 Tipos de nu. •os 

L· 1s muros qu : tengan una función estructural en la 
ce nstrucción qt :darán incluidos en una de las modal ida-

des descritas en los casos siguientes. 

3.2 M~Jros dülfragma 

Estos son los que se encuentran rodeados por las ngas ' 
columnas de un marco estructural al que proporc10nan rigidc1 
ante cargas laterales. 

La unión entre el marco y el muro diafragma debcni evitnr 
la posibilidad de volteo del muro perpendtcularrnente a'" 
plano y las columnas del marco deberán ser capaces do 
resistir, cada lUla, en lUla longitud igual a una cuarta parte de 
su altura medida a partir del paño de la viga, una fueu 1 

cortante igual a la mitad de la carga lateral que actúa sobre e 1 
tablero. 

3.3 Muros confinallos 

Estos son los que están reforzados con castillos y dalas que 
cumplen con los requisitos siguientes: 

Las dalas y castillos tendrán como dimensión mínima ll 
espesor del muro. El concreto tendrá una resistencia a compre
sión. f', no menor de 150 kg!cm'. y el refuerzo Jongitudlll:ol 
estará formado por lo menos de tres barras. cuya área no sc1 .1 
inferior a 0.2 f'Jf, multiplicado por el cttadrado del cspcsCi 
del muro, t', y estará anclado en Jos elementos que limnan :,• 
muro de manera que pueda desarrollar su esfuerzo de Oucnci: 1 

1000: 

El área del refuerzo transversal no será mfenor a ·· f,d, . 
siendo s la separación de estribos y d, In menor dimensión 
dc.la sección del castillo o dala. La separación de Jos estribe' 
no excederá de 1.5 d ni de 20 cm. 

' 
Existirán castlllos por lo menos en los C'.:trcmos de los mur(' 
y en puntos intermedios del muro a una separación no ma.w r 
que vez y media su altura. ni 4 m. 

Existirá una dala en todo extremo horizontal de muro. a mcm1s 
queesteúltimoesté ligado a un elemento de concreto reforzado 
de al menos 15 cm de peralte. Además cxtstirán dalas en el 
interior del muro a una separación no mayor de 3 m. 

Existirán elementos de refuerzo con las m1smas caractcrístic:·s 
que las dalas y castillos en el perímetro de todo hueco cu' .1 

dimensión exceda de la cuarta parte de la longitud del muro e 11 

la mismJ dircción. 

La relación altura a espesor del muro no excederá de 30. 

POdrá incrcñlcñtarsc la rcsistencm a fuerza cortante. de murns 
confinados, de acuerdo con lo establecido en 4.3.2, cuando 'C 

coloque refuerzo horizontal en las juntas con las cuanths 
mínimas especificadas en dicha sección y que cumpla con J.,; 

,;¡_ 
-· 

.'¡;.' 
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r,_ quisi tos de se; aración máxima y de detallado especificados 
p ¡ca muros refc ·zados interiormente en la sección 3.4. Dicho 
r. ;'uerLo horizo >tal deberá estar anclado a los castillos extre
n .~s e nteriores 

3 ./ ~~uros rejo :a dos interiormente 

E,., )S son muro: reforzados con malla o barras corrugadas de 
"' : o, horizont: es y verticales, colocadas en los huecos de las 
p< ·: ·.as. en duct• s o en las juntas. Para que un muro pueda 
e< ; Slderarse co1 10 reforzado deberán cumplirse los siguientes 
re:¡ IISitOS mínil lOS. 

; 

L · .urna de la et m tia de refuerzo horizontal, p., y vertiCal, p , 
n. .crá menor ' ue 0.002 y ninguna de las dos cuantías será 
n : >Or que 0.! 107. La cu.antía de refuerzo horizontal se 
c. : ula como p, = A,.ist. donde A, es el refuerzo hori?-ontal 
q1 , secolocará n el espesor t del muro a una separación 
s. ; = A~/!L, e 1 que A~ es el área total de refuerzo que se 
e<·!• •cara vertica mente en la longitud L del muro. Cuando se 
CJn:1!ee acero de refuerzo de nucncia especificado mayor de 
.r·! :l kg/cm2, 1< . cuantías de refuerzo mencionadas en este 
P·•:. afo podrán :ducirse multiplicándolas por 4200/f. 

y 

T .. o espacio q e contenga una barra de refuerzo vert1cal 
d, ", :rá tener un; jistanc1a libre minima entre el refuerzo y las 
p. ·des de la P" oa igual a la mitad del diámetro de la barra y 
d, ri :rá ser llena· o a todo lo largo con mortero o concreto. La 
d~:-i tncia libren .nima entre una barra de rcfucr;;o horizontal 
y :1 ~.xtcrior del ·1uro será de 1.5 cm o una vez el diámetro de 
b l· ma. la que osulte mayor. El rcfuer¿o horizontal deberá 
c'' .. r embebido· n toda su longitud en mortero o concreto. 

P. '.1 el colado 
vL · tcal podrá e 

pe · " las pie2.a 

de los h~ecos donde se aloJe el refuerzo 
1plearse el mismo mortero que se usa para 

o un concreto de alto revenimiento. con 
a~ gadomáxin 1 del cm y resistencia a comprestón no menor 
ct, 5 kg/cm2. E hueco de las piezas tendrá una dimensión 
m 1ma mayor' ; 5 cm y un área no menor de JO cm~ 

D : orá colocars• por lo menos una barra No. 3 de grado 42. o 
re · crlo de otr: 5 caracterisucas con resistencia a tensión 
er·llvalente, en· os huecos consecutivos en todo extremo de 
m ¡ros, en las ii tersecciones entre muros o a cada 3 m. El 
re 1 terzo vertical !n el interior del muro tendrá una separación 
IH .nayor de 6 "':es el espesor del mismo ni mayor de 80 cm 

( mdo lOS m un ~transversales lleguen a tope, Sin traslape de 
pt .:.as, será ncc( :;ario unirlos mediante dispositivos que ase· 
¡p · on la continu dad de la es1 ructura. 

El •efuerzo hon ontal debe ser continuo y sin traslape en la 
lo 1gitud del mi' ·o y anclado en sus e:\tremos. Se deberán 
cu 111plir los mis. ws requisitos de anclaje que para concreto 

reforzado. Deberá haber refuerzo consistente en una barrar ~o 
4 de grado 42, o con resistencia a tensión equivalente. aire je

dar de toda abertura cuya dimensión exceda de 60 cm en 
cualquier dirección. 

La relación altura/espesor de estos muros no será superior a '0 

Deberá haber una supervisión continua en la obra que aseg 1rl: 

que el refuerzo esté colocado de acuerdo con lo ind1cado en 
planos y que los huecos en que se aloja el rcfuerLo sean colar! o> 
completamente. 

3.5 Muros no reforzados 

Se considerarán como muros no reforzados aquellos que no 
tengan el refuerzo necesario para ser incluidos en al¡pma de .:1' 
tres categorías anteriores. 

3.6 Otras modalidades de refuerzo y construcción lfe mtro' 

Cu.alquier otro tipo de refuerzo o de modalidad const rucl\1.1 ·' 
base de mampostería deberá ser avalado por cYidenC1a expe
rimental y analítica que demUestre, a sattsfacc1ón del l 12-

partamento, que cumple con los requisitos de seguridad cst11 :::J 

tural establecidos por el Reglamento y por estas Normas 

4. PROCEDTMIENTO DE DISEÑO 

.J.J Análisis 

.J. J. 1 Criteno General 

La determinación de las fuerzas internas en los muros se h: , ,·, 
en general por medio de un anáhsiselásiiCO En la dctcrmi1 :~

ción de las propiedades elásticas de los muros deberá cons1t :..
rarse que la mampostcria no resiste tcnstones en dirccc1.)11 
normal a las juntas y emplear por tanto las propiedades de .~> 

secciones agrietadas y transformadas cuando dichas tcnsiOI .::
aparezcan. 

4.1 .] Análtsis por cargas verticales 

Para el análisis por cargas verticales se tomará eri cuenta que 
en las juntas de los muros y los elementos de piso ocun·:n 
rotaciones locales debidas al aplastamiento del mortero. Por 
tanto. para muros que soportan losas dcconereto, !ajunta t1c ll' 

suficiente capacidad de rotación para que pueda considerar <e 
que. para efectos de la distribución de momentos en el nun• 
la rigidez de los muros es nula. Para el d1scño sólo se tomar 111 

en cuenta los momentos debidos a los efectos siguientes· 

a) Los momentos que deben ser resistidos porcondic1 o
nesde estática y que no pueden ser rcdistrrbuidos por 
la rotación del nudo. como son los momentos dcl·1-
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dos a u' voladizo que se empotre en el muro y los 
debido; a empujes, de viento o sismo, norlnales al 
plano cid muro. · 

b) Los mo nentos debidos a la excentriCidad conque se 
transm. te la carga de la losa del piso inmediatamente 
superio · en muros extremos: tal excentricidad se 
tomará rgual a 

t b e=---
' 2 3 

en que 1 es el espesor del muroyb el de la porciÓn de 
éste en :¡ue se apoya la losa soportada por éste: 

1 , 
1 

Se. · admisible d :terminar únicamente las cargas verticales 
qu :túan sobre e ada muro mediante una bajada de cargas por 
á re .. tributarias: tomar en cuenta los efectos de cxcentricida
de; · esbeltez me liante los valores aproximados del factor de 
rec" :ción, F ,, re :omcndados en el caso 1 del inciso 4!2.2. 
cu: :-Jo se curnpl:,n las condiciones siguientes: 

a) Las del >rmaciones de los extremos superior e infe
rior del :nuroen la dirección normal a su plano están 
restrin! 1das por el sistema de piso o por otros 
ciernen os. 

b) No ha) cxcentrrcidad importante en la carga axial 
aplicad ' ni fuerzas significativas que actúan en 
direccir n nonnal al plano del muro. 

e) La re!: :ión altura espesor del muro no excede 
de20. 

-1.1 . Análisis po, cargas laterales 

El · álisis para 1 determinación de los efectos de las cargás 
!:11 · tles debidas a sismo se hará con base en las rigideces 
rcl . vas de los d1 tintos muros. Estas se determinarán tomcm
do :: cuenta las e eformaciones de cortante y de flexión. Para 
cs1 1- últimas se e Jnsidcrará la sección transversal agrietada 
del 1.1uro cuandc la relación de carga vertical a momento 
Oc· .J.>llantc es ta que se presentan tensiones verticales Se 
tonl, 1 rá en cuenta a restricción que impone a la rotación de los 
nu~Cr s la rigidez de los siste!Tlas de piso y techo y la de los 
du·•des. 

Sc1.1 rdmrsibleco 1siderar que la fuerza cortante que toma cada 
mu1 (,es proporcü nal a su área transversal, ignorar los efectos 
de torsión y de nomento de volteo, y emplear el método 
sin 'Piificado de é:l seña sismico especificado en la sección 7 de 
las '-;armas Técn teaS Complementarias de Diseño Sismico. 
cu:.ndo se cuinpl: n los requisitos especificados en la sección 

2 de las normas citadas y que son los siguientes: 

l. En todos los niveles, al menos 75 por ciento de la; 
cargas verticales están soportadas por muros lrgados 
entre si mediante losas monolíticas u otros sistema~ 
de piso suficientemente resistentes y rigidos al corto 
Dichos muros tendrán distribución sensiblemente 
simétrica con respecto a dos ejes ortogonales. o en Sil 

. defecto, el edificio tendrá, en cada nivel. al menos 
dos muros perimetrales de carga, sensrblcmcnt·c 
paralelos entre si, ligados por los sistemas de pis•' 
antes citados en una longitud no menor que la mitad 
de la dimensión del edificio en la dirección de dicho; 
muros. 

II. La relación entre longitud y ancho de la planta de: 
edificio no excede de 2.0 a menos que, para fines d·c 
análisis sísmico. se pueda suponer divididn d1ch:1 
planta en tramos independientes cuya relacrónlon
gitud a ancho satisfaga esta restricción y cada trnm~: 
se revise en forma independiente en su resistencia,~ 
efectos sísmicos. 

III. La relación entre la altura y la duncnsión mimma de· 
la base del edificio no excede de 1.5 y la altura del 
edificio no es mayor de 13 m 

Además, cuando se use dicho método simplificado, la con
tribución a la resistencia a fuerza cortante de los muro" 
cuya relación de altura de entreprso. H, a longitud. L. es mavo 
que 1.33, se reducirá multiplicandola por el cocficrenk 
(1.33 l.JH)'. 

./.2 Resistencia a cargas verticales 

-1.2.1 Fórmula general 

La carga vertical resistente se calculará como: 

donde 

P, es la carga vertical total resistente de diseño 

F R se tomará como 0.6 para muros confmados o reforzado, 
interiormente de acuerdo con 3.3 o 3.4 y como 0.3 par., 
muros no reforzados. 

f: es la resistencia de diseño en compresión de la mampos
tería 

·!~ 

•'i; 

·;:;; 

··: 
.. , 
,~ 

.. , 
--' 
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F es unfacto r de reducción por excentricidad y esbeltez que 
se obtend•á de acuerdo con 4.2.2 

es el área de la sección transversal del muro 

.¡ .'. 2 Factor de reducción por excentricidad y esbeltez 

l. Cuando se cumplan los requisitos especificados en 
los incisos a), b) yc) de 4.1.2, podrá tomarse F. igual 
a O. 7 para muros interiores que soporten claros que 
no difieren en más de 50 por ciento y como 0.6 para 
muros extremos o con claros que difieran en más de 
50 por ciento, y para casos en que la relacióri entre 
:;as vivas y cargas muertas de diseño exlde de 

Il Cuando no se cumplan las condiciones del caso l. 
el fac1 or de reducción por excentricidad y esbeltez 
se determinará como el menor del que se espd:ifica 
en el caso 1 v el que se obtiene con la ccJabón 
siguiente . 1 

(4.1) 

en que 

es el espesor del muro 

e' es la exeen!ricidad calculada para la carga vertical, e,. 
más una excentricidad accidental que se tomará igual a 
t/24 

H' la altura cfecuva del muro que se determinará a 
partir de la altura no restringida. H. segun el criterio 
siguiente: 

H" " 2H. para muros sin restncción al desplazamiento lateral 
en su extremo superior 

H'·• 0.8H para muros limitados pór dos losas continuas a 
ambos lados del muro 

H'•• H para muros extremos en que se apoyan losas 

-1 : :'Efecto de las restricciones a las deformaCiones /al erales 

En casos en que el muro en consideración esté ligado a muros 
transversales a contrafuertes o a columnas o castillos que 
res: nnjan su deformación lateral, el factor FE calculado con la 
ec ~ 1 se mcrementará sumándole la cantidad ( 1-F .JB. pero 
el r,.:-sultado no será en mngún caso mayor que 0.9. 

B es un Coi:ficiente que depende de la separación de los 
elementos rigidizantes. L'. y se obtiene de la tabla siguien¡c· 

FACTOR CORRECTIVO; B, POR EFECTO DE LA 
RESTRICCION DE MUROS TRANSVERSALES 

L'IH 1.5 1.75 
B 0.7 0.6 

2.0 
0.5 

2.5 3.0 
0.4 0.33 

4.0 5.0 
0.25 0.20 

4.2.4 Contribución del refuerzo a la resistencta a car~::·m 

verticales 

La contribución a la res•stencia a carga vertical de castillo;' 
dalas o del refuerzo interior se considerará mediante los 
incrementos en el esfuerzo resistente en compresión. f* m· de 1 a 
mampostería, permitidos segün Jos incisos 2.4.1 d) ve) de csi.IS 
normas, a menos que mediante ensayes a escala natural se ha\ :1 

demostrado que se justifica un incremento mayor en la resJ:.
tencia debido a dicho refuerzo. 

En muros sometidos a momentos flexionantes s¡gmficau,·c~. 
pcrpendicularmenrc a su plano, podrá detcrmi.narse la rcsli
tcncia en fle.xocomprcsión tomando en cuenta el rcfuer:o 
vertical del muro. cuando la separación de éste no exceda c!c 
seis veces el espesor del muro. 

El cálculo se realizará con el cnterio de restslcncia L'll 

Oexocompresión que se especifica para concreto reforzado. \ 
con base en las hipótesis s1guientes: 

a) La distribución de deformaciOnes umtari;.s 
longitudinales en la sección transversal de un e k
mento es plana. 

b) Los esfuerzos de tensión son resistidos por el rcfuel· 
zo únicamente. 

e) Existe adherencia perfecta Cll!rc el refuert.o y el 
concreto o mortero que lo rodc;1 

d) La sección falla cuando se alc~JII:I.a, en la mampo~· 
te ría, la deformación unitaria m:'lxima a comprcsió·.1 
que se tomará igual a O 003. 

e) A menos que ensayes en p1bs permitan obtener 
mejor dctcrmin~ción de la cur\'a csfuerzo-deform;l
cióndc la mampostería, ésta se supondr.i lineal hast:~ 
la falla. 

Los efectos de esbeltez se tomarán en cuenta afectando 1:~ 

carga resistente del factor [ 1-(j·ót)' ¡ segün el lllCISI• 

4.2.2. 
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4.3 b'esistencia a cargas laterales 

.J.3 J Consideracione~ generales 

La . , ;istencia a cargas laterales de un muro deberá revisarse 
par.1 :1 efecto de la fuerza cortante, del momento flexionante 
en'., 1lano y eventualmente también de momentos flexionantcs 
dcb·;· os a empujes normales a su plano. 

Cun n do sean aplicables los requisitos del método simplificado 
de lii ceüo sísmico, ver inciso 4.1.3, la revisión podrá limitarse 
a lo; ofectos de la fuerza cortante. 

.J 3 .:. Fuerza cortante reststida por la mampostería 
i 

: 
La ,·,·o= cortante resistente de diseño se dctenninará como 

' 
Slgl. i 

a) Para muros diafragma 

V,= F R(0.85 v* A,) (4.2) 

b) Para otros muros 

V = F (O 5v* A +O 3P)<l 5F\·* A R R ' • "T - . R • "T (4.3) 

Cll . 1::: 

p es la carga vertical quactúa sobre el muro. sin multiplicar 
por el factor de carga 

1 

,.. es el esfuerzo cortante medio de diseño que se determi
nará según el inciso 2 -L2 

El ;¡ :tor de reducción de resistencia , F R, se tomará como· 

O-; para muros liafragma. muros confinados y muros con 
refuerzo in1 rior, según se definen en el ·capítulo 3 de 
estas normn . 

O . .J para muros .10 confinados ni refon.ados 

No '0 considerará incremento alguno de la fuerza cortante 
res •ten te por efecto de las dalas y castillos de muros confina
do~ de acuerdo con la secc1ón 3 3. Cuando se coloque refuerzo 
ho1 11.ontal en las JUntas con las características dcfinid.1s en la 
seuón 3.3 para muros confinados y en la sección 3.4 para 
rnu1 1JS con refucno intenor podrá incrementarse en 25 por 
cJc.,;o la fuerza cortante resistente calculada con la ec 4 3, 
sie:,1pre que la cuantía de refuerzo horizontal, p no sea . ,. 
mf criar a 0.0005 ni al valor que resulte de la expresión 
siguiente 

p, = o,ooo2 v* ( 1 + 0.2 p 4200 
~)-f-

T > 

4.3.3 Resist~ncia ajlexocompres1ón en el plano del muro 

La resistencia a flexión y a flexocompresión en el plano del 
muro se calculará, para muros sin refuerzo, según la teoria de 
resistencia de materiales suponiendo una distribución lineal 
de esfuerzos en la mamposteria. Se considerará que la mam
postería no resiste tensiones y que la falla ocurre cuando 
a'parece en la sección crítica un esfuerzo de compresión igual 
a f* ... 

La capacidad a flexión o flexocompresión en el plano de un 
muro con refuerzo interior o exterior se calculará con un 
método de diseño basado en las hipótesis estipuladas en el 
inciso 2.4. En todos los casos la capacidad deberá afectarse del 
factor de resistencia F • determinado como se mdica al fmal de 
este inciso 4.3.3 

Para muros reforzados con barras colocndas simétricamcnt·: 
en sus extremos, las fórmulas simphficadas siguientes dan 
valores suficientemente aproximados y conservadores del 
momento resistente de diseño 

Para flexión simple. el momento resistente se calcular;¡ 
como 

donde 

A es el área de acero colocada en el e:'\trcmo del muro 
' 

d' la distancia entre los centroides del acero colocado c1' 
ambos extremos del muro 

Cuando exista carga a:-..;ial sobre el muro. el momento rcsistcnh 
de la sección se modificará de acuerdo con la ecuac1ón 

donde 

MR =M,+ 0.30 P, d : si P, :o: ~R 

M,= (1.5 M,+ 0.15 PR d) (1 _..!:,_) 
PR 

. P r. Si u> ___ . 

P, es la carga axial de diseño total sobre el muro, que s, 
considerará positiva s1 es de compresiÓn 

d el peralte efectivo del refuerzo de tensión 

P, la resistencia a compresión a:'\ial 
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F, se tomará igual a 0.8 si P,SI'/3 e igual a 0.6 en caso 
contrario 

o. COiiSTRUCCION 

5.1 Materiales 

5.1 1 Piezas 

CcJ!ldtciones. Las piezas empleadas deberán estar limpias y sin 
r:uaduras. 

1 iumedecinncnto de las piezas. Deberán saturarse previ~men· 
te a SU colocación todas Jas ple/.as de barro; Jas pie7.as a base 
de , cmcnto deberán estar secas al colocarse. 

5. / _] l1.forteros 

J:ccclado del mortero. La consistencia del mortero se ajustará 
tr:Jt.lndo de que alcance la mimma fluidez compatible con una 
f:1cil colocación. Los materiales se mezclarán en un reciPiente 
no absorbente, prefiriéndose. siempre que sea posible. un 
meLclado mecánico. El tiempo de mezclado. una vez que el 
ap1.1 se agrega, no debe ser menor de 3 minutos. 

R( ·¡,¡ezclado. Si el mortero ernp1cza a endurecerse. podrá 
rcinezclarse hasta que \Uclva a tomar la consistencia deseada 
at;J ~._gándole agua si es ncccsano. 

L0s morteros a base de cemento normal deberán usarse dentro 
del lapso de 2.5 horas a partir del mezclado inicial. 

5. J 3 Concretos 

Los concretos para el colado de elementos de refuerzo. interio
re:- o cxtenorcs al muro, tendrán la cantidad de agua que 
asc~urc una consistencia líquida sm segrcgac1ón de los mate
ri;li..:~ constituyentes. El tamaño máximo del agregado será de 
1 en· 

5.: llrocedimientos de construcción 

5 ~, · Juntas 

El mortero en las juntas cubrirá total mente las caras horizon
tales y venicales de la pieza. Su espesor será el minimo que 
pe~ "''ta una capa uniforme de mortero y la alineación de las 
pre:. s. El esposar de las juntas no excederá de 1.5 cm. 

5.~ :Aparejo 

Las fórmulas y procedimientos de cálculo especificados en 
est:1s disposiciones son aplicables sólo si las piezas se colocan 

en forma cuatrapeada; para otros tipos de aparejo, el compor
tamiento de Jos muros deberá deducirse de ensayes a esc,ila 
natural. 

5.2.3 Concreto y mortero 

En castillos y huecos interiores se colará de manera que se 
obtenga un llenado completo de los huecos El colado de 
elementos interiores verticales se efectuará en tramos no 
mayores de 1.5 m amenos que el área del hueco sea mayor de 
65 cm2

, caso en el cual se permitirá el colado en tramos h:1.-;ta 
de 3 m, siempre que sea posible comprobar, por aberturas en 
las piezas, que el colado llega hasta el extremo inferior le! 
elemento. 

5.2..1 Refuerzo 

El refuerzo se colocará de manera que se asegure que se 
mantenga fijo durante el colado El recubrimiento. separ:l
ción y traslapes mínimos serán los que se espccific.ln 
para concreto reforzado; para esfuerzo colocado en ;:¡s 
juntas regirá lo especificado en la sección 3.4. No se admit1 rJ 
traslape de barras de refuerzo colocadas en Juntas horizo11· 
tales. 

5.2.5 Construcción de muros 

En la construcción de muros, además de los requisitos de J·rs 
secciones anteriores, se cumplirán los siguientes: 

La dimensión de la sección transversal de un muro quecumpl:l 
alguna función estructural o que sea de fachada no será men('r 
de JO cm. 

Todos los muros que se toquen o crucen deberán anclarsc o 
ligarse entre si, salvo que se tomen precauciones que garant·
cen su estabilidad y buen funcJOnamtento. 

Los muros de fachada que rcctbéln recubnmicnto de matcn.l
les pétreos naturales o artificrales deberán llevar clemen!f' 
suficientes de liga y anclaJe para soportar dichos rect.
brimientos. 

Durante la construcción de todo muro se tomarán las precau
ciones necesarias para garantizar su estabilidad en el procc>o 
de la obra. tomando en cuenta postbles empujes horizontalc'. 
incluso viento y sismo. 

En los planos de construcción deberán especificarse claramen
te: peso máximo admisible de las piezas, resistencia de J;¡s 
mismas y tolerancia en sus dimensiones; así como el mortero 
considerado en el diseño y los detalles del aparejo de las pieza> 
del refuerzo y su anclaje y traslape, detalles de interseccionc' 
entre muros y anclajes de elementos de fachada. 
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5 2. 6 Tolerancias 

a) En ningún punto el eje de un muro que tengá función 
esuuctural distará más de 2 cm del de proyecto. · · 

b) El desplome de un muro no será mayor que 0.004 
veces su altura ni l. 5 cm. 

6. ~1.\MPOSTERIA DE PIEDRAS NATURALES 

6.1 Alcance 

Est.! sección se refiere al diseño y construcción de cimientos, 
mUJn:; de retención y otros elementos estructurales de~· 
poste da del tipo conocido como de tercera. o sea formado, por 
piec!i ·¡s naturales sin labrar unidas por mortero. 

6.2 \ fateriales 

6 : ! Piedras 

La~ p 1cdras que se empleen en elementos estructurales deberán 
sattsfacer los requisitos siguientes:.~ 

Rc5tqcncia mínima a compresión en dirección normal a los 
p!o "'·S de formación 150 kglcm' 

Rc·¡,tcncta mímma a compresión en d1rccción paralela a los 
pl:m s de formación 100 kglcm' ' 

Re· l•tencia al intemperismo: máxima pérdida de peso después 
de ' .;iclos en solución saturada de sulfato de sodio 
111" " 

Lo• 1' roptedades anteriores se determinarán de acuerdo con los 
prrc.:dimientos ind1cados en el capitulo CXVJI de las Espcci
fic.¡c 10nes Generales de ConstrucciÓn de la Secretaría de 
Ob,,,s Públicas (1971). 

La- :)!edras no necesitarán ser labradas, pero se evitará en 
lo '' stble el empleo de p1edras de formas redondeadas y de 
can "'s rodados. Perlo menos el 70% del volumen del elemento 
est.n :i constituido por piedras con un peso mímmo de JO kg 
cae\,¡ una. 

6 : : Morteros 

Lo' maneras que se empleen para mamposteria de piedras 
na: u :a les deberán cumphr con Jos requisitos siguientes: 

a) La relación volumétrica entre la arena y la suma de 
cementan tes se encontrará entre 2. 25 y 5. 

b) La resistencia rninima en compresión será de 
15 kglcm'. 

e) La resistencia se determinará según Jo especificado 
en la norma NOM C 61 

6.3 Diseño 

6.3. 1 Esfuerzos resistentes de d1seño 

Los esfuerzos resistentes de diseño en compresión, f" •. y en 
cortante, v•, se tomarán como si¡,'lle: 

Mamposteria unida con manero de resistencia en compresión 
no menor que _50 kglcm' 

f" m= 20 kglcm', v• = O 6 kglcm' 

Mampostería unida con manero de resistencia en comprestón 
menor que 50 kglcm' 

f" m = 15 kglcm'; v• = 0.-1 kglcm' 

Los esfuerzos de diseño anteriores mcluyen ya un factot 
de reducción, F

0
, que por lo tanto no deberá ser constdc

rado nuevamente en las fónnulas de predicción de res1stencl(l 

6.3.2 Dell'rminacrón de la resrstenc1a 

Se verificará que en cada sección la fuerza normal actuante d~ 
diseño no exceda la fuerza resistente dada por la expresión 

stendo t el peralte de la sección, A,. su área y e la excentricidatl 
con que actúa la carga. La expresión antenor es válida cuan de· 
la relación entre la altura del elemento de mamposteria y el 
peralte de su sección no excede de 5; cuando dicha relación s: 
encuentre e!ltre S y 10, la resistencia se tomará igual al 80(1 .. 
de la calculada con la expresión anterior; cuando la relaciót: 
exceda de JO deberán tomarse en cuenta explícitamente lo, 
efectos de esbeltez en la forma especificada para mamposteri:t 
de piedras artificiales. 

La fuerza cortante actuante no excederá de la resistcnto 
obtenida de multiplicar el área transversal de la sección m:i; 
desfavorable por el esfuerzo cortante resistente según el inCJS·J 
anterior. 

6 . ./ Construcción 

6 . ./. 1 P1edras 

Las piedras que se emplean deberán estar limpias y sin 

'·Ji 
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i 
rajaduras. No se emplearán piedras que presentan fomla de 
laja Las piedras se mojarán antes de usarlas. 

6 . .; :: J\1ortero 

El manero se elaborará con la cantidad de agua mrmma 
necc ;aria para obtener una pasta manejable. Para el mezclado 
) re mezclado se respetarán los requisitos del inciso 5.1.2 

6 -1 i Procedumento constructivo 

La mampostería se desplantará sobre una plantilla de manero 
o concreto que permita obtener una superficie plana. En las 
primeras hiladas se colocarán las piedras de mayores dimen
siOIIcs y las mejores caras de las piedras se aprovecharán para 
los P" ramentos. Cuando las piedras sean de origen scdimeniario 
se ·:clocarán de manera que los lechos de estralificabón 
queden normales a la dirección de las compresiones. !Las 
piedr" deberán humedecerse antes de colocarlas v se aco'mo
dar:"uc de manera de llenar lo mejor posible el hu~co forrr)ado 
por l:ls otras piedras. Los vacíos se rellenarán completamente 
con p1edra chica y manero. Deberán usarse piedras a li1.ón.'que 
ocup:1rán por lo menos una quinta pan e del área del paramento 
y estarán distribuidas en forma regular. Se respetarán. además 
los requisitos del inciso 5.2.5. que sean aplicables. 

6.5 Cimientos 

En cimientos de piedra bra7.a la pendiente de las caras incli
nados. medida desde la arista de la dala o muro. no será menor 
que 1 5 (\·enical) : 1 (horizontal). 

En Cimientos de mampostería de fom1a trapecial con un talud 
,·crlicJI y el otro mclinado. tales como cimientos de lindero. 
debcr:J verificarse la estabilidad del cimiento a torsión. De" no 
efectuarse esta verificación, deberán cxistír cimientos pcr· 
pcmhcularcs a ellos a separaciones no mayores de las que 

señala la siguiente tabla: 

Presión de contacto 
con el terreno, p. ton/m2 

p,;;2.0 
2.0<p,;;2.5 
2.5<p,;;3.0 
3.0<p$4.0 
4.0<p,;;5.0 

Claro máximo, en m 
Caso(!) Caso (2) 

5.0 10.0 
4.5 9.0 
4.0 7.5 
3.0 6.0 
2.5 4.5 

En todo cimiento deberán colocarse dalas de concreto reforza· 
do, tanto sobre los cimientos sujetos a momentos de volter· 
como sobre los perpendiculares a ellos Los castillos debe1· 
empotrarse en los cimientos no menos de 40 cm. 

En la tabla anterior. el claro máximo permisible se refiere a 1: 
distancia entre los ejes de los cimientos perpendiculares 
menos el promedio de los anchos medios de éstos Los casos ( 1 
y (2) corresponden respectivamente a mampostería ligada con 
manero de cal y con mortero de cemento. No deberán existi1 
planos definidos de falla transversales al cim1ento 

6.6 Muros de contención 

En el dJScilo de muros de contención se tomará en cuenta b 
combinación más desfavorable de cargas laterales y ven•ca!c; 
debidas a empuje de tierras. al peso propio del muro. a la' 
demás cargas muenas que puedan obrar y a la carga '""·a que 
tienda a disminuir el factor de seguridad contra volteo e 
desli7.amiento. 

Mé.xico D.F., a 24 de febrero de 1995, el Jefe del Dcpanamento 
del Distrito Federo!. Osear E<pmosa I·/1/arrea/.- Rúbrica -El Se
cretario de Obmsy Servicios, Daniel Ruiz Fernández.- Rúbrica 
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CRITERIOS DE DISEÑO SÍSMICO 

Amador Terán-Gilmore 
Universidad Autónoma Metropolitana Azcapotzalco 

Av. San Pablo 180. Colonia Reynosa, México 02200, D.F. 

La respuesta dínamica de una estructura durante una excitación sísmica depende de las 
características mecánicas de la primera, y de la manera en que estas interactuan con las 
características dinámicas de la segunda. Dadas las complejidades e incertidumbres involucradas, 
no es fácil plantear ni entender el comportamiento y desempeño que una estructura pueda llegar a 
tener durante una excitación sísmica. Por tanto, el diseño sísmico no puede verse como una ciencia 
exacta, sino mas como un arte, donde la intuición y buen juicio tienen más que aportar que un 
cálculo numérico. 

Dado lo complejo del tema, en la presentación que se ofrece a continuación se simplifican algunos 
conceptos con la intención de clarificarlos, y enfatizar algunos detalles que son de importancia. 
Cuando es necesario profundizar en algunos conceptos, estos se ilustran a través de ejemplos que 
involucran elementos o estructuras de concreto reforzado. Sin embargo, la presentación es lo 
suficientemente general para que estos conceptos puedan extenderse con facilidad a otro tipo de 
materiales estructurales. 

FORMULACIÓN DEMANDA-SUMINISTRO 

Nuestro enfoque actual de diseño sísmico está basado en una formulación de demanda y suministro: 

DEMANDA SÍSMICA:( SUMINISTRO SÍSMICO (1) 

Este enfoque implica primero, estimar las demandas sísmicas, para luego estimar los suministros 
sísmicos correspondientes. La información que se requiere para establecer la Ecuación 1 puede 
agruparse en 4 categorías. 

• Criterios de desempeño (comportamiento deseado). Es necesario considerar el 
comportamiento deseado de la estructura durante los diferentes niveles de excitación sísmica 
considerados relevantes. 

• Niveles sísmicos de diseño. Es necesario establecer excitaciones sísmicas de diferente 
intensidad para defimr en contra de que se va a diseñar a la estructura. Es importante 
considerar que la estructura estará sujeta, a lo largo de su vida útil, a excitaciones sísmicas 
de diferente intensidad. 

• Demandas sísmicas. Primero, es necesano identificar cuales son las demandas sísmicas 



relevantes para cada uno de los niveles sísmicos considerados; para esto es importante 
considerar el comportamiento deseado de la estructura para cada uno de estos niveles. Una 
vez identificadas, es necesario cuantificar las demandas sísmicas por medio de un análisis 
estructural. 

• Suministros sísmicos. Una vez establecidas las demandas, puede entonces establecerse una 
sen e de suministros sísmicos que las satisfagan. Debe enfatizarse que la predicción de las 
demandas y la evaluación de los suministros sísmicos no es una tarea fácil. Las demandas 
sísmicas en una estructura dependen fuertemente de sus suministros sísmicos (la respuesta 
de la estructura depende de las características mecánicas que se le suministran), mientras 
que los summistros sísmicos se proveen a la estructura en función de las demandas 
estimadas. Esto hace que el diseño sísmico sea iterativo por naturaleza. 

CRITERIOS DE DESEMPEÑO/NIVELES SÍSMICOS DE DISEÑO 

Actualmente, la filosofia mundial del diseño sísmico se basa en que las estructuras de ocupación 
estándar deben satisfacer las siguientes condiciones: 

• Resistir sin daño (estado límite de servicio) niveles menores de movimiento sísmico; 

• Resistir sin daño estructural, aunque posiblemente con algún tipo de daño no estructural 
(estado límite de operación), niveles moderados de movimiento sísmico; 

• Resistir sin colapso, aunque con algún tipo de daño estructural y no estructural ((estado 
limite de seguridad), niveles mayores de movimiento sísmico 

Lo anterior implica combinar tres criterios de desempeño (o estados límite), formulados en función 
del daño estructural y no estructural aceptable, con tres niveles sísmicos de diseño (menor, 
moderado y mayor). El defimr la correspondencia que hay entre Jos cnterios de desempeño y los 
niveles sísmicos considerados da lugar a los objetivos de diseño. 

Como podrá apreciarse, el tercer objetivo de diseño acepta daño en los elementos estructurales, lo 
que implica que es posible que la estructura vaya mas alla de su rango elástico, y exhiba un 
comportamiento plástico de importancia. Esto a su vez implica que es posible utilizar suministros 
de resistencia que, dependiendo de la capacidad de deformación de la estructura, pueden llegar a 
ser varias veces menor que la resistencia requenda para mantenerla en el rango elástico. La 
posibilidad de diseñar para estas resistencia reducidas se ha reflejado en mayor raciOnalidad 
económica durante el diseño sismorresistente. 

CARACTERÍSTICAS MECÁNICAS RELEVANTES 

Existen cuatro propiedades de una estructura que tienen mucha relevancia en su comportamiento 
dinámico durante una excitación sísmica. Tres de estas, la resistencia lateral, la rigidez lateral y la 



capacidad de deformación son características mecánicas de la estructura que deben diseñarse; 
mientras que la cuarta, la masa reactiva, normalmente no se diseña, sino que suele conocerse antes 
del diseño de la estructura. La Figura 1 ofrece una interpretación gráfica de las tres características 
mecánicas mencionadas arriba. En _esta presentación se tomará al cortante basal (Vb), tal corno se 
define en la Figura 1 a, corno una medida de la resistencia lateral de la estructura. 

Corno ilustra la Figura 1, cuando se hable de la deformación de la estructura se hará referencia al 
desplazamiento lateral que en su nivel superior producen las fuerzas laterales inducidas por la 
excitación sísmica (Oaz.oteal· De alguna manera, y aunque esta no representa una cuantificación ideal, 
se ha llegado al consenso de que el nivel de deformación puede cuantificarse por medio del 
concepto de ductilidad de desplazamiento global, J.l. La Figura 1 b ilustra la definición de ductilidad 
última J.lu, que es igual al desplazamiento de azotea último que alcanza la estructura cuando se le 
sujeta a un estado de deformación monotonicamente creciente (ou ), normalizado por el 
desplazamiento de azotea de fluencia (lly). Como se muestra se recurre a idealizar el 
comportamiento de la estructura por medio de una curva bilineal para hacer posible la definición 
de 1\. 

Aunque es necesario formalizar la definición de ductilidad y racionalizar su uso dentro del diseño 
sisrnorresistente, el concepto de ductilidad nos permite distinguir entre la capacidad de deformación 
elástica de una estructura y su capacidad de deformación plástica. No exceder la primera implica 
que no habrá daño estructural, mientras que un desplazamiento creciente en el rango plástico de 
comportamiento, caracterizado por la fluencia del material estructural, implica daño creciente. Por 
tanto, imponer un limite máximo para el desplazamiento lateral que una estructura puede alcanzar\ 
durante una excitación sísmica, implica un entendimiento claro de sus capacidades de deformación 
elástica y plástica, o en otras palabras, de la ductilidad máxima que esta puede desarrollar. · 

La rigidez de una estructura de concreto reforzado en su rango elástico (ICe) depende del claro y 
dimensiones transversales de los elementos estructurales, así corno del refuerzo longitudinal de los 
mismos. En el rango inelástico, la rigidez lateral (K,) depende de varias cosas, dentro de las cuales 
destacan la regularidad de la estructura, el nivel de cargas gravitacionales y el detallado de los 
elementos estructurales. La resistencia lateral de una estructura de concreto reforzado depende de 
las dimensiones de los elementos estructurales y, si esta bien diseñada (el acero longitudinal fluye 
antes de que se presente cualquier tipo de falla frágil), de la cuantía de acero longitudinal de dichos 
elementos. Finalmente, la capacidad última de deformación depende del detallado, dimensiones, 
claro, y resistencia de los elementos estructurales y sus conexiones. Si los elementos no estructurales 
estan conectados a la estructura, y son de naturaleza tal (por ejemplo muros de relleno de 
mampostería, que son muy rígidos y resistentes) que afectan de manera importante las características 
mecánicas de esta, es necesario tomarlos en cuenta cuando se establecen las características 
mecánicas de la estructura. 

Puede notarse que el valor de las características mecánicas mencionadas en el párrafo anterior 
dependen del valor de varios parámetros comunes, de manera que existe una interacción importante 
entre estas. Un cambio en el valor de una de estas características mecánicas afecta necesariamente 
el valor de las otras. A pesar de esto, su dependencia no es de tal naturaleza que pueda establecerse 
un relación directa entre ellas, de manera que puedan obviarse, durante el diseño sísmico, algunas ; 
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de ellas en favor de otras. Esto implica que durante el diseño sísmico deben tomarse en cuenta 
explícitamente cada una de estas tres características mecánicas. Dentro de este contexto, es 
importante reconocer que no hay ni material ni sistema estructural ideal para tomar las acciones que 
las excitaciones sísmicas inducen en las estructuras. Cada material y sistema estructural ofrece una 
combinación de estas tres características mecánicas que exhibe fortalezas y debilidades para resistir 
las excitaciones sísmicas. 

Con base a lo discutido arriba es conveniente plantear la ecuación demanda-suministro conforme: 

DEMANDA SÍSMICA ~ 

de 

Resistencia 
Rigidez 

Capacidad de deformación 

SUMINJSTRO SÍSMICO 

de 

Resistencia 
Rigidez 

Capacidad de deformación 

(2) 

Como se ilustra en la Figura 1 b, K, establece en el rango elástico una relación entre la fuerza lateral 
total actuando en la estructura y la deformación lateral que la primera induce en la segunda. La 
rigidez lateral de la estructura no solo debe verse como una medida para controlar la deformación 
lateral, sino como una propiedad que determina en gran medida la respuesta de la estructura ante 
una excitación sísmica. Para entender esto, considere que el periodo de la estructura depende 
duectamente de su rigidez, y que la respuesta dinámica de la estructura depende fuertemente de su 
periodo. Esto puede entenderse a partir del concepto de espectro, que se ilustra en la Figura 2. La 
Figura 3 muestra espectros obtenidos para El Centro NS 1940 y SCT EO 1985, excitaciones 
sísmicas características de suelo firme y blando, respectivamente. La abcisa de las gráficas 
presentadas en las Figuras 2 y 3 corresponde al penodo, mientras que las ordenadas corresponden 
a la resistencia mínima que requiere un sistema de un grado de libertad con un periodo dado, para 
permanecer en su rango elástico de comportamiento durante la excitación sísmica. Puede notarse 
que las demanda de resistencia depende de manera importante en el valor de período y, por tanto, 
en el valor de la ngidez lateral de la estructura. 

Para una rigidez lateral dada, esto es, para un periodo T dado, la resistencia lateral de la estructura 
exhibe una fuerte influencia en su demanda máxima de desplazamiento plástico (recuerde que en 
esta presentación se caracterizará dicha demanda a través de la demanda máxima de ductilidad). La 
Figura 4 ilustra esquematicamente la interacción que existe entre la resistencia lateral y la démanda 
de J..l. Como se Ilustra, un incremento en la resistencia lateral disminuye de manera importante la 
demanda de J..l, particularmente cuando este incremento se da a partir de valores muy bajos de 
resistencia. Para un periodo dado, un incremento de resistencia dismmuye las demandas plásticas 
de deformación, tanto máximas como acumuladas, y por tanto se ve reflejado en una disminución $ 
en el nivel de daño estructural. Note que, como se ilustra en la Figura 4, para un T dado existen 
diferentes resistencias asociados a diferentes valores de J..l. Con los diferentes valores de resistencia, 
pueden plantearse espectros inelásticos de resistencia, como los incluidos en la Figura 5, que ·.· 



resumen las resistencias que deben tener sistemas con diferente T para que su.demanda máxima de 
¡.¡ durante la excitación sísmica sea igual al valor de ¡.¡ asociado al espectro. 

A partir de los puntos A y B ilustrados en la Figura 4, pueden plantearse dos criterios de diseño 
sísmico (el punto A esta asociado a demandas de¡.¡< 2, mientras que el·punto B esta asociado a 
demandas altas de ¡.¡, digamos del orden de 6): 

• Punto A. Las demandas máximas y acumuladas de comportamiento plástico inducidas en 
estructuras con alta resistencia suelen ser bajas. Por lo general estas estructuras presentan 
elementos estructurales robustos con cantidades importantes de refuerzo longitudinal. El 
detallado del refuerzo transversal y otros aspectos de detallado (por ejemplo, traslapes y anclaje) 
no se cwdan mucho, de manera que los elementos estructurales en particular, y la estructura en 
general, exhiben poca capacidad de deformación plástica. Este tipo de sistemas basa su 
supervivencia durante la excitación sísmica practicamente en su capacidad resistente. Si esta se 
excede, normalmente ocurren fallas altamente indeseables y catastróficas; lo que implica que 
el diseño de su resistencia debe ser muy conservador. 

• Punto B. Las estructuras con baja resistencia lateral suelen sufrir demandas máxtmas y 
acumuladas de comportamiento plástico muy elevadas cuando se les sujeta a excitaciones 
sísmicas severas. Estas· estructuras presentan por lo general elementos estructurales esbeltos con 
cantidades relativamente bajas de refuerzo longitudmal. Es muy importante refinar el detallado 
de los elementos estructurales (estribos cerrados y cercanos, anclaje, etc.) para que estos sean. 
capaces de incursionar de manera importante en su rango plástico de comportamiento. Esta alta: 
capacidad de deformación es importante no solo para evitar la falla de los elementos 
estructurales, sino el deterioro progresivo de sus características mecánicas debido a un fenómeno 
de fatiga de bajo ciclaje. Es importante recalcar que cuando un sistema entra, durante una 
excitación sísmica severa, de manera importante a su rango de comportamiento plástico, es 
dificil predecir con precisión su respuesta dinámica 

Un gran porcentaje de estructuras sismorresistentes se diseña actualmente con un criterio intermedio 
entre el A y el B. Este criteno mtermedio enfatiza la importancia de lograr un equilibrio entre las 
capacidades resistente y de deformación última que se le suministran a la estructura. De esta manera 
no solo se logra una solución economicamente factible, sino confiable desde un punto de vista 
estructural. Este criterio intermedio resulta en elementos estructurales algo robustos con un buen 
detallado sísmico; los cuales sufnrán demandas moderadas de comportamiento plástico durante 
excttaciones sísmicas severas. Bajo estas circunstancias, es posible predecir, con un grado de 
precisión aceptable, la respuesta dmámica de la estructura. 

MANEJO DE LA RESISTENCIA LATERAL 

Se discutió antes que un incremento en la resistencia lateral de una estructura sismorresistente 
resulta en una disminución de sus demandas de deformación plástica, y por tanto, en su nivel de 
daño estructural. Dicho en otras palabras, un incremento de resistencia suele reflejarse en un mejor : 
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desempeño estructural. Sin embargo, un incremento de resistencia no siempre se ve reflejado en un 
mejor desempeño sísmico del contenido de la estructura o de sus elementos no estructurales. En 
algunos casos, un incremento de resistencia viene acompañado con incrementos importantes de la 
aceleración o distorsión de entrepiso, lo que resultaría en un mayor nivel de daño en el contenido 
de la estructura (equipo, inmobiliario, instalaciones, etc.) y de los elementos no estructurales, 
respectivamente. 

Anexo a estas notas se incluye el articulo titulado Efecto de la resistencia en las di(aentes 
demandas sísmicas donde esto se discute en detalle. 

ANÁLISIS ESTRUCTURAL 

Dentro del enfoque actual de diseño sísmico, se considera que se conoce la capacidad última de 
deformación plástica que la estructura es capaz de alcanzar cuando se le sujeta a un estado de 
deformación monotonicamente creciente. Como se discutió antes (ver Figura lb), esta capacidad 
se caracterizará por medio de llu· El diseño sísmico consiste entonces en determinar la resistencia 
lateral y rigidez lateral que deben proporcionarse a la estructura para que, durante la excitación 
sísmica de diseño asociada al estado límite de seguridad, su demanda máxima de ductilidad no 
exceda llu· De tal manera que el análisis estructural se plantea a partir de la siguiente formulación 
parcial de la ecuación demanda-suministro: 

DEMANDA SÍSMICA 

de 

Resistencia 
Rigidez 

SUMfNISTRO SlSMICO 

de 

Resistencia 
Rigidez 

(2) 

Dado que normalmente se utilizan métodos de análisis elástico para resolver el análisis estructural, 
se plantea una relación lineal entre la resistencia lateral y la ngidez lateral de la estructura, que no 
es válida en el rango plástico de comportamiento mostrado en la Figura 1 b. Otro aspecto por 
considerarse es que la ecuación 2 se plantea solo para mveles mayores de excitación sísmica, y se 
supone que el diseño de la estructura resistente bajo esta condición resulta en estructuras capaces 
de satisfacer los criterios de desempeño asociados a niveles menor y moderado de excitación 
sísmica. 

La capacidad de deformación de la estructura no se maneja explícitamente, smo a través del 
detallado de la estructura. Los códigos exigen ciertos requerimientos de detallado (separación y 
remate de los estribos .. anclaje, etc.) que se asocian con una llu dada. Esta llu a su vez se asocia con 
un factor de reducción de resistencia, R", a partir del cual pueden establecerse espectros inelásticos 
de resistencia, como se ilustra en la Figura 6. A partir de estos espectros, es posible definir fuerzas 
laterales concentradas al nivel de las losas de entrepiso, como muestra la Figura 7a, para modelar 
el efecto de la excitación sísmica de diseño sobre la estructura. Estas fuerzas inducen elementos , 
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mecánicos en los elementos estructurales, y producen distorsiones de entrepiso, que constituyen una 
medida de las demandas de resistencia y rigidez en la estructura, respectivamente. Los elementos 
mecánicos (axial, cortante, momento flexionante, etc.) inducidos en los elementos estructurales 
constituyen las demandas de resistencia que deberán satisfacerse mediante un refuerzo longitudinal 
y transversal adecuado. La distorsión de entrepiso (definida en la Figura 7b) da una medida de las 
demandas de rigidez, ya que los reglamentos especifican limites de distorsión máxima que no deben 
excederse durante el análisis estructural. El excederlos implica aumentar el tamaño de los elementos 
estructurales (esto es, su rigidez) hasta que se cumpla con dichos límites. 

Es importante enfatizar que el análisis estructural no debe utilizarse directamente para concebir el 
sistema estructural, sino para reforzar o replantear la concepción inicial de la estructura (que debe 
plantearse antes de pasar a la etapa númerica del diseño). Corno se discutirá mas adelante, 
particularmente en el terna de DISEÑO POR CAPACIDAD, antes de llevar a cabo el análsis 
estructural el proyectista tiene que tener una idea muy clara de corno la estructura que concibe debe 
resistir las acciones que en ella induce la excitación sísmica de diseño. Esto es particularmente 
válido en Situaciones, corno lo es la del d1seño sísmico, donde la estimación de las car¡,'llS de diseño 
y de la respuesta de la estructura ante estas es altamente incierta. Bajo este contexto, los resultados 
del análisis estructural deben ser subordinados a un planteamiento conceptual sólido, que considere 
otro t1po de medidas de naturaleza no núrnerica que fomenten el desempeño adecuado de la·. 
estructura. 

A partir del estudio de la Figura 8 pueden vislumbrarse algunas de las limitaciones de un análisis 
estructural elástico. En esta figura se contrasta las respuestas elástica e inelástica de un edJficio de' 
1 O pisos. Corno puede apreciarse, tan pronto corno el edificio entra en su rango plástico de 
comportamiento, se presenta una acumulación muy importante de deformación en los pisos 
inferiores. Esta acumulación, que es importante para una estructura regular corno la mostrada en la 
Figura 8, puede resultar imposible de predecir en estructuras con irregularidades de importancia, 
tanto en planta corno elevación, de resistencia, rigidez y masa reactiva. 

CONTEXTO DEL DISEÑO SÍSMICO 

Es práctica común que los códigos prescriban métodos simplificados para estimar las demandas 
sísmicas en la estructura sisrnorresistente. Por ejemplo, una suposición típica con el fin de estimar 
las d1storsiones de entrep1so (a partir de las cuales se determina la rigidez lateral de la estructura) 
es que el desplazarn1ento lateral de la estructura durante la excitación sísmica de diseño, es 
independiente de su resistencia lateral. Esto es, el desplazamiento que tendría la estructura si incurre 
en su rango plást1co de comportamiento es exactamente igual al que tendría s1 permaneciera 
elástica. Esto, corno se discute en detalle en el artículo titulado Efecto de la resistencia en las 
diferentes demandas sísmicas, no sucede en muchos casos de interés práctico (por ejemplo, el 
desplazamiento de estructuras con periodo fundamental de vibración pequeño es muy sensible a la 
resistencia lateral de las mismas; lo mismo que para estructuras desplantadas sobre suelo blando y 
cuyo T se aproxima al periodo dominante de la excitación). A lo anterior, es necesario añadir el 
hecho de que, corno se ilustra en la Figura 9, muchas veces el espectro de diseño, y los espectros de 
respuesta obtenidos a partir de excitac10nes generadas en el sitio de la construcción presentan : 



diferencias de importancia. Lo anterior implica dos cosas: 

• El proyectista tiene a su disposición un espectro de diseño elástico que no necesariamente 
refleja todas las caracteristicas importantes de las excitaciones sísmicas a las que estará 
sujeta la estructura. 

• La manera sobresimplificada con que el proyectista estima la demanda de desplazamientos 
y de comportamiento no lineal (demanda de ductilidad) en la estructura no siempre da 
resultados razonables. 

Por tanto, las demandas de desplazamiento y ductilidad que se dan en la estructura durante una 
excitación sísmica pueden variar significativamente con respecto a aquellas presumidas por la 
normatividad vigente. 

Además de lo anterior, es necesario reconocer que la mcertidumbre inherente en la respuesta sísmica 
de las estructuras hace que el cálculo de sus demandas de desplazamiento y ductilidad ( aim si se 
contara con un espectro de d1seño que incluyera todas las características de los movimientos 
generados en el sitio de la construcción) da lugar a estimaciones aproximadas de dichas demandas. 
Esto es, es necesario reconocer que la respuesta sísmica de una estructura, especialmente si entra 
de manera importante en su rango de comportamiento plástico, es altamente incierta. La Tabla 1 
resume las fuentes más importantes de incertidumbre, y una aproximación a su contribución a la 
incertidumbre total asociada a la predicción de la respuesta sísmica de las estructuras. 

Tabla l Fuentes de incertidumbre en la respuesta sísmica 

Fuente de mcertidumbre Porcentaje 

Características e intensidad de la excitación 50 
sism1ca 

Respuesta sism1ca no hneal de la estructura 30 

Modelado 10 

D1seño vs Construcción 10 

Total 100 

Ante semeJante panorama, que incluye metodologías sobresimplificadas y alta incertidumbre, es 
necesario tomar precauciones que perm1tan garantizar el comportamiento adecuado de las 
estructuras ante excitaciones sísmicas de alta intensidad. Un parte 1mportante en cÚanto a esto es 
garantizar que el comportamiento de la estructura sea: 

• Estable. Sea cual sea el mecanismo sismorresistente seleccionado, es necesario que este ~: 



funcione a lo largo de toda la excitación sísmica sin exhibir una degradación excesiva de sus 
propiedades sismorresistentes. 

• Consistente. Es necesario fomentar que se active el mismo mecanismo sismorresistente 
(aquel que ha sido seleccionado) independientemente del tipo de excitación sísmica al que 
se sujeta a la estructura. Por ejemplo, considere el caso en que el proyectista decida que la 
estructura que diseña debe resistir la excitación( es) sísmica(s) de diseño desarrollando un 
mecanismo de viga débil-columna fuerte. En este caso, el diseñador deberá tomar las 
precauciones necesarias para que, independientemente del tipo e intensidad del sismo, el 
comportamiento no lineal en el edificio tienda a concentrarse en las vigas. 

• Controlado. La respuesta dinámica de la estructura debe permanecer dentro de ciertos limites 
de respuesta que son consistentes con el desempeño estructural y no estructural deseado. En 
muchos casos es deseable controlar las demandas máximas y acumuladas (en su caso) de 
aceleración, desplazamiento y comportamiento plástico, para así mantener la inte¡,'fidad del 
contenido de la estructura, y fomentar el buen desempeño sísmico de sus elementos no 
estructurales y estructurales. 

En cuanto a lo que esto implica para el diseño de la estructura, puede decirse que: " Es importante 
que el estructurista limite que es lo que puede hacer la estructura durante la(s) excitacián(es) 
sísm1ca(') de diseño, de manera que la excesiva ilbertad en su respuesta no la condu=ca a límites 
inaceptables de comportamiento". 

A estas alturas surge de manera natural la siguiente pregunta: ¿Que puede hacer el diseñador para 
fomentar que el comportamiento de la estructura que diseña sea estable, consistente y controlado? 
Entre las acciones que debe tomar, destacan las siguientes: 

• Configuración estructural. Tanto como sea posible, la configuración estructural del edificio 
debe ser: sencilla, simétrica, regular y redundante. Cabe aclarar que si los elementos no 
estructurales contribuyen a resistir las cargas laterales, entonces también deberán tomarse 
en cuenta para definir la configuración estructural de la estructura. 

• Sencilla. Los mecanismos sismorresistentes deben bajar las acciones sísmicas desde 
donde se generan hasta el suelo, de una manera clara y sencilla. 

• Simetria. Dentro de lo posible, los elementos resistentes deben ubicarse en planta de 
manera Simétrica con respecto al centro de masa de la estructura. De esta manera, 
se minimiza la respuesta torsional del edificio, que en algunos casos puede llevar a 
que las demandas de ductilidad se concentren de manera excesiva, y por tanto 
peligrosa, en unos cuantos elementos resistentes. Por razones similares, es 
importante evitar distribuciones asimétricas de masa en planta. 

• Regularidad. Es importante mantener una distribución razonable de resistencia, 
rigidez y masa en altura (esto es, evitar discontinuidades importantes). Variaciones 7 



importantes de estas propiedades en altura pueden resultar en concentraciones 
excesivas de comportamiento no lineal en los elementos de un piso. 

• Redundancia. Es muy recomendable repartir la labor de resistir la excitación sísmica 
entre varios elementos sismorresistentes. 

• Suministros sísmicos. Las características mecánicas de la estructura deben diseñarse 
explicitamente, considerando cuidadosamente como su resistencia lateral, rigidez lateral y 
capacidad de deformación impactan su desempeño sísmico. 

• Detallado. Un buen detallado es esencial para fomentar un comportamiento dúctil en la 
estructura, así como para evitar que se generen mecanismos frágiles durante la respuesta 
sísmica de la misma. 

DISEÑO POR CAPACIDAD 

Para motivar la discusión acerca de la necesidad del diseño por capacidad, se discutirá el ejemplo· 
resumido en la Figuras 1 O y 11. El ejemplo consiste en el diseño bajo cargas gravitacionales y 
laterales de un paso a desnivel que puede idealizarse como un sistema de un grado de libertad. La 
Figura 1 O muestra que la masa del sistema estructural se asume concentrada al nivel del tablero del 
piso del paso a desnivel. Además, se ilustran las acciones de diseño por concepto de carga 
gravitacional y sísmica, así como la superposición de estas dos condiciones para obtener las 
acciones de diseño. 

La Figura 11 muestra una serie de suministros sísmicos que satisfacen las demandas sísmicas 
obtenidas en la Figura 1 O Dichos suministros no contradicen los requerimientos ni filosofia de una 
gran cantidad de códigos actuales. Sin embargo, como se muestra en la Figura 11, el diseño que 
resulta a partir de ellos esta lejos de tener un comportamiento adecuado cuando se requiere que el 
paso a desnivel entre a su rango no lineal de comportamiento. En particular, el mecanismo 
sismorresistente deseable para el paso a desmvel es el mecamsmo dúctil definido a partir de la 
fluencia a flexión del acero en la base de la columna. Para que este mecanismo se forme, es 
necesario que el cortante basal en la columna alcance el valor de 7.5, de manera que por su brazo 
de palanca de 20, de un momento en la base de 150. Sin embargo, como se muestra en la Figura 11, 
la resistencia a corte de la columna es de 6, por lo que la columna exhibiría un falla frágil a corte 
antes de que pueda formar un mecamsmo dúctil. La Figura 11 muestra, suponiendo que la carga 
gravitacional en el paso a desnivel es Igual a la mostrada en la Figura 1 O, que aun proporcionando 
una resistencia adecuada a corte a la columna, el mecanismo dúctil deseado no se formaría, ya que 
antes fallaría la cimentación de la estructura. 

El ejemplo anterior, aunque muy simple, demuestra que los suministros sísmicos deben satisfacer 
ciertas condiciones que no siempre son requendas por los códigos de diseño sismorresistente. Esto 
ha llevado a plantear filosofias de diseño, como la de diseño por capacidad, que garanticen el ,. :J 

comportamiento adecuado de las estructuras. 



El objetivo del la filosofía de diseño por capacidad es producir sistemas e~tructurales que sean 
capaces de resistir las excitaciones sísmicas por medio de mecanismos estables, consistentes y 
controlados. Este concepto normalmente se aplica al diseño de estructuras dúctiles, y se enfoca al 
planteamiento de un mecanismo dúctil para disipar la energía que el sismo introduce a las mismas. 

El correcto uso de cualquier filosofía de diseño sismorresistente empieza por identificar el contexto 
bajo el cual se da el diseño de la estructura. En particular, existen una serie de limitantes que el 
diseñador debe tomar en cuenta como punto de partida: 

• Criterios de diseño. En la mayoria de los casos, los criterios de diseño de las estructuras estan 
definidos acorde al las funciones (tipo de ocupación) que debe desempeñar la estructura. 
Estos criterios suelen expresarse en función del daño estructural y no estructural que es 
aceptable en la estructura durante los sismos a las que estará sujeta. 

• Configuración arquitectónica. El proyecto estructural esta limitado por los requerimientos 
arquitectónicos. 

• 

• 

Normatividad vigente. Los códigos de diseño sismorresistente imponen requerimientos . 
mínimos de diseño que no pueden ignorarse. 

Excitaciones sísmicas de diseño. Las propiedades del terreno en el sitio de la construcción, 
y las posibles fuentes sismogénicas que afectan al mismo, determinan las características de 
las excitaciones sísmicas de diseño. 

• Incertidumbre. Como se mencionó antes, existen varias fuentes de incertidumbre inherentes 
al diseño sismorresistente. 

Entre las herramientas con las que el proyectista cuenta, para establecer un buen diseño a partir de 
las limi.tantes planteadas, se encuentran: · 

• Conocimiento. Es deseable que el ingeniero posea un nivel de conocimiento que le permita 
ir mas allá de la simple aplicación de los requerimientos mínimos planteados por la 
normatividad vigente. 

• Intuición. Ademas, es deseable que el ingeniero sea capaz de intuir la pertinencia de las 
soluciones que plantea, los cambios que deban hacerse a su planteamiento original, y la 
confiabilidad de los cálculos que realiza durante la fase numérica del diseño. 

• Herramientas de análisis estructural. Actualmente existen poderosas herramientas de análisis 
estructural que permiten al proyectista estimar, y hasta visualizar, el efecto que la excitación 
sísmica tiene sobre la estructura que diseña. 

• Filosofía/Metodología de diseño. Se debe recurrir a metodologías de diseño basadas en 
conceptos estructurales sólidos, como es el caso del diseño por capacidad. 11 



Los pasos que deben seguirse para hacer un diseño por capacidad pueden reswnirse conforme a lo 
siguiente: 

• Primero, es necesario identificar los posibles modos de comportamiento y falla de la 
estructura, y establecer entre ellos una jerarquía de ocurrencia. En el ejemplo del paso a 
desnivel existen tres modos principales: uno estable de disipación de energía, y dos 
indeseables. El proyectista debe decidir en cual( es) modo(s) es deseable que la estructura 
responda, y cuales deben evitarse a toda costa. En el ejemplo del paso a desnivel, los modos 
se clasificarian, de mejor a peor conforme a lo que sigue: fluencia en la base de la columna, 
falla a corte de la columna, falla de cimentación. 

• Segundo, es necesario seleccionar un mecanismo sismorresistente estable y consistente. Esto 
implica definir el material y sistema estructural, que en el caso del ejemplo planteado 
consiste en un sistema dúctil de concreto reforzado. Parte esencial de este planteamiento es 
que se identifiquen las zonas donde se concentrará el comportamiento no lineal en la 
estructura, que para el paso a desnivel es la base de las columnas. 

• Tercero, es necesario fomentar que la estructura responda controladamente a través del 
mecamsmo seleccionado. Esto generalmente se logra por medio de: la selección de 
configuraciones estructurales adecuadas (que eviten la concentranción excesiva de 
deformación no lineal en unos cuantos elementos); el diseño contra modos de falla 
indeseables (proporcionarles suficiente resistencia para que no se produzcan antes de que 
se active el modo de disipación de energía deseado); y el detallado de las zonas que disipan 
la energía (para garantizar un summistro adecuado de capacidad de deformación en el rango 
plástico). En el caso del ejemplo del paso a desnivel, esto implica proporcionar suficiente 
capacidad a corte a la colwnna, y suficiente capacidad a la cimentación para que la 
estructura sea capaz de desarrollar su mecanismo dúctil. Además, esto implicará un 
detallado adecuado en la base de la columna que le permita acomodar las demandas de 
deformación no lineal esperadas durante las excitaciones sísmicas de diseño. 

Uno de los casos mas Ilustrativos en cuanto al uso de la filosofia de diseño por capacidad dentro de 
la norrnatividad actual es el de diseño de marcos dúctiles de concreto reforzado. Al respecto, cabe 
mencionar que los requerimientos especificados en el Reglamento de Construcciones del D.F. 
(RCDF) fomentan un mecanismo estable de disipación de energía por medio de la fluencia a flexión 
del acero longitudmal. Parte Importante de este enfoque consiste en· 

• Limitar la relación de esbeltez de los miembros estructurales (especialmente la~ vigas) para 
fomentar un comportamiento a flexión en ellos y disminuir lo mas posible los efectos de 
corte (en la Figura 12 puede verse que LIH se limita a valores mayores de 4, donde Les el 
claro de la viga y H su peralte total). 

• Limitar las cuantías mínima y máxima de acero longitudinal de los elementos estructurales 
a cantidades que permitan un comportamiento dúctil (ver los requerimientos para A, y A,' 
de las vigas en la Figura 13 ); i: 



• Proveer acero longitudinal a compresión en cantidad importante para fomentar el 
comportamiento dúctil de la pieza (por ejemplo, en la Figura 13 se especifica que en vigas 
la mitad del acero positivo no debe ser menor que el de acero negativo en LI ); 

• Proveer confinamiento adecuado al concreto, por medio de estribos, para incrementar su 
capacidad de deformación y permitir el comportamiento dúctil de los elementos. 
estructurales (ver en la Figura 14 los estrictos requerimientos de separación y detallado de 
los estribos en la zona LI de las vigas). 

Note que la zona definida por la longitud LI es la zona donde se presume se concentrarán las 
demandas de comportamiento no lineal, esto es, las zonas criticas de disipación de energía. 

Para fomentar que el mecanismo de disipación de energía sea consistente, el RCDF tiene 
requerimientos para evitar que ocurran los varios mecanismos frágiles mediante los cuales pueden 
fallar los diferentes elementos de concreto. A continuación se incluye una lista de estos modos de 
falla indeseables y algunas de las medidas que toma el RCDF para evitarlas. 

• 

• 

Pandeo lateral de los elementos estructurales. Para evitar el pandeo lateral de los elementos 
estructúrales se limita la relación que su ancho b puede tener con otras dimensiones (ver en 
la Figura 12 las limitaciones impuestas al valor de by a sus relaciones con otros elementos). 

Pandeo prematuro del refuerzo longitudinal. Una de las funciones del acero transversal es 
proporcionar soporte lateral al refuerzo long¡tudinal para evitar su pandeo (ver en la Figura 
14 los estrictos requerimientos de separación y detallado de los estribos en la zona LI de las 
vigas). 

• Aplastamiento del concreto en zonas de compresión excesiva. Otra de las funciones del acero 
transversal es mejorar las propiedades del concreto que se sujeta a compresión para evitar 
su aplastamiento prematuro (ver en la Figura 14 los estrictos requerimientos de separación 
y detallado de los estribos en la zona LI de las vigas) 

• Fractura del acero. La cuantía mínima de acero a tensión especificada en la Figura 13 tiene 
como objeto el evitar la fractura prematura de este acero. 

• Fallas a corte de los elementos estructurales. Las Figuras 15 y 16 ilustran que los 
requerimientos del RCDF exigen una resistencia ·a corte en los elementos estructurales que 
les permita alcanzar la fluencia a flexión en sus dos extremos. 

• Formación simultanea de articulaciones plásticas en columnas. La Figura 16 ilustra que los 
requenmientos del RCDF fomentan un mecamsmo columna fuerte-viga débil por medio de 
proporcionar una resistencia a flexión en las columnas bastante mayor a la correspondiente 
a las vigas. '~·. 



• Conexiones o nudos. Se promueve que el acero de las vigas fluya antes que falle la conexión 
viga-columna, por medio del suministro, en cantidad suficiente, de estribos en la zona de la 
conexión (ver Figura 17). 

• Anclaje/ Adherencia. Un aspecto muy importante para permitir la fluencia del acero 
longitudinal de los elementos estructurales es evitar las püsibles fallas de adherencia o 
anclaje por med1o de los estrictos requerimientos mostrados en la Figuras 18 y 19. 

Cabe aclarar que aquí no se ha realizado un examen exhaustivo de los requerimientos del Capítulo 
5 de las Normas de Concreto del RCDF. Solo se han ilustrado como algunos de estos forman parte 
de una filosofia de un d1seño de capacidad. También es importante mencionar que esta filosofia 
también va 1mplícita en los requerimientos para el diseño de muros dúctiles de concreto reforzado. 
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IMc "'" Mes + Afc¡. ca la suma de los momentos flexionantes que deben ser 
capacc¡ de resistir los extremos de las columnas (supenor e 
inferior) que llc¡an a dicho nudo. 

El momento rcsislcnle de la columna se calculará para la carga axial que le 
corresponde a la columna por efcao de la carga verticaJ más el doble de la que se 
genera para efc:do de las fuerzas úsmicas actuando en la di.recc:ión correspondiente 
al signo de los momentos flcxiountcs considerados. 

Mes~ 
Ve 

Ve= 
Mes +Me¡ 

H 

Dte ~ I.S<Dfv) 

, ... 

~ 
Ve 

'M a 

Fi:.;ura 1l(' Revisión para la capacidad a flexocompresión y cortante de columnas 

11• al ruta de la columna 
del ent:repUo supc:nor 

( 

1; altura de la columna 
del enaepuo UlfcnOf" 

1 v.. 1 /"'' 

lt 

Por equilibrio del oudo: 

V¡ • (As,+ As,)I.2Sf1 - V"" 

Para la condición de mecanismo de viga se tiene, aproximadamente. 

V¡•(As1+As,Xl.2Sf,>(t- i,·:hl;) 

No debe exccdcne de: 

\'):S: ~F•f~ b~ h~, cuando hay vi¡as en las cuauo caras de la unión. 

Figura )( Revisión por cortante de conexiones viga-columna 

: 
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12d. L 

1, 
'1 

¡d •• 11 

4db. t 

11 

0.0161, db 
v¡; 

lScm 
8<1, 

a) AnclaJe con gancho 
extremo. 

¡~, 

1 

b) Cartela en extremo de la 
viga para aumentar la 
lon¡itud de ancl~c con 
respectO a la ¡eccfóa 
c:r!tica. 

e) Vi¡a c:on saliente para d) AnclaJe 
proporcionar la longuud mecánico. 
de anclaje necesaria. 

Figura K Anclaje del refuerzo longitudinal 

A~ 

~ 
-r--¡ 

h _:..:..(_ e: 20 
db, 

-1-- c: 20, SI la car¡a axial sobre la 
b~ columna es tal que: 

...!:!:.... <0.3 .o.,r, 

~ . Pu 03 
d >: 15," "" " . •t A&l e 

Amboa U mi tes se reducen a 1 S 
si más dd 50% de lu car¡a.s 
WcraU:.s 100 resi5tidas por mut01 

o con~vieotos. 

Figura )5 Requisitos para garantizar adherencia adecuada ) '{ 
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t hl' l· E~ lA l'rn;!ram to Reduce the Earthquake Hazards of Steel Mo~ent F~~e Stna.ctUns 

i'lllh .. 'lll;d ln,·c..;tJg:llor. 

1\,·i:lll'd Sllilllll:triL'~: 

EERC-PNI 

Pre-Northndge. snnulated tield welding. 
panel zone y1eldmg. \l,'eld fracture. small rotation capacity 

Earthquake Engineenng Research Center. Umversity of California at Berkeley 

March 7. 10<J:i 

Vitelmo V. Bertero: wlth Andrew S. Whittaker and Amir S. Gilani 

1 :; . 1-l 

··Expenmental Inve~tigarions of Beam-Column Subassemblages:· Report No. SAC 96-
!i/. M1nch I<J%. 

FEMA 1 SAC Joint Yen tu re. Phase l 

W14x176 
(A572 
Gr 50) 

CONNECTION DETAlL 

" ,. ... 5116 3" 
., / 4" RETURN TYP T&B 

~---'-'----:" O 072" DIAM. E71T-8 ELECTRODE 

L . .:.-,~ 
' ,, ' 
l ¡ 1 ' l ~ 

'1 - ~· (8) 7/8" A325 
:: ' :;'..o&;-----
·:' 1 

! ! " ! 

! _.::_j 
W30x99 

(A36) 

====~~~============~ ... 3/8 30' 
I/ . 

, --~L. ,..-___,/C.J.P. 
- '---' \.TYP. T&B 

MATERIAL PROPERTIES AND SPECIMEN DETAILS 

' y;eld Stress (kSJ) Ultimatc Strcngth (ksi) 
' i\·IL'11lhl.'l S1t.L' G1adc 
' mili cens coupon tests* mili cens. coupon tests" 

1 
H'-',tlll \\'3().'\lJlJ r\3(1 5-l-.1 

50.3 flangc 
73 4 

70.9 flange 

55 7 wch 71 9 wch 

! {'ulumn \\' 1-lX 176 :\.'17~ (ir 50 56.5 
50 O tlange 

74.5 
69.0 tlangc 

49.5 wcb 69.5 wch 
¡ All \\'c]d.., FC .. \\\'-SS 111 con1orrn:tncc with AWSD l.l-Y4, perfonncd w1th O. 120" d~amctcr ' \Vl'ILI111~ f'w~._~._'dUIC 
1 ,.\\\S [7!lT-4 l'kCIIlH.lC ... Prchcat aml mtcrpass tempcraturc per Tahle 4 3. F11lct weld ol 

1 
-;jlnllll.tlÍtlll 

-.lll'<H tah tu hc.un wch pl'rlormcd w1th 0.072"" dmmeter AWS E71T-8 electrodc 
Sllc.u 1:1h 112" x 4-1/.:: .. ;.~ 2~-.S/S" pl.nc w1th cight7/R" A325 bohs 
l',llll']/lHIL_' ~u dnuhlcr pl.tll'" 
('tlllll!lllllY pl.llc-. 3/S' plall'" w11h CJf> g-rom·c wc]J 

Bt,und:uy nmJ1titllh 
Smg-k- ... ltkd te ... L 1\ll 1luor <;]ah. a:ualload m lower half of column equal to shcar in bcam. 

1 ... pcnmcntc ... ted 111 t1pnght pu:-.ttmn 

! { >tllcl dct.u]¡ng- Comwcuun hel\\Cl'll column .uH.J hcam wclded m the upnght posJUon 

• Coupon locauons per ASTM 



BACKGROUND 
·¡¡IL' (lh.i~cttvc-.. ultc-.ttng thc Pn:-Northndgt.: spccimcns wcrc to replicatc m the laboratory thc failurc modes ohscrved in 

ihL· til.'ld .ll!LT tllc No11hndg:c c~1rthquakc to develop a beucr understandmg of the failure mechanisms, and 10 acqu1rc data on 
1:!..._·1: dcllmn.ttltlll ch.uactcnstic:-. t1f hcam·column connections constructed to industry standards befare 199-t Thc 

.¡•,,tlllL'Il dL'\CJdx~d 111 tlll'., ..;ulllmary wa-; fabncatcd undcr controlled conditions by a local commercial steel fabncator to 

,;,·t,¡!l ... :-.p~.:ctli~.?d h~ SAC and thc pmlClpal invcstJgator. lt was intcnded to be idenucal to thc spcc1mens described m Test 
::t:llllll.tllL'" :--.:o 2 .md ~ In addition. thcsc were in tended to be nearly identicalw the specimens descrihed in Test Summaries 
-,, · .: ;;;: .tnd h \\ htch wcn: tt::stcd at U C. San Diego Bccausc each of these were fabricated under controlled condirions. 

;1• '\h'\ L'l. 11 "'ptl-,-,¡hh.: 1hat thc1r quailty Js surcnor to typ1cal moment connections fabricatcd in the field pnor to thc Northridge 
. ·:11tllqu.tl .. L· .-\" -..miL "o me tield-fahricatcd momcnt conncctiom m ay cxhibit less rotation capacity than thesc test ~pccimcns. 

I'IIL' "l.tltd:lld SAC/ATC-2-1- lthtdmg lw;tory wa~ uscd m the quasi-statJC tcsting of the spccimCn. Thc yield dbplacemcnt 
• 1\ 1 t•llilL' "11L'L'I111L'!l \\'a-.. calculatcd from nonlmcar analysts tn be 1.40 m. 

-

-
~ 
-" 

-i· 
TEST SET-UP 

11'-2" 
~-~-----..:.:--=------·: 

Lateral restramt frame 

11 
1 1 

li 1 Strong íloor _ 

DISI'LACEMENT HISTOR\' AND KE\' EXPERIMENTAL OBSERVATIONS 

.-\ppliL·d D1:-.placcment H1storv 1 Kev Observations of the Test 
Pmnt De~cnptton 

t), = 1 ~ 111 1 :11!.11~ lll.tl \ l Shear y¡eJdmg m thc panel zone (dJsplacement =O 75Sy) 
~ (Í -- - - - -- i' -- -

2 
Fracture of welded connectJOn of beam top flangc to col-- - - umn ftangc dunng first cxcurston to 30). _n, - - -, -,- ' 

,; l 
,, . 

---- .. -- -----------

' -() 1 -· 
-.:-.'i -

- :,; 
- - - - ' -

I>ETAILED TEST RESULTS 

( )u.ul\11\' t~cc lnin>ductH>Jl lt1r dc!inJiiun.., u:.cd m EERC tests) Maxima 
Pc.tk. .tcHiator torce !kip..,J: l\0 

1 tllu:/1 lt~pl:tl\~llll'lll Propcrtll'" Bc.un de!onn.l!Jon !m J L7 

---- - E:-.pcrmlcnt.ll hcam y¡eJd thsplaccment (In) 1 2 

Rtll,lil••n (',tp.tl'llY 
:--.l.t\illltllll pl,l~tlc rotauon (% radJan): ¡_¡ 

- -
C:umul.t\1\'C pl.hllt: rotatlon (% radJan): NA 

1-:nl'l~~ !)1-,.,ip.!lHltl Prtljll'rlll.''- Culmtlatlvc cncr~y J¡~·,·:~.ucU (k-m.): 464 
·,¡,.,k t>l 1.ult11c: h.tcturl' ol thc \\'ddcd hL",nntop llangc 1o column flange connect10n dunng the hrst half-c y ele of load m • to 36 .. g 

2. 



DISCUSSION 

Sp .. ximc!l EERC-PN 1 LtilcJ Junng the fir.st half-cycle of loading to a displacemcnt of 38\. Failure occurrt!d m thc 
',.:lt•t'\l' ''L'Idcd etlllllCCllon of thc hcam \tlp tlangc to the column ftange ata bcam tlp dJsplacemen-t of approxJmatc\y 0.1 m. 

dllilll~ tllc c.\cursJon Fa!lun: ot the ~pcctmcn wa.s rrcccded by shear yielding in the panel zone. initally observed during thc 
~~~-.pLkL'IllCill cyck to 0.75(\ Tllc :-.pccJmcn lailt:J ahruptly during the 3óv cycle. Data from the strain gagcs on the top-

·'···· ,,¡ IIIL' tup tbngc n! tite hc:ul1 indicatcd lle\ural :.trains cxcccding 20.000 'microstrain. However. visual inspection of thc 
·. ·. 1:llL'll (l•IIO\\ 111):' thc tc-.tmg "uggc..;tcd that therc was liulc plastification over the depth of the bcam. The maximum plastic 
,~,,11• •11 ,,¡ 111...: Lillllh.'Cilllll pr1Dr to f.tilurc wa~ .1pproximately 1. le~. radian: ~.7% radmn in thc panel zonc. anJ 0.4% radmn m 

,H. ¡,,·:1111 Tlh: p:lltl'l zonc di:-sipatcJ ~uh:-tanu.llly more energy than the beam. 

DISCLAIMER 
ll11~ ~tllllltl.tl~ ¡,~,, h..:..:11 p1cp~IIL'd ltlllllth..: Clh..'d l<.:l<.:l..:ncc. Tlu: SAC Jotnt Vcnturc has not vcrificd any of thc rt=!>ults prcscntcJ ht=rt=tn. and nn warranty 
¡, ·•IIL'IL'd \\ ith IL'~~II d tolllL' 1 l''-lllt;-.. findin~" ,11\J fl'lOillmcnda\1011\ rm:~!.'ll!CJ. cither by thc Ft=dcral Emcrgcncy Managcmcnt Agcncy. thc SAC Joint 
\ ,.,,, 111 ,. tiiL' 111d1' 1dual ¡u1n1 \'Cllllllo.: p:utu..:1 "· tl\..:11 d11 O.:ltot "· m..:mhcr~. ur ..:mployet=s Thcí.c orgamzatiuns and mdtvidual" do not as<>umc any legal 
: .. ,i•lltl\ Pt IL''-]lOihlhility 1111 tilo.: aL'Lur:tLy. uunpkll:uo.:,\, 01 u\dulnc"" of any of the tnformatton. product,<,, or proce'>!>C\ indudcd m thi<> publtcat10n. -:) 
·; ¡,, ,, .. ,,~, .. , h L :llltiottc•d 111 L:uelull) 11.'\'11.'\\' thl.' matcttal plt..'~l.'nti.!J hero.!tn More dctailed tnformat10n 1!. available m tht..' 1.:ttcd refcrcncr.:. 



\ -\C Ph.t"L' l Anal~ tic al Stmhes of BUilding Performance 

l'llliL'll Tille 
\.-\C ~UJ \ LY tll Stccl ivtoment-Rc~istmg Frame Bmldings Affected by the 1994 Northridge 
E.tl thqu:II.,.L' 

"1 \1 b-L't lllll :tL'l\ I!'S 

l >a,·¡d BtlllO\\'itz.S.E: Nabth Yous~ef & AssocJates 
~ahih l ~~u~~L'L S.E: Nabth Yous~cf & Assoctate~ 

l '1 1 lll'~·t Suntmar;." 
· J'h ¡-. 1 L'l"lt 1rt p1 c~cnt~ sutnmaiiC" and preli minary tnterpretations of data from steel 
IH(lllh.'lll-JL'~i:-.ting trame hut!Jtngs shaJ...cn by thc Nonhrige earthquake of January. 1994. Thc 
.... uh¡~..·'-·¡ huild1ng~ WCIL' invcs{]g.Hcd lor eanhquake damage to various degrees ar vanous 
llltll':o. :-.JIKL' thL' cvcnt. Data wa:-. ct1lkctcd lor th1s repon between August. 1994 and March. 
l \)\) ¿i 

l11 ~L'llL'l <il. t ,,.( 1 p.lttcrns ol unacccptahlc condiuons are discernible. One pattern is limited to 
,,~_·Jd tunt di..;ctllll111Ulllc:-. th.ttmay represen! poor con~tructwn quahty thesc show httle relation 
lll ...,¡¡ uuur.ll dcmand The othcr pattcrn mvolves full-blown weld or base metal fractures and 
dtlL'" .tppL·.u 1 clatl'd tcl locations <lf cnucal structural demand. A remaining quest1on 1s 
whcthL't thL' t\\O paltcrns ate ltnkcd. that 1s. whcther poor initial quality leads to fracture 
dunng L':ll thquaJ...cs. Survl'y data suggest that poor quality. whilc it may contnbute to damage. 
~,, nt 11 hy tbcll ~uf ftciCIH to cau:-.e damagc. e ven under relatively h1gh stress. Post-Northndge 
hhtnatoJy h: .... ung ha:- :-.lwwn that wcld disconunuitics are also not necessary for fracture. 

·"tllllL' h1uad f1ndmg:-. rcgarJ1ng general damagc pattcrns and quantittes include: 

1 ~\h11Ul ::!,()f,!¡ ul sut vcyccl hu!lclmgs reponed no damage at all. About 30% of 
.... ur\'L'YL'd hlllldmgs rcpo1 tcd wcld damagc only. 

~ (hL·r .:1-(V,; ol inve:-.tigatcd lloor-framcs were undamaged. and another 40% had 
\\l·ld d.t_ln:tgL' only Anwng c:t:-.c ~tudy building:-.. wh1ch are sornewhat more damagcd 
r IJ.ul .1 ,·~_·¡ .1gc t l\ ct 701?r nf tnd 1 \'idual conncctlon!-> were undamaged. and anothcr 17% 
h:td wcld damagc un! y. 01 :di thc weld damage reponed. about half was limJted to root 
.,.T:Ick' dctL'ctcd hy ultra...,ontc tcsttng. 

·' \\'~_·ld c1acJ....., ( lrcqucmly not conftrmcJ by visual inspectlon) were reponed two to 
thr~..·~..· 11111c" a.., oflcn as ha:-.c metal fracture~. (Cracks m the weld-column fusion zonc 
.tiL' gL·nct:dly consJdcrl'd a!- m.:: Id d.unagc.) \VelJ cracks wcrc reponed at the beam 
hll\\olll J¡'angl' ahout th1cc tune:- a" oftcn a:-. at thc heam top flange. Base metal 
J r.tllUI ~..·:-. :11 thc top uf thL' connccllon wcrc cxtrcmcly rare. Top mspcction was 
'u b, 1 :ulll a ll y m en mp le te comparcd t o hottom 1 nspcction. 

-L Chcr:dl. ahout l (1(/¡ of !loor-ftamcs had somc hase metal fracture at the bottom of 
tlll· L·nnncctton. ahout 3Yir had ctthcr ha!->C metal fracture or significan! weld cracks. 

:'i .J\h(ll\l X(l(/r 11! <111 lllHll-tramc.., hmllc~s than \lile third of thc1r connectlons 
d:tlll:t~L'll 

'\.\C \tcl'l P111jccl 

r/tl E:uthqliaJ...c Engtnl'cnng Rc!->carch Ccntcr 
1301 South 46th Strect 
Richmond. CA 94H04 

(51 111 231-9477 
FAX· 151111231-5664 

sac..;tccl C!!1ccn.:.hcrkclcy cdu 

,, 



Thc Phasc 2 Stcel P1njcct has a numher nf inter-related, problem-focused 
1nvcstigatinn!- 1nto v~mou!- aspects nf the steel moment frame problem. These 
are hrokcn Hl\O thc followmg six hasic arcas: 

i\biL'naJ.., and FractutL'- cvaluallng the hasic material characteristics 
o\ steels uscd 111 building com.truction m setsmic regions of the United 
Si ate.-. 

Jott11ng and ln.-.pcctlon- addressmg issues related to wclding. bolting. 
and m-proccss ancl post-carthquakc mspcction 
Cunncction Performance - hcam-column connection modeling and 
fu]]-~ca]c \CSl111g 
sy .... tt:lll PcrformanC('- paramctnc analytical studtes of steel framcs 
\\ tth \'ary1ng grounU mcnions. mndehng assumptions. etc. 
J>crf(lrmancc Prcdiction and E\'alualion- developmcnt of rational and 
1 c!Jahlc pcrflJnll<UlCc-ha.-.cd dcs1gn proccdures for stccl moment framc!-. 
Econonuc StlCial. and Polilical Aspects- identifying opportunities for 
and hamcrs again!-t implemcnung unprcwed se1smic destgn criteria 

Pcl l'tlrlll<I11CC or Stccl Buddings in Past Eanhquakes 

Data on Butldmgs In.-.pcclCJ undcr thc LA. Inspection Ordmance 
Dewilcd Data Collccllon for Sclccted \VSMF Buildings 
[\'aluatiun ot Inspection Rehahllny and ldr:ntification ofWla Damage 
ln~tllutiunal Dcmands Cau~cd hy \VSMF Damage 
Damagc to \Veldcd Stccl ivlomcnt Framc Buildings m Earthquakes other 
th:1n Ntllthndgc 
Co(lrdtJWlHlll lot Topica\ Invcsllgations on thc Performance of Stccl 
Bulld1ng~ tn Past Earthquake.-. 

.-\~~L·~~ CuJT('llt Knowlcdgc 

l.btahase DcYclopmcnt lor Soning: and Summanzmg Test Results 
i'\'laintcnam:c and Upd~He!- llfthc Litcraturc Database 

ivlalct ¡a].., and Ft acture 

Ch~u actcrizall on ¡¡f thc Material PropertJcs of Rolled Sections 
lnllucnce ¡¡f thc TlmnJg:h-Thickncss Properties upon Bcam to Column 
f"7bngc \Vckl" 

.lt1ining .111d In~¡kction 

l:lkL'\'-. 1llthe RclalJ\'(' Strcngth of Ba-"c ,u1d Weld Metal on Weldmcnt 
lkh:l\'llll at Dlltcrcnt Suam Ratcs 
r:tf-.Tt~ of\VL'id 1\.h:tal and HAZ Notch Toughness on Wcldcd Joint 
Beh.J\'Iol 
SeJhlll\ ity ot \Vcldcd Jomt" to Variauon.-. in Welding Procedurcs. 
P.u amctct s and Condlliom 
Reliahdny ol Non-De~tructiYc E\'aluati()n Methods for Welded Joints
[~tahll"h Modcl UT PH1cedurcs 
Synthc .... Jt.C Daw Modcl tor \Vdd Performance 
r:~t.thli-.h \V cid Acccptancc Critcria 

Ctlnnccllilll Pcrllll'lllancL' 

:\""L'~" and lmprovc Finitc Elcmcnl/Fraclurc Models for unreinforccd 

S 



and Covcr Plated ConncctJon Dctalis 
:-\~se~:-- ami lmpwYc Fm!te ElcmcnúFracture Modcls for Various 
ConnectHlll Conhgurat10ns and Types 
Dc\·clop Analyucally-Bascd Dcs1gn Methods for D1fferent Connections 
Cun!iglll atiolh 
Dcú:lopmcnt and Evaluat1on or Analyucal Tools for Benchmark and 
.-\nal\'tu.:,\1 ln\·c~tigati(llb 

~y"'cm Pc1 forman ce 

Uc\·clop Suitc:-. ot Ciround fvlolion~ 
P.u:unctnc Sllldy un thc Efrcct of Sei~m1c Demands of Strucrural 
C 111f1gu¡ atiun:-.. Prupuruonmg and Modcling 
1\u :1mctric Stud y (lll thc Effcct of Scismic Demands of Deterioration of 
Hy:--tcrl'til· Ch:u actcristiL·~ 
Paramctnc Study on thc Efrccb on SetslllJC Demands ofGround Motion 
lntcnslly and Dynanw.: Charactcnstics 
lll\ c~tigation of thc Etlect of Connection Fractures on Safety and 
Rcl!ahtlny of Stccl rvtomcnt Rcs1sting Ftame Systcms 
lll\'CStlgatlOll or .-\ltcrnatJve Frmmng Systems 

Pcr!'tmnance. PJcdtctJon and Evaluation 

Dl·\·clop ;¡ Stati:-.llc:ll and Reliahility Framework for Companng and 
Evaluauon Prcdicuve ivloJcb for Evaluation and Des1gn 
Dn·dop Ptcdtctl\'C E!asuc Modcb for Building Performance 
Dcvclop PJcdtcme Inclasuc ivloJch for Building Performance 
Devclup Rccommcnded PrnccJurcs for Performance and Evnluation of 
Si\·!Rf' Budd1ng:-. 
Dcvclup Dc~1gn Rl·quircmcnts for Ordnwry and lnterrncdiatc (Low 
Uuclliltyl Momcnt Fr.:1me~ 
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THE SAC JOINT VENTURE 

'- -\( '"a JOlllt vcnturc ofthe Stmctural Engmeers Associatlon ofCalifomia (SEAOC). the Apphed Technology Cmrncil 
L \ U·). :md Cahf(xnw Umvcrslt1cs for Rcscarch m Earthquake Engineering (CUREe.) fom1ed specifically to address both 
llllllll'diatl' am\long-tcm1 nccds rclated to ~olving problems ofthe Welded Steel Moment Framc (WSMF) connection that 

i n .. _\.:~llllL: apparcnt as a result ofthe 1994 Northndge earthquake. SEA OC is a professional orgamzatton composcd of 
llll'll' th:Hl _lJ)()() p1.1cticmg ~tructural cngincers m California The volunteer efforts of SEA OCS rnembcrs on \'arimL.;;; 

l.·~·llni~.al cummllt.:L':-; have bccn instrumental m thc dcvclopment ofthe earthquake design provisions containcd m thc 
l 111/<•1111 liutldu1g Codc as wcll "" thc Nalional Earrlu¡uake Ha::ard<; Reductwn Program (NEHRP) Provisions fór Scismic 
Nt'<..:lliuflun\ jor N('ll Bw/duzg.,. The AppliLd Tcchnology Councilts a non-profit organization founded spccifically to 

1'~·1 !t 11m p1 t 1blcm-l{lcu~cd rcscarch rclatcd to ~tructural cngineering and to bridge the gap betwecn civil cnginecring 
r._ -.~.::u eh :md cng:inccnng: pr.tctJCl'. lt has dcvcloped a number of publications of national significance including A TC 3-
th>.\\ l11ch -..tcJ'\'l'~ :1.., thc h<l">l!'> fo1 thc 1VEHRP Recommended Provtswns. CUREc is a nonprofit organization fom1ed to 

p1 (lJIHliL' ami conduct rescatch and cducational act1vitie.s related to earthquake hazard rnthgatton. CUREcS c1ght 
1!1!--Utuuonalmcmb~r~ are: the Cailfomw JnsiJtute ofTechnology, Stanford Univcrsity, the Umversity ofCalifomia at 

lt.:t kcky. thc LJmvcrsny ofCalitOmw at Da vis. the University ofCalifomia at lrvine. the University ofCalifomia at Los 
. \ll~l·k..;. thl' Um\'l'r~tty ofCalJforma at San 01ego. and thc Umversity ofSouthcrn California Thts collection of 
11111\ ~·1.-..11 y c:u thquakl' rcsl'arch laboratory. library. computer and faculty resources is among thc most extensivc m the 

: 1111~·d ~t:llc:-.. Thc SAC Jomt V enture allows thcse three org~:IZ:Jtions to combine their extensive and umque resourccs . 
. nl~llh:ntcd by :-.ubcontractor Ulll\'crsitlcS ami orgamzations from around the nation. into an integrated tcam of 
111 .ll'lllltlllL!:-> :md rc:-.carchcrs. uniquely qualified to sol ve problems related to thc seism1c perfom1ancc ofWSMF 
-.,¡ 1\ll'ltll ~·-.. 

DISCLAIMER 

11,,. ptupo-..c ofthts documcnt 1:-. to serve a-; a :-.lipplcment to the FEMA-267publication lnterim Guidelines. E\'{IIuation. 
/;',./,,,¡, . .\ludi!intfloll wul Dc.,ign td llddcd .)'red .\/o/1/eiiT Frame Srmctures. This Adv1sory. which is mtcndcd to be uscd 

mct,njunctlnn \\'ilh FEAI . ..J-2ó7. superccdcs ancl cntircly replaces lnrerim Guidelines Adv1.mry No. 1 (FEAIA 267a). 
/ ·r 1/.1-~(J 1\\:1:. publi~hcd to ptovtdc engml'crs and bwlding officials with guidance on cngincering proccdurcs for 
,·-,,du:tti(\n. 1cpa1r. mmlifical!on and dcqgn ofwcldcd stccl moment frame structures. to reduce the nsks assocmted with 
~·.111hquah:L·-mduct.'d damagc Thl' rccommcndatlons were dcveloped by pr..Icticing cngmeers ba.o;;;ed on profess10nal 

llll1~1ncnt .md l'.\JllTicncc anda prehmmary program of\aboratory, field and analytical research. This prcliminary 
ll''l.,llch. h.nown a:-; thc SAC Pha:.c 1 program. commcnccd in November, 1994 and contmued through the publication of 
111~· /u/( '1'1111 (~/1/dduu·, documcnt. Thi:. !lth'l'/111 (;uuleltnc.\ Adi'I.wry No. 2. which updates and rcplaccs /ll!cnm 
r ,¡ui/, ·!111<'1 ·ldt·¡,oJ:\' .Vo l. ts bascd on suppkmcntary data devclopcd under a program of continumg rescarch. knO\vn ao;;; 

tlil· ~ ·\C Ph~~-..c ~ progr.tm. a-; wcll a~ findmgs de\'doped by other. independent rescarchers. Final design 
lll'(llllll1l'ndatJtm~. :.upcrccdmg both FEMA-2()7 ami th1s documentare scheduled for publicat1on m early 2000 
l1akpl'1Hknt JCVll'\\' ami gwdancc 1Jl thc pwduct10n ofboth thc FEMA-267./ntenm Gmdelmes and the advi~ories was 

pill\ tdcd h~ a ptojcct ovcr~1ght panel compriscd ofcxpet1S fium mdustry. practicc and academia. Users are cautioned that 
h·,~·a1ch intn thl' bchaviur ofthcsc structurc~ i~ contmumg. lntcrpretauon ofthc n.:sults ofthis rcsearch may invalidatc or 

-..tl:;~l'.'-1 ilw nccd t()r modilie<ltlon of¡ccommcndauons contamed herein. No n·arranty is offered with regard to the 

1 \'I'OIIllllL'tHhttiun.., cuntaim·d hen·in. cithcr h~· the Fcdl·ral Emergency Management Agency, the SAC .Joint 
\ l'ttl tll'l..'. tht· indi\'idual,ioint wnturc p<trtncn.. thcir dircctors, members or employees. These organizations and 

1 hc11· l'lllpln.\'l'L'!'> do nnt a~..,ttlllL' any k:,!alliahilit~· or rl'sponsibility for the accuracy. completeness. or usefulness of 
.11n td lht' intormation. prudul't'l or· pr-nl'c"'w" includcd in this publication. The reader is cautioned to carefully 
1 t'\'il'\\ lhl' mall'l·ial pn•..,cnted hcrl'in. Such ml(mnallonmust be u~ed togcthcr with sound engineenngjuclb'lncnt when 
,qlphcd lll .-..pccJiic cngmccrmg pro¡l'ct:-. Thi..,fmcmll Guuldllles Adrtsory has bccn prepared by thc SAC Joint V enture 
\\1111 l·unding pnn'llkd by thc Fl'lklal Emcrgcncy 0:1<.tnagcmcnt Agency. under contraer number EMW-95-C-4770 The 
"'"\< · .ltllllt VL·nturc gratcfully acknowblgc~ thc support ofFEi'vlA and the leadership ofMichacl Mahoncy and Robert 
1 i.lll'-1111 Pl\l)cct Orticl'J ~md Tcchlllcal Adv1:.m. rc..,pccttvcly. 1l1e SAC Jomt V enture also wishes to exprcss its gratltudc 
1< • thL· l. u gt: numbc1 :-. o.t cnginccrs. butldmg oflic¡aJs. orgamzat10ns and firrns that provided substantml cfforts. materials . 
. 1nd ;Hhxc and \\'ho ha ve contributcd signitícantly to thc progress ofthe Phasc 2 effort. 
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PREFACE 

Pu rpose 

Thc purpose of the lnterim Guidelines Advisnrv series is to provicle engineers ancl builc!mg 
"i"lic~:rb wllh timely infonnation ancl guiclance resulting from ongoing problem-focusecl stuclies of 
:. 1·~· "L'hmic hchm·1or of moment-reststing sted fran1e structureS. These advisories are intended to 
he· ,upplemcnts ro FEMA-21i7 Interim Guidelmes: Eva/uation. Repair, Modificatwn and Design 
u/ 11',·/ded Stecl Mon1c!ll Fra111e Srructures first publishecl in August 1995. 

The· lirst/ntenm Gu1ddines AdvisorT. FEMA-267a, was published in January 1997. The 
spccilic r~\'Jsions anc!upc!ates to the !ntenm Guidelines containecl in FEMA-267a were clevelopecl 
h:rscd un rnput obtamecl from a group of engineers and building officials actively engaged in the 
rrse· uflh~ FEM..J-21i7 document. m the periocl smce its initial publication m August 1995. That 
input was uhtamecl dunng a workshop helcl m August 1996, in Los Angeles, Califorma. 

Tlm s~cunc!lnterim Guidelmes Advisory has been prepared as a series ofupc!ates ancl 
,,.,.¡,rurb huth ro the FEM . .J-2ó7. !nterim Guidelines which it supplements and to the FEMA-
_-r, /u. fnlc'f'JJJJ Guidc!Jnes Adr•i.1·on' publication. wfJ;ch it supercecles. The material containecl in 
¡¡,¡, fnrenm GulilefJnes Ad1·isorv No. 2 is based on the extensive analytical and laboratory 
re·s~arch that has hcen concluctecl by the SAC Jomt V enture and other researchers during the 
rrrl~l'\ ~ning period. along W!lh recent clevelopments in the steel construction industry. The 
mal~nal cuntamcd 111 this A,h·i.wJT has been formatted to match that contained in the origmal 
inraim Ciulifclllle.l. lo pennit the user to insert th1s matenal directly into appropriate sections of 
1h:r1 ducumcnt. This Adn.1·o1T 1s nut ultended lo serve as a self-contained text and should not be 
""·das such. ll dues. however. compktely replace the material contained in FEMA-267a . 

.'\ 11~11· sct of recommendations for the design. analysis. evaluation repair. retrofit and 
Clli!Struct Jll\1 of moment-res1stmg sleel Ji·ames is currently being prepared as part of the Phase 2 
l'r·u!'r:un tu Reduce Ea11hquake Hazarcls in Sted Moment Frame Structures. These new Seismic 
1 >c·,¡gn Cnt~ria. wl11ch are anticipated to be completed early m the year 2000, will replace in their 
c'llllle't\· thc FEMA-2ó7 In lar m Guide/111es and this lnterim Guidelines Advzsorv No. 2. 

Background 

J'h~ c-iurthndg~ ~a11hquakc of .lanuary 17. l'J'H. dramatically demonstrated that the 
I'''Ct[U:il !licd. '' eldcd beam-to-column moment connection commonly used in the constructton of 
11 e· ldc·d ,¡,.~[ nwmcnt resJslmg Ji·amcs (WSMFs) m thc pcriod 1965-1994 was' much more 
'·'"'·,·pt!hle 111 damagc than pr~v10uslv thought. The stability ofmoment frame structures in 
c·:rJt hqu:1kes 1s tkp~ndent on the capacJty of lhe heam-column corinection to rema in intact and to 
',·,¡st tcntkncJcs of the beams and columns to rota te with respect to each other under the 
rnllue·ncc 11f lal~ral ddlectJon ofth~ structure. The prequalified connections were believed to be 
duct i le ami capable of withslanding th~ repeated e y eles of large inelastic deformation explicitly 
rclre·d upon m thc building code provisions for the design ofthese structures. Although many 
:iJl~.-·ctcd connectiOns were not damaged. a wide spectrum ofunexpected brittle connechon 
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,·~:,clltrcs chd occur. ranging ti·om 1solated fractures through or adjacent to the welds ofbeam 
tbn:;c' lo columns. to large fi·actures extending across the fu]] depth ofthe columns. At the time 
¡¡,j, damage was d1scovered. the structural steel industry and engineering profession had little 
tllllkrslandmg ofthe spccific causes ofthis damage, the implications ofthis damage for building 
'"kl\·. or even 1frehable methods existed to repair the damage which had been discovered. 
\llhuugh lhc conneclion tailures did not result in any casualties or collapses, and many WSMF 
h~ttldmgs wcrc nol clamaged. the mcidence of damage was sufficiently pervasive in regions of 
,¡mng gruunclmotion lo cause w1de-spread concem by structural engineers and building officials 
"11 h rc:garcl lo lhe safety of thcse structures in tuture earthquakes. 

In response to thcse concems. the Federal Emergency Management Agency (FEMA) entered 
Íll!<> a cuopcralive agreement with the SAC Joint V enture to perform prob1em-focused study of 
tite '"'Sln!c pcrfonnancc ofwelded sleel momenl connections and to develop interim 
1 c·cu!nmenclalions for profess10nal pracuce. Specifically, these recornn1endations were in tended to 
addrcss lh.: mspccliOn of eanhquake atlected buildings to determine ifthey had sustained 
·''gni licam damage. the repa1r of damaged buildings: the upgrade of existing buildings to improve 
1hc1r probable future performance: and lhe design ofnew structures to provide more reliable 
.,·i"111c pcrl(>nnancc \Vithin weeks of receipt of notificat10n of FEMAs intent to enter into this 
""'n:ntcnt. 1hc SAC Joint Venlure publishecl a series oftwo design advisones (SAC, 1994a: SAC, 
1 11'l.Jh 1 Thcsc clesign advisories presentecl a ser!~s :of papers, prepared by engineers and ' 
t ~__·:--L':trchl'r:-; cngaged 111 the mvest1gation of the damaged structures and presenting individual 
"l"niuns '" lo lhe causes of lhe damage. potenlwlmethods ofrepair, and possible designs for 
111urc· rc·l¡ablc cunneclions in lhe future. In Febmary 1995, Design Advismy No. 3 (SAC. 1995a) 
11 '" publishcd. This lhird advisory presented a synthesis ofthe data presented in the earlier 
p11hl!c:!l!ons. logethcr with the preliminary recommendations developed in an industry workshop; 
:tih.:mkd hy more than 50 practicing t'ilgmeers. industry representatives and researchers. on ~ 

mcthmb of inspecting. repairing and des1gnmg WSMF structures. At the time this third advisory' 
11 "·' puhl j,hecl. s1gniticant clisagreemcnl remained within the mdustry and the profession as to the 
'l'c-ci lic causes of lhe damage observed and appropriate methods of repair given that the damage 
had ,,ccurrccl Consequenlly. lhe prehmmary recommendations were presented as a series ofissue 
'talcmcnts. I(¡J]u\\·ed by the consensus opimons of lhe workshop attendees, where consensus 
c·,iqcd. :md hv majority and disscntmg opimons where such consensus could not be fmmed. 

1 lunng lhc lirsl halfof 1995. an mlcnsive program ofresearch was conducted lo more 
dclinili,·L'lv explore lhc pe11mcnt issues. This research included literature surveys, data collection 
, '" alfcclcd slruclures. slal!Sl!cal e\·alual!On of lhe collected data, analytical studies of damaged 
amlund:nnagcd huildings ancl Jahmalory lestmg ol a series of full-scale beam-colurnn assemblies 
1 ~·pt 1.:scntmg typ1cal pre-N011hridge design and construction practice as well as various repair, 
upgradc ami allcrnal!vc destgn delails The tindmgs ofth1s research (SAC 1995c, SAC 1995d, 
S.\l. 1 '1 1J:ic. S;\C 1995f. SAC 1995g. SAC 1996) formed the basis for the developmenl of FEMA 
~~. i - lnll'l'l/11 (iuulelines: Emluarwn. Re¡"ur. Modificatiun, and Design of Welded Steel Moment 
llulul· Sl!·ucllln·s (SAC. i995h). wl11ch was puhhshed in August, 1995. FEMA 267 provided the 
,·ll.sl dclimlc. albeil mlcrim. recommcndalions for practice, following the discovery of connect10n 
d:1mag'-· 111 the Northndge em1hquake. 

i\' j 
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c\s a n:sult of these ancl suppkmental stud1es conducted by the SAC Jomt V enture, as well as 
1ndcpemknt research conducted hy others, it is now known th~t a large number of factors 
c'<llltnhuted to the damage sustamed bv steel trame buildings in the Northridge earthquake. These 
lllC[ULkci: 

• cksi~m practice that bvored thc use ofrelatively few frame bays to resist lateral 
":¡smic demancb. resulting in much larger member and connectwn geometnes than had 
pre,·¡ously been tested, 

• standard detading practice which resulted in the development of large inelastlc 
dcmands at thc heam to column connections; 

• dctading practicc that otien resulted in large stress concentrations in the beam-column 
connection. as well as mherent stress risers and notches in zones ofhigh stress: 

• 1 k common use of welding procedures that resulted in deposition of low toughness 
"el el metal in thc critica! beam tlange to column tlange joints: 

• Ieiatively poor levels of quahty control and assurance in the construction process, 
resultmg in wclded.JOtnts that d1d not conform to the applicable quahty standards: 

• cxccsSI\'Cly wcak and llexiblc column panel zones that resulted in large secondary 
stresses m the beam tlange to column tlange joints; 

• largc vanallons m the strengths of rollcd shape members relative to specified values: 

• an 1nhcrcnt mahihtv of matenal to yield under conditions of high tri-axial restraint such 
:1s exist at the center ofthc heam flange to colunm flange _joints. 

\VIth thc Identdication ofthcse fa'ctors it was possible for FEMA 267 to presenta 
rc·commendcd methodology for the design and construction of moment-resisting steel trames to 
l'n" 1dc connections capahle of' more reliable sei:,I:I:: performance. This methodology included 
thL· !'t1llow111g n.·commendation,:;; 

• prop<111Lon the hcam-column connection such that inelastic behavior occurs ata 
Lhstance remole ti"om the column tace, minimizmg <kmands on the highly restrained 
column material ancl the welded jomts: 

• spec!l\· "·cid liller metals with ratcd toughness values for cn!ical weldedjoints: 

• det:ul conncctions to mcorporate bcam llange continuity plates, to minimizc stress 
n HKcnt ratlons: 

• remo ve hackmg bars ancl weld tabs li"mn critica! joints to minimize the potenttal for 
stress risers ancl notch dTects and also to improve the reliability with which flaws at 
thc weld root can be observcd and repaired; 

,. 
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• gua!Ity connectwn contigurations through a program of full-scale inelastic testing of 
representative heam-column assemblies, fabricated in the same manner as is proposed 
fnr use in the structure: 

• increased participatton of the design professional m the specification and surveillance 
of "·elding proccdures and the quality assurance process for welded joints. 

In th.: ttme since the publicatiOn of FEMA-167. SAChas continued. under funding provided 
h' 1-TM:\. to pcrlom1 problem-focused study ofthe perfom1ance ofmoment resisting connections 
,,¡ \<mous conligurations. Thts work. which is generally referred toas the SAC Phase Il program. 
lllclmlcs detat!ed analvtical evaluattons ofbuildings and connections, parametric studies into the 
~..:ilL'Ct:.; un connc-ctwn perfonnancc of connection configuration, base and weld n1etal strength, 
li>ughn.:ss ami ductt!tty. as we!! as addtttona! !arge scale testing of connection assemblies. The 
llllc'nt ,,f this study is to suppon de\•e!opment of final guidelines that will present more reliab!e and 
~,..·~_l)Jl\J\11lcal pL:rlórn1ance-based me'thods for: 

• tdentitication of damaged sttuctures following an earthquake and determination ofthe 
cxtcnt. severity and consequences of such damage; 

• dcsign of d'fective repairs for damaged structures; 

• tdcntt!ication of existing structures that are vulnerable to unacceptab!e leve!s of 
clamagc in future earthquakcs: 

• dcsign of structura! upgrades for extsting vulnerable structures; 

• dcstgn of new stnictures that are suitab!y resistan! to earthquake induced damage; 

• proccdures fór constructton quality assurance that are consisten! wJth the levels of 
rcltahility in tended by the design criteria. 

This Phasc 11 program ofresearch. which is being conducted by the SAC Joint V enture in 
l':tr:t!kl :tm! coordination wlth work by other researchers, ts anticipated to be complete in late 
1 'I'Jtl. lt ts thc intent of FEMA and the SAC Joint V enture to ensure that pertinent infom1ation 
.111d limilllg' li·um thi> programare made avai!ab!e to the user conununity in a timely manner 
:!tnHI!;h thL· puh!Jcatton nfth1s senes ofdestgn advisory ducuments. This lnterim Guide/ines 
. lrh·twnT :Vn _.., is the sccnnd such publicat10n. 

Format 

Tlns .·!dt·¡·""'. has bcen prcpared as a series ofupdates and revisions to the FEMA-167, 
!!lrerim Guideliues publicatton. !t has been fonnatted in a manner intended to faci!itate the 
lllctlltlicatton uf changes to the origmal FEMA -:'" 7 !~xt. Only those sections of FEMA-167 that 
• , 1 e· hci n~ re' ts.:d at thts tune are tnc!uded. Other sections of FEMA -267 remain in effect as the 
currcnt best rccummendations ofthe SAC Joint V enture. This Advisory replaces the ear!ier 
lnlc'J 1111 (;uide!illt:.l . .JdvJ.\"OJ<. FEMA-167a. m tts entirety. 
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T o Ütcthtate coordinallon of this AdFison• wtth FEMA-267, the existing system of chapter and 
>cct ton numbering has heen relamed. The Table of Contents lists all sections of the chapters 
h,·in!,' rc1·tsed. including those sections for which no revisions are included. Within the body of 
: li:' ducument. a section heading is provided for each section of the chapter; however, if no 
,.,.,_"tonto the section ts culTentlv bemg made. this is indicated immediately beneath the section 
iiL':Jding. 

T" !:tcditatc reading ofthis document. where a revision is made toa section in FEMA 2ó7. the 
:tt:re· tc~t of that sectton ts included herem. Where existing text from FEMA-267 is reproduced 

'" th~> dllcumcnt. II'Íthout edtt. tt is shown in nonnal face type for guidehnes. and in italicized type 
¡,~r cumm~ntarv. \Vhere existing text is being deleted, this is shown in strike through fom1at. A 
''"~k >trikethruugh mdtcates tcxt deleted m the tirst advisory, FEMA-267a. A double 
>tnkcthrough indicates text deleted m this curren! advisory. New text is shown in underline 
1~ ll"lll:tt. A smgle underhne identities text added in the first advisory, FEMA-267a. A double 
tiiHicrlmc tckntilies text added in this current advisory. When a moditicatton has been made toa 
purtiun oftcxt. relative to FEMA-267. this will also be noted by the presence ofa verttcal line at 
rile· llllt>rde margm ofthe pagc. The followmg two paragraphs tllustrate these conventions for 
~Ulticlinc and conu11entary tcxt. respectively. 

1 ntent 

Thts sentcncc ts rcpresentattve of typical guideline text, that has been reprinted 
rrom FEJ\'lA-267 Wtthout change.ThiJ Nt__-::.'f..JlSE!. iJ re~reoentative sfthe A'8Y in 
v·ht¿h t¿O:t fl¿me Selet¿ti fran; FED.IA 2á7 in tlús 1~Ut~: idt Cttide!iJle., :ddtt·. ,_. ts 
-tt:i¿ntifi¿ti_ ·¡2;1b-;..;c-n-h=~i-ht--n-fi-t-i--e-.-+th:~\.-.·a:, in wfnch •.ext ddetJd from Fl .. \1.~ 
. ·, . ' "·~¡•;-,, -~i< c¡¡,-f,¡_,,.,.,;,-(-;¡,¡,t,.¡ ¡,,.,~.¡, ;,.,..,H~i:;-idcflltHM~ This sentence illustrates 

liLe "''.!-):in wlmh text hemg added to FEMA-2ó7 m this lnterim Guidelines 
.·l<huvn· ts iclentJiieci.This scntcnee illustmtes the wav in which text added to 
LF\·1:\-2(17 !!! 11h.' ~~L~_\JIH>- iuterun c;uu!e/uw.~ l'ldl'ison ts identified. 

CullriJ/clllan: This senrencc I.\ representative oftypical commenla1:v text, that has 
ht't'!l n'¡n·tn!l..'d from FEJ\IA.-267 H'ithout c/wnge. F-hi., sc:rMnce ; __ , 't'j31'C3tdftlft • e t!( 
fl:c tti_: r'n ,,4:ef, t ;JUnt Jte":: :'t.:tHcidgcltletccl_fir.,mFEAl12B2ill:'lúsJ,tttrim 
(;r" ele .'iil e . lclvi. :::· 1. ,·ele, r!i,':t d -1--h, H·e:~'t'l', thi.; .wntence. i . .- re-pre.•;e;·z.tsri Pe ¡}F the 
:+ti_Hn-H-hH:----1--r-f~t'--iH,':.!: dt"lt!cd fr(,·ll FEL'.l 267 c.nnm.:nrw:t· m llze ¡n--cTi.-1-1-t->r 

---: ;· ... r~•;' i.· id, n:rlit'd_Tfn, senlence indicares the wav in which text added lo the 
ff_,\I_-I~2ó7 commelllatT in rhis Adt'ISIIt"l-' 1s shown. This final sentence illusrmres 
LL~~ q·c11· u1 \i'hich ft'.Yf wlded !JLJli t'I'!0/!1. wh·isoJT F!:"Jf.'l- 1 ó7a. is identificd. 

Tl11> lnl<'l"lllr C7uide/inc.l .·ldt'ISI!IT, together mth the Interim Guide/ines they modily. are primarily 
ltth .. 'lllh.:d t~u- two Lhfl~n:nt groups ofpotentialusers: 

:r 1 Engin;;er' cngagecl in eYaluation. rcpatr. and upgrade of ex1sting WSMF buildings and in 
tite dcstgnufne\\" \VSMF hutldmgs incorporating either Special Moment-Resisting Frames 
ur < lrdinary Moment~Re,tstmg Frames milizmg welded beam-column connections. The 
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recommendattons for new constmction are applicable to all WSMF construction expected 
to resist eatthquake demands through plastic behavior. 

h¡ Regulators and buildmg departments responsible for control ofthe evaluation. repair, and 
nccupancy of WSMF buildmgs that ha ve been subjected to strong ground motion and for 
regulation of the design. constluction. and inspection of new WSMF buildings. 

Tlw ltmdamental goal of the mfonmltton presented in the lnterim Guidelines as modified hy this 
·1 Jmnn " tn help tdentifv and reduce the risks assoctated with earthquake-mduced fractures in 
w:;~·IF hutldings through proviston oftimely mfom1ation on how to inspect existing buildings for 
t!:11nagc·. rqxur damage tf !(>une!. up¡,~·adc existmg huildings and design new buildings. The intom1ation 
i"·,·;entcd herc pnmanly addresses the issue ofbeam-to-colunm cormection integrity under the severe 
"'elasttc demands that can he produced hy building response to strong ground motion. Users are 
rclerred tu the appltcahle provisions ofthe locally prevailing building code for infonnation with regard 
¡,' "thcT :1spccts nfhuildmg construction and earthquake dan1age control. 

Limitations 

The ml(mnation presented in thts Interim Guidelines AdviSOI)', together with that contamed in the 
ln!t'nlll (;u"lelí!les it modities. is hased on lunited research conducted since the Northridge 
l·:tnhquake. rcv1ew ofpast rcscarch and the considerable experience andjudgn1ent ofthe professionals:. 
c·11gaged by S.'\C tu prepare and revtew this docwncnt. Adchtional research on such tapies as thc effect 
"r 11ul1r slahs on ti·:une behav1or. the effcct ofweld metal and base metal toughness, the efficacy of 
':lllllll' hc:un-column connecuon details and the validity of curren! standard testing protocols tor 
1" cdicllllll llf eatthquake.perl(1nnance of st111ctures is continuing as part of the Phase 2 program and is, 
c.\J'Cciccliu pnw1de tmponant tnl(1nnatton not available at the time this Advzsorv was formulated. ·' 
Theicl(>re. manv ol'the recommendations cited hercin may change as a result offorthcomi.ng research ·' 
1\ ... ':--LJ!t:-. 

The recummendations prcscnted herein represen! the group consensus of the conm1ittee of 
( iLuckllllc \Vnters rctained hv SAC tollowmg indcpendent review by the Project Oversight 
( ·, llnmlllcc Thev may not retlect thc individual opinions of any smgle participan!. They do not 
llc'c·c·,s;¡nl\· represen! the oplntons ofthe SAC .lo1111 V enture, the Joint V enture paltners. or the 
'·i''""'"·¡ng agencies. Users are cautionccl that available mfom1ation on the nature ofthe WSMF 
¡" t~hlcm IS in a rapid stage ur development and any infom1ation presented herein must be u sed 
"'1 t h e: tul ion and sound ~nginecn ng .JUdgment. 
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1. INTRODUCTION 

1.1 Purpose 

Thcrc ~re no modiílcallons to thé Guidelines or Commentary of Section 1.1 at this time. 

1.2 Scope 

Thcrc are JH> nmch lications to thc Guidelines or Commentary of Section 1.2 at this time. 

i .3 Background 

Foilmnng the .lanuary 17. 1994 N011hndge. California Earthquake~ more than 100 stee1 bui1dings 
"ith weidcd momcnt-resistmg tl·ames were found t0 have experienced beam-to-co1umn connection 
l·r:JL·turcs Thc damaged stmctures cover a wtde range ofheights ranging from one story to 26 stories: 
:tlld :1 "1de rangc of ages spannmg !i·om buildmgs as o1d as 30 years of age to stmctures just being 
crcctcd :Jt the tune of the earthquake. The damaged stnJctures ftl'e were_spread o ver a 1arge 
.,,.,,~rapi11cal arca. induding sites that experienced Ón1y moderatc 1eve1s of ground shaking. A1though 
: ,. i:lll\ eh· kw su eh buildings werc iocated on sites that experienced the strongest ground shaking, 
,Lnn:Jgc tt> thcsc budchng:; wa.< qtnte severe. D1scovery ofthese extensive connection fractures. often 
"·¡¡¡,link associatcd architecmral damage lo lhe bui1dings.was kas eee11a1arrning. The discoverykas 
.ti"' c:Juscd "'me concem thal similar. but undiscovered damage may ha ve occurred in olher bui1dings 
:tl.lcctcd by past carthquakes. 1ndeed. lhcre are now confirrned iss!atee,reports of such damage. In 
¡urllcular. a publicly owned building at Big Bear Lake i3tHSV:'R te ka :'8 SeeH was datnaged by the 
L.:uH.Icr~-13Jg Bcar. Califonüa sequence ofearthquakes.sH8 st least eRe BttiiSiHg, 1iR8er esnstFttetisR in 
;_,rt-lclunt:l. Ctdift rnitt Hl tha tin:afs thet'cveral bmldings were damaged during the1989 Lon1a Prieta 
1 ::trthquake. v:n: repsFLeEltB l:a ;¿ ¿:tperieReeB sl!tek ElaFHage_in the San Francisco Bay Area 

wsrviF construcnon is used commonly tlu·oughout the United States and the wor1d, particularly 
¡, •r nll(l- ;mcli11gh-nse construclion. Pnor lo thc No11hridge Earthquake, this type of constmction was 
e( lllSILkn.:d onc of thc most scismic:...res¡stant stn.ICtUral systems, dueto the fact that severe datnage to 
,¡¡,·h structurcs had rareiv bccn reponed in pasl ea11hquakes and there was no record of eanhquake
ttJduccd coilapsc of such buddmgs. constmcled in accordance with contemporary US practice. 
1-lu\\'C\'Cr. thc \\'idcsprcad sc\'erc structural damagc whtch occurrcd to such structures in the 
'-it>l1hriclgc Eanltquakc calls!s:li.>r rc-cxamination ofthis premise. 

Thc ha"c J.ntcnt ofthc ca11hquakc JCSISltve design provisions contained in the building codes ts to 
¡>rolcc·t thc puhhc sa!'ely. hmwwr. thcrc is al so an inlent to control damage. The developers ofthe 
hu tic! m~ coclc pro\'lsmns haw cxpliciliy sel fonlt lhree specific perfom1ance goals for buildings 
cksJgncd :me! constructccl to thc e ocle ¡mmsions (SEA OC- 1990). These are to provide buildings with 
lllL' capacny {(l 

• n:·s¡~t 111111()1" ea11hquakc ground n1otion without damage; 

lnrroduction 
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• restst moderate earthquake ground motlon without structural damage but possibly some 
nonstn1ctural dan1age. and 

• resist major lewls of earthquake >,'TOtmd motion, having an intensity egua! to the strongest 
etther expcrienced or forecast for the building site, without collapse, but possibly with some 
strucmral as well as nonstmcmral damage. 

In gc·nc-ral. WSivlF buílding.<.in theNorthridge Earthquake met the basic mtent ofthe building 
1 

¡_ Ptk::-.. to protect 111t:- safety. HoweYer. the nround shaking intensitv experienced by n1ost ofthese 
hutldinus w:ts st\.'.nificantlv less than that anticipated _l?v the building code Mari y buildingsthat 
c;;p,.:ríenced modcrate intensilv ground shákingexperienced significan! damage that could be viewed as 
l:ttlmg to meet the intcnded perlonmmce goals with respect to damage control. Further, some 
lllc'tnbers ofthe engincering profession (SEAOC- 1995b) and govenunent agencies (Seismic Safety 
Comnmstun- 19951 ha ve stated that even these performance goals are inadequate for societys curren! 
llL't.:d:->. 

WSivlF buildmgs are designed to resist earthquake ground shaking based on the assumption that 
1 !Jev are capable of extensive yielding and plasttc deformation. without loss of strength. The mtended 
]11:tsttc dd()!lnation is intended to be developed through a combination ofesRsists sfplastic rotations 
,k\ eloptng \\'lthm thc bcams. at thetr connecttons to the colunms,and plasttc shear yielding ofthe 
c,~lutll!U1ancl zone~. m:El ts tihcoretlcallvthese mechanisms should becapable ofresulting in benign 
dt,stpatton of the eat1hquake energv dclivered to the building. Damage is expected to consist of 
nwdcrate vteldínc: and localized bucklinc: ofthc steel elements, not brittle fractures. Based on this - -~ ~ 

l're,umed hehavlllr. building codes require a minimumlateral desi>,'ll strength for WSMF stmctures that 
¡, approxímatelv 1/~ that which would be required lar the stmcmre to remam tully elastic . 
. ~11pplemental provistons wíthin the building code. intended to control the amount ofinterstory drift 
'11'\atnc:d bv thcse llcxible ti-ame hwldings. typica~ly wsult in stmctures which are substanllal!y stronger 
tlt:tn thi, mtnímum requiremcnt and in zones of moderateseismicity. substantialoverstrength may be 
]1\L':-.cnt ltl accommodatc \\'tnd and gravity load dcsign conditions. In zones ofhighseistnicity. n1ost 
,u eh smtcturcs destgned to mm1mum code cnteria will not start to exhibit plastic behavior until ground 
IIHltions are expencnced that are 1/3 to 1/2 the severity anticipated as a desi>,'ll basis. This design 
·l!'Pn>ach h:ts becn developcd based on ll!Storical preceden!, the observation of steel building 
per!(mnance tn past cat1hquakes. anci linuted rescarch that has includcd laboratory testing ofbeam
\:tJiltJnn 111lltkls. albt=it with mixed rcsults. and non-linear analytical studies. 

( lhsctY:ttlon oi' damage sust:uncd by buildmgs m th.Northridge Earthquake indicates that contrary 
1" the inkndcd behav10r. msome ~_cases bnttle fractures initiated within the connections at very 
1"" le' el, ur plastlc demand. ancl in some cases. while the stmcmres remained:ssentiallyelasttc. 
1\·ptcallv. hut not always. fractures initiated at. or near, the complete joint penetration (CJP) wcld 
lwt\\een thc bcam bottomllange ancl column tlange (Figure 1-1). Once mitiated, these fracmres 
progrcsscd along a numher of dtfterent paths. dcpcnding on the mdtvidual joinnnd stress conditions. 
¡: tgure l-1 mthcates JUSt one nf thesL· potenttal ti·acture growth pattems.IHvestigatsFs ÍRitislly ieleHtified 
t1~nun :l=l a z f ILtett r: whieL n :tt: haY¿ ttmtriButed ts the iRitiatisR sf fFsefltFes at tlu~ ·zltl rest iRelttSHig: 
tlt1li5-h ¿jr¿¿[. ¿n~a:c?d Ay tlu Atttdeine 1.9(\1" ;;hteh oY88 l?snHn8Aly left in tJlaee i@Hs .. inojsilit @BffitJletien: 
-..u~ .lttn~olarJ c:itlilie tl:ut !!leittH@Ei J.¡¿¿¡.;¡ d J~t-lrtlNÍtJ 8:REIBl80 iRehtsÍSHB 8El ;;ellas ÍH88lMJ3lete f.i.tsien: 

In t roduct ion 
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:!!1rl-t~~tl!nttally. t3rz aat1Léjt:tai::¿ frt-:et.tres rastdtiH¿: fFeH"l lftitial shR:Rhage eftke ftigkly rastf8ine8 Teld 
~.!t-tt'tn= é!tltll tit oYB. Sueh !3f88l¿n:s es:.tl813e tniRiHlizeEl tR f.l:tatre €8R8tRiE!Ü8R. uitk the 8~J9lieati8R ef 
n¡:•¡~t~-tpfimz 'Ye1Bin=- ~rsee8urzs and B18Fe eaFeful eueFSise sféJHBlit~( esRs;.sl 8HFiHg the eaRStFNetian 
r·t ~'t-""L~.' 1 Lw '16\ t-:'L tt ¡_. HA'Y lmnwn ti:at these were h8t tfie 8Riy B8H989 efthe fFaetl:iofes wkiefl 
··fftt~ 

Figure 1-1- Common Zone of Fracture lnitiation in Bcam -Column Connection 

{~tll'h!ilt prndttettEJH pn t-:'c?:S3C.' fer stFdetetral steelshaf!SS resMlt iR iResHsistet:t streneth and 
~k~!1ltlllt111 enpal!'Ítle.- for th€ mat¿nal ÍH the tfiFSH.-::.h th.ieltt:E!SS 8:ifeeÜ8R. ~18fl 11tE!t8llÍe ÍRE!lH!Ü8119 ffi 
l !11.: matt:tnnl. tu=etlur v ·ith am.'strtlJ3Íe J3r~p e Frias intr~SeteeEi By the rsllin,; fJFS eess ettH leaS te lamellar 
\4"ak+le.· · 111 th¿ materiaL Further. the Ehstri8tHisn ef stress sersss tke ¿;irB@r f.i&ng~, at the esnReetien 
l·-·9:h<t ~t•lttnllt i: niJt ttnifrnZH1. Eve11 tli esnnE!etisns stif.+eReEi By esRÜHctit..! tJlates aeress tka f38Rel zeRe, 
-+~nirtettn:l_ · ht=L¿r ?lr¿·_·as tc?HS tB eeeetr at tLe eenter eftke f.isR 0 e, dhere tke eelHtHR "• eB J3Fe8uees a 

,f 
1. L·ul :·I!ITne:· t!tl!H?entratist:. Lcr.;e 3E'eenéary stre~ues are sise iH8dee8 iRte tke ¿irEier tlan¿e to 
.._~t--Ü·mm flan=¿ JtlÍnt b:• lé!nicin.;~efthe eshunn f..1anges re~ndtiR,; ifsn1sl1esr 8e~RnatisR sfthe esh..zHlil 
j'i-Htc 1 í.:t 11e' 

TLe tiJnan:ie lea8u:= J.<perienez8 e~. tia:! n:sm¿nt resistiR¿ 88fhteetiei)S in eaRkEJ:HSlEes is 
~.\hamgterE.c?til ;·l:tch :trttin ten:itli ü8H1J3rE!:Stsn eyeliHe. QriBge eR0 iReers ks, e lsRe rees 0 ttize8 tkat 
!he ti:> IttiilltiC lt adtlic a::t ¿¡Htt:B "tth hn8ce: Heeetuthites BiF+ereRt esttneetisn Setails m tlr8er te tJrsviBe 
IIH!1it ,·¿J fttttcrete r¿_;j_;tanei. a_; úll1lpare8 to tratlittsnal @~ileitHg 8esi¿H tkat is st-t@jE!et te ·~tatie" 
¡,1?tt.·iiH= ~:lu¿ tt =rn· ·ny nncl . ., md 1: atL '''hile tl:e t:atttre sftlta ByHafH:ie Isatis testtltine f'rem 
t·urthquuLe. 1.· :t m¿\ ·hHt Btffa¿nt iban ti:¿ ht,;h eyt:de 8)H8:B1te lsa8s fsr wkiel: fatiette f3FBHe stflieRires 
nr-- cL:1~11c'd .. imdar tletmlin= muy l~e 8emra8J¿ f8r BHilelffi¿;a SHBjeet te aeiaH1ie JeaeliRg. 

ltM4t. lclt ttl1tl it li:tnJetttm p!uettee fnr wo!Eiai :tael @riBee[j, rneel:aHiealsnB IH:etallureieal HSteRes 
~~w·HI~I he u tdetl be>¿ttu:¿ th¿y liltt_;· b¿ thc imtiah ;·.,..·. ftB:tieHe eFSehine· As fatiede eraehs ¿rsv: HH8e:r 
h .. -.;fk .. 4Hi· eh atliitc. H ¿nti¿al t:'nu:dc. iz¿ ma:• f1¿ r¿sel:e8 nhereUr'Btl ti: e tHSterial tsttehRes~· (vA:ieh io a 
iillh.~l1 l !'un:¡ en:tur¿) ll:tt; 1~¿ tmttblz tt IL t:t the: Hnset efBrittle (cmstaBie) eraeh: ¿;rewth. Tke 
;.,,?H-H--t E<"iUIHii El lllle'€tit Jt: 111 "'S? 1F ~Ltildmcs nre 88Rif38:F8Bie te eate¿;sFy e er Q Bnél¿@ Setsils tkat 
1t.tn tt reeitleitl HIIP·vahl¿ :tri:: mn.::-e a: oppds¿S tt eateeSF) Q Eiztsils fsr nhieh S]3St!ial n1etalllugieal, 
m •t'-"eeltt 11 nnd te:ttn.::: r¿~utr¿nunt.' arz ap¡31i¿@ Tha ra~iB FSte sflsaSin¿ Ü11f3Bse8 @) aaisn1ie e /BRts, 
<l!ttl9hc ¿ tHfllek indtl:ltt rtlll:=-c uflcn:;.un ttHnpr¿JmeH teH:SieH lea8iR

0 
a~~lie8 ts tflege esrtHeetisRs ts 
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:¡ft-f¿J: IntJre :¿ dre tltr:n tyJ3ienl BriSca lsa8iHe Bf!fllieatiBHB. The HJ:eekaRiealB:HEi lfletall"tH¿:ieal Hsteftes 
~>t~ffc: · rLa: en3ata8 bf th~ JeaH; esh:thzH .. el8jsmts Me alsgieal f!!SiRt F"sr fFae~re 13FsBlemas to 
1tHt#tlc. Tl"II~-- etlupletl • ·tth the tn a.tial restraiFtt f!FBvi8e8 By tke Be8ll1 o:eB aREl tke esh..tHm fiRHge. is a 
tcctpc ¡·, . bnttlc fn·:eture. 

-t-)ttriH; thc ?lm1hri8ce I:sFlkE}Malte. sQnce fractures initiated in beam-columnjomts. they 
pn 1grc~:;;ed in a mnnbcr of ddTerent ways. IR ss!Tle e ases, tbe FF8etttres iaitiate8 \n~t EiiEi RSt g;rsw. aREl 
\. \-·uh·l nul he dcti'efetl By Yisusl HBseFYStiSH. In sth:"r~ln n1any cases. the fractures progressed 
'"' m¡•l<tehdirectlvthrough the thickness ofthe weld. and iffireproofing was removed, the fractures 
''ere· C\'1dent as a crack through exposed faces ofthe weld, or the metal just behmd the weld (Figure 1-

, = .11 ( )t her li·acturc pattems al so developed. In so me cases, the fracture developed into a surface that 
, r,·<cmhlcd a thruugh-thickness tiulure ofthe colunm flange material behind the CJP weld (Figure l-2b ). 

In thcsc cases. a pot1ion ofthe column tlange remained bonded to the beam tlange, but pulled free 
l"r,>mthc rcmaincler ofthe colunm. Thi; fracture pattem has sometimes been termed a 'tlivot"or 
-lluggct··¡~¡ilure. 

!\ numher of ti·actures progressecl completely through the co1Ul1111 flange, along a near horizontal 
¡>Ln1c that al1gns approximately wrth the beamlower flange (Figure l-3a). In some cases. these 
1; .Jet u re' extended into thc column web ancl progressed across the panel zone Figure ( l-3b ). 
i "'·cstigators haw repm1ed some mstances where co!Ul11lls fractured entirely across the section. 

a. Fracrmc at Fuscd Zonc b. Colunm Flange "Divot" Fracture 

Figure 1-2- Fractures of Beam to Co!umn Joints 

a Fr~1ctures through Column Flange b. Fracture Progresses into Column Web 

Figure 1-3- Column Fractures 

lntroduction 
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nncc thesc fi·actures ha ve occurred, the beam - colunm connection has experienced a significan\ 
;,,, ol· Ilcxural rig1dity and capactty. Residual flexura[ strength and rigidity must be developed through 
a c·uuple consislmg of torces transmitted through the remaining top flange connection and the web 
holt,. l111twl rResearch suggests that residual stiffness is approxinaately 20% ofthat ofthe undamaged 
c·onnccliun and that residual strength varies from 10% to 40% ofthe undamaged capacity, when 
load111g results in tensile stress nonnal to the fracture plane. When loading produces compression 
act\l>' 1he ti·aclurc planc. much ofthe original strength and stiffness remain. However, in providing 
¡IJ¡, rcsodual slrcngth and stit1ness. the beam shear connections can themselves be subject to failures. 
e• •nstsling uf t·racluring ofthe welds ofthe shear plate to the colunm, fracturing of supplemental welds 
1<) lile he a m wch or ti'acturing through the weak section of shear plate aligning with the bolt !toles 
thgurc 1-4). 

·J . , 
Finure 1-4- Vertical Fractur·c throuoh Beam Shear Plate Connection 

~ • b 

II_Ís now known that these ti·actures were the rcsult of a number of complex factors that were not 
,,·cil Ullderstoml cither when these connections were first adopted as a standard design a_poroach. or 
11·hcn lhc· cbm;Jgc was chscovered immediately tollowing th<Northridge earthguake. Engineers had 
ulllllllllllh assumed that when these connect10ns were loaded to yield levels flexura[ stresses in the 
hc:un would be transfeiTed to the column throu!!h a torce couple comprised ofnearly uniforrn yield 
lc1 c·l l,:nsdc and comm:~.o.u:.e strcsscs m thc heam tlªnges lt was similarly assumed that nearly al! of 
tite. ,l!car "res;; 111 thc bcam w:1s II~msfencd to the column through the shear tab connection to the 
hc·:tlll wcb. In t;\QJ]]c actual behavior IS quite different from this. As a result of local detorrnations 
1h:11 uc.cur 111 thc cnlumn at the loc_atlon ofthe bearr, ct,nnection,a siL'llificant portionofthe shear stress 
111llic· hc:un 1s actuallv transferred to thc column through the beam tlanges. This causes [arge localized 
,.,c-cund:uy strcsscs m the heam flanges, hoth at the toe ofthe weld access hole and also in the complete 
~l'llnLpc.!lctration weld at thc tOce ofthe column. The oresence ofthe column web behind the colunm 
l}étll:o;c t.cntb lo llH;:dly sti_t'ten thc joint ofthe beam tlange to the column flange, further concentrating 
tlt_c· _dtstubutl<!ll of conncction strcsses ancl strains. Fmally the presence ofthe heavv beam and colunm 
ILnJ~Jll_at.c"~'-'ny:!_l_!J;l'd in a ·o-" sh:mcd pattem at the beam flange to colunm flange joint produces a 
~.-~lllLIItJon ufn~rv hn;h ~~~straint~Jch rctards the onset ofyieldingby raising the effective yield 
~~l~:Dg.t h nf thc n}all.:rql, and allnwing the development of very large stresses. 

In! rodltction 
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The most severe stresses typicallv occur at the root ofthe complete joint penetration weld ofthe 
hc·anJ hottom ílanoe to the column ílanoe. This is precisely the region ofthis welded joint that js most 
dilúcult for the welder to properly complete as th~~cess to the weld is restricted by the oresence of 
J ltc· he a m weh ancl the welder often perfom1s this weld while seated on the top flange. in the so-called 
:·wJiclcat··posttJon. The welder must therefore work from both sides ofthe beam web. starting and 
t.c-rminalllll! the weld near the center ofthe joint. a practice that often results in poor fusion and the 
,,,,·,cncc ofs\a" inclus1ons at th1s location. These conditions which are vecy difficult to detect when 
lÜc "·cid hackin~ is ldi m place as was the typical practice are ready-made crack initiators. When this 
r;:~.J.pn..Q)jhe welckd ¡oints JS suhjected to the large concentrated !ensile stresses. the weld defects begin 
t.\ l ~ro\\' liHo crz¡ck~ and these cracl~s can quicklv become unstable and propagate as brittle fractures. 
! 1ncc thcsc hnttle fi·actures inttiate. thev can grow in a variety ofpattems. as described above under 
thc mllucJJCC ofthc stress lield and the properties ofthe base and weld metals oresent at the zone ofthe 
l.L;tctur..:. 

Dcspllc the olwious local strength impaim1ent resulting from these fractures, many damaged 
h1nldmgs c!Jclnnt display ove11 signs of structural damage, such as permanent dnfts or extreme damage 
¡,' archítcctural ekments. Until news ofthe discovery of connection fractures in so me buildings began 
1\) sp!L'ad through the engincering conununity. 1t was relatively common for engineers to perfom1 
··11r'"'Y post-co11hquakc e\·aluatJons ofWSMF buildings and declare that they were undamaged. In 
''' dcr tu rc!Jably clctem1ine if a huddmg has sustaii:c:d connection damage, it is necessary to remo ve 
arclutcctural timshcs and iircproofing and perfonnlstuies~Rtstivs s.t81TÜHatisfl iHshteltftb vis1:1al 
in.->peetit111 Hliélultrasome testin..:.greful visual inspection ofthe welded joints supplen1ented. in son1e 
~:t~_c,. h);JlllllckstructJve testmg. E ven ¡fno damage is found, this is a costly process. Repair of 
d:tm:1gcd connec11ons is even more costly. A few V'f3P,1Y BHilelingo ksve Slis~sineelse ftUtsk estt.-:sstisn 
(h1fl '''==-<=' tltat 1t laL- bazn tlsen1e8 H1sre prnetieHl ts SetHsliah tke atPMeRires rsthet' tkHA te retJsir tkeHi,_ 
l11_lhc case ofnq, WSMF hmldmg, damaged by theNorthridge eartl¡puake. repair costs were 
'"níu_cJltl\· lari.!._c that thc owner elccted to demolish rather than replace than building. 

lmmechatelv li.11lowing theNmthridge Earthquake. a series oftests ofbeam-colunm subassemblies 
n-ere pcrl(wmecl at thc University ofTexos at Austm. under funding provided by the AISC as well as 
prÍ\ ate· snurces. The test specimcns used heavy W\4 column sections and deep (W36) beam sections 
cummonlv emploved m some Calili.ll'l11a construction. lnitial specimens were fabricated using the 
'''""lard prcqualilied connecuon specilicd hy theUniform Building Code ( UBC). Section 2211. 7.1.2 
'•f éi/!C-IJ4 : NEHRP-Y 1 Section 1 O 1 0.2.3 f specilied thisprcquahfied connection as follows: 

''2211.7.1.2 Conncction strcngth. The g1rder top column connection may be considered to be adequate 
lt ~ dt.'\ cltl[1 the flexura! strength ofthe girder if it ~:onforms to the following: 

tllL· Jbnges havt.' full pcndrat10n butt \\'elds to the columns. 

!he gtnlcr wt:b to column connect 1011 shall he capable of resisting the girder shear determined for the 
L·omhinatlon of gra\'Jty toads and the seismJc shear forces which result from compliance with Section 
2211.7.2.1. Tins conncction c.t:-ength need not exceed that reqmred to develop gravity loads plus 
3( RjX l times tht: g1rder shear resultmg from the prescribed seismlc forces. 

1 l1f r()(/uct ion 
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Where the flexura! strength ofthe girder flanges is greater than 70 percent ofthe flexura! strength of 
the entirc sectwn. (Le. bt,l(d-tt!F,>0.7Z,F,¡ the web connectwn may be made by means ofwelding or 
h1gh-~tn:ngth boltmg. 

For girders not meetm'g the criteria in the para,b'Taph abo ve, the girder web-to-colurnn connection shall 
he made by means ofweldmg the web directly or through shear tabs to the colunm. That welding shall 
h:\\ e a strength capable of deYeloping at least 20 percent ofthe flexura! strength ofthe girder web The 
~mler shear shall be resrsted bv means of additional welds or friction-type slip-critica! high strength bolts 
llr both. 

,md: 

2211.7 .2.1 Strength. The panel zone of the joint shall be capable ofresisting the shear induced by bean1 
h-.·nding moments dueto granty \oads plus 1.85 times the prescribed ~eismic forces. but the shear 
stn:ngth need not exceed that reqmred to develop 0.8:EMs ofthe girders framing into the colwnn flanges 
JI t!Jt: _IOIIJI .•. 

In order to investtgate the etTects that backing bars and weld tabs had on connection performance, 
1 he,~ were removed lrom the specimens prior to testing. Despite these precautwns, the test specimens 
t:rikcl al verv low levels ofplastic loacling. Following these tests at the University ofTexas at Austm, 
1 c'\"lc'\\·s of literature on historie tests ofthese connection types indicated a significan! failure rate in past 

'"'has wcll. ahhough these had often been ascribed to poor quality in the specimen fabrication. lt wás 
,·ullclmkd that the prequalified connectron. specified by the building code, was ft.mdamentally flawed 
:tllll :-.hould not he used for new constructwn m the future. 

ill r~ll:n>pect. this conclusron may ha ve beensomewhat premature. More recen! testing of ·1, 

,·i ~IJllt..'t.JIUtJ:-. \pYinu.Qll__fi1.!1!_[atJOns similar to those oftheoreaualified connection but incornorating 
l<lll"h_c_r wc_l_d mdai>JJavrng backmu bars removed from the bottom flange jointand fabricated wtth r· 
: :lc';rt~r c;rrc lo ;rvord the de!l:cts that can result in crack initiation. have performed better than.Jh= 

'"'l~:tlh·t~stcd :¡t the Umversny ofTexas. However as a class. when fabricated using currently 
!11~"-''''tlrn" cnnstnrction practice. these connectionsstill do not appear to be capable of consistently 
dc·,·~Joprq"--lhe levels of ductilitv nresumed by the I::>•Ji!9ing codes for service in moment-resisting frame 
1\.!i~l~arc ~uhicct~·d h) larnL indasttc demands.\l/hen th~ ftrst test BI3eei~eRs Fer tkat seFiss were 
.;;.,¡ .• t te'lllitL tllc 'r¿ltiu l(ul¿tltu fullwx tL¿ 11HenEie8 \"al8int. }3FSeeEIHres lAaFtRer, HS BJ3eeial J3FeeatttisHs 
\•.-0'r¿ tttldn tt n::ur¿ that tlu n;a'.ensL· meBtflBFateEI iH tke wsFlE ke8 SJ3eeiH:e8 tettghness. gstne 
··n~ir1c r. with léntn ·led::-' ufti-:aelllre merhaHlE'S. haYe suggesteeJ tRat ifHiateFials NÜh aéle:EJ:tiate 
l!!\t::4ttJC . ., .• Hh: u."::d. nnd .,, ¿Jtiin¿ ¡~n eeEiuru; Elfé! eanüHll; BJ98eif.ie8 aR8 fsllsv. eEl, aEieEtMate reliaBility 
etHt-hc t-lhttHnt!d il·tml the tntthtHmal ee.:neetieH Eletails. Others Beiie· e tkat tfte esn8itisRs sfkigh tR-
:·t \·tal re.-tralllt t~re.ient in ti:¿ l='¿nm tlat~~¿ tR eelunm ~aRge jsiHt (Bis8geM 1995) wsHl8 f9F8'u'eRt El!!tetile 
hehw~ltH. tlftlk.iL _lf int: re¿nrdh:!:: nftl:e proeeélur¿ useS ts FHB:Iée the we18s. fHFlker they J98ÍRt te tk~ 
impnr'dlnt ml1th::nee nfthe reiRtt • e _.teld tt118 tensile ctreRext:ks sfBean1 aR8 eslHFHR FHB:terials, aREl stker 
va¡;Htl-rle .. thnt t:Htl alleet eunneetttn hdw :10r. To élate, tkere kas nst BeeR sMf-Aeietlt researeh 
t~"'H\:-htitcd tt ¡¿:Ji· e tht: tt:ue. 
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In r<:action to the Uni\-erstty ofTexas tests as well as the widespread damage discovered following 
,¡,,. Northriclge Earthc¡uake. and the urging ofthe California Seismic Safety Commission, in September. 
1 '!'!-+ thc lntematJOnal Confcrence ofBuilding Oftlcials (ICBO) adopted an emergency code change to 
thc· 1 "'i-f elhtton ofthe Um(orm Bwlding Code ( UBC-94) { 1994 NEHRP Recommended Provisions 
_\, ·, ;iun 5.:!,' This code change. jointly deve1oped hy the Structural Engineers Association of 
, .llllt•rllla .. -\!SI am!ICBO stati deleted theprequalified connection and substituted the following in its 
i'i:1u.:. 

··~~ 11. i .1.2 Connl'l'tion Strcngth. Connection configurations utilizmg \.\'elds or high-strength 
hu]t..., ,..;h~dl demonstratc. hy aprroved cycliC test results or calculation. the abduy to sustam 
1nc!a,..;r¡c wtat1on and den:lop the strength crnclia in Sect10n 2211.7 .1.1 cons1dering the effect of 
,..;tc·el O\'LJ'!"\rt:ngth ancl strain hardenmg." 

"2211.7.1.1 H.equircd strength. The gmler-to-column connectwn shall be adequate to develop the 
ks~~...T o!' !he followmg. 

Tht: strength ofthe girder ÍP nexure. 

Thc moment cnrrcspondmg to development ofthe panel zone shear strength as deten11ined from 
t'ormula 11-1 .. 

Unl\H1Lmately. nerthcr th<: reqlllred ·inclastic rotatron'~ or calcu1ation and test procedures are well 
dc·líncd lw thesc code pl·ovisions. Design Advrsmy No. 3 (SAC-1995) included an lnterim 
[{<:nllnmcndatHlll ( SEAOC-1995) that attempted to clarify the intent ofthis e o de change. and the 
¡>r<:lcrr<:d n1ethocls or design in the mterim penod until additional research could be perfom1ecl and 
rcl~:li1lc acceptanc<: entena l(lr desrgns rc-estahlrshed. The State ofCalifomia sinülarly published ajoint 
: "''"' pr<:t;rt1on oi" [{cgulatrons ( DSA-OSHPD - 1994) indicating the interpretation ofthe curren! code 
,,·,¡uirc·mcnts ,,·hich would be enforced bv the stat<· •:-,~ construction under its control. This app1ied 
<>nktc~ the cunstructron ol"schools ancl hospitals in the State ofCahfomia. The intent ofthesc Interim 
1 ''"del mes rs tu suppkmcnt these pn::vJOusly puhlished documents and to provide updated 
'cullnmcndattllllS based Dn thc results Dfthe hmrtcd dtrected research pertom1ed to date. 

1.4 The SAC Joint Venture 

Tlh:r~...· are no modiiicatJons to thc Gtucklmcs or Commentary of Section 1.4 at this tune. 

1.5 Sponsors 

Thcr<: are IHlllllldtl"rcatiuns to the Gurdclincs or Commentary of Scction 1.5 at this time. 

1.G Summary of Phase 1 Research 

ThcTc are no modtflcatmns tllthc Gll!ddincs or Commentary of Section 1.6 at thts time. 

1. 7 lntent 
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There are no modillcat!ons to the Gmdelines or Commentary of Section 1.7 at this time. 

1.8 Limitations 

Thcrc· are '"' modíllcanons \o the Gmdelines or Commentary of Sectton 1.8 at this time. 

; .9 Use of the Guidelines 

l·here are 11llllllldilicallons to the Guidelines or Commentary ofSection 1.9 at this time 

'· 

,. 
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3. CLASSIFICATION ANO IMPLICATIONS OF DAMAGE 

3.1 Summary of Earthquake Damage 

Thcre are no moditications to the Guidelines or Commentary of Section 3.1 at this time. 

:J.2 Damage Types 

Therc are numocl¡ficatJons to the Guidelines or Commentary ofSection 3.2 at this time 

3.2.1 Girder Damage 

There are no modificatiOns to the Guidelines or Commentary of Section 3.2.1 at this time. 

3.2.2 Column Flange Damage 

T.herc are no modJ!ications to the Guidelines or Commentary of Section 3.2.2 at this time. 

~.2.3 Weld Damage, Defects and Discontinuities 

S1\ t\'pc·s ufweld clisconunuJtles. clefects and clamage are defined in Table 3-3 ancl illustrated 
111 J'¡~urc ~-4. All apply to the,omplete 10int penetration[CJPj welds between the gircler flanges 
:t!hl thc column tlanges. Tl:is t:at~f::.tH")" ef t4amat-e was tRt! RtEJst esR'MltEJRly ref!BFteEI tyf!e 
ltullcm·i n~ t he N orthridge E311hquake. many instances of W 1 a and W 1 b conditions were reported 
:1, damage. These conditions. wh1ch are detectable only by ultrasonic testing or by removal of 
'\dd hacking__¡tre now thought more likely to be construction defects than damage. 

Tablc 3-3- Typcs of\Veld Damage, Defects and Discontinuities 

Tvpe Description 
Wl Weld root mdJcations 

\V la lnc1p1ent mdicallons-c: depth <3/16" or 
tl.J.: Wldth < Ú1t4 

\V lb Root indications larger than that for W 1 a 
\V:2 Crack throu~h weld metal thickness 
W3 Fracture at column interface 
W4 Fracture at !!irder flange interface 
W5 UT detectable indication - nonrejectable 

C!il.lsi/imlwlls all(//mplications o( Damage 
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\V.j 

\\'2 WI,W5 

~o te. S ce F1gurc 3-2 for relatcd column darnage and Figure 3-3 for girder damage 

Figure 3-4- Types of Weld Damage 

SAC 99-01 

e "oll/1//Cilflll:v: De.\ pire sir..rnilicant controversv Dpe WJ and W5 discovered in 

hui/di"'!-' lollowinf! the Northridr?e earthquake. were commonlv reported as 
drllllii!!C. Thcse sma/1 discontinuitws and de(ects loca red at the roots ofthe CJP 
"·elds are rlctecrahle o11lv hv u!trasonic testing (UTi when the we/d backing is leO 
in ¡Jiace or hv vtsualtesttnv CVTJ or marmetic oartic/e testing CMT) when weld 
lwcku¡r' is removed. l!now seems /ikelv that most such conditions are not 
dallut!!e at al/ hut rather are Dre-existinf! construction defects. A number o( 
fúcinn po1nt lo rlus conc/uswn. First statistical surveys oCdamqve sustained hv 
1)/[i/du¡tr.\ in the Northrid(Te eanhquake show that ifo,pe Wl and W5 conditions 
ar~· .uot consulered rhere H'a.\ a much f!reater incidence ofdamage in ú·ames 
cesJstfJJx north-sowh ?rowul slwkina thun in frames resistinf! eaf!t-west shakinf!. 
}hi~· rwuears to he corre/caed with the re/a ti ve strength ofthe ground shaking 
e.r¡Jcrienced alonv tlzese f\\·o directional axes However there is no significan! 
r!i/l_ácncc hcfll·een the 1ncidence rate o(reperted WJ and W5 conditions in these 
tlro_d_¡rections su!!r:estinu tha!these conditions are nát correlated with shakinf! 

"uensifr 

Thc di.,·co\'CJV o( lV/ cnndirions 111 l1·e/d\· for which original construction 
lJ!Wlllr a.\surance ducumentation is 0\1Wiahle. indicatmg that no such de(ects 
11·cn· ¡Jrc.,en! H'/u:n the hzu!dm~r H'as oriuinal/v constructed tends to contradict 
1his un;umenl. /-lrnH'\'L'I' lln·estH!arwns conducted bv SAC under the Pha.\·e 2 
¡~ecr lw1·e indicuted thal as a result o(the joint geometn1. UT techniques are 
flLtcll unahle tn dctect IV! conditions at the weld root when scanninf! o(the joint 
1s mnducted li'om the to¡¡ .\1/rlace o( tite heam bottom f/ange. It is imoortant to 
nnre tlwt tlus is tlu: mosf common method o(conductmg UTas parto( 
consfructinn aualitv assurance lVhen UTscanning oCa joint is conducted O·om 
¡he ho!fmn surfuce o{!he flum.'e us i.\ cu,";]tFnnly done when insvecting (or 

Classifications and lmp/ications of Damage 
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cunhquake donuwe il hecomes more likelv thal such conditions wi/1 be de1ec1ed 
stnce rhe f!eomerric con.\'traints m·esent IOr toe flange scanning are altered. Dlis 
le"'ls lo lhe cond!I.\"I0/1 lhal il is prohable lhat tvpica/ construction qualiQ' 
"'·sww1ce UT o(welded joinls would he likelv lo miss Wl conditions allowing 
them In he ciiscovered in la ter oost-earthquake survevs 

!Fhen FEMA-267 was firsl puhlished i: was recommended lhal WI conditions 
ht' fl't'ated as dmnuue and tirar UT he used as a routine eart o(the n~ 
earr/l(¡uake lllvn·uaation urocess. in order to discover these conditions. However 
/llore r<'CL'Ill lllvestiaatwns conducted hv SAC have revea/ed that even the carefi¡f 

~cunnin:;.Jl'Utudlv conducted as par! o(a tJost-earthquake inspectiqn is notable 
¡() rclhrhh· detect these conditinns. Given that it is hoth expensive and difficult to 
lunue IV/ conditions as uart o{a post-earthquake investigation and aLf!o that 
llW\l n(thcsc conditwns are unlikelv to he damage at al/ it is no !onger 
rccummcnded t!wt exlwustivc tnvesthrations for these conditions he conducted as 
¡Jarf o( !In' eart/wuake damaf!e investivatwn process. 

T:': 1 e n '1 r ftUiltf,!.~t-'-(Ji'1Ct fi!ffíiiÚHt".~-tiHt!-d-ej~.·, a:ui (Vflt! TV5 di.,'t"Hmrtnui+tc,o,·-tf+le 
de!tc'¿¡ 1Jie t rt¡ 1

?_1 .'·'t9T. ft:l/t.. t 1it 'lttekinb áa: is re:rra1t!d, a!!a·:·i,rgslircet 
de fe e ri ., / ¡' 1 r', fl(il hLJ tdio;l ¿). ;llt:b;lt\'ie¡;a. !ielt1 teS:i:l,y Type TV5 C8JlSiso <F 
,..-¡. tli/1 c!Lic ttÚiluih.c. u;;e/ :Ito,: (;¡ :Ht:_t ilv! ctZ:ltttJ!!} Be ttJ'; .-lrqtta!tc ekwtttgc .. 1l':s· 

· ,...·,·:: :f'., ~flta!! ¡!/:..t.f 1i!fiF!Ilfhr'~·-tH·\i;r!fd·i. :btJ;ge, tlisttJ;t!LHtitie .• a, t te; ;Tte!d 

clefct!., c:nclú e 1 c_;'cctah/ep¿;l ¿, tft:Úo ci• _., i;t tJ.te Tf't!&4;l
0 

Cach. !tis like(t 
- ... _.,t .. ;··-+f.ttt+.,~t!!.'t":" .,·c!dtllp1tut(it d. dtttttcslh) P:'PTin a¡;agt ctuthtjttuke 

t#"f',_..#,...l-:.n~¡.·-Lh"-c/i. t ;f(¡¡if¡aic.· 1 /rt'c/: p: ¿: t.d6teá1 tf.rt ¿;et; tf.rqt:tJfte 6lltl tf., iitJ( 

t"t4d ::·!tt!c ¿¡ c.l'ce./¿¡ 1
7/t e ;;c/;'!t'oli.fb :Ae.1Jf'b.n\;;Jt:'cnds. Uept+iHf{:.¡ff¿¿;-¿ 

· • ·rf; ~ :--f:f-!~ e .. -tJr:L..-:-: .. :•-..tr-:-t-,,.1 
,: ,'. 1 }( 

1 
•:_;; t.• nut gc.'llt ra!l_<· l'é' :o JHh'HCntied. .\'(;11ft' ".'~ 

: ·. ;;' ·-. :; : :~ :-:t~~, t:·~---.-:Tftffl-pl:ntrtr-t!t~/r:.'e-t'-:-"-':~hirh-rtl't' rt'j·ec:~u,·/:Jl¿ pe1· thr.:--1-f.V-:S-F.J·I-:-~ 
, .. · · · :·r : .... _-~; •r: ,-nH-' -ri•?f-f.rtr,-::re ... f-11-r'2:-i+-+r, he· t !t1. ·sflled él.· •me o{ thc· t ·,pe.,. fV: :!zl't 1ft:-..* 

·-- ----!. ·-¡ ·:·- :..: -:'--r .. -1 !::--•·:·~:.~!-:2-f/!tt.,·:-t-t ,ifffllr:tf?!:F-ft.L{Jftr:etl ::: JH-r-ttn--ft-mnin~'-t'tHtd--irúm 

... ',.: ,¡; ~- ··• t!· '~" ¡ ;i:> '" .\1/ /'t •¡· r.t•fi-,LftÍ~ffit"-ff r-ftt/--thmW~t!-f'efHH'/t{J..:-f-he-J.V-J-
• ~:: :--: 1 f·r:•r'-: •-'1¡'-"!t ·--:"'ff----f·'.-".-r-t+*!t~--r-;'~R·tt-rfi lt! 11 '!h. h6.tt!d on thctr .it"• ·eril', · f~H:! 

-• · ,·: : ¡ ·;; · f' ... -:·, ft~·!- i • :r! r n f f f ~->H.~-(1 f "t'-·(/t' f f Hr:'tf-tJ~h!i-fl-g-Ht-Htt-tHt-1-/-i--H-t":\:.¡..¿.fl~"i.'-o'-1 he H-

-- · ·-·: ;~··T··~ .. --.f-.:.-t.:-i-ri-~·-t.l:6.'":'!.~·lr-Ht:"'i.... 1-!Ht:h. ·¡·e·: .. ;'_; /t!,,,,_ tJnd f.un·tn,.; ti lt·n~lh 

1.11 

-~· 1 • :-- •• ; .;¡_~t ¡,:u·:.~:~· ·:·rd:!,- Sttfilt'·et:::,fftt't:!F.í-....IWht!'r't'---Fhaf--(t'fH.'-H::..¡.ti 

· · :; :o'';,_,-··~· · ,;·,t:..: .·;:u ;-~·r :•h·f ;::ir-:'ir tf:-j JF-rtt:tL,~~l--tfltfit.~H-i.í'--HHt_L-f--/ta-1 

---·;':•r::•· :"•::.·-,·--nr~:--,-;nt;;/-~-.hur~t<:!el'i:t·,/ /J'; o¡,·,· tJ(the Rf-lter {_';pe.:. 1! 
-, · • ·: '\ · ; ·· : i:r t.' -11 · / ¡, fue/ tr-tlí ltrf:;-r:U't!--ci-1 r.".".U/r-t~/-f-h·t'-c:':tlt'lht¡it-a--kt:'-fhaff---fhr 

J. 1 ' li.::'l j ' l t" (11 tt:' ¡¡ft tdbiifté!:l t ' ,. i'Jute: t that hoth (/f!t Jf'1él tt;ld. (;;flt 

¡¡·¡' 
' ;le:(¡'¡ Jl. tt 1 e 11:; f ¿¿¡¡ h'it¡ ttto k e , clatecl tlamc:

0
¿; id tt!!, Be:t id.dt:tld. are 

C/a,·s¡ficalions and Implications of Damage 

3-3 

_, 



lnterim Gu1delines Advisory No. 2 SAC 99-01 

s"t::¡'t etahf.t t:tJiltlitttJil. · JitJt J¿teeMcl á_: tire ~ttafi~ ea:t.1!'8} asf61 8:tr§tts a;ree 11• 8
0

s tlsfU 

'" c/fctf eh¡¡·flié, the o.-iginal t:on.:trt;cNos:. Na neve;, id 1 eetmf la; ge sea! e Bt:tb 

O.'. c:Hl.¡(1· f¿.'Nn,; o(the sJitlct.:fit :'Rfatian é't1f18:BifJ efgi:&ier ea!etsfl;l cosueetia:rs 
t""t+llch; c:'t el ¡,¡ &.1 e pf.¡¿_;¡¿ 1 d t ,tf.¡¿ f=J,ll: ¿¡ .?ity af M: as at :1usN's f a:tá the 
fu;t/rgtsttke &:

0
in¿¿rin0 lf:t:.;eas·eh Ce-,aer ofthe b':tive:si~:t &jGaJifas stia at 

/Jerkele_:. a tt:. repus'ted tf.zeot tiigHtfiettH!lJ mas e i:tJ.ieHtiasts H'ere áetet\ta8!e i:r 
ttnk, feil C.IJ? ,,·efd ·}:;/lo t ¡, :0 ,t;~c ft.di:t

0 
thwr 1; es e J.cMeetaB!e J11'iBs 18 the test. 

:¡;¡Ii· te :el. : i;~elietdc du:t t5pc fVJ da;;¡t:ge sHB:J Be relates! ra et:twses i:téltteeJ. in 
i/:'t t'lttfli ·esh_: !hci•· ·c.; :r.·t t 'tht earthqttakegrawrd;tWti8JlS. l.('e0 &;e/.les.' of 
-PT' 1

ic r/:c · ·:: t t.•i e Trl e t nditir ;l.· w·c e/.i,·cet!y atr. iá U&~á!t h eds·thqttdke 
c. 1 ••· c. s! s. t!e'i: · thttt tl:c. e tc)ndir.' JslS ,·est.!t i:t as eeJueeéleiijJatJi~·.far tht CJP 

e /el. con e/ uLI ¿¡t{ tt.i L·js\!' • . ·,·:.es 8, : s siBteH:es. fa is!itiatej4WeiEL e id the cvent af 
/tdtt e.! iJ;f..::. dullusith. 

T1pe IV] fractures extend complete/y tltrough the thickness of the weld metal 
a JI(/ can he detected h1· either MT or Vltechniques. Type W3 and W4fi·actures 
occur atthc zone of/itsion hetweenthe weldfiller metal and base material ofthe 
gmlcr ""'/ column flanges. respectivelv. Al/ three types of damage result in a 
/w.1 of rcnsílc capacírv o(the gírderf/ange lo columnjlangejoint and shou/d he 
IL'}JU l l'l.'cf. 

.·ls H'llh girder danwge. damage to u·e/ds has most common(v been reported at 
1/u' hutlnm gtrder to colwnn connection. with fewer instances of reported damage 
ur rhc rop flange. Avaílahlc dma tndícates that approximately 25 per cenl ofthe 
f(){a/ dunwge mthi., categrH:v occurs ~~ the topjlange. and most often. topflange 
damage occurs in conncclions which al.'w have bottom jlange damage. For the 
sume rmsons ¡JJ·c¡·íouslv descríhedfár girder damage, less weld damage may he 
c.1pccred al rhc top f/unge. Ho11·ewr. it i.1·likeZv that there is a significan! amount 
u( daJJwgc lo \re/ds at the top g¡rderflange which have never been discovered due 
'" r!tc dí//tcultF of acccssín¡; tlus¡oínt. La ter sections ofthese lnterim Guidelines 
¡JI'nl'fdc n.'comnu:udationsjor s!tuations when such inspection should be 
J JL'I'(f J/"11/L'd 

3.2.4 Shear Tab Damage 

Tilcrc are no moditicat!ons to th~ Guidelines or Commentary of Section 3.2.4 at this time. 

3.2.5 Panel Zone Damage 

There are 110 moditicatl011S to the Guidelines or Commentary of Section 3.2.5 at this time. 

3.2.6 Other Damage 

ThcT<' are 110 moditicat!ons to the Guidelines or Commentary of Section 3.2.6 at thís time. 

C/asstfícutiolls a11d lmplications of Damage 
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3.3 Safety lmplications 

The implicatlons of 1he damag•' described above with regard to building safety are discussed in 
IÍll> 'cc1ion. Au¡ar1 of1he SAC Phase 2 orogram. extensive nonlinear analyses have been 
nmduc1l'.d.of WSMF buildings 10 determine tbe effects of connection fractures on btüJ.ding 
pc·rlúnnance and al so 10 develop an understanding ofthe risk of earthguake-induced building 
,-,>[lapse. These s1uches indicate 1ha1 risk ofcollapse ofWSMF buildings designed to modero 
_si;Jildard.s ;~nd havmg connect10ns capable of ductil e behavior is quite low. E ven in regions of 
'crv l11~h scismtcitv. such as those areas of coastal California adjacent to major active faults. the 
wuhahili1v 1ha1 such a buildnH! would experience earthguake-induced collapse appears to be on 
1 he· urdc:r of one occurrenceper building. every20.000 years. For buildings that ha ve bnttle 
~unnec1tuns su eh as 1lll1se commonly constructed prior to 1994. the probability of collapse 
IIJcrcascs somcwhat If onlv the bottom flange connections ofbeams to columns ts subject to 
(rac1ure. 1he nsk of global collapse ofbutldings mcreases to perhaps one occurrence in 15.000 
yc·ars. nresuming that the ti·actures do not ¡eopardize column capacity. However. ifboth flanges 
,,f 1hL" cllnncc1ions are sub¡ect to fracture or if substantial column damage occurs. the risk of 
.\-:n_llans~..-· tncreases signiftcantlv. Also. tt is importan! to note that severe connection fractures can 
tc·sul1 111 'H!.Illfican1 nsk of local collapse and hfe safety endangerrnent. 

Wh ,¡,. 1 hes e studies ha ve be en heipti.tl in providing an understandmg of 1he leve! of risk 
11.1hcrcn1 111 WSMF s1ruc1urcs with brittle connecttons they do not provide sufficient mfom1ation 
In Tllerc 1.· in"·ufTiei¿nt hllssla8=a nt this tüna to f38Ffnit 8eteFIHiHatisn sftlutssess the degree of 
nsk "·i1h an\· real conftdence However. based on the historie perfom1ance ofmodem WSMF 
i>ui ldmgs. 1\'l'tcal nf 1hosc construc1ed m the United S tates, it appears that the risk of collapse in 
111<>dcr:ttc magni1ude carthquakcs. rangmg up to perhaps M7, isverylow for buildings whtch have 
lwcn prupcrlv destgncd and cons1ructed according to prevailing standards. A possible exception 
1" illl> may hL" huildmgs loca1ed in 1he near field (< 10 km from the surface projection ofthe fault 
111pturL" 1 of su eh eat1hquakes (Heaton. et. al - 1995), however, this is not uniquely a problem 
"""cia1cd \\'11h steel htnldings. Our curren! butlding cedes irgeneral, may not be adequate to 
¡m<\ "k fm relwhle performance ofbuildings W!tf.,;n the near field oflarge earthquakes. As is also 
1 hL" case wt1h al! other 1ypes of constructwn. btuldings with incomplete lateral force resisting 
~~ ~tL·ms. st:vere conf1i;uratJon JJTcgulanties. inadequate strength or stiffness, poor construction 
qu:t111'. or dc1eriora1cd condnron are a1 higher risk than buildings not possessing these 
L·luracteri st tes. 

N" mmlcrn WSMF butldings ha"'' heen sited within the areas ofvery strong ground motion 
i'r•Hll L"arthquakes larger 1han i\·17. or for that matter. within the very near field for events 
c'.\CL'L"dmg !vlt>.5. This stvlc or cons1ructton has been in wide use only in the past few decades. 
· • '"'L'lJLIL"\11 !L-. 11 ts no1 possthlc 1o s1a1c wha1 leve! of risk may extst with regard to building 
'"'P"n'c 1<> 'uch cwn1s. Thts samc lack ofpL"rlormance data for large magnitude, long duration 
,.,.L"Ilh L".\is1s l'nr vtnually all fonns ofcontemporary construction. Consequently, there is 
,., <llstdcrahlc unccnainty in assigning levels of risk to any building designed to minimum code 
h.'l..jllln.:ments for thesc larger t:vcnts. 

ClassUicarions aud !mp!ications of Damage 
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Commentw:\·: ~c:cen·tfr tBlltitoz.ted ta áate haa dO! Bee:r eaHe!+iai: e' üh rttgB; el to 
:t. t 1 ·h k ( r LiJ lhpt e t~{ 1Vb};!F 8ttihli, rgs Ea me tetJfillb oftia. naged 88; meelia:w 
fr J/H tJ .~u.-Julilf~ Id bwrM G'a,·itli. fZalú'a:IJl5a htL e hccn ealit!Heted at fhe 

u, .. ·.v.· ....... ej"!YottthtJ¡f Gt![fa;"sliet \~1sl&iei Hu!l }99:3'). :(·r .th@§e testa, 88;l!tt:e#oll 

rl.'t. c¡¡fhlit. 11 f.útf.r hwl t.ifiC ienccd type PB átLma~ we; e arthjcetcd ta, e~eatet! 
M t le. ' f Hc::u, \ti lt ¿¡ c.'t'ir.:::-. t'l:ilc the e t ft¡¡¡¡¡ r 1 as mai.rtailleti wrJe: éét iaJ 
< + trnr ·e .. ·Jt Ji. &/.rdc · h'lc. ·e canclit5A:l5. the u'j3ZBiJfi8llS ll e,·e 83fl88Jc ef• &úMiil

0 
as 

Wt:t A tt. 1Pfe"· ten: f the JibtiÚ;itt:'plast.i. .. ¿{; engt~ efthe 0 i,·s/e, ;fa· seve:~ttl 
( 1( 1 t /.1 : (:· to;J(!t'ccll wdt '~· atph_:tie sJ.efo, siiRficm !e.,.ek élt ht; ge as ~U1d5 
"¡¡cHu:l !! 't't1e:·. u'tt>iltt 0 t c:luJpr;0 ;"t.i~·iil tht!SflB@ifl@il, H8 thit h.;fili0 llttJ 

f'e•i ·:de.!. h:. r tkt tdho·,·tht.'tli.s.·cmB!ies ttu!élha·.e~e.,f;3.:rwelffthe 

t>~Ft/u nn. ·e, ·e 1 Jt rmiuul t e.:pet it: ·ru:r ttJ: E i!e !aa6i•is 10 . &atafrtiJdl a.tf.uJJ 1t&l5 

,';'..._...,e. t. :l:cd rhe, t. it:'ttcd. h e;r0 tf.r ~(eu:iileCtiBJ!3 n.~itJH ha;t atpth ie.ree61ty]JeJ 
(;), G/. H' 2

. H~,. wtel TVI cimFtii
0

t i.: a:r the as J.e, ajl§pe; ee.rt t~{dre 
tt"c:'" ::uc:-cc/. :: cli.:--{/1. liL::tt tt;ted_; hetd; t. ca; eh (I!a!-!- 199j) iil tf.tieh sf8d:'i:fttt; 

¡, 11c kt. t J: : tHit:.'t. c .. i¡¡tltltdi:i0 t 11e cffiet.s o:{ea.Meetia;r ác~ seltitiB.r tltsc ta 
fruc tL:'e :·ere ,·,rchH.'ec:'. ;;¡t/itc:te .• tf.rat ~ttJiea! grattild f!Blialis rcstt:'fiil0 ili t.~e 

r:clli·l=iclcl' (la ¿;e ew thijitctkt.• tósr Ctttt.Jc .;t~'fteie;U el ift i:f theac 5!; tt61h• t:.; ta 
tJichce ;:r. tctl;¡tft(t wEt! t. J/ap .• c. Ot:'ttJ , t.;e& ehe, a ¡<!1statft~:~ 1995) att00e.it r.~at 
##:::tt.:::-tt/." uuu, e.·. e t'll i{tiifi t)Jtti; ul. hcLtJ ,the aái!io"5 ft atts :i:e atklitit?Jtt:! 

!:"!·en rlwugh rhere "·ere no collapses o{ WSMF bui/dings in the 1994 
Nurthmlgc Earrhquake. 11 shou/d nor he assumed that no risk ofsuch collapse 
c.rí.11.1. /ndeed. a nwnher o( JVSMF huíldíngs did experience collapse in the 1995 
/\11hc Larrlu¡uake. Tlu: deraif111g o{these collapsed Japanese bui/dings was 
son"'"·/wr dí/(erenr rilan rlwr /imnd ín tvpícal US practice, however. much of"the 
¡, ucrun· dumage tlwt occwTed H'as sinular to that discoveredfO/lowing the 
Nonhridgc c1·ent. 

licmuse of a /ack 11{dara al1(/ experience with the ef{ects o{larger, /onger 
duruf11111 earrlu¡uakes. rhae 1s mnsíderahle uncertainty about the performance of 
u/11\'fH'.' t!/ hui!dmgv in /urge magnirude seismic events. lt is believed that 
sl'f.,nllc nsks in ,·uch /urge cvents are highly dependen/ on the individual ground 
nw11un ur a ·'l"'cl(ic .1írc allil 1i1e dwracrer(l·tics ofthe individual huildings. 
Thac/ore. gcneralcarwm ,..,,¡, regard to the probable pe1jormance ofindividual 
1.\fh'' o/ consrruction m ay no! he punicularly meaning(ul. 

The nsks 111 occu¡wllfs o/ JYSMF lmíldings wirh hntt/e connections is regarded 
as lc.1s. 111 11111.11 cases. rlu111 ro occupanrs o{rhe types o{buildings listed below. 
/-!olrn·cr. hccausc t~/ the uncerrainries il:~,/~·ed, the degree ofrisk in large events 
cunn!ll he de(ÍIIIIÍI'el\· <¡uanu(ied. nor can ír categoncal/y be stated that properly 
Cllll.lfnwred JVSMF huildings síred in rhe nearfield oflarge events are either 

C!a.ISI(icarums and lmp/ications of Damage 
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lll!lr~ or less ll/ n.1k tha11 mwtF other code designed building systems which do no/ 
uppear on rhe.fállowing lisr: 

Conce!ltrlc hraced steel fiwnes w11h bracing connections that are weaker than the 
hruces 

J.:nec hraced stcelframes 

Unre111(árced masom'}· hearing wa/1 buildings 

Nnn-ductt!e ruii(Ím.;cv1 concrete momentframes (infil/ed or otherwise) 

f<f.!i¡~fiJrced concrcre momenr.fi"ames with gravity load heanng elements that were 
not d<!stgned ro ¡wrticipate in the latera/force resisting sFstem and that do not 
lun·e capaciiF to H'ithstand earthquake-induced deformations 

Tt!t-11{' ami re111(Í1rced masonrv huildings with inadequate anchorage oltheir 
ltealT 1ml/.1 to their horizontal wood diaphragms 

Precasr concrete structures without adequate interconnection al their structural 
elcment.\ 

/11 wldlliolt. WSMF struc111res 1nth hrittle connections would appear to havc 
!n1u'r tnhcrenr setsnuc risk rhan structure.~· of any construction !)·pe that: 

do not hamtg wmplete. definahle load paths 

hul'e stgnificant 1reak andlor Sl?f't stones 

han· mu¡or 1orsunwl irregularity and insufficient stiffness and strength to resist 
!he resu/ting .\eisnuc demands 

minima/ redundancy and concentrations oflateral stiffness 

The.1t' are general statements tlwt represen! a global view ofsvstem 
¡wrjormwtcc. As H'ilh al/ se1smic peJformance generalizations. there are many 
vice! moniclliji·amc hwldmg.' rhat are more vulnerable to damage than some 
indn·ulua/ hui/duzgs ojlhe general categories listed,just as there are many that 
11·¡// ¡nT/orm he!fcr. 

3.4 Economic lmplications 

Thcrc are no modtficatrons to thc Gurddines or Commentary ofSection 3.4 at this time. 

C/assifícations and fmp/ications of Damage 
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4. POST-EARTHQUAKE EVALUATION 

4.1 Scope 

There are no modifications to the Guidelines or Commentary of Section 4.1 at this time. 

4.2 Preliminary Evaluation 

There are no modtficat10ns to the Guidelines or Commentary of Section 4.2 at this time. 

4.2.1 Evaluation Process 

Prelnninary evaluation is the process of detemlining if a building should be subjected to 
cktaikd post-earthquake evaluations. Detailed evaluations shou1d be performed for all bui1dings 
thought to ha ve experienced strong ground motion, as indicated in Section 4.2.1.1 or for which 
thc other indtc:nors of Section 4.2.1.2 apply. Det~i!ed post-earthquake evaluations includc the 
cntire process of detennining if a building has experienced significan! damage and if damage is 
!"ound.·determining appropriate strategies for occupancy, structural repair and/or modification. 
1 :.\ccpt as mdtcatcd in Section 4.2 3. dctailed evaluation should as a minimum,include 
tnspcctions of a rcpresentative sample ofmoment-resisting (and other type} connec!Jons within 
the-· buddmg. 

4.2.1.1 Ground Motion 

Therc are no modifications to the Guidelines or Commentary of Section 4.2.1.1 at this time. 

4 2.1.2 Addttlonallndicators 

Thcre are no modttlcations to the Guidelines or Commentary of Section 4.2.1.2 at this time. 

4.2.2 Evaluation Schedule 

Thcrc are Jltl modt!lcatiOns to the Guidelmec :;~ Section 4.2.2 at this time. 

CrmuiiC:IIlwT· !rts 111/fHirlanr lO conduct pnst-earthquake eva/uations as soon 
fo//oH·i11g rile: eartlu¡uakc: as ts practica/. Aftershock activity in the months 
llllntc:dwrcfl· fo//mrillg a11 c:artlu¡uuke is likely to produce additional strong 
growu!ntolioll arrhc: slle of a damaged bwlding. Ifthere is adequute reusan to 
ussume tlwt damage has oc;:_·u;Ted. then s·uch damage should be expeditiously 
lllu·ot·crt'd a/1(1 repwred 1-foH·e,·er. since udequate resourcesforpost-earthquake 
cm/ual/1!11 lita\· he limired. a swggered schedule is presented, with !hose buildings 
lwl'lng a ¿;reaterlikelihood (~f damage recommended for evaluation first. 

Pos! Earthqrwke Evaluation 
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[({!ve mcwnirude earrhr.¡uakes are ofien rollowed bv large maanitude b b _}{ • b 

uficnhocks. There[iJI·e. ir LS parricularlv urgen/ that post-earthr.¡uake eva/uations 
he per/iwmed expedilioll.1i~V fá!lowmg such events. f{hwuffieieJtt • e8orc ce-s d; e 

" ú t!uklc t il the cof,Cc etccl • ccJn:f ;'o fJLl f;; lli ~he i"'lPT test-s • 8C81HJH8Jlá~d á.: tlre 
.e:;·,,, eJe{¡", re. J f Chttp Fu 5. ; · i. : etOill;flCiithd that • ia tta! illSfJtJetith r. ¡, r act c ; daJlcg 

-wi:/. Fei_ff;;¡¡ 5.2.~. ¡ ;;J¿eu! ce .•dbil a. pu.ssih!e. lfvisual inspection reveals 
,·uh,·ranrial danwge. considera/ion should be given to vacating the building un ti/ 
<'lfhcr "" ader.¡uure pcriod of'rime has passed so asto make the likelihood of'very 
!urge u(lc!·s/wckl- relufll·e/v lo11· (e.g. 4 weeks for magnitude 7 and lower, and 8 
1\·eek., ¡iH· magniwdes ahm·e this). complete inspections and repairs are made. or 
u dcruiled evaluario11 mdicares rhar rhe sfructure retains adequare structural 
sn/lncs.' mzd slrcngth lo n)s¡sf addlfwna.' st!'nng ground shaking. 1°relimilla:y 
1 ;_ twl 1s 1. )-e dit , r.: . )Itnt!d ;itn' In tt.itd tu tt 1 a!terTu:.tive ts eample:e e·. ahtatian. 

T/:c '" '•le Tahlc 4-1 re/ares rhe urgencyfor post-earthquake building 
{'\·u/uaflon to hoth !he magnilllde of the earthquake and the estimated peak 
grrnuul acceleration experienced by the building site. This is beca use large 
"'"·""irudc evenrs are more /ikelv (()ha ve large magnitude aftershocks and 
hccausc hui!dtngs tlw! cxpenenced stronger ground acceleration.\· are more likefv 
fu lta1·c hceil damaged. Except in regions with extensive strong motion 
insrnllnclltallnll. eslimates r?(ground motion are quite subjective. FoJ/owing 
mu¡or t!anwgtng eartlu¡uakcs. governmcnt agencies usual/y produce ground 
11/n!lnn ma¡J .... s/uJII'lllg pro¡ccled acce/eration contours. These maps shou!d he 
uscd 11·hen m·ailahlc. IVhm su eh maps are nof availab/e, ground motions can he 
c,·fimufL'd usll1g any (?f'.w:\·era/ attenuation re/atwnships that lwve been pub!ished. 

-1.2.3 Connection Inspections 

1-:-;c_qlLii'_ii],<]i~at.ed 1n Sections _4.2.3.1 and 4 2.3.2. below. Qgetailed evaluations should 
IIJL"Iudc mspectlonnfthe buildmgS moment-resJsting connections In arder to detemüne thejr 
unldlll\l!l. A' a Iir't pass. mspections may be limited to careful visual inspection ofthe joint_of 
!he he:un hnttom Ilillll!e to the column. \Vhen such inspection reveals the nresence of connection 
¡Lun:~~." more tlwrough inspection ofthe damaged connection should be conducted. Since 
!lWillCJll-rL'SJStlll,g .. Jrame buildm!.!S commonlv ha ve n1any connections inspections can be quite 
,·,"Ii\' Therei(m.: it shall he pcnmssible to Iimit inspection:loefa representative sample of 
\\"S!vt F ( and otiH:r) connection:.-. e.cecpt ~L- itH4ieste8 iH beetiBFl9 1.2.3.1 aH El 1.2.3 .2. 8elsw. 
~ec11u11 4.~.:; pn>\'ldcs thrcc alternatiVC approaches to selecting an appropriate sample of 
l 1 llllll'L'Il~lllS for lllSJ1CCtl011. 

4 2.3 1 Analytical Evaluation 

Therc· :~re 11u 11Hld1Cicat1n11s to the Gtudelmes or Commentary ofSection4.2.3.1 at this time. 

PosT Earrhr.¡uake Evaluation 
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4.2.3.2 Buildings with Enhanced Connections 

Thcre are no moditicatwns to the Guidelines or Commentary of Section 4.2.3.2 at this time. 

4.2.4 Previous Evaluations and lnspections 

Therc are no modifications to the Guidelines or Commentary of Section 4.2.4 al this time. 

4.3 Detailed Evaluation Procedure 

WhcTC lktailed cvaluation t.s recommended by Section 4.2, assessment ofthe post earthquake 
, , '"'¡ti ton uf a build111g. its ability to resist additional strong ground motion and other loads. and 
dctc'lllllnatton of appropnatc occupancy. structural repair aml/or modification strategies should be 
h"scd on the results o fa detailed mspection and assessment ofthe extent to which structural 
~~·:-;tcnb have heen damaged. 

In ordcr to obtain complete data on a building); post-earthguake condition. it is necessary to 
l'lil~.cl each ofthe huildinl!S moment-resisting frame elements and their connections. However, 
s_u_ch cxtcnsi,·e 111specttons could he very costly. Asan alternative to that aporoach this Section 
Jllc·scnts a senes ofprocedures hv which a representative sample ofbeam-column connections is 
~~.:lccted ancl inspected Thi.- SeetisH ~resaRt5 SR e Bf~Fsaek fer HlBIEiHg BtSE!k ssssssfftsnts. In this 
:tppmach. thc rcsults ofthe sample inspections are used to calculate a cumulative damage index, 
1 J. i'ur tlw structure as well as the probability that if all ofthe building); connections had been 
1 Ll:;pccted. ·the damage index at any floor of the structure ftft8 would ha ve been found to exceedee 
'' ,·;!luc of 1/3. General occupancy. structural repJ•i and modification recornn1endations are made 
h"scd u pon the ,·alues calculated for these damage indices. In particular, a calculated damage 
IIHk~ uf 1/~ is used to indicate. in the absence of more detailedanalyses, that a potentially 
haz~1rdnus cunciition may exist. 

The structural engmeer may use other procedures consisten! with the principies of statistics 
""d strucruralmechanics to derermme the residual strength and stiffness ofthe structure in the as
' l:t lll:tged state and the acceptabilitv of su eh characteristics relative to the criteria contained in the 
iHtildtng cmk. or othcr rational criteria acceptable to the building official. 

Thi're u re no nwdi/icatwns to tlze Commentary ofSecflon 4.3 at this time. 

4.3.1 Eight Step Evaluation Procedure 

l'n>h;arthquake cYaluation should be carried out under the direct supervision of a structural 
,."O''"ccr Thc l(>llmnng etght-stcp procedure may be used to determine the condition ofthe 
structurc "mi tn devclop occupancy. repatr and modification strategies. Note that this nrocedure 
''-~rtUgl_Jlrcsllml_\lg.JjJ_~t_\l1~11e~tton islimited toa representative sample ofthe total number of 
,.!!!lll>O_ClJilll~prcscJ}t 111 the hutldi_l})L lfall connections in the building are to be inspeC(ed steps 1, 
~ .. ,..4 :~nd (l ma\· be om.Jtted. 

Post Eartlu¡uake Evaluation 
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The moment-reststing connections in the building are categorized into two cr more 
··groups·· ( Section 4.3.2 and 4.4) comprised of connections expected to ha ve similar 
probahilitics ofheing damaged. 

i ·,Hnpkte steps 2 through 7 below. for each group of connections. 

Determine the mtmmum number of connections in each group hat should be inspected 
ami sekct the spccttic sample of connections to be inspected. (Section 4.3.3) 

i nspect the seiected set of connections using the technical guidelines of Section 5.2. 
and dcternune connection damage indicesA, for each inspected connection (Section 
-\3.4) 

1 f mspccted connections are found to be seriously damaged, perforn1 additional 
tnspections of connections ad¡acent to the damaged connections. (Section 4.3.5) 

Dctcnmne the average damage index (cJ.vg) for connections in each group, and then the 

"' erage damage mdex ata typical !loor. (Section 4.3.6) 

Gtven the average damage mdex for coP_'Jections in the group, determine the ., 
pmbabtlttv. P. that the connection damage mdex for any group, ata !loor leve!. ., 
c·xn:ccls 1/3. ami determme the maximum estimated damage index for any !loor. Q,¡;. 
(Section 4.3.7) 

Basecl on the calcuiated damage mdtces and statisttcs, determine appropriate 
occupancy. structurai repair and modilication strategies (Section 4.3.8). If deemed" 
appropnate. the structurai cngineer m ay conduct detailed structural analyses of the -~ 
hui idtng in the as-damagcd state. to ohtain improved understanding of its residual 
condition and to contlnn that the recommended strategies are appropriate orto 
suggest alternati\'e strategies. 

Report thc resuits of the mspection and evaluation process to the building official and 
huiicling owner. (Sectton 4.3.9) 

Secti<lllS 4.J 2 through 4.3 9 mdicatc how these steps should be performed. 

l11ere are llonwdt/icauons 111 the Conll¡;,·;;:;~¡y ofSection 4.3.1 at this time. 

4.3.2 Step 1- Categorize Connections by Groups 

Thcrc are no nwcltticattnns tn the Guideiines or Commentary ofSection 4.3.2 at this time. 

4.3.3 Step 2- Seiect Sampies of Connections for inspection 

Thcrc are no modtlications to the Guideiines or Commentary of Section 4.3.3 at this time. 

l'ost Eartlu¡uake Evaluation 
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4. 3. 3.1 Method A - Random Selection 

There are no modificatiOns to the Guidelines or Commentary of Section 4.3.3.1 at this time. 

4 3.3.2 Method B - Deterministic Selection 

There are no modifications. to thc Guidelines or Commentary of Section 4.3.3.2 at this time. 

,¡ 3.3.3 Method C - Analyttcal Selection 

There are nomodilicat10ns to the Gutdelines or Commentary ofSection 4.3.3.3 at this time. 

4.3.4 Step 3- lnspect the Selected Samples of Connections 

There are no moditicattons lo the Guidelines of Section 4.3.4 at this time. 

C 17l';;c:ltó!T.' ~1lt= ·c·p·' '~i- ti aeo§t~ 1 \srtt hsp88{18'l ir #re 'H8t1Wt/S &'&.:ztjq'f r .: Fljfl e •-t ·' e>D • u J ;; ' , • • .. • J o • • 
1 
.. " _, tf ·e 4tt. cel, ;1 f¡..ll h.Yfhdi :r ttiit:t¿ Rotk :'io!la! (bee:iali §.l.J) adt! .VJ;JT 

{e e ,Cttc;ift . .<fJccht 11 5._ ... _]) uf c:H eG;;¡¡eth'thiS i:e dEL Stt;;tpk. Q,t,~e, met'teela BJ' 
. e /e e ,(, ¡¡ tH :tl 5: t. JYt e:io :1 , Tlii.t h& ft!J ¿e/ eu fH 81 itlei i.r b-ee#arr 1. 3, :t Oh the 
tt¡ 1 j 1 .. ; ( (t'te 9u .. u.·.r~ of,<iticcl. G\¡¿. ttth BfJfli éJtJBh mit:)lt Be tht ; iatta:' Cilt(: 

,·il '1 ctt11 ¡¡ f'tHe ht Nc ;:i 6 ;; tic jlaiibt t J eohtilfif ee:Lreetiall, !n:t Hith the 

t 1.) ce ft. ;;; i{to /m c. e;':' utftthi td thc f8ta! ethrsreetiaHa in the 0 : 8fif3, f38:5.7iB(r 
Hit !u dure> iJ!I tj'thtsJi g·p, ope: (: pe;j .. h ;;teJd, setch a:r iHapeeMall f3: aaatlw e' • aultl 
ele :ce r ctfilio.:t col! tli. "!'tJdct.: t:Ftf.r¿ llltJ.d .:t't u e cJ.a:rrtt0 t! hr:: tt auld :tot tleteet "eL1 

cltkcr. ;''VIco). o: ':tt atf:,-,¡
0 

('V!á). ;tor!amef.ta, eJamagt i:rca;!tt;rt:rs fC5). 
TI JJIC t(it: e .. u , ;'tE¡( ·o;' the. e toiithhtid.:,, tllltfa,uly staHt!: atl rh, attgh thc 
¡, ¡¡¡/J;;C> "t u!d ¡¡,;t ... --.' ud/: u;'fctt t:'ie cw.a':'.;.::flt\ft afthe .~tti:'eti: rgS p oat eart1ij ttahe 
f"'"FH-¡ ( ( ... • ¡ . 

+L /1 ele ,'e cr. e 1 e ¡ e. e 1 • ;, r t/1 t Mttil&1id
0

, thi.1 "ort!d Be :5i0 1 r{fit!tiiff lfJ tha a • éJi al! 
¿¡ · e .. ;;Ic llf Thu c/-t • e .. ·lieh mr LLfdtho:l 8ifoj'J1 aach a1oetld¡s; ahttá(• i;telett.V! 
e ;t¡i ";;;;;;~ )

1t9Ttlll e. tic-utio1r. tjlit ha.· e; "t!Ji• eJeilttiti:e :1aJTrJ3la oftha tu tal 
111tt t" .r . • ·Pe. ftc--tdccl !{" it:Íill theot. tt:llj3:'e. si0 :r?fieél:lt i:ltide;rtJe c~,f.:últal:'y 

/, • clo'c" oC 1 .. tt 0 e i. }t ltll J :k e 1 r ;'ull .' \9 T i1 ft t!"!Nif:,atia: l§ slraulél á e jit!;fo 1 :He él, us 
"+1• ........ e .1 ·e el /.: tke. e /"te 1 i ;; Ct: iülcfi. Fe.i. fi¡¡ 11ilt1: (1 , &'viattal á-amtc0 e is _fatt; re/ a r .":1e 
1 rr 11 /{tlll,-..t. theif ct '"1 kft e tfltefw¡¡ tJt.]jttko;¡s/t ttt'eláepe,_t)J,;;¡ee/:o 

t (le ;;t¡¡ft ;( ¡¡¡'/¡¿¡ (t) c. t / d"CHfféic-:& to: e toLu fh C.;é!lll. 

:J 4 1 Damage Characterization 

Charactenze the observed damage at each ofthe inspected connections by assigning a 
c"<lltnectton damagc mclcx. '\· obtamcd either from Table 4-3a or Table 4-3b. Table 4-3a presents 

d:nnage mdiccs f(,r mdl\·idual classcs of damage anda rule for combining índices where a 
c<Htnecllon has more than one type of damage. Table 4-3b provides combined índices for the 
mon: common comhmattons of damage. 
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Table 4-3a - Connection Damage lndices 

Typc L(lcation Descnpt1on 
1 

(;¡ (iirdl·r Buckled Flan2c 

! ';e Gndcr Yieldcd Flan!.!e 
( .. ~ (i!l'dC! T op or Bottom Flanu.c fracture in HAZ 

( ·-~ 1 CiJHkr Tor or Bottom Flanue fracture outside HAZ 
' ( •:' ( illtkl T op ami Bottom Flange fracture 

1 ~ :~ 
( 1!!dC! Y1cldnu!. 01 Buck\mo of\Vcb 

C11 dcr Fracture of Wcb 
( ,;.: Ciirdc1 Latcral-tors10nal Bucklin!.! 

1 ( "1 ( 'olumn lnc1picnt flan!.!e ~rack (detectable by UT) 

( o 
- l ·u lumn Flan!.!c tcar-out or d1 vot 

c. ' Column Full or part1al flan!!c crack outside HAZ 

( J Ct1lumn Full or part1~d fb.n!!C crack 10 HAZ 

l"' ( "olumn Lame llar flan!.!e tcarim! 

(' (l Cnlumn Bucklcd Flan!!c 
( ' e l) lumn FractuJcd co\umn sp\Jcc 

\V 1 d CJP \\T]d ~-lmor root mdicallon- thickncss <3/16" or t¡/4: w1dth < b/4 

\\'1 h Cll' \\'e\d Root mdicat1on- th1ckness > 3/16" ort/4 or width > b/4 

\1 ' C IP \\ l'ld C1 ack tlu ou~h weld metal thickness 

\\"' ¡ 'IP \\ l'ld Fractu1c at !!uder Interface 

\\'~ C.W \\'c-Id Fracture at colt~ml interface 

\\· ~ C:IP wcld Root mdicallon- non:cjectablc 

" 1 :1 ~llL'.II tab Part1.1l crack at wcld to column (bcam flangcs sound) 

:--lh ~hL',II tab Partlal crack at wcld to column (beam flange cracked) 

"~-\ Shl.'~\1 tab Craek in St_!pplcmental Weld (bcam tlanges sound) 

~.2h Shl.'ar t.tb Crack m Stt_pplcmental WeJ¡j -:·:J2:!111 flangc cracked) 
~ ... . ; SilL'~lr l.tb FractuJc throul.!h tab at bolt holes 

'-'-l Shc.u tab Y1cldin!! or bucklm!! oftab 

:-.~ Shl.'ar t,tb Dama!!cd. or IlllSSln!! bolts..: 

:--,(\ ShL'al t,tb Fulllcn!!th fracture ofwcld to column 

1'1 l'~tncl Znlll' Fracture. bucklc. or y¡c\d of contmuity p_lat~ 
1 '' l'ancl Zom· Fractwc tlfcont!.JUitv platc weld . ..J 
1'":, P.tncl Zunl.' Y1cldm!! or ductilc dcformatwn ofweb' 

1 '.¡ P:111cl Zunc F1acturc of doublcr platc wcld.<-,3 

1' .. ~ I'.111L'I ZunL' Part1~d dcpth fracture m doublcr plate3 

1'¡, I';HlL'llonc Pan1al lil'pth fracture in weh-1 

1', l';lllL'I 7:1ll1L' Fu\1 (or nl'ar fulll dcpth fracture m web ordoubler plate3 

1':-.: 11,\llL'I/Il!lL' W~h hw.:klm~; 
1'') l'.lllL'I ZunL' l"ully :--L'\'L'IL'd column 

' ""k" 1 p 1 .lb k -l-_,,\ 

1 Se\.' Flt!llrl' ... 3-2 thmu~h 3-ll for ¡Jiu.,trauon:-- ofthcse types of damage. 
\\'hl'tL' nudt1p!c d.tma~L' type" have occurrcd m a smgle connection. then: 
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1 

4 
4 

R 
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6 

10 

.1 ~11111 the damagL' 1ml!c..: ... fur all tyrc~ of damage w1th d=land trcat as onc type lf multiplc types still 
L'\1"1. then 
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b. For nvo type:> of damage refer to Table -1-Jb. lfthe cornbination is not present m Table 4-Jb and the 
damagl! md1ces for both types are greater than or equal to 4, use 1 O as the damage index for the 
connectwn. lf onc i:. les.:; than 4, use the greater value as the darnage mdex for the connection 

e 1 f three or more rypes of damage apply and at least one is greater than 4. use an index value of 1 O. 
orherw1sc use thc grcatest of the applicable ind1vidual indices. 

l'ancl zonc damage should bereflected in the damage index for all moment connections attached to the 
d.unaged panel zone wtthin thc assembly. 

-t i\lissmg or loase bolts may be a result of construction error rather than damage. The rond¡tton ofthc metal 
around thc bolt holes. and rhc presence of firepfóofing or other matenalni the boles can provtde clues to th1s. 
\VIlcn: tt JS dctcnmned that consrructwn error IS the cause, the condition should be corrected anda damage 
tntk.\ of·~r·asstgm:d 

Tablc 4-3b- Cunnection Damage Indices for Common Damage Comhinations1 

1 ( 'mkr. e olumn Shear Tab Damage Girder, Column Shear Tab Damage 
or \V del Oatnage Damage Jndex or Weld Damage Damage Index 

! 
' 
1 
1 

! 
1 

¡ 

1 

(;] m G4 S la 8 es S la 6 

S lb 10 S lb 10 

S2a 8 S2a 6 

S2b 10 S2b 10 

S3 10 S3 10 
S4 10 S4 10 
SS 10 SS 10 
S6 10 S6 10 

C2 S1a 8 \V2, W3. or W4 S la 8 
S lb 10 S lb 10 

S2a 8 S2a 8 
S2b 10 S2b 10 

S3 10 S3 10 
S4 10 S4 10 
SS 10 SS 10 
S6 10 S6 10 

é "] or C4 S1a ~ 

S1b 10 
S2a 8 
S2b 10 
S' ·' 10 
S4 10 
SS 10 
S6 10 

Scc Ti.lblc -1--).L footnotc 2 for combmations othcr than thosc contained in this tablc. 

More complete descript10ns ( including sketches) of the various types of damage are provided 
"'Sccuon 3.1. When thc engineer can show by ratlonal analysis that other values for the relative 
sc\·crilles of damage are appropriate. these may be substituted for the damage indices provided in 
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thc tables. A full reporting ofthe basis for these .. different values should be provided to the 
building officiaL upon request. 

Commelllarr: Jhe connectirm damage indices provided in Jable 4-3 (ranging 
from () to 1 11) represent ¡udgmental estimares of the re/a ti ve severities o( this 
dumuge. An index of O .indicares no damage andan index of JO indicares ve/)' 
\'l'l'l're danwge. 

Whe11 iniliallv deve/oped. these connectwn damage indices were 
cnnccptualized as esrinwtes (~(the connection,~ lost capacity to reliably 
¡Jw"flcipate in !he huildmgs: lateral-force-resisting s_vstem infuture earthquakes 
¡,,ah O uuhcaung no loss o(capacuv ami JO indicating complete loss o( 
, a¡wcill). Hmre\'L'I'. dueto rhe hmited data available, no direcf correlation 
her•rec;, these danwge uubces and the actual residual strength and sti/Íness of a 
dunwged connection u·as ever made. They do provide a convenient measure. 
ho11·ever. of the extcnr o(damage that various connections in a building have 
l'. r¡ JCI·fellCetf. 

W/u:n FDv!A-2ó7 1ms firsr vub/ished, weld root discontinuities Jvee Wla and 
deiecls ll1!i' IV] h 11·ere c/assified as damaae in Jable 4-Ja with damage indices 
uf 1 and 4 resuecflw.:lv assigned. Recen! evidence and investigations however. 
Slt<;gesr srmm:/v tlwrihese WJ condition.1· are not like/v to be damage and alsn 
u re dífiic¡¡/¡ ro reliahlv derecr. As a resulr with the oublication oflnterím 
c,:uidclines Adnsorr No. :! the damaf!e indices (or these conditinns has been 
1~educcd tu a nu/1 \'Ctluc cons!stcnt with c/assifving them as pre-exi.\·tinf! 
cr~ndi!u~u..-._,_[t_lfhcr tlwn damnge. 

J¡ should he no red rilar rhe reduced damage index associated with these 
cnndtl!Oil.\ i., 110t In tended to indicate thar these are nota concern with revard to 
[llllirc ¡¡afiwmance o(thc hw!dinf!. In parricular tvpe Wl b conditíons can serve 
a_s rewll· 1111tiators /(JI' thc tFpes of'hriule Ú'actures associated with the other 
danwr.;c fVJ)('s ami connections havinr.r su eh conditions are more susceptible to 
/lfllf/'(' et¡rr/u¡uake-uuluccd danuwc than connections that do not have these 
cuw/¡urms. Corrcctinn of 1/zese conditions should venerallv be considered an 
ij¡¿orade or modificatwn rather tlum a damage reoair 

4.3.5 Step 4- lnspect Connections Adjacent to Damaged Connections 

The1e are no modiflcatwns lo thc Gtndelmes or Commentary of Section 4.3.5 at this time. 

4.3.6 .Step 5- Determine Average Damage lndex for Each Group 

There are no moditical\ons to the Guidehnes or Commentary ofSection 4.3.6 at this time. 
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4. 3. 7 Step 6- Determine the Probability that the Connections in a Group at a Floor Leve! 
Sustained Excessive Damage 

Thcrc are no moditications to the Guidelines or Commentary of Section 4.3. 7 at this time. 

4.3.7.1 Some Connections in Group Not lnspected 

Thcrc are no moditicattons to the Guidelines or Commentary of Section 4.3.7.1 at this time. 

4.3.7.2 All Connections in Group lnspected 

Thc't\: are no moditications to the Guidelines or Commentary ofSection 4.3.7.2 at this time. 

4.3.8 Step 7- Determine Recommended Recovery Strategies for the Building 

Thcrc are no modtlicattons to the Guidelines or Commentary of Section 4.3.8 at this time. 

4.3.9. Step 8- Evaluation Report 

Thcrc are no modifications to the Guidelines or Commentary of Section 4.3.9 at this time. 

4.4 Alternative Group Selection for Torsional Response 

Thcrc :~re no modllications to the Guidelines or Commentary of Section 4.4 at this time. 

4.5 Qualified lndependent Engineering Review 

Thcn.: are no modt!ications to the Guidelines or Commentary of Section 4.5 at this time. 

? 
4.5.1 Timing of lndependent Review 

Thcrc are no moditications to the Guidehncs or Commentary of Section 4.5.1 at this time. 

·4.5.2 Qualifications and Terms of Employment 

Thcrc are no modtlications to thc Guidehnes or Commentary of Section 4.5.2 at this time. 

4.5.3 Scope of Review 

Thcrc' are no modtlicattons to the Gutdelines or Commentary of Section 4.5.3 at thts time. 

4.5.4 Reports 

Thcrc ar.e no modtfications to the Gmdelines or Commentary of Section 4.5.4 at this time. 
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4. 5. 5 Responses and Corrective Actions 

Thcrc are no moditicatíons to thc Guidelines or Commentary of Section 4.5.5 at this time. 

4.5.6 Distribution of Reports 

The1 e are no modilicatJons to the CiUiclehnes or Commentary of Section 4.5.6 at this tnne. 

''-5.7 Engineer of Record 

Therc· :1rc· no moLh ticatJons to thc Guidelines or Commentary of Section 4.5. 7 at this tnne 

4.5.8 Resolution of Differences 

There are no moditications to the Guidelines or Commentary of Section 4.5.8 at this time. 

,. 

·' 
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5. POST-EARTHQUAKE INSPECTION 

When required by the building official, or recornmended by the lnterim Guidelines in Chapter 
-l. post-earthquake inspections ofbuildings may be conducted in accordance with the lnterim 
c;uiddmes of this Chapter.In order to detrrmine. with certainty the actual post-eartillrnake 
C()11Chtlllll of a huilding. it IS necessary to inspect all elements and their connections. However. it 
!:'..PcTnmslllle to selectAft-an appropriate sample (or samples) of\VSMF connectionsshs~;lEI es 
'~~ ll>r inspection in accordance w1th the Chapter 4 Guidelines. These connections, and 
<>thcrs deemed appropriate by the engineer, should be subjected to visual inspection (Vl)!lft<l 
;:ill]lPkmentcd hvnon-destructive testmg (NDT) as required by this Chapter. 

Commenrarv: The onlv 1\'Ul' ro he cerrain rhar al/ damage sustained by a buildinf! 
f., derected ts to uer!Orm complete insuections o(every structural element and 
colllJJ~.ctum. In most cases such exhaustive vost-earthauake inspections would be 
hoth ecnnomic:al/v mwractical and also unnecessary. As recommended by these 
J;Júde/ines the nurnose o(oost-earrhquake insvections is not to detect al/ damage 
rlwr Iras hee11 Sltsratned hv a huildinf! hur rarher ro derect with reasonable 
ccr!mnrr tlwt dama ve likelv ro re.\·uftm a significan! degradation in the 
lnuldina.,: ahilitv to resist fúture laadinv. The connection sampling process 
sur,;! . .res!cd hv Clwpter 4 o(these Interim Guide/ines was developed to provide a 
!ull~f'mhahilirv rlwr damttge in huildinf!s rhar had sustained a subsrantial 
rL~du.ctir¿n in load carrving caQacitv would be overlooked while avoiding the 
Jh'rfnrnw.nct' o/ exlwvstive tnv~stigations ofbuildings that have sustained 
~~clatii'CIF insignilicl!nf danwgf!. 

lYhcre wearer cerrainrv 111 rhe derecrwn o(damage is desired (ora buildin" a 
more cxtei1\'IVC nrovram o(insvection can he conducted. For those cases in 
11·hich 11 ts tfesired ro verfimn a11 ana/yrical derermination o(the residual load 
(U!TJ'IItt' ca¡wqtv of'the s!ructure complete insnections ofelements and 
"'""'ccrio11s slwu/d he 11erformed so rhar an analvrical mode/ ofrhe building can 
he den-'loned that reosonahlv represents its post-earthquake condition 

5.1 Connection Types Requiring lnspection 

5.1.1 Welded Steel Moment Frame (WSMF) Connections 

Thc 111spcct10ll o fa WSMF connect1on shouldstart with visual inspection ofthe welded 
l:ptt<l!11 hcam flanuc to column flange joint and the base materials irnmediately adjacent to this 
.i•'ttl\ Ji' damauc to this JOillt is am2arent. or suspected. then inspections ofthat connection should 
he· cxtcn¡lc,d to indude the complete JOÍnt penetration (CJP) groove welds connecting both top 
:111d hottom heam tlanges to the column llange. mcluding the backing bar and the weld access 
holcs 111 the hcam web: the shear tab connectlon. including the bolts, supplemental welds and 
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hc:un weh: the column's weh panel zone. includin¡poubler plates: and the continuity plates and 
,., 'lllllluitv platc welds ( See Figure 3-1 ). In addition. where visual inspection indicates potential 
c·11nccakd clama~ visual inspection should be supplemented with other methods of 
)l_on_ck~truct 1 ve testing. 

Coiii/1/CII/arr: The /argest concentration of reported damage following !he 
:Vunhrídge Earthquake occurred at the weldedjoint between the bottom girder 
(/unge und colu/1711. orur rhe immediate v1cinity ofthisjoint. Toa much lesser 
ex1cnt. dumage \Hts a/so ohserved m some buildings at the joint between the top 
gírdcrf/a,gc a111i colw11n. lfdamage at either ofthese locations is substantial (d, 
!"'~' Clw¡na 4 greater than 5). then damage isa/so commonlyfound in the panel 
~onc or shear wh ureas. 

When on<:uwiiF ¡mhlíshed ~ these_lnterim Guidelines recommended 
com¡J!etc 1111pection. hv visual and NDT assisted means, of al/ ofthese potentia/ 
dunwgc ureas jora smal! representative sample of connections. This practice ifi 
l'1l' con.,ístent ll'ilh rlwt fol/mred by most engineers in the Los Angeles area, 
/olln\1'/ng rhe Northridge Eanhquake. lt requires removal offireproojing.fi'Oin a 
re/afh·ely large sw:face f?(the steelframing. lvhich at most connections \Vil! he 
1 r ndu muged 

In !he flmf! sin ce thc Intenm Guidelines were first pub!ished extensive 
ijn:c.,tiga!tons hal'(~ hecn crmducted ofthe statiflflCa! distribution ofdamage 
.\f!Stuincd hr huildilws 111 the Northrufge earthquake the nature ofthi"í danwa-e 

~md the cffcc! o( tlus dama!Ie onthe fitture load-canyina capacitv ofthe 
/¡¡u/drw.!s. These 111\'L'SfttTafions stronvlr suf!aest that the Wla and Wlh 
conditinns ur the \\'eld root are Imlikelv ro he earthquake damage but rather 
nmdirio11s o! disconrinlfilr and de(ects fi·mn the orü!inal construction Further . 
. clllili~.\ lun:e.s/ulli'U rhar 11/DT merhods are f!enera/ly unre/iahle in the detection o( 
tires e nnullli(HJS, .:ls_a 1~esu/t, the q¡rrevt recommendation is not to condlid_ 
exlwusrh·_e_J\!Q_T i}n·esth;a_t/o}1_s o(connections in arder to discover hidden 
c/tiiiW"I.' as \1 as nri('/llallr recommended. 

In" ,·enes ni mwh ·neo/ i.JJ..J1:s11( 1ations n(the effect ofmoment-re\·jytjnv 
t n!_!IIL'cflon dama<.:c on hwldint' helravior it H-'aS determmed that even if'a huye 
lll{lllh<'l' n(connectinns L'Xlh!I'H!IlCl! fátcture at one heam flange lo colurnn ioint 
[IJJ'!'(' i., rclarfl·clr fin/e 111crease in the prnhahiliQ1 o(qfohal collapse in a fitture 
uu:.rluuwkc. Surularlr !hes~ itli'CSII"alions indica/e that j(hoth the toe ami 
hn!tu111 heam fhuwc fn co!umn toints fracture in a large a numher o(connectwns 
i! I'L'IT .\t\:ntlicant increuse 111 tire nrohahilitv ofglohal building collapse occurs. 
T}J_t'f'ciiJI'e ro reduce tire costs associated with aost-earthquake insoections with 
t)u~puhllcallol/ ni /111enm Guidelines Advison: No.2 it i\' recommended that post
~'-(JLLil(IJWke msnecfwll.\ inttwllr he /imaed to vis·ual insnection ofthe beam hottom 
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flan ere lo column ioinl t(!trion. lfthere is· evidence ofpotential damage in this 
rctrion tlwt is not ciirectlv ohservahle hv visual means. fOr examole a f!GP between 
t!Jc 11·e/d huckino- and column flan oc then suoplementa! investigatiowt ofthis ioint 
s/¡nuld he conducted usiln• NDT Similar/v ifit is determined that (ractures ha ve 
occurred ar rhe heam hottom fhmf!e joint then inspections ofthat connection 
should he extended ro encompass the ent1re connection including the top heam 
f/w¡uc 1oinr the shear wh wzd column uanel zone. This approach \vas permitted 
a.' un alrcnwle in rhe oritrinal uuh!ication ofthe lnterim Guide/ine\·. 

X: , "e e •.::-• te t: . 'tu • e . ttc-c.t. tctl u r eoltc s rati a 6 iiftfh aaef.t ea: ltiisti; rg a{: i.?ttetl 
;/t ,·ll.pttÚt n.). kn¡¡/ct/ !t t:4e .:-:·,c/u Lut!o::t}léi;t

0
e tt t:Jhmt;lj6t.d:', hEttjh él 

1 l 1 _1 /tii e-l j cJ ¿¿¡¡¡'¿¡.:-¿ ftht hJfetl ¿¡¡¡f¡f@f?Ji:f:i¡f§ fif thtJ hufhJ.iJl0 . 'FhtttJ h6tf6Jil 

-Htt--¡¡.~e ¡. in! e; l;Ftt!iun. Ltlif he ::'.Jt:et:'(: t:wpcata6 dith JIH:ch !tJ~'1.7:fol cp; 86_/hrg 
R ,¡¡ 1 e el/ Ji the ,<: tiiTtt•tc-.. it• /f:•tt.. 1Vhe\r .1(yr(f[aa:r: dtJ¡¡ta0 a isj8t:;rd ar the 
e.\) . e ti 1

Jt N '" r t ;; L te eftt;; t. tlrt :i tttoXA tés re:!_fi• CfJ' as.fi:r0 :'a , ema o es/ ta a !lo 11 _fr:/l 
e.:) 1. li e (t.~e tt il;FethtJif tHit:' i11.:pectitJJt t~(t:~e: 8:Hcti;ri:r0 ewfaae-s. Ff.rase 
: \-.1 Jfe e , . /e ¿/ t/red .~.: .. :. J9t ctb0 ; H J; e tth mcetiaaa. aUuJit ta a lasaer .';e BJH thm r 
re, , ,·¡e,lt:'tt:' til tkc. e :'::teruu Gr:ftJ¿/¡"¡¡e.;, theli sáili~ f(i) !oeate tht 11!6.1t. eTe:·c 

H< e" .,-e ilc e. ~fdu¡¡f¿¡,-:-c iil e: 'nti/c/;;r0 i.; t!;;h~Heetl. 'F-HBee Bll
0

i;ftJe; .; tt.:e l'lPT 
f"i'. '- hclu1 1 ctho:fc;¡l e: :e :1 .n::c:!l.lw:ipk'of.;'¡¿ tot&!eo;r;;eetia ... , e.tpase:Jto 

u 1 ru" e:" in tl:'udto" ¡¡¡' thc l."kel:'/Ft t t:' u Fhico'tt!.ad j!J: a:9!ems i:te!rtdi: rg tfa::td0 :t1 (:}8t.J. 

'· ·· "'w'··c.:eeuhtl. -~~~~ 1 -pp· 1 '~e~,~·rri~'Tf:j+ei.efti·,~:::u¡¡:t·--,. l)) ¡e f .t;ttttltJLe;;IIL.;:Í ll) ;;(¡j¿;¡¡¡¡ 

('* ¿¡ h ¿¡{¿ f (e 1 1 ... e ((j tl'lij u: k e e ( :Iclitit il ( r d hrtiltli. fo a ¡¿/ hJ malta trp~: 8]31 ia te 
f-1, iiJ '' •t :, . :' ltttlituf,c; tii w:cl<, :Jl;t;\,<leatw;r&"aei.dtJ;'S. hi .. 'limrpo.~ailf#tc:t 
l-

1
1t :.tttillll.J tt! • 1

Je /11.c-hf: !;wilcclu:rd:'hat;istta!i:rsy;aatia;taáeea;cft:l(r 
1 e { ,-, Fecl.l" cfutoÍ(• h_: ¿¡. \ ltt:'iiito!en.:-'i::ea:. Cétslta/6áse; ;alithr ;Ha: ;ttis .• 
1 /¡e :'/itt/ /,.-¿:(/e;¡ thil lii,-:-e exi.it.· .• y.- ti ... fc.:t:h fl_{thctyw tia/ ;i9ttal i.rsreeN"thl, 

+he "< ;. ¡¡¡¡ 1 'e 11. 1 " ; /che te !hut thiJJJtJc-.8 e.t:'sL ata ecniireetion {.:t:e.~ as .Hifttll 

.::t 1 
1 • 
ti e e;; lhc CJP e lel hu e/::· fe tLit:' CtJlctJH;r_,'l:Jcc). t/rc,, ea:rrplete illS)8ttJtioil 

r ;f-· 1
1 e •:. ; e eh el e tJ: 1 a e ÚtJ il. Ll tt e t ' )¿;;;te t'ith tire ; eet'Jlfi HeHefatit'JJl3 B:f thcse 

./rr¡¿¡ ¡¡¡¡ c •. .-eleltne 1
: ll:'c! l:¡e }'LJ;<:h ;tied !{this ~p; aae!t i .. ,fol!a:ted, zt it 

rc·c :ff¡¡;e ¡¿fe t! t 1rcd e•. 'c-"•/iu;;i:'(: lw 0 t . wrrp{e a_(ca;lJlectia•L'if t/ra;¡ o!ht\"L i.;C 
"¡ ililltiitkef(¡: :.\c. ( hi!tl"illl Cc .. ckkilt. .J.élliJjj6 tPéidJ~I a:'I&}Htt: eo;t;fttJfitn,.'l, 

( • 1 1 
e¡¡¡ 1 cctcct. 

5.1.2 Gravity Connections 

ThcT~ ;rrc no mndrfícatrons tn thc Guidclines or Commentary of Section 5.1.2 at this time. 

5.1.3 Other Connection Types 

Tlrcr~ are· no modiíícatrons tn the Gurdelines or Commentary of Section 5.1.3 at this time. 
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5.2 Preparation 

S.2.1 Preliminary Document Review and Evaluation 

5.2.1 1 Document Collection and Review 

There are no modi!lcations to the Guidelines or Commentary of Section 5.2.1.1 at this time. 

5.2 1 2 Preliminary Building Walk-Through. 

Thcrc are no mod¡f¡cations to the Guidelines or Commentary of Section 5.2.1.2 at this time. 

5.2.1.3 Structural Analysis 

There are no m o di tications to the Guidelines or Commentary of Section 5.2.1.3 at this time. 

:1.2.1.4 Vert¡cal Plumbness Check 

There are no modilicatJons to the Guidehnes or Commentary of Section 5.2.1.4 at this time.: 

5.2.2 Connection Exposure 

Prc·-inspcctJon activities to expose and prepare a connection for inspection should include the 
J, ,,.,¡J rcmm·al of suspended ceilmg panels or (as applicable) local demohtion ofpem1ai:ient ceiling 
limsh to access the conncct10n: and cleaning ofsuf!lcient fireproofing from the beam and column 
~uri;Jccs to allow ,·isual observation ofthe area to be inspected. lfinitial inspections are to be -
1 i tllt]ql to the be a m hottom tlange to column 1oint and the surrounding material. fireproofing 
slwuldhe renHn:edtfom thl' co.nnectJOn as indicatesl in Figure 5-la. Removal offireproofing ueed 
<!.!!lY he su fli<.:JCnt to_peumt observatlon oJ th.e surfaces of base aoJI weld metals. Wire brushing 
~111d ckanmg_to_n;~move al_Lnartic_ks o_f flr~proofing,materi_ª1 is not necessarv unless tdtrasonic 
te.sttnc< ofthc joint area is to he conducted. In the event that damage is found at the bottom beam 

· !J:tngc· to eolumn joint. then addJtJOnal flreproofing should be removed. as indicated in Figure 5-
I h. to ex¡~ thc column panel zone. the column flange, continuity plates, beam web and flanges. 
The extent ofthe removal offtreprooting should be suf!lcient to allow adequate inspection ofthe 
s11rLre~s lo he tnspcétcd. Figure 5-lb suggests a pattem that will allow both visual and NDT 
""pectton ofthe top and bottom bcam tlange to columnjoints, the beam web and shear 
,."""~c\11111. column panel zone and continutty plates, and column flanges in the areas ofhighest 
c'\IK'ctcd demancb The maxnnum cxtent ofthe removal offireproofmg need not be greaterthan 
"d"""rce equal to the bcam dcpth "d" mto thc beam span to expose evidence of any yielding. 

Posr-Earthquake lnspection 

5-4 

. ' 



1 ntenm Guidelines Advisory No. 2 SAC99-0l 

----
6'" 1 

r Exposed surface 

1 

S 

1 '1 --. .,.-:_~':.r~:r: .. ;~':;~ ~~J~~ 

lt 
~ 

~1 ¡m {, 
1-- A 

---
-1- ~ 

~ ~ , . 6' ..::. 

~ 4: 
F:reproof ing 

Fjoun' _,;;_ 1 a Rccommendcd Zone for Fjreproofing Remoyal for lnjtjal lnspectjons 

12" 

Figure 5-ll! Recommended Zone for Removal of Fireproofingfor Complete Inspectjons 

CumJJU..!Iltw:\· fj)nsnectwú ¡_, to he limited lo visual observa/ion o(the sur(aces of 
!he hase meta/ami wefds cleanil1(1 o/ firenroofing need onlr he sufiicient to 
C'J}JU.\L' rhesc surjaccs. HoH'C\'er 1! ulrrasonic: testing is to he perrormed the 
~ucc over \\'hich !he SC(fllnintr H'i/1 hL' nerfOrmed must he ú·ee C!etJ:li:lb t~{:te:'d 

r: e .. ttJiel • e ·, : t:.' u/ nu/1 sea/e and lreld spatter Su eh cleanina should he done 
11 ¡¡/¡ca re. pn:ferahl_r u.\lllg a pmrer wire hrus·h, to ensure a clean sw:face that 
does 1101 af(eCI 1he accw·ac\' o(ulira.,·onlc Tesfing. The resulfing surface.finish 
_,/{(n¡/d he clea11. fi·ec of mili sea/e. msf andforeign matter. The use uf a chise/ 
should he a\'O!ded lo predude samclung The sfee/ swjaces which cou/d he 
nns1ake11 for Fidd l111es. SpraFed-onfircproofing on WSMFs erecfed prior /O 

ui"lllf ~/971! is likeh· lo Cl!llfain ashesws and shou/d be hand/ed according fa 
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apphcahle swndardsfár tlze removal of hazardous materia!s. Health hazard~ 
as.,·ocicucd H'ith ashestos H'ere recoanized by industry in the late J960s and by 
1 lJóY most commercia/ production ofashestos containing materials had ceased. 
In Awil 1 Y 73 the federal vovernmenf ({¡rma!ly prohibited the productjon o( 
asheslos containinu materiuls witlz the adoption ofthe National Emission 
S!andauls (or Hazardous A ir Pollutants. A!lowing (or shelfli(e o(materials 
1)/'("luced ¡mor ro thar date ir should he considered possible that buildinf!s 
('()/IS(rl/Cied erior (() !975 containsnme asbestos hazards. To preclude physical 
e.\jWSIIre w lwzardous material.\· and working conditions in such buildinf!S. the 
s/ruclural engineer should r.cqll!re hv cn/1/ractual agreement with the building 
1!\\'IIC/'. ¡mor lo the sta/'1 o(the impection program, that the building owner 
dc/1\•a ro rhe structural engineerfór his/her review and files. a !aboratory 
cati/ícate that co11(irms the ahsence of asbestos in structura! steel fireproofing, 
local I"J"' 111.1'1/lation. ceiling riles. ami drvwal! joint compound. 

The 1 tdte;,. o/ fl• q;, ";!fi,¡c- 'em;; • ¿¡/ illchesretl ¡,, lbi0 t:t; e 5 1 i.; atlet¡Ettlf?! ta 
u/1 1 • t tttt! witl FT tJL)sttl'io:r o(.'ht ttJ'fJ aJli 13attam bi: tkr j+s:rge ro tolttm:r 
1 itll.' the 'lcti:lf eh ttsft!. f.tut: ¿¿ :l:lcdio:i aJfd rhe cohcilfllJ581l61'-8Jfe. :1s 

"f;,·. e 1:. . e el ;';1 th t e t iil Ht lf!m .' h Scetits1 1 5.1.1, so me c:tgiilBBI 5 fh t¿/(\ ra ¡, rii'ial( • 
Fn.:; e e! tJill:l t:\e '; Non• httilit fl¿¡ .. 

0
e to tohumrjoisd. l-!f 5lt8;~ tldJB6, the idititcl 

'e,,, ¿¡J e ¡'¡('re¡;; cscjili,:-- ctiJF he diO• e :'i:liitt:t? A~ail i¡¡ilieareri isr OreJibure. f(aftcr 
: " ,· r i u l ,·,l.ip e cti t 1 r. deL llti.::;. e " r ct t 8: L ¡ce ti;; il is StLSj>j ee:esl. the, r .fttll s e m o • al. e:.: 
":cite ulcc.'t" t:4c fic-tJJ e . . ht t::l.el he fJC• ¡(;: 1 Titd ?8 aUn 11 ... tsp :38Hbsr 0'a.l! ec ttd Bj'thc 
e st:lttf{¡;Jl 

5.3 lnspection Program 

5.3.1 Visual lnspection (VI) 

Th~r~ ar~ no modilications lo thc Gu1delines or Commentary of Section 5.3.1 at this time. 

5 3.1.1 Top Flange 

Th~r~ ar~ no modilicatrnns to tho Guidelines or Commentary of Section 5.3.1.1 at this time. 

5 3 1 .2 Bottom Flange 

Th~r~ ar~ nomodtlicat1ons lo thc Guidelines or Commentary ofSection 5.3.1.2 at this time. 

5.3.1.3 Column and Continuity Plates 

Th~r~ are no nwdiftcatrons to the Gu1ddines or Commentary of Section 5.3.1.3 at this time. 
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5.3 1 4 Beam Web Shear Connection 

There are no moditicat10ns to.the Guidelines or Commentary of Section 5.3.1.4 at this time. 

~.3.2 Nondestructive Testing (NDT) 

!\!DT . ht uld mav_be used to supplement the visual inspection of connections selected in 
.tcecmlanee with the lntenm Guidclines of Chapter 4. The testing agency and NDT personnel 
l''"'"l.llrl11111t' this work should confonn to the qualifications indicated in Chapter 11 ofthese lnterim 
< ; u~tlelines. The lollowing NDT techniquesshsula may be used at the top and bottom of each 
.. ·~~nncction. where accessible. to supplement visual inspection: These techniques should be used 
wh_ene,·er Yisual inspection indicares the potential for damage that is not directly observable. 

a) ivlagnettc pat1tcle testing (MT) ofthe beam flange to colurnn flange weld surface;may be 
u sed to con tirm the presence of suspected surface cracks based on vtsual evidence. Where 
fractures are evident from visual inspection. MT should be used to confim1 thelateral 
-~-'\.knt nfthe fracture.Ailsurfaees "klek weFe visHslly iRS}'eeteB sksHlB @e testeS HSiRg tRe 
ma¿n¿:j¿ !3Bt1iele h~ehniEtue. 

Co"""""""T: The colo!' of pl!lt'der should be selected to achieve maximum 
coiiii'IISI ro rhe hase ami \reld metal undcr examination. The test may befitrther 
e11hanced hv applvi11g a H·hire coat111g mude specifical/y for MT or by app/ying 
fh'llellwll dCI'e/oper prior ro rhe !liT examination. This background coating 
.1hou/d he all"'"ed w rlumwghlv dn· he/i!l·e pelforming the MT. 

hi Ultrasuntc tcstmg (UT) mav be used to detect the oresence ofhidden fractures where 
,·isua\ inspectwn reveals the potential for such fractures.sfall fsees at tks BesHt f.ls1t¿;e 
v.·eltl: nnd uHjHeent eolunm tlsn,;es (e.HeRthRg st least 3 iHekes a8s /8 snel Bels.,, tke 
lt uttit n t ftl:e C.IP \ elB. nhm;the faee sftke eshtH"lH, But Rst h~Bs tksH 1 1.'2 ttFHes tke 
~etdttmn 11Hiic2 thtelaíi!8.i) 

( ·""""""'"''~': The Jllii}Jose o( UT is to 1) loca te and describe !he extent of' 
11/lc'f'lllli de(ecrs '"'' ¡·wh/e "" the sur(ilce and 2) to determine the ex ten/ of' cracks 
oh.~t·n·ed \'isua/l¡· ami h,¡· MT,_These gwdelines recommend the use o( visual 
!.!!.~Jh'ction as !he J!.IJillli~'F t_oo/ f(w detectinrs earthquake damaf!e CSee comment_(Jll 

ro.\,'(' .5.J./J ~ UT can lwa usefill techmque (or confirma/ion o(the presence o( 
:¿_1~pcc!cd fractures al the heam flanr¿e ro column flange jomts. Visual evidence 
rlwr mar suuLrn·t the need for such tcsl/11(' could include apparent seearation o[ 
¡he hase u( the H'eld hackiwr from !he (a ce o(!he column. 

. ' 

l{equircments and acccptancc entena for NDT should be as given in A WS D l. !:.2..8 Sections 6 
Hn.l.¡.; :\cccptance or rejectton of planar wdd discontinuity (cracks, slag inclusion, or lack of 
¡·ll,tlln 1. tncludtng root mdications. should, as a mmimum, be consisten! with AWS Discontinuities 

. Sc,wilv Class designations of cracks and defects per Tabl~.§..l of AWS D 1. 1::.2.8. for Static 1 
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Structures. Bes m t=lan-=-e .:aiBJ sheM18 Be te8te8 aa "teHaiaH :Vel8a 11 f'BF Al;l/g Q] .1 TaBle 8.1§.3, 
;'-'~- Backing hars need not be removed prior to performing UT. 

Collllllemw:v· The mlue o(UT.for /ocating smal/ discontinuities at the root of 
hcam /lange to columnf/ange welds when the backing is le.ft in place is not 
un11·a.wl/v accepted. The reliabilitv ofthis technique is particular/y questionable 
al 1he cen1er of !he /(){111. 11·here the beam web obscures the signa/. There hove 
hcen (/ lllllllher ofreporred insrances o( ur detected indications which were not 
(ound l!JIIIIl removal oj"rhe hacking. and similar/y, there hove been reported 
inslances of dejects ll'hich 11·ere missed bv UT examination but were evident upon 
remo•·a/of rhe lwcking. The smaller rhe de(ect, the /ess likely it is that UT afane 
11·i// reliahlv derect its presence. 

Des¡litc the porenlia/uwccuracies o(!his technique, it is the only method 
CIIIH'nlh·amilah/e. short of removed o(the backing, lo find subsurface damage in 
!he mcid.1 /!1s also !he most reliah/e methodfor finding lamellar prob/ems in the 
mlumn/lange (tlpe C4 ami C5 damage) opposite the girder.flange. Removal o( 
ll·e/d hackurg at these connections resu!ts in a significant cost increase that is 
t'rnhahlv nor \\WTanted unless UT indicares widespread, significan/ defects 
ondlor damagc in !he huilding. 

Th~ propcr scanning techniques, be a m angle(s) and transducer sizes should be used as 
'pccilied tn the written UT procedure contained in the Written Practice, prepared in accordance 
mth Sectton 5.3.3 ofthese lnterim Gutdelines. The acceptance standard should be that specified 
111 the ongmal contrae! documents. hut in no case should it be less than the acceptance cnteria of 
.~\ \VS D 1.1. CLupter S'. fsr Statieally Lea Ele ti StRtetHres. 

+he: ~tt. ¿ B:dttl .·htHtltl fl¿ ,,¿anHa8 .. itlt UT far eraeh:o. Crselrs wkiek ka e e J3FBJ3R0 ste8 te tke 
:--ttrrttec t r tJ~¿ '¡¡ dd ~r l1¿8Ji1 8118 eclumt: Sa92 tnetal will fJF819al91y kave 19eeH 8eteete8 By o Ün:tal 
in:peetit n nnd n:a=ncHie J3tuti@lc t¿s;t!'i l3lrfernte8 esrlier. Tke f31:tlfiEH:H~ efttltrasenie testiR 0 efthe 
ha.¿ m2tal i:It: 

Lt ettt¿ tHH:l He.'ert~iJ¿ ti¡¿ ¿.ttalit tJf ir:tt:!Fhsl it18ieatisna Het BJ3}9BFeRt eH tke 9t-trfsee aH S, 

(_ 'n/1!11/enran · Lú¡uul l~H' penerrant testing (PT) may be used where MT is 
l'"ecluded duc tu geometrical conditions or restricted acc;ess. Note that more 
,·lrlllgcnr rn¡wrcmcnts for sur/a ce prcparation are required .for PT than MT. per 
./liS DI./ 

fl t , u e lit e:!. t' rD T. '¡, 1: /el ' e p u { : ·¡¡u/ acra§J thaftt!l "ititlr ofthe ho t:a; H 
1re'"" tlu:ic-e ;tJtdt. 11 :e e;, slt:~t t it; t ,,, t:H:it8:ftidhif) .;i0 :rs:ls.f1o:fl UTof 
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ttt e c .. ;;?rh /úeci t ¡p iJJlt .nc!c ; (tht fiflgfJ¡¡i f/ail0 6 ; e!tl:, EJ:~.7f• ttetiarts 811 tf.tt :?J¡"he;' 
... iclc, ./ !he e • • L rt tEte t1 ;te ce:' ¡¡;:t he ; t\ HtJ • ec! fa; tasfillg ofthe Battas r1 :fl~• r0 e •t tJ!&i . 

. \lahs. f/ooring all(l roofing need not be removed lo permit NDT ofthe top 
f/angcjoint unless there is significan! visible damage al the bottom beam jlange. 
adiacc/11 column f/ange. co/umn web. or shear connection. Unless such damage 
i.1 11res,·n1. NDT of !he 1op f/ange slwuld be performed as permitted. without local 
rcJJUJI'al of thc diaphragms or perimcterlva/l obstructions. 

1! should he llO!ed !ha! UT is not 100% ejfective in locating discontinuities 
une/ de/c•cfs in CJP he a m f/ange /0 column j/ange welds. The ability of UT to 
rl'iwhh· deteCI su eh de/ec/s is verv dependen! on the skil/ ofthe operator and the 
cure wkm in the impectwll. E ven under perfect conditions, it is difficult to 
ohlll111 reliahle readmgs o( conditions at the center of the beam flange lo column 
(!unge omm!crion as return signals are obscured by the presence ofthe beam 
11 eh. lf hacking 1s le/! i11 place on the welds, UT becomes even less reliable. 
Thl'l'e !un·c he en a numher oj'reportcd instances in which UT mdicated apparent 
de/ec/s. t!wt 1rere /ormd 1101 to exi.1·1 upon removal ofthe backing. Similar/y. UT 
has failcd in some casc.1 to loca/e defects that were la ter discovered upon removal 
o/ !he /)([cklng Addilional infármation on UT may be found in AWS BJ.JO. 

5.3.3 Inspector Qualification 

5.3.4 Post-Earthquake Field lnspection Report 

There are no moditícatiOns to the Guidehnes or Commentary ofSection 5.3.4 at this time. 

5.3.5 Written Report 

Théré are no moclifícations to the Guidelines or Commentary of Section 5.3.5 at this time. 
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6. POST-EARTHQUAKE REPAIR ANO MODIFICATION 

6.1 Scope 

There are no modrficatwns to the Guidelines or Commentary of Section 6.1 at this time. 

G.2 Shoring 

There are no moditications to the Guidelines or Commentary of Section 6.2 at this time. 

G.3 Repair Details 

There are no m o di fications to the Guidelines or Commentary of Section 6.3 at this time. 

6.4 Preparation 

There are no modifications to the Gurdehnes or Commentary of Section 6.4 at this time. 

6.5 Execution 

Therc are no modifications to the Guidelines or Commentary of Section 6.5 at this time. 

6.6 STRUCTURAL MODIFICATION 

6.6.1 Definition of Modification 

There are no moditicatrons to the Guidelines or Commentary of Section 6.6.1 at this time. 

6.6.2 Damaged vs. Undamaged Connections 

There are no modifications to the Guidelines or Commentary of Section 6.6.2 at this time. 

6.6.3 Criteria 

l·onnection moditication intended to pemüt melastic frame behavior should be proportioned 
'" th:n the requircd plastrc defonnation of the frame may be accommodated through the 
de,·c·lopmcnt of plastic hinges at prc-detem1ined locations within the girder spans, as indicated in 
i-i~ur~+-J.c:'-l·t"ure ¡,_(, ~-1. Beam-column conncctions should be designed with sufficient 
>lrc·n~th lthrou~h Ü1c use of en ver platcs. ha une hes, si de plates, etc.) to force development ofthe 
plastrc lnn~e away from the column face. This condition may also be attained through local 
"·cakcning ofthe heam sectron. at the desired location for plastic hinge formation. All elements 
of thc connection should ha ve adequate strength to develop the forces resulting from the 
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¡·, nm~tion of the plastic !unge at the predetemlined location, together with forces resulting from 
gra\·¡ty loads. 

Undcfonned 
framc 

Plasuc Hinge 

L' 

L 

.. ¡ 

.. 1 

~'igure 6 12 Figun• 6.6.3-1- Desired Plastic Frame Behavior 

ComiiiL'IIlw:r: Non/mear defilrmation of ji-ame structures is tvvicallv 
IICCII111nwd111ed lhrough lhe development ofinelasticj/exural or shear strains 
ll'i!hin di .... ·crete rcgums ojrhe structure. At large inelastic strains these regions 
can dn·elop into plastic hinges. which can accommodate sign~ficant concentrated 
mru11o11s al cons1w11 (or nearlv wnsrant) load through yielding at lensi/efibers 
"'"' huckl111g al compressivcfihcrs. !{a su!]icient number ofplastic hinges 
dcTelop in 11 fi·wne. a mechwusm is filrmed and thefí·ame can deform lalerally in 
11 plasllc lll<lllller. Tlus hehm•ior <S accompanied by significan! energy 
d!s.IIJHilion. j}(/rficularlv i{ll IIWnher o{membe1~' are involved in the plastic 
hc/wl'ior. 11s H·e/1 a.1 suh.\'lallllallocal damage to the highlv strained e/ements. 
Thc (imn11rion o(h111ges in columns. as opposed to beams, is undesirable, as this 
rcl'llils 111 thc(imnalion o( weak slorv mechanisms with relativelyfew elements 
¡)(lrflci¡wting. all(/ conscc¡uently little energv dissipation occurring. In addition, 
su eh /J/echwusms also result l1l local damage to critica/ gravity load hearing 
elcmcnt.\. 

Thc prcscrip!li'C COIII/ecrinll COI/lai11ed in the UBC and NEHRP Recommended 
/)1 o\·t.\{()11\'fW;ur to !he Nortlrridge Eartlu¡uake \.Vas based on the ass·wm:d 
dcTcln¡ iii/CIII nf jilwr ic h i11ge znnes lt'l!lun rhe beams eH-adjacent lo the fa ce o( the 
en/u mil. nr 11·irhi11 1he cnlumu¡)(lne/ zone 11self lfthe plastic hinge develops in 
!he culumn ¡wnl'l 2onc. thc resulting colwnn deformation results in vel~' large 
sccmularr stressf!.\ on the heam.flange to columnJlangejoinl, a condition which 
, a11 co111rihulc lo hnllle tililure. lf 1he plastic hinge.forms in the beam, al the (a ce 
o/tiH' column. tlus can result in ve1:r /urge th; Bligh thiekress .d;wi:r á'.emturds t'i;i 
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:.4e eo/t:;;.\i.fk:::
0

t Jilü:'t; ú•l as si la~-,~.¿fa.;:ic .H-rai;; dt·mctntfs on thc wef.tl-tntHttl 

e!::.!. z.:F.'J!. •. Jing /¡, .t: .lf('. ·te,! -one: strei'S and strain demands on the welded 
heam flanf!e to co/umn flanf!e joint. These conditions can also lead to brittle 
ynnt fmlure. A/rlrouvh otl'¿oing research mav reveal conditions o(material 
¡wotJ(Titcs. dcsu.!n and dutailing confh:urations that vermit connections with 
1 icldiw..: occurring al tht: colwnn tOce ro perform reliahlv. for the pre5;ent, it lS 

'e o 'mmcndcd fn , .nkT .'<; acl-ut?\'C m.Jre ,"ffiahle pc:farmanee. it is reeamme:uiccl 
rlwr rlw collru!clion of thc heam to the column be modified to be sujjiciently 
.,rm11g lo fril·cc the ine/astic action (plastic hinge) away from the column face. 
!'/asile hi11ge' in steel heams lwve.finite length. typically on the arder ofhalfthe 
heam de¡!lh. Thercforc. the locationfór the plastic hinge should be shifted at 
!casi r!wt dista11ce mmy.fiom theface ofthe column. When this is done, the 
f/e.wral dema11ds on !he columns are increased. Care mus! be taken to assure 
tlwr \lurk column conditrons are not inadvertently created by local strengthening 
u/ !he cnnnectwns 

It should he noted that connectionmodifications ofthe type described above. 
11·hile he!ie1·ed lo he effectil•e 111 preventing brittle connectionfractures. wi/1 no/ 
l'revcnt structural damage.from occurring. Brittle connection fractures are 
undesmrhlc hecause thev result ;na substantial reduction in the latera/-fórce-. . 
rc.\t.\!Ul)!. strength of the structure which. in extreme cases. can result in instability 
alllf collupse. Cunnecrio11s modified as described in these Interim Guidelines 
shou!d experience m<lllF f(•IVer such brittle.fi-actures than unmodified connections. 
NomTer. thejormatio11 o(a plastic hinge within the span of a beam 1s nota 
'''mpletefl' he11rgn eve111 Beams IVhich haveformed such hinges may exhibir 
large huck/;11g allll Fieldi11g de!ármation, damage which typically must be 
repaired. The cost of such repairs could be comparable to the costs incurred in 
re¡wrri11g fi-acture danwge experienced in the Northridge Earthquake. The 
¡mnw!T d;ffen!nce is thatli(e sa(etv protection will be significantly enhanced and 
n1mt struc111res that!un·e expene11ced such plastic deformation damage should 
cununuc lo he saje for occupwrLy while repairs are made. 

/f rhe tlpes o(damage de.1crihed ahm·e are unacceptable for a given building, 
then al!cnwltl'e methmls of'structura!modification should be considered that will 
reduce the ¡¡/as/re defimnation demands on the structure during a strong 
mrrlu¡uake. Appro¡n·iate methods o(achieving such goals include the instal/ation 
uf .'llf'jJ/emental hraced.fi-lmu:s. energv dis.\·ipation systems, and similar 
·'.l'Sh'JJwflc IIUHI{jicarions f?(the h~tilding.\: hasic lateral force resisting system. 

!t ,,. imuur!an! !u n·cu'..!IÚZt' thatm f}·ames with relativelv short havs. tlze 
ri,·rul'a! htngin<.: uultcll!t'd !Jl Fu.:ure () ó 3-1 mav not he ah/e to (orm. /(the 
<'lit'¡ 1!1'(' /l!'.runz! lcng1h {/. 'inlhe fiuure) o(beams in a !/·ame become.\·too short. 
tht'l! ¡!Je lwums or t.:in!t:rs 1ri/l ne/tl in shear hefore zones o(flexural plasticitv 
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can {orm. n:.vulrrng in an inelasrrc hclwvior that is more like tlzat o(an 
<'ccenrricu/h· hru,:ed /runre rhan rfwl o(a nwment trame. This behavinrmav 
uwdvenl'nth: occur in trames in which re!ativelv large strengthened connections . 
. \uch as hounches. con'r nlares· or side (J/ares have been used on beams· with 
rclulih.:lr :-:horf S(Jllll.\'. Thrs helwl'ior ¡_,_,. illustrated in Fir:ure 6.6.3-2. 

Thl· '.!l!ldefine_o., conwined in this scction are intended to address the desigu o( 
lil·.rw·a/h· dnmina1ed momcnt resi.\·tinu li'ames. When utilizim? these guu/elmes. it 
/\ í!JII}(JJ"fllllf m cuntinn rhar rhe confi!!uration o(the structure is such tha! the 
nrcsunwd (!entra/ hu~t:urv can actual/\' occur. It is possihle that ..-.;hear vielding o( 
11'<1111<' l!<:un!l·. "" h "-' 1iw1 sc/u:malicalh· il!ustrated in F1gure 6.6.3-2 mav be a 
dc,·u ah/e hc/w¡·wr nunle. Ho\\·cver. lo date. there has no! heen enou<.,ft research 
cunducted lllfu rlu.: helwrior o(.r..;w.;h ka mesto develov recommended design 
guíddinc., 1/mmli/ications toan cxistmg ti·ame resul! in such a con(iguralion 
J1 '>!'..'Jl('/'S slwu!d crmsuler ret~rrin;: to the code requirements (or eccentricalh· 
hr,¡,:('d ti·un1es Parru:ular can.: should hP taken lo hrace lhe .\·hear link o(such 
lwam,· O'...'at'nst /arcral-trwvional huck/ing and also lo adequatelv slilf'en tite wchs 
fu U\'oid local huck/iw.; /(JI/O\Ftl1t¿ sht:ar vlaslification. 

Sh L' k TT1r' ear m 

-=--lrrr 
~· 

¡__....--..-=- ~ 

ShearLmk 

~ 
¿--

-L~ ~ .L-J 

Jjgurt' (J. 6.3-: .\/1eur rtddutv Duntmared Belwvior o(Short Bav Frames 

G.6.4 Strength and Stiffness 

<; 6 4.1 Strength 

,. 

·,• 

" ' 

\Vhc1Í thcsc lntcrim GU1delmcs reqUJre cletermination ofthe strength of a framing element or 
u >in ponen t. th1s shall be calculated in accorclance with the criteria containecl iriJBC-94, Section 
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221 1.4.2 : NEHRP-Y 1 Section l 0.2, except that the factor $ shou1d be taken as 1.0}. restated as 
rollows: 

2211.-tl i\lember strength. Where this section requires that the strength ofthe member be 
dt.'\'L'lopcd. thc following shall be used: 

Flcxurc 
Shcar 

:-\:\Jal compre:;s1on 
A:\Ial tcns10n 

e onncctor:--
F ull PcnetJ atlon Wl' lds 
Part¡~¡\ Pcnctrat\011 welds 

Bo lts anJ fi !Jet wclds 

Ms = Z F~ 
V,~ 0.55 F, d t 
P~~ 1.7 F,A 
Pst=fyA 

F,A 
1.7 allowable (sec commentary) 
1.7 allowable 

.-:-.Jlcrnat 1velv the criteria contained in the 1997 edition of theAJSC Seismic Prnvisions filr 
.\iruciural STeci Buildinf!s IA1SC 19971 may be used. 

Commenwrv: A11he Time !he fnlerim Guidelines were first eublished 1/zev were 
hased O// ¡/¡e 1994 edil ion o(/ he Unifimn Building eode and the /994 edition o( 
!he NEHRP PmV!sions. In the time sin ce that initial eublication. more recent 
editlo/ls o( hoth docume/1/s have heen oub/ished and codes based on these 
df_!cunU!IllS ha ve hcen adouted hv .\·ome !llrisdictions In addition the American 
!11.~tirure o(Sreel Consrruction has adooted a majar revision to its Seismic 
f'lm"/.\"[(!/1.\" li>r S!ruc/ural Stee! Buildinf!s (AISC Sej¡mic Provisionsl largili 
11wunJorarinu wirh somc moddication the recommendations contained in the 
fulerim Guidelines. This uodll/ed ediTinn q(the A!SC Seismic Provisions has 
heeu mcomo1Wed hv rderence illlo !he !997 edition ofthe NEHBP Provisions 
und has a/so he en adonted hv some iurisdictwns asan amendment to the model 
In u/duro endes. SrructurallWPrades desirmed to complv 1vith the requirements o( 

1he /'J'J 7 .·ll.'iC Seisnuc Pronsions mav he deemed to complv with the inlenl o( 
1hcsc In ten m Guide/ines. ~Vhere ref'erence i5 made herein to the requirernents o( 
1he /'J'J4 Uuifimn Buildill" Code or 1994 NERHP Provjsions the parallel 
¡>mnsions o(The 1997 ediTious nwv he used instead and should be used in !hose 
./lm."'iclir!ll.l" Tiwl han' adomed e{)(/ es hased on These upda!ed standards. 

fJartw! penetration welds are no! recommendedfor tension applications in 
crt!lcul connecttons rcsisring sc!S1111C mduced stresses. The geometry ofpartial 
¡>eliL'/ra/ion 1c<'ids crmles a nolch-like condition thal can initiate britt/efi·aclure 
unclcr condl1ions o/ hn!,h !ensile :a rain . 

. \faur WSJtr 1/1"/1< 1111"1'.1 are co/ls/rucled wilh concreTe Ooor s/ahs thal are 
/ll'nl·u/l'd H ilh PO.\lfl\'(' shcw· attaclunen! hetwecn the slah ami the top Oanges o( 
!lit· "trders o(the 1110men!-reisltm: li"omcs. Although 11ot generallv accounted for 
111 1/w dt'\'11,!11 o/ rhc trames. t!IC rcsullim: cumposite action can increase the 
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ef/('c/1\'C slrew .. .rrh o(!hc !!lrtlf!r !·;ignificanth·. particular!v at sections 1·vhere 

C:IIJWillii"C u(rh~ :.:irder ¡¡/aces rhe top f/an¡:e into compression. Although this 
cfkcr ¡_, dtn:crlr accnumed (or in rhe dcsign o(composite svstems. it is tvpica/b.: 
!JS_<.:,_/ec!cd tn !he dl!str¿n o[.,Tstl!m.~ classified as moment resisting steel fi·ames. 
Tlu· uuTútscd vinler flexura/ strcngth caused hl' thts composite aclton can result 
tn o nwnhc:r oí c(f'cu., mcludim-.: thc zmintentional creation o(weak column -
.\irnw; heam und H·cak twnc/ -one condirions. In addition. this composite e((ect 
hu,· rhc no!Cilfial 10 reduce rhe c((ectivcnes.,: ofreduced section or "dog-hone" 
!J_}_h' t'onJu:cl!nn u.\.ú'mhlies. Untárrunare/v. verv.little lahoratorF tesring o(/an:e 
~'!.S uh· ( onnt:Cli()n a.,semh!il!s wirh s/ahs in nlace has heen per(ormed to date and 

"' ,, resulr. i!Je,e dti·cr.' are nor wc/1 quantified. In keeping with tvpical 
( ulif¡'IJ//)OrUJT dcsl!!JJ nractice. rlu! dc.\'H!Jl (ormulae provided in these Guidelines 
ne';!/ccl !he s!rcnC!Ihí!niln: efi()cts o(comvosite action. Designen' should. ltowe1'er. 

he a len Jo !he fuer tlwt 1hese com/UJStfe efiCct.-..· do exist. Simllar and oerhaos 
nrorc se\ ·ere effects mav also exist where steel heams ~upport masonn' or 
~'()1/('f'('{{' \\'({//.\', 

(;.6.4.2 Stiffness 

Calculallon of frame stiffness for the purpose of determining interstory drift under the 
inllucncc ofthe des1gn lateral forces should be based on the properties ofthe bare steel frame, ·'· 
11egkctlllg thc cllects of compostte action w1th floor slabs. The stiffening effects of connect10n 
rellllc>rccments (c.g.: haunches. side plates. etc.) may be considered in the calculation of overall 
fr:unc 'tiiTncss and dnti demands. When reduced beam section connections are utilizedthe 
! :_·iJu._·tllm m P\ ~.·r:dl rrame stiffncss. duc to local reductions in crirdcr cross section should be 
~·~lll.'ldi...TI..'ll 

C ·(/JJ!Illl'llfctn. Frn dcsir.:n ourrwse.\, fl'lnuc stif(ness is tvpica/lv calculated 

cu/f.\ulenn'? un/1· the helwl'inr o/ rhc ha re tl·ame. neglectmg the stif[ening efl'ects 
o(.,fuh\. gral'lf\: /ntmmr¿. anl! architcctllra/ elements such G\' ·walls. The re.\·u/tinf' 
1 ulcul~t!lnll o/ huildnl!! stitlnn·s une/ period tvpicallv underestimates the actual 

tlf'otN'I'llC.\. suhstantiallr .. ·llrlwuvh this aporoach can result in unconservativc 
~..·'tllnrno· ni dcsi'.!Jl torce le1:ds. it trnrculh· produces conservative estimates o( 
111ft'! \loiT dri(t dcmands Sine~..· 1/re dc.,·ivn o(most moment-resistiiH! (rames w·c 
¡·unrrolled h1· cunsu/erauuns n{drift. tlus approach is considcred pre(erable to 
~~~{·;hod,· 1/wt 1\'0/1/d lwFc 1/tc J)(Jfenlia/ ro nver-estimate huildinf! stiffizess. Also. 
n;,fllr o(!ht· cft'lllt'llfs lhcll /JI'n\·idc additional stifi'ness mav be subject to rapid 
c/('g/'(ulu!inn undcr .,·cvtTC cvclic lateral dcthrmativn. so tlwt the hare frame 
~UJJ/t'S . ., nw1·eroFulc u rca.\o1whl~~ e . .,limatc o(thc e((ective stifi'ncss underlong 
dut Ul!OJ/ ~!1 (){fJJ(/ \-JW/.:11/r¿ }'('S(JOI/SC 

\'ulll'lfhslliJlduzr.: rlw uhrJI'L'. desivucrs slwuld he afer! to the (act that 
lll!illlt'JJ!Ioltul \'ll!illl'.'' tn!roduced In· iralf.,· and other non-structural elements can 
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.'i!!llitícanrh· aira rile hdwdor o( rile strucrure in response to ground shakinr:. O( 
¡¡ul"/icu/ar con ce m. ¡f riles e clcmenrs are not uni(ormlv distrihuted throughout ¡/ze 
,·rntcrurc. nr isnllacd !ro m its response. thcv can cause sofi stories and torsional 
irrq:ulanfll!S, conditions knoH'Il to resu/t in poor behavior. 

G.6.5 Plastic Rotation Capacity 

Thc· plasllc rotat1on capacily ofmodified connections should reflect realistic.estimates ofthe 
Jcc¡uJrcd·k,·el ofplastic rotatJOn demand. In the absence ofdetailed calculations ofrotation 
,km:nlll. connections should be shown to be capable of developing a minimum plastic rotation 
,·,¡pac!l\· on the ordcr of0.025 to 0.030 radian. The demand may be lower when braced frames, 
.snppkmcntal dampmg. base Jsolation. or other elements are introduced into the moment frame 
"'si cm. to control 1ts lateral deformation; when the design ground motion is relatively low in the 
':mgc o!' predominan! penods for the structure; and when the frame is sufficiently strongmd stitT. 

.-\s lt>cd in thcsc Guidclincs. plasllc rotation is defined as the plastic chord·otation amde. The 
!'!:1st ic ,:hord ,.,,tation ande is calculated using the rotated coordinate system shown in Fig. 6.6.5-
Lts_tlJ._c:_plastJc ddkction ofthc hcam or girder,at the point ofinflection (usually at thecentcr of 
_!l_·._:J'.ill.1) "'· ,. d11 1dcd hv tlw dtstancc hctween ti-c ccnter ofthe beam span and the centerline of 
¡j¡,· Jl!lllcl zpnc ofthc hcam column conncction In. This convention is illustrated in Figure6.6.5-

lt ¡, 1111J'llrlant to note that th1s definition ofplastic rotation is somewhat different than the 
pj:_l:-'!lc rnl:lllnn that wou\d actuallv occur w1thin a discrete plastic hinge in a fran1~ model sitnilar 
·'-'-' t ''"' shm\'11 111 FJ~urc 6.1J.3-l Thesc two quantities are related to each other, however, and if 
• 11k" 1d.thcm ¡.._ known. thc otht:r rnav he calculatcd frmnEg. 6.6.5-1. 

q,. 
' 1 

: 1 1, 

J 

L 

( P/astic hing~~ Beam span center /in e 

. ' - ·O-- - -- • -- --
-~T 

· LlcL 
' 

Figure 11.115-1 Calculatinn of Plastic Rotation Anglc 
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\\ · h ere. 8.. __ --'-'i s,_· 1,_,11,~~· J¡¿l.,l ""'"1 i"'c"c"'· h"'o"''".d'-'''-'" ''-'' L:.' l,e~r"o.,1,a t,_,i,o...,n~. ,a,_s -'u"'s"'e"'d'-'i'-'n'-'t"h"'e"s"'e-'G"u""i d,.,e,_,I...,in""es 
.... ____ tl d L' _ __,Ío.s -'11'-''"'c-'p"l"a s,.t"'i e,_· .cr'"' 1,a,_,1 "'¡ c.,m,_,._,.a,_,1_,1.,h"e -'! o,c"a.,tc:Í o"''-''-'o"f_,a._,d"'i s,c"'r"et,e'-"h.,in-"g.,e 

L.c 1 _ __,Íc.s ..c11"'''~· _,d"'is"'1é,ll"'lc,_,·c~l'-'.r"o"'n"-1 '-'1 h_,e,c"'c"'n"'te,.,r_,o"'t-'· t...,h"'e-'h"'e"'a"'n"-1 _,sp"'a"'n"""to"-"th_,e'-c"'e"'n_,t,e"-r _,o.cf..cth=e 
bcam-column a:-;semblv panel zonc 

--~~'--~''~1h"c~,a~s~s~u~n~1e~d,,l"o"'c'-'a'-'1Í"o'-'n~o'-'f-'1h~e'--"d,_,is~c.cre"'1"e~p"l"as~t"'ic'-'-'h'-'in~g~e'-r~e~la~t~i'~'e~to"-"th_,e'-c"'e"'n"'t"e~r""o"-f~th~e 
hcam-cnlumn asscmhlv pand zone 

11· cédcub11ons are performcd to detemline the required connection plastic rotation capacity, 
!he· capacny should he taken somewhat greater than the calculated deformation demand, dueto 
1hc l11gh l·:uiabili1y and uncertainty inherent m predictwns ofinelastic seismic response. Until 
hc1ter gtudelines become avat!able. a required plastic rotation capacity on the order of0.005 
1 :llllans grea1er t han the demand calculated for the design basis earthquake ( or if greater 
conscn·ausm is desired- the maximumoal'al3le considered earthquake) is recommended. 
l\o1a11on demand calcula1ions should consider the effect ofplastic hinge locatwn within the beam 
'1'""· as mcilca1cd 111 F1¿ure G 12 Fiuure 6.6.3-1, on plastic rotation demand. Calculations should 
k pcrformcd 10 1he same leve! of detail specitied for nonlinear dynamic analysis for base isolated 
_,,·ucturó in U/3C-IJ4 Section 1655 [ NEHRP-IJ4 Section 2.6.4.4 }. Ground motion time histones 
<llilized t()r thesc nonlinear analyses should satisfy the scaling requirements oUBC-94 Section 
1 k'~ 4 2 : N/J/RP-'J4 Sectton 2.6.4.4 J except that instead ofthe base isolated period, T,, the 
Slructure pc·nmL T. calcu!a1cd 111 accordance with UBC-94 Section 1628 {NEHRP-94 SectJOn 
2 ) _; l : ~hould he useO. 

Coi11111UilWY. /VIw11 rhe l11it:ril/l Guide/1//es were ({¡:,¡ puhlished. the p/astic 
; utoúon 11·as dctincd us 1/wr ruwrion rlw! H'rntld occur al a discretc plastic hilu:e. 

\flllllar lo {/¡e ddiniliun u/ 81!.!.!.. in Ea. (J 65-1. abol'e. In sub.,·eauent te.\·ting o( 

t_ll'flfiJ!Ffl(' c:onnec!lonu.,·semhl/(.!S. it \\·as (ound tlwt it is ofien ven' difficult to 

Jd(''"'"'t' 1/n' l'aluc o( thi.' rutotwn narameter ú·om test data .. vince actual plastic 
!JJJJ.~'C.'> du nnr occur u! di.\(TC!c' ¡wmi,. in rhe assemhlv and hecause ,,·onw a/IWUIII 

ni nf({,/ft ffl' olso nccurs 111 t/1(' uanel zom• o(manv assemh/ies. The plastic chord 
~Jl.~:lt · rotuflon. mtrodun:il tn lnterim Guidelines Ad\'isorv No. 1 mav more 
rC'udih·/Jt' nhtctuwd lrum fcsr dala und also more closeh· relates tn the dril( 
~~~l..!J~I·ti'llc't:d hl a fntlllt' durtnl.! curthauuke response 

-Troditionu/h .. \trucrw·a/ engim.:e1x lw\ ·e calculated demand in mamen! 

f¡ ames h.r scing t/1<.' memhers fiw strength and dr~fi using codeforces (eitlzer 
t'(jtÚ\'Ct/cnt slatic or reduced t~\'JWJHlc.fárce.\·) and then "developing the strength of 
th(' memhers." Su1ce JY88. "developing the strength" has been accomplished hy 
¡Jn'.\CrJjJtin· means. Ir H·as asswned tlwt the prescribed connections would he 
·''mng enough so rlwr rile gmlcr mwldvield {in hendmg). or the panel zone 
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m!ll!dvield (111 shear) in a nearlv perfect(v p/astic mannerproducing the plastic 
rotaltoll.\' nece.\·.,·w~v to dissipatc the energy ofthe earthquake. lt is now known 
that the prescriptive connection 1s often incapable ofbehaving in this manner. 

In the /1)1)4 Northridge earthquake. many moment-frame connections -· 
jmcrured 11·irh little evidence o(plastic hinging ofthe girders or yielding ofthe 
co/u11111 ¡)(me/ zones Testmg ofmomentfi·ame connections both prior to and 
suhse<¡uenr to the eartlu¡uake suggests tlwt the standard weldedflange-bolted web 
'"""ecllo/1 is unah/e ro reliahh· provide plastic rotations beyond about 0.005 
radwn /oral/ ranges o/ gmler deprhs and often fails below that leve!. Thus. for 

.frames dcsiglled jor code járces andfór the code drift limits, new connection 
con[igurarums musr he developed lo relwhly accommodate such rotation without 
hn t ti e Jrac!urc. 

!11 order to deFelop reaso11ah/e estima tes of the plastic rotation demands on a 
/rame.v connectwns. it is necessarv to perj(wm inelastic time history analyses. 
For regular structures. approxunatwns of'the plastic rotation demands can be 
ohra111edfrom linear elastic analvses. Analytica/ research (Newmark and Hall-
1 1)82 J suggests that for srructures having the dynamic characteristics of m os/ 
WSMF hudd111gs. amlji>r the ground motinns typical ofwestern US earthquakes. 
rhc· rora/ frame dejlec/tons ohtainedfrom an unreduced (no R or R .. factor) 
dl'llu/luc anaiV.I'ts provule 1111 approximate estimate ofthose which would be 
npenenced h1· the ine/asltc stntcture. For the typical spectra contained in the 
hudding c(){/e. this \\'Ollid indica/e e.\pected drift ratios on the arder of 1%. The 
dri/1 demwu/s in a real stmcture. responding ine/astically. tend lo concentra/e in 
"/c-11· srones. rather than hetng unifimnlv distributed throughout the structures 
lt<'tgltr. Tltere/im!. it is reasonahle to expect typical drift demands in individual 
·'/lmc.1 on rhe onler o( 1.5% to 2% of the storv height. As a rough 
"I'J'WXtlllll//1111. the drift demand mav he equated to the joint rotation demand. 
m·ldtng expected rota/ton demands on the order of perhaps 2%. Sin ce there is 
cons[(/erah!c \'ariatum in growul nwtion intensity and spectra. as we/1 as the 
lllclastic response (~(hwldings to the.'.;e ground motions. conservatism in selection 
o/ (/I/ a¡Jpropnare cnnlleclwn rotation demand is warranted. 

In recen! testing o(large sea/e suhassemblies incorporating modified 
'"'""'crion derails. conducred In· SACa /U/ others, when the connection design was 
ah/e to acltte\·e a p/a.lltc rorar ion demand o('0.025 radian,\· or morefor severa/ 
en-In. rlte ultimate.fai/ure o(tlte suhassemhly general/y did not occur in the 
con!t<'CI/I!!t. hut rather in rlte memhers t!temselves. Therefore, the stated 
connecllon wpacitl· cnteriu \\'ould appear to result in connections capable of 
¡Jf"o\'Uhng rcliuhle performance. 

lt .1/tou/d he noted tlwt tite connection assemb/y capacity criteria for the 
nu)(/ificultoll f~(exisllng huildings. recommended by these lnterim Guidelines, is 
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somewhar reduced compared ro rizar recommended for new buildings (Chaprer 7). 
This is rvpical of'approuches normallv raken for existing structures. For new 
lnuld111gs. rlu:se lntenm Guidelines discourage building-specijic calculation of 
re<¡u¡red p/asric rotal ion capacirvfor connections and instead, encourage the 
det·e/opment of'/ughlv ducrile connection designs. For existing buildings, such an 
u¡>¡m){fch mm· lead ro modi(icarion designs that are excessive/y costly, as well as 
1he llf()(if(icution o( srrucrures H'hich do not require such modification. 
Comu¡uentlv. an approach 11'/uch permits the development ofsemi-ducti/e 

· "'"'necuon designs. ll'lth sufficient plastic rotation capaCity lo withstand the 
e.r¡"'cred demands from a design earthquake is adopted. It should be understnod 
r/wr huildings modi(ied ro this reduced criteria will not have the same reliability 
u.\ llnt· hw/dings. designed in accordance with the recommendations ofChapter 
7. Th.: cnlcriu o{ Chaprer 7 could be applied to existing buildings, if superior 
rt'liuhillf\' is desired. 

When perfimnfllg inelasric.fiwne analvsis, in arder to determine the required 
"'""'ecuon plaslic rolation capacitr. it is importan! to accurately accountfor the 
locutwn' ut H'hich the plastic hinges wi/1 occur. Simplified models, which 
'e¡n·c\·cnt 1/u: hinge as occurring at the fúce ofthe column, mavwi-11 underestimate 
rhe ¡>lasric mtation demand. This proh/em becomes more severe as the column 
SJ><ICIII!f.. L. hecomes shorter om/the distance between plastic hinges. L.' a 
gn•ater pnrrion td the total healll.\'jJWl. Ea. 6.6.5-1 mav he U.\:ed to con ver! 
<u/( ulu~t·d ,-ulut'S o/ p/aslic ro!atwn ata him:e remotelv located (rom the column. 
f¡¡ !ht· churd CI!!!;IC rota/ion. uscd /nr !he dclinitwn o(acceptwu.:e criteria 
1 uii!UIII<'d in these Gwdelllle.l'. In extreme cases, the girder will notform plastic 
hingn al al/. hut 111stead. 11·i// develop a shear yie/d, similar toan eccentric 
hruccd /i'ctnu.:. 

6.6.6 Connection Qualification and Design 

~'iodilied girder-column conneclions may be qualified by testing or designed using 
cakulalllHlS. Qualilication by testmg is the preferred approach. Preliminary designs of 
L'cll\llccli<llls tu be quali lied hv les! m ay be ohtained using the calculation procedures of Section 
(, (, h:; Thc proccdurcs ofthat section may also be used to calibrate previous tests ofsimilar 
<'"ililc'clion conligum!Inns to slightly different applications, by extrapolation. Extrapolation oftest 
1 csulls should he limited lo conncctiOns of elements having similar geometries and material 
'l'ccilications as thc lcsted conncctions Designs based on calculation alone should be subject to 
qll:litfi~..:d JJHkpentknt tl11rd party rcVIt::W. 

C"!.¿{ll!llt'n!wT 15ecuu'c n{ !he cost o[tcsflm!. use o(ca/culations (or interpolatwn 
r_:_~¡,ulalion o( Jesr n:.,ult.\ t\ de.o.,·trahlc. 1-low much extrapolation should he 
(Wn'(Jft'd 1s u (/¡fficu/1 dt·ctsiun. As uddttinnal testing is done. more infnrmation 
11W1' ht' anu/ahh: on H-hat omstitute.\ "conservative" testing conditions. tlterehv 
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ulloH'fll!! easicr dcci5.·inus rclative w extrapoiating tests to actual conditions 'l.t'hich 
u re lik<!IF ro he /css dcmandmf{ rhan the tests. For example. it is hvpothesized 
rlwr connccllolls n{s/wllower. tlunncr (/anged members are /ikelv to be more 
r,·/[(1/J/c rlum similar connections consisting o(deeper. thicker flanged members. 
7flll, .. ir m a\' he possih/c ro rest the lca-gest assemblages o(similar detai/s and 
errrueola!c lo rlu: smallcr memher si~ es?- at leas/ within comparable memher 
.l.!..roue famJ!ie.,. J-loH'C\'er. rhcrc is el'ldence iO sugf!est that exrrapolation o( test 

rt'"lilts ro tt.\.\emh!tcs using memhcrs o{rcduced size is not alwav._"i conservative. 
In u rct't:llf .">·eries o( 1es1s o(col'cr ulated connections. cmzducted at the Unil.·ersitl' 
(lj Co!i(nrniu ar 5)un Dit!f!O. a connection assemhlv that produced acceptah/e 
!nulrs (i11· onc tamih· o(hcam sizcs. W.!4. did no/ behave acceprab/v whcn the 
!'cum dceth \UI\' reduced stgnificantlv to TYI8. In that proiect. the chaiH!l! in 
n·lalf\'c 1/ni/JI!irics o(thc mcmhers and connection e/ements resu/ted in a shiú in 
!llt· hasic· hclwvior o(the assemhl\· and mitiation o(a failure mode that H:as not 
uh\'t'!Tcd tn rlu: specimen.\· n·irh /an:er member sizes. In order to minimize tlze 
po.\·.r...·i!JIIlfF ot suc/1 uccwTellcl.!s. when extrapolar ion o(test resu/t;.,· is per(ormed. ir 
'hould he done ,,..,¡¡," hilslc undc~:,·tandmrr o(the behavior o[the assemhlv. and 
¡/¡,· likelv ,;(lccrs o( clwnge.1· ro the assemhlv confi¡¡uration on this hehavior. Test 
re.,ulrs slwuld nnr hl' cxrraoo/atcd ro assemhlv confivurations tizar are exvcctcd to 
hclun't' dtfícrenrh· rlwn the tl.!stcd con/ir.;uration. Extrapolatiou or interpolation 
~~~ resulrs 1\'t!h diflcrencc.~ 111 \H!Idtng vroccdurcs. details or matenal provcrties h> 
(·'\'('// mo1 e dif/i(·ul! 

6.6.6 1 Qualification Test Protocol 

ThcTc' nn: no modificatrclllS to the Guidelines or Commentary of Section 6.6.6.1 at this time. 

G.G 6.2 Acceptance Criteria 

Thc mmrmum acceptance critena for connection qualificatwn for specimens tested in 
.rcl'llrdancc 1\'ilh these lntcnm Guidelmes should be as follows: 

a 1 Thc connection should develop heam plastic rotations as indicated in Section 6.6.5, for 
at kast one complete cyclc: 

b) Thc connectron should develop a mrmmum strength equal to 80% ofthe plastic 
strcngth of the grrdcr. calculated usmg minimum specified yield strength f, 
throughout the loading history requrred to achieve the required plastic rotation 
capacitY. as rndicatcd in a). ahove 

e) ·¡he cunncction slwuld cxhrhit ductile behaviorthroughout the loading history. A 
~nccnnen that cxhibits a brittlc lrmrt state (e.g. complete flange fracture. column 
cr:rckrn!é. t''r"u;!h-ihlc·knc,, 1;riiures ofthe column flange, ffactures in weldssubject to 
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tcn.,ion. shcar tab crackinu. etc. ) prior to reachinl! the required plastic rotation shall be 
considerc::d unsuccc::ssful. 

d) Thmuuhout thc Ioacltnu historv. un ti! the required plastic rotation isachieved the 
L"llnncctton should be ¡udued capablc of su¡;porting dead and live loads required by the 
buildinu codc. In thosc specimens where axial load is appliecl durinl! thc tcstinl!. the 
'pcumcn should he capahk of supporting the applied load throughout the loaciiiH! 
hi:--llHY. 

·¡he e\ :liuat iun ot' thc tc't spccimcns performance should consistcntly reflcct the relevant Iimit 
:·i''l''' ¡·,,r C\:tmpk. thc maxnnum reponed moment and the moment at the maximum plasttc 
r•,l:liiun are unltkch· to be thc samc. lt would be inappropriate to evaluate the connection usinl! 
;he· maxunum momcnt and thc maxtmum plastic rotation in a way that implies that they occurrcd 
''nutlt:tncoush·. In :t simt!ar Ltshion. the maximum demand on the·connection should be 
c"._iJ)u:ttc·d '"inu tllc- maxnnum momcnt, not thc moment at the maximum plastic rotation nless the 
h:!J<t\'ll'r ol'thc conncctton tndicatcd that this ltmit state produced a more critica! condition in the 
~:_1 llllll'L l IUI1. 

Comnlenlw'F" Mam· conneclion configuralions wi/1 be able to withstand 
¡¡fmllc ro/<lliolls on lhe order of 0.025 radwns or more, but wi/1 have sustained 
''.';III(Íca/11 da11wge a11d degrada/ion o('slij(ness and strength in achieving this 
deforma film. The inte11t o( the acceptance criterio presented in this Section is to 
ussun· that H·hen connections experience the required plastic rotation demand. 
rhe\· 1\ ti/ sti/1 ha,·e .\ignificant remaining ahi/ity to participa te in the structure.~ 
larera/load reststing .\ystem. 

In (Taluatinr; the pcr/unnal!ce o/ soccunens during testing. it is importan! to 
di.'lllll!!lll.\lt he11reen hri!l/e hc!wl'ior and ductile helwvior. lt is not uncommon {ár 

.\IJJa/1 f'racks lo (/t:n_-lou in specimcns afier relativelv tew cvcles o(inelastic 
dcloi'11W!ÍtHl. In some utses thcse tnlfia/ crack.\' wi/1 rapidlv [ead to ultirnatc 
tt!tll!! ('uf rl1c S!h'Cintcn and in otht'l' cases thev \t-·i!l rema instable, perhaps 
.~:r(Jl\'t/1!..' ,,/n1r/1· H:tf/¡ n:ecuu:cl ere/c.~ amlmav or mav no! participare in the 
u!Iunu/¡' hlilur(' 111ude Th<' dC\·doomenr n{minór crackr; in a specimen. prior to 

acl!!t'\\'fllt'llf o(the turr;n pla.\ltc rotatwn demand should no/ he cause (or 

r( ·fl·cunu oi !he desi<.:n illhe cracb· rema instable during repeated cvcling. 
)~~nulw 11·. rhc n,·ctu rt'/1( t' n(hnttle tractw·e at inelastic rotations szgndicantlv in 
1 • \' 1 '\' u/ tl1e Torr.:et ufo.'!''· rutofiUil should not he cause (or rejection o( !he 
dt''I2J.j__ 

G.G 6.3 Calculations 

Thcrc are no moditicattons tu thc Gllldelines or Commentary of Section 6.6.6.3 at this time. 

Post-eartlu¡uake Repair and Modification 

6-12 



lntcrim Guidelines Advisory No. 2 SAC 99-01 

1•.1> (>.3 1 Material Strength Properties 

1 n the absence of project specific material property information (for example, mili test 
rc·p"m ). the values listed in :l.:.thié-4-+ Tablc 6.6.6.3.1-1 should be used to determine the strength 
'' r stcd shape and plate for purposes of calculation. The permissible strength for weld metal 
slwuld be taken 111 accordance with the building code. 

:¡:., ¡ 1 oh!e ~ ~ ra' e 6.6.6.3-1 - Propertics for Use in e onnechon odi 1cat M fi ion Design 

i'v1atcrial F, (ksr) fvrn(ksi) F, (ksr) 

A3ú Bcam 36 1 1 

Dual Cendicd Beam 
A:\ial. Flexura! 50 65 min. 

. Sh.:1pe Group 1 552 

Shapc Group 2 582 

Shapc Group 3 572 

Shapc Group 4 542 

Throwrh-Th1ckness - - Note 3 

A572 Column/Beam 
Axtal. Flexura! 50 65 min. 

Shapc Group 1 582 

Shape Group 2 582 

Shapc Group 3 572 

Shapc Group 4 572 

Shapc Group 5 552 

Throu!..!h-Thickness - - Note 3 
Al)l)1 Structural Shane 1 Use sarne values as for A572, Gr. 50 

Í'!otc:-.. 

1 ' s~c e ommcntary 
2 B:.~~cd on coupon:. from wcb. For thick flanges, 

the F~ 1t, 11 ~~ 1~ appro:\lmatcly 0.95 Fyweb· 

l. See Commcntary 

CnmmcllfliiT: Tahle ó-3. Note 1- The material propertiesfor steel nominal(v 
dcsign!llcd on the collstructwn documents as ASTM A3ó can be highly variable 
and 111 recen! rears. sreelmeetmg the .1peci{ied requ1rementsjor both ASTM A3ó 
"'"'A 5 7l ha.1 rnwmeiF he en incmporated in projects ca//ingfor A36 stee/. 
Consequentfv. un/es.,· prryect spec~fic data is availahle to indicare the actual 
.1/rcllgth of matenal i11mrporared into the project, the propertiesfor ASTM A572 
,·¡ce/ .1/wu/d he as.l"l/1/led 11-hen ASTM A3ó is indicated on the drawings. and the 
usslfl11jJiion o/ a higher yzeld stress results in a more severe deszgn condition. 

The .·ISTM A ~~l__JJJccifiwrum 11·as spet:ifica//y developed by !he steel indusiiJ' 
w ~'<-'''fw!lsc ro ex¡wcssül concerns of'the design communi(y with regard to the 
J)('nnissthlc ¡·ariarion in chemistrv and mechaniCa! properties ofstructural steel 
undcr tlw A 3ó andA 57 2 sPecifications. · Thi5 new specification which was 
adooted 111 la ti' 1 ~~8 1s Vi'IT similar to ASTM A572 exceetthat it includes 
,·nmnt·hat more restncttve limits on chemi."i/DI and on the oermissible variation in 
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neld a/1(/u/tmwte tcnsile stress as we/1 '" the ratio ofyield to tensile strength . 
. -Ir rlus time 110 statisrical data hase is avai/able to estimare the actual 

SAC 99-01 

dtstrihution o(uroperties o( material produced to this specification. However the 
¡mmaries are likel!' lo he verv similar alheit with /ess statistical sea/ter to those 
o( morena/ recelltlv uroduced u/lder ASTM A572 Grade 50. 

-htl~ Tahlc 6. 6. ó 3-1. N ore 3 - /11 the period immediatelv (ol/owillV the 
.\"onhnd!!c eart!wuakl!, rhc Seismolor_n,,· Committee o[the Structural Engineers 
'·'·'or·w1ío11 o! Ca/¡fornía a11d rhc flllematíonal Conference o(Buildillf! Officials 

i'>\i!Cd flllcrlllll<ecnmmL'Il(/cl/ioll No.~ fSI:.AOC-1995) to provzde f!Uidancc onthc 
,fr·.,j~r¡¡ o(nH!IIIC!ll rt'\!Sll!H! s/t!cl ú·ww! connections. lnterim Recomnlendation 
j_~'L 1 urcludcd u/'('( un11nendation rlwt rlze through-thickness stress demand on 
1 uÍI/11111 //({Ji<!n he liowed 10 a m fue o(40 ksi, applied to the projected area o( 
hl!am tlunt?e utwcltment. Tlus \'alue H·as 5ielected someu:/wt arhitrarih. lo ensurc 
1/uu throll!!ll-lhu:knn·s vti.!ldim.: did 1101 iniliate in the column flang-es o(momenr
rl'\'Í\'Iinl.! c·onncc!lnn.\ al/(/ hecausc lf H'US consisten! with the ,..,·uccess!UI tests o( 

u.\,,l:lllhl!e.r.. l1'it!t cu''(T!)/tllcs conducted or the Universitv of Texas at Austin 
1/:-n<.;d/wn/r and Sahol- 199-/), rather than heinv the resulto( a demonslrated 
rhruu'..!h-fluckni!.'S capw:llr n( /\:pica! column flan ve material. Despite thl! 
\l!fl/L'H'har arhrtrarv nt({llre o(thc selecrion o(this val u c. its use oOen control.,· the 
nl\TOII de\1'.!11 o( u connccrinn assemhh· includinr¡ the selection o(cover piare 

tlzicl~nc.,,·. lwufl( Ir dcoth. a!l{/ sinulartwrameters. 

Ir 11·nu/d ,·eclll tn he imoorranr lo urew:nt the inela~\'tic helzavior o(connection.,· 
/l'n/11 hciw; om!rnllnl hr rhrouf.!h-tlzickncss vielding ofthe column tlanges. This 
'' l)t'UllfSC 11 \\'otrld he llCCt:.''SlliT ro dcvelon Pcrv large local ductilttie.\' 111 thc 
1 ·o/un/1! í!an':!C nwlerial rn onler Jo accommodate even modest p/asric rotation 
d~·mruuls un 1hc u.\·.,·cmh!L 1-Juwen:r. extensive investigation ofthe throuvh
Tiuckncss heha\'lor o(column flan ves in a "T" ioint con(if_ruration reveals that 
ncírha ríeldinv nor tlmnwh-rluckness fáilure are likelv to occur in these 
Cli/1/1('('{/(1//S. Barso/11 ({11(/ r:oi'\'ÍIIk (/ 997/ conducted a statistical survev o( 
a)·uíluhlc daw 1111 rhe te/1.\i/e srrenvth o{rol/ed shape material in the throuvh
Tiul'f..:.ncss drrcctwn. Tite., e tests \\'en· venera!lv conducted on small diameter 
cou¡uJns exrractcd lrom flan ve matcrwl o(heavy shapes. The data indicares that 
hnrh rhc l'Jeid stress ({/1(/u/tunate tensde srrenrrth o(this material in !he thrmwh
th(ckness direct1011 is com¡wrahli! to that ofthe material in the direction varal/el 
ro rol/in u. Hn\nTer 11 doc\· u{{/icarc somewhat greater scatter H'ith a numher o( 
L~~:pnr!ed ¡·a/ucs lt'hcrc !he throw'h-thickncss strenf!th rvas hif!her as we/1 a\· lrrwer 
tlu_¡11 1/wr 111 !he longuudrnal dtrcction. Redew ofthis'data indicares ... vith hivh 
confidencc tfutl for sma/1 diametcr cowJons the vield and ultimare !ensile values 
¡![!he malcna/u¡ a rhrmwh-thickness direction wi/1 exceed 90% and 80% 
l'l''Jh'clil·ch ofthc comnarahle \'{J!ues in the longitudinal direction . • -.~e Thc tCJtt.Jt •• 

;. ; . ¡'¡( 1 11,7''• /};ztkdt .. ; . ' p:utf¡¡ t. le: ludili ;'lmr0 t3 Í:/fiéiS C2, G1, tliltl G5)1
• tJÓ.;e; • ed 
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hoth iJt .~ui/dur,y deosfftoc.td M_: t/¡¿ .i\4; th, idbt! Kas lÍiij6Jéll&J &Jiti iJf aame o1B.:f 

.:1 ·e e ilfit n . . t;; e lit;¡' "e!:' r;;rdt,. tt aá'. Tf.rc.: 8• a h~8tt0 ht 18 Be afiMetiaa sftlre 
:::e tu lh" ~.: u Ji el ·¡ 'Lil i(: ... oF tHt .:ted: t!fJ• ltlitias ra af!aatf.i, rg inehttliH0 tJtc preae: ree 

·ol :Xttt! l"Ml euitl, eil'e' JjiJttelhrc- ttpp:'iaottu;t, aa:rtf.itia:!.7 aft; i &eial • C!#; ai;ff, 

· '·· f' ''r , ' , r 1 m 1~ ·r.r e rt 1it'ri·r t'rt •e'tiiJ 'retd ·tjft·ete€/. /chflthi. t ¡ ruet:r ra ce; " 0 t:ifa t r •; iit!Jif ;r '' :: r t: • 
- 'fe: ·H·c .. t t !le. e d ... litJii. · ,·,ulucu! fT the H•'85CJte:e tJ(haeki:lr: ka; .i une.' cleÑ:?ets 
tli-ofl•t"-"-!:ut~i-""f'T~I+-flcr•rc;c {¡ t ( lt:m:! Hcn::e ¡ e!ds.· él;it/ 8;. the J elati8llShip afthe. 
t"rJ"'¡¡/t e;, • sdl7lf3 ;¡/t;U. u. tkc_: ¡¡ftt_: a:{lettf+aage 8edé/.id0 S:í €5589 a:rdjk:::0 € 

< :. ·· ttflt ·e inclutul 9_, panel :-.,re yicldi:r<=>. Ch'e.r the maily eamf3lexfaeta; s rhieh 
rtm El í/t e t tlre r 'w 1•.::- 1r th' t k re.·.· . -.rn •leth t!{the caltt:n;t _fkt, rge. J.etel't HÍ; ratia; r af¿ 
relw G!t he:.·;. ltjJt n ·:hu h :\J. e't Jh•"•ilt.. );le áesiga st:'e6ses wi:'! • ectr:ú; e 
.·tg, .. ¡;t tt:l{ rc.·ea. e f.¡_ Such \.· úTch t.• tu··,-zllt!: Rci11r; ecntslltc.\·eélwulc the SdC 
f-'-~t jj 1 ?}" 2 "(¡'¡Ji, 

IV/u/e 1111.1 .lla/1.1'1/ca/ dislrihurion Sllf!f!e,ts the /ikelihood that the throuf!h
rluckness s/renarh o(w/umn tlanf!es could he less than the flexura! strenr?th o( 
uttached heam e/emenls resrina ofmare rhan 40 seecimens ar Lehif!h Universio,· 
fi/(IJcurcs rlwr tlri., is 1wr the case. In these test5 high strength piares 
n'j)I'L'\'t'llflng heam f!anaes mul lravina a Vle!d strength o(JOO ksi were welded to 
rhe tace of.-!57° Gmde 50 am/.4913 Grade 50 column shapes. to simulare the 
¡}()rrum o! u heam-column assemhh: at the beam flange. These specimens were 
¡Jfuced l/1 U lllÚ\'ersa/ tesrfncr 1/lllChine and /oaded (O Produce bigb through
{/llck/IC.\'S rensi/e srresses in rhe column flanf!e material. The tests simulated a 
tride rant'C of condirions represenru1a difierent weld metals as we/1 and alsa ro 
111ciudc ecn'lllric<!.liLnlmli~d loadill". In 40 o(4/ specimens tested the c11semblv 
.'-fl'('n:;,rh 11·as hnutcd hr rensi/e fatlure o{the high rtrength heam flange elate as 
!,!J>Jinl·cd ro rh~ mlumn 1/am:e marerial. In the one (ailure that occurred within 
tite column flan ve malc!rwl ti·acrure i111tiatf¿d at the root ofa low-toughness weld 
ar f'()()f ch·fecl.\' tirar were fJltentionallr flltroduced to initiate such a ú·acture. 

Tire helrm'll!r illusrrared hv this res! series is consisten/ with mechanics o( 
111<1/aiuls rlreorr. Arrlre ror111 o( rhe hcam flanf!e to column flange the material is 
'J'I"J lriglrlv resrraincd As u re.11d1 of"tlus hoth the vield strength and ultimate 
1cns!le .\frcnarh o( tire materia/m this re!!ion is significantlv elevated. Under 
l)w.,c nmdllions lailurc 1s un/ikclr lo occur unless a larve fla·w is present that can 
l!'a_d Jo l!llstahlc crack IJI"O/W!!Ution and hrittle fracture. In light ofthis evidence 
/IU<'I"im (;uul~lures Adl'rsoJT No. 2 de/eres anv requirement (or eva/uation o( 
!hruu:;,h-rluckness tlam:e srn:ss in_ columns. 

Íf-!ft:'f-t'l: Ntco;mntt·ndtr'fl ,,., .V,,._-.. (.\'l: . .".!OC 1995) ine!udeda \>'f!Jlucef10ksi. 
djfj,/,, e//;;{/¡¿ fl; ¡;¡'t'e'ftcl U/\!eH+/ Át!cU11 /langc atlaeJrment, ,ftir f/tc thraugh 
f-h-tt-'l·h'lt '·' . .trcngrh /t ht ,.,_ c•cl in ndcula!lti/ü. Thi.'i \'tiluc ';l'tlS scleeted /:Jecouse it 
it-r:h~c---Hf~··· ,·c·nr L'Uh !ht ·1" ce .<.t/u/ lt.~.' . .- ,;f cm·erpla:etl assemhlies er-uuJuc:crtl al 
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fht' L·,.u:·er.;;zl· •?f Te.ra.i dt.·J¿¡_win (.C;;gel-/;6!nltand$ohel 1991). Ht=r.1·en·r. 
hec.·uu .. e u{rhe¡w"huÁ/c i1~fluuwe •?Fall tkef-flctt?rs ne:edaéeve. tliis vs!ue ctNl 

t-tnlr he e·, m. "id-ered '' 1 n:}lt ct :he rpec{lfc crmdiriens ofthase tests a:ui speeimens . 

. 1/t/" u.~)r ' tt.'tt eed. !; t.Li t.J ed i'he tale;; m r faee fi' aeJLteetf iU!BBtJtah{~ ; eell}ts i: r 
rhc L·,¡¡·, u.;;(: ;(Y:c.c"ti. h.its. the ke_: ro ,tf.ccttstteeeea Le¿g :HB• e lilte(: Me; cstt!t c¿( 
F ~-~ •".::- r.':e p/cz.:, ... c hs'ilc-e t:nto:./• m ,•/¡¿ ea!HJlhl tha;r :e:tluatia:1 Bjthc rh, aul)t 
H. a/: 1t.- . h"t.1. /11 :/¡¿ tt : ¿¡ pf.c::c.'. liec/rt:et·ia:! s{li':. ott

6
h ,t,'úel.íPG:§S ealctnm 

{ft~r,.;c e. h c:c; J, :t; lt:el. h_': tf.retLCOfthie/te, eaoe, tJ}ate5i9ll8t 

r~~~ '",::e, :t!e el. . tJftt . u e~ t' : t, ¡J!tde. "zll reatt:'t isl e ve; hit:> hes fa• eas 81f the.fewe 
+l•e e !:" : : /ltii 1.-:-c tt. :·e!! e:. /tt; te :e le.~ne;U5 n ith t?t te: rtia! 6li ¿;tJ¿ r e8t' ;~tttf 

c. tthll:/. f(c .. c. wh:' etJ;It:4titJll§ tJ{; t.(; tti•fl. 

:\fft'C"~e. HH+it<ff tnh/;u¡¡( '" "(thc l:dt1 i.n Crci&e!inu. t .;écyrifitaslt ;:tt'u8e, o( 
Jc , : 1-r u, e tJc t 1 t , le 1 6'wo~c·el 1; ·etltt t eel ;( etud .í ce¡'¡' u s, eo, urcci\';;; r •• ,<?;ee .;¿¿ t'it11r 

' 1 
/,' l. .1 
1tt.fl e 1 :;;; :·e el kc'toll {la rge: L~ieh : e:·e t t!ticcLJi:edl; tu ,·/re 

p t. :n,, il" . ; e. 1 . :r.;; L :;}n · ·¿)· ·etd-:1 re tech ti§ t: cs. lno 1 ithmd eiHl:ts rce:·rrellt 

rl-nh . \; ;/;r l.:) 1 1/i'e k le 1 ¡(, t!tt 1 \'.- ' eL li ; ad in :he~·¿ tests t:l.eDs ite tlrt Faet tJ.w: 
f!!r#,o!fl/" ·e el t't;· u::h ;,'.ick le . . t.·c. e. cot thc raot o(tf.te hes m ;lla:r::c tR eah:,;11r 
~f!.F;+H#I= HT;cel o.Y-ut/ e>- 5>' k t. J:he. ltett. .di.! ¡')t: (o, srttllltt e (the6c t!t:'eel 

1 tt' /: el~: e tt 'he .·Jr;',9íirt (t,~t : itlá1 
t41 ter offhe tt.;.:emhl: u\: u • 

!r·.,,n-!-1-ltc ct /¡¡¡¡; l!u .. ge ct¡pcf ,·;;; 3 thz :' etl;fl .;fhfl. Ba.'!ecl OJE the i:tel:eatitJ;f. o(t'f¡¿ 
r:ft14~'f e tfe. e ; ·J e cf ;'e :'. tille:' Ji ,{[¡ F :'Á' e IJJic:'c. JJ.ah:Jit\ tJ(cn i': ; eilfl\ ; t iil[ 
e#·~utf.""c""if' ·rt ;.! 1. :: 1 .il•!::tc !ctlf\·u: e; TiiUtJ fl¡¡lf ;'}:: ut:z.~ th:e:'tsre ... ; .if; 6'.9.9 :¿( 

n:/t / ·:c. e 11 :/(; ;;¡lfte.hod. ,;'wt. hiB :l. e l .. ·~·g:',¡g ttllt:l 

#1. /etC c .. '' r •Uf,. Ftil:J :;; r}"·· seco ff;fitsidat::;,r. Blfg:iJJti';.? ct t. iill 

•='f-H--r-Hn-!c d · t.t¡¡\·fi:l/ t t :l. :tle: t\e r/::· ;l; h thielmtu. t· • • 1ltC l'htJll thdJt t drt!i 
!'':t.-l.!iptt-'>f{-,=1: ,;e el f·N1'tr+i+J• '·· ,.·'¡:;'¿ 1 

L e thoit?ht tu he isr t 8ft etl i l tlft . .l tt He • ( 
-l(ttlut>-t. ....... , e 1 ' e • e: le d. 

X :· , .. ,( :'tt relin.-:- et!-1 1 ,' the c:h ¡)e • • lltttcsrtftd tests ltsislg eovet fllaMs and atíter 
ilrttr ¡¡¡·e. ,' t••o A:,._...,"e. kh'clcc ¡;;tt'ckwte:f.l:.\ ;t'ált:ei:rb .;'r;eug/, thiek:tess.;~:e.;s) 
< un:'l tiic he; u_{;¡':ftccl. );1 the illte: .·m . . itrttetu:a! enbillCt\'6 ehaasi;tg ta r:fif;_c 

r'rfftdt t ;': il ·,·e lyin._... " :h,·uit;h t'úclme.;. strtJlbfJ.¡ .·hmtli • eeab;¡i_e that Jt::.iptte 

l:t 1 e..f:.Jrc. :\",:--· t IJ!t't:(o .. ·'L:~)tli0 ;l tlwohgh t/t5ekne:c .. t.cngth BtE:r :Ett 

. ( tte ti 1! 

d .. , •.• . e t.'¡; h te uut he f¡;/(: r .. uler. t d .1 hib:~ mfl8UJf:" afsts llé'tllJY:.' 

re tiL Jul.: ft :· .. ·e e di fl es re :'e clj' s · f"tiillt. · t'illj) 1tJ_; j, rg eans ree:i8Jt8 q•J.rieh s el_; d; l 

.t 11,-..h ;,'J:a k Fe. . f ·e r.:-:'r ,':He t /c;;ii:l ;'fa:rbtJ. 

(1.(1 (, J.2 [ktcrmmc Plastic Hinge Location 

Thc de SI red lncallon for thc formatwn of plastic hinges should be determined as a basic 
para meter fur thc calculatJnns. Fnr beams with gravity loads representing a small portian ofthe 
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total tlexura1 demand. the Jocatton ofthe p1astic hinge may be assumed to occuras indicated in 
Jahle 6.6 6 3.2-1 and illustrar.:d m Fiuure 6h.6.3.2-1 ata aistanee eq<~a1 te 1/3 efth~ 8ea1H EleJ'llh 
''•dl'H~lc ed;é nfthe reinfereed eonneetten (er stat1 efthe wealcenea eea!H seetien), un1ess 
'l'cctllc test elata for the connection mclicates that a different va1ue is appropriate. Refer te Figt~re 
l - ¡--'"-.-

T:li•k 6.6.6 3 2-1 Pl3sttc HmL'c Location- Strengthened Connections 

:Li ______ :c:·":n:n:c:·c=t=io:t:':·r:':·p:c ______ t_ ____ ~R=c=l=c=r:c•:lc:~:':S:e:c:ti:o:n~----t_--~l=·l:in:b:'e::L:o:c:a:tt:·o=n~·~~~L~ .. ------l~ 
!~·=·=·=·-~·t==n=l'='t=c~'---------------J~s=·,=·c=·t~.=7~.9=·=1~---------------t~d/==4:b:e:v:o:n:d=:c:n:d:o:f:c:o:':'e:r:p:1:a:te=s~\ 
~~l-=i.="="='':·\='c=·s~----------------~S=·e=c=t.~7=9~.~='·~7=.~9=4=------------t~d/=3==b=e=y=o=n=d=t=o=e=o==f=h=a=u=n=c=h----_j~~ 

\·c,·\lc:tl Rtb> Sect 7 9.7 d/3 bevond toe ofribs 

-:; 

" u 
L' 

L 

sh= 
d/3 ~ 
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Figut•e·-ú---1-J Fiuurc (1.6.6.3.2-1 - Location of Plastic Hinge 

( ·ummcnlwT: Tlzc .,uggested locatum;:;. f'or the plastic hinge. ata distan ce él/3 
d'rt-r~}¡ th~ e ¡¡cf 1 ¡f th,· ¡'\!UI/-i)J ced ,;t'c'li•h'l tndicated tn Tah/e 6. 6. ti. 3.2-1 and 
LL~:Jfl'(' 6 0. 6.3.}-1 01 t' +-'< ha.ved nn the ohserved hehavior oftest specimens. with 
nn 'f.'-!.111/icunt gra1·i~F load present. f(significant gravity load is present. this can 
,/¡¡(¡ thc lncutil!lts o( tite pi asile hinges. ami in the extreme case. even change the 

_lorm o(lhc col!upse mechatusm. l(jlexural demand on the girder dueto gravity 
--lollil ". less than uhout 30% of the girder plastic capacity, this ejfect can safely be 

"'·glc·ctcd. ol1llthe plasttc hinge locations taken as indicated. If gravity demands 
'1,'-'llt/icunt/v exceed tlus /n·el then plasttc analysis ofthe g1rder should be 
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perfimned to determine the appropriate hinge /ocations. Note that in zones of 
high seisnucitv (UBC Zones 3 and 4. and NEHRP Map Areas 6 and 7) gravity 
loading o11 rhe girders o(earthquake resistingframes typically has a very smal/ 
effecl. 

" (, (, 3 :; Determine Probable Plastic Monient at Hinges 

Tilc· prubahle value ofthe plastic moment.M,, at the location ofthe plastic hinges should be 
lk·t~..:nnmcd from thc equauon: 

(6 1) 

(6.6.6.3.3-1) 

\\"ilere. fl'.----tcl.'ritH-<cótllttC,.j.i'J.ílil€c-t<ieéiA'I11c11cPl:>üa+t-üal€ei€C&O\tURilltlsr-hfoHr'-"1fl1fitee"-1e~f'ffee<e~tc;;s-<OHfC,s;ttfiFaHiflA-IH'!!alfr'ticlieeflAtilif1R:•g~atf'RI€Sf.-'1Rtii<OOJ(SJ<e~lti!A'!j;); 

-Hth::crtainty. !dcen a:·: 

1.1 v;hen qualilicatíen testiag is perfeAnecl er ealcHlatians are 
correlatecl with flFcvioHs EJHalifieatian testing 

1 .. 1 '<'<hen de:;ign i,; ba.;ecl en eawlatians, alone. 

F,_, ís ihe actual yield stress ofthe material, as identified from mili test reports. Where 
mdl lest data for the project is not traceable to specific framing elements. the 
average of mili test data for the project for the given shape may be used. When 
mili test data for the project is not available, the value otFym. from 
tahk-tr-:'Tahk (di ó.3- 1 may be used. 

Z1• 1s the plastíc modulus ofthe section 

CommenlwT: The LJ_(.J,.IP.. faclor. in equation 6.6.6.3.3-1, is used to ~ 
uct Olflll (or fll'o c/(('cfs. Ftnl. Il 1s tnfewlt!d to account (or the !Fplcal dilference 
/>,·nreenlhe 1-'ie/d s1res.1 in the heam \\"eh. where couponsfor mil/ certifica/ion 
!t'''·' are nornw/f,· cxtracrcd. w1d1+1 the value in the beamflange. Beamjlanges. 
he111g com¡1rised of tlucker material, typically have somewhat lower yield 
srrcngths rlwn do heam u·eh material. Second. it is intended toThefaerar t?fl.J 
'<'HfflHH<'>Ici<'d ,,, acnH/111 for S/!WII hardening, or other ,wurces of strength a hove 
!"ldd u1 ;_/ agrees /lllri!· "·ei!H·irh ami/ah/e test results. lt should be noted that the 
1.1 tacror muld wuleresrimare the ot•er-strength where significantjlange 
hucklmg does 110t actas the gradual /imit on the connection. Nevertheless, the 
1.1 (acror se.:ms a reaso11ahl.: expecration of over-strength considering the 
con1pl ex i ti e., i JI\ ·oh ·ed 
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Connec/Lon designs that rcsult in excessive strength in the girder connection 
relath·e to the column or excessire demands on the column panel zone are not 
e.1pected to produce superior performance. There is a carefu/ balance that must 
he 11/0tJrlaJned hetH·een developing connections that providefor an appropriate 
ul!uH·allcc! for girder overstrength and !hose that arbitrarily increase connection 
dcnwnd 111 the 'JIIestfor a ··conservative "connection design. The factors 
suggc.">ted aho\·e H·ere dwsen in an attempt to achieve this balance. and arbitrary 
IIHTeases tn these ndues are nnt recommended. 

/Filen the fntemn (7uidefllles wae (irst puh/ished. Eq. 6.6.6.3.3-1 included a 
('ot'i!iclL'nl. a IIT!ended lO account hoth (or the ef(ecrs o(srrain hardemng and 
uf., u ínr modt:linr.: tlllcertuinl\' H'IU'Il conncction designs were based on 

ru/, ·ulauuns O\ omJosed tu u specilic program o(qualification testing. The nztent 
1!(!111.' mndellll':! lmu .. Trainrv /ltc!or was rwofold: to provide additional 

(uJtSLT\'(//1.\!1! '" thl· dcsn:n wlzcn suecific ll.!st data fhr a repre.\·entatiw-! connection 
t\'c/'1 nnr ol·atfah/e. ami alsu as anuulucement to encourage projects lo undertake 
, on!lccuon oua!ztica!lon res/In!! urograms. Atfer tire lnterim Guidelines had heen 

in use ÚJr .\n/J!L' u me. il hecamc apparent rhat this approaclr was no! an e((ective 
incluo.:IIIC/11 íor oroiecls tu fJf!r/(Jnn mwlification testing. and also that the use o( 

w1 n\'t:rh lan;e l'aluc [in· 1hc a cneffictent o!fen resulted in excessivelv large 
1 ·r )I/ n, '( !Ion 1 ('lldorcliE! dt:mcn!s (cuver o/ ates. e. g.) and other design fea tu res tlw 1 

~:..lid no! ¡f!J()car conducth: to gnod conl/cctton hehavior. Consequentlv. it H'as 
u'l't uled ro rcmrJ\'(' rlus nwdclin<.: uncenamtv {actor lj·om the calculation o( !he 
/'1'(;/l({/J/,· S!I'CI!'..!(/¡ o/ al! US.\l'lllhfv 

¡,.(,.(,.~.-+ Determine Beam Shear 

Thc shear in thc beam at the location ofthe plastic hinge should be determined. A free body 
<hagram ofthat pot1ton ofthe beamlocated between plastic hinges is a useful too] for obtaining 
lhc· shcar at cach plastic hinge.-Fi;ure 6 I·IFiuure 6.6.3.4-1 provides an example ofsuch a 
..:;¡Jculation. 
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¡-;- Plasttc ' 

' --:tgc\ ' 

6 

----
: ¡_· 

l. 

-41 
'--' 

..,... 
p ' ' Note: if 2M,JL 'is less 

: ...----- ' then the gravity shear in 
' 

o : ' the free body (in this - ' 

~~ 
' case P/2 + wU2), 
' then the plastic hinge - ' 

'h ' location will shift and L' 
' ' must be adjusted, 

\ ' accordingly 

' -'--
' p 

t ' VA ~~~wg· ~ 
Mp~~~••---'-'-· ___ ·.~A") Mpr 

taking the sum ofmoments about "A"= O 
Yp={Mpr+ Mpr+ P U2 + wL' 2/21/L' 

SAC 99-01 

l'i;;un• ~ 1 l Fi<>urc 6.6.3.4-!- Sample Calculation ofShear at Plastic Hinge 

(, (, (, ~ .5 Determine Strength Demands on Connection 

In ordcr to complete. the design of the connection, including sizing the various plates and 
.JUilling wdds whtch make up the connection, it ts necessary to determine the shear and flexura! 
s11 cnglh ckinands at each cntlcal section. These demands may be calculated by taking a free body 
ullhat poniun oi'the connection assembly located between the critica! section and the plastic 
hingc. -Ft;ure ( 1 :' Fi!!urc h 6 ·'·5-l demonstrates thts procedure for two critica! sections, for the 
h-:~1111 shown in .J~urc 6 1 'l Fiuurc 6.6.3.4-1. 

rr-i r. 
., ! ,, 

~ 1 : 1 • ,, ; 
Mr 

• 1 ~ 

!¡' 
' ;1' 1 

.1 i '¡ 
11 1 11 

r ' 

P\a ... tH: 

htll!!<: 

) Mpr 

Vp 

PlastlC 
hmge 

x+dc/2 

Vp 

Ct llll.tl :-...:ctwn al(_ ulumn FJ<:!.! Cntlcal Sectwn at Column Centerlme 

Fi)!tll'<'-4~ Fi<>urr h.lí.J.S-1 - Calculation of Demands at Critica) Sections 
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Commenrarv: Ea eh unique connection configuration may have dif(erent critica/ 
sections. · The verticalplane that passes through the joint bet.<'een the beam 
(/unges'""' column (ifsuchj,ining occurs) will typical/y define at least one such 
en rica/ sectwn. used fár designing thejoint ofthe beamjlanges to the column, as 
11 ,¡¡ us el'llluating shear demunds on the column panel zone. A second criticar 
s<'cilon ocuu·s at the center /me ofthe column. Moments calculated al this point 
are used In check \reak heam- strong column conditions. Other critica/ sections 
'hould he selected us uppmpriate to the connection conjiguration. 

i•.il !• o.6 Check for Strong Column- Weak Beam Condition 

13ulldings "·hich formsidesway mechanisms through the fonnation ofplastic hinges in the 
hc·:~ms can dissipate more energy than buildings that develop mechanisms consisting primarily of 
pl:~st1c hmgcs in the columns. Therefore, ifan existing building!; original design was such that 
h11tg1ng would occur in the beams rather than the columns, care should be taken not to alter this 
hc·lt:ll'lnr with the addnion of connectwn remforcement. To detennme ifthe desired strong 
u>lunm- \\·ea k hcam condition exists. the connection assembly should be checked to determine if 
¡]l.._· fllllowmg equation JS satisfied: 

\\'he re. 

(6.6.6.3.6-l~) 

Z, is the plastic modulus ofthe column section above and below the connection 
F,, is the mmimum specified yield stress for the column above and below 
e is the axial load in thecolumn above and below 
;::;M, is the momcnt caleulated a: the eeHter efthe eeluHm in aeeerElaHee "ith 
-----+;.etttBn-<~-,1-;i. stllll ofthe column moments at the top and bottom ofthe 
p:111cl zonc. rcspcctl\·dy. rcsulting lrom the de~elopment ofthe probable beam 
plast1c mumcnt~.l\'1~. withm each bean1 in the connection. 

Commelllun·: Equurion ó ó ó.3.ó-l;!.ts bused on the building code provisionsfor 
.\frong co/umn- lreuk heam destgn. The huilding code P'~ovisionsfor evaluating 
.\II'IJ/Tg co/um/1- 1rmk heu111 cmuhtions presume that the.flexural sti.flness ofthe 
m/un11r'· ahoFe a11</ he/o\\· rhe heam are upproximately equal. that the beams H'ill 
\'!cid ar tht· (itct' uí 1hc coluiuu. al!(/ tlwt rhe depth o(tlte columns and heams are 
\fila// n·luli1:e Jo lhár rt'SIJt'('Úl 1i' soan lcllL'ths. This permits the code to use a 
!:(·!ulll't'IF Sl!IIUit· eouutiun tu tTaluare strom: column- H'eak heam cnndi!ions in 

11 l:!t /¡ thl' Slflll n( fl/(' tlexuro/ cm)(H'Ifics n( columns al a connection are compared 
1u 1hc .\1111/S 'o; lht· fh·rural ('{wacuu.:s 111 rhc heams. The firsr puhlication o{ tite 

filh'rilll (;llidel!ncs tnnk rhis sume aonroach. except that the definition o( LA1f. H'G.\' 

!lludi/ft'd tu <'XfJiint/1· n·oJ;;ni~e rhai hccause flexura/ hinging o[the heams H'ould 
ocr rlf·ar u !ucarum remo\'('d (rom rhe (a ce o(the column. -the moments deli\'l!red 
h1 rhc heums !u thc' onncc!ion 1rould he larger than the plastic moment strength 
uf ¡ft,· heo111 In rlns C(flWlinn. ,-¡\.f, IHIS laken as the sum o(the muments at the 
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cenia o; !he wlum11 calculared in accordance with the procedures o(Sect. 
ó.ó 3.5. 

SAC 99-01 

This simr>ilficd ar>¡mwch is n01 alwavs appropriate. -Jfnon-symmetrical 
CU/1/Ieclion conjiguratwns are used. such as a haunch on onlv the bottom si de of 
rhe hewn. thú can res u/! in an u neven distribution of stiffness between the 11-vo 

cnltllllll segments. and rwcma!llre vielding o(the column, eitlzer ab(n·e. or heloH', 
1hl· h(.'UII?-colwnn c:onneclion Also. it l-HJS determmed tlwt for connection 

e unli<.:lfrll/ton.\ in ll'hich rhe van el zoiU! deoth represents a significan! ú·action o( 

iilt' /l}!ctl culumn heh:lu .. 'wch as can occur in some haunched and side-plared 

cunnt:C!Io!ls. !he definitum o{ LA{ contamed in the initial printing ofthe. 
( iuiddl!ic'.\ cnu/d lewl to cxcessive conse1vatism in determining \rhether or nota 
.\fr1J1l'.! column- weak heam condition exist.\· in a structure. Consequentlv. lntenm 
( ;llit!elincs rldvismT No. 1 w/opteJ the curren! definition o(LM, [or use in this 
,-,·,;/uullon. Tlus Jefimuon rcquires rhar the moments in the co/amn. al the top 
f""' hot1on1 o( thc pune/ zonc be derermined {or the condition when a plastic 
/unge has (imncd ar al/ heams 111 tlrf.' connection. Fir:ure 6.6.6.3.6-/ il/ustrates a 
mcthod iur dercrmininv this quwllifl'. In such cases, fVhen evaluation indica tes 
1/uu a srnm" co/un.111- H·eak hcam condition doe.\· not exist a plastic analysis 
,/wuld he cons"/ered lo determine ij"an undesirable story mechanism is likely to 
fnnn' in rhc hui!ding. 

v, · ~ assumed point ofzero moment 

\",-V, _. __ 
1 L-L )!2 

...•.. 

·'--

2}11,, + Vp(L- L') /2)]- V1 (h, + d, 12) 
~~ = ="'---'---'-'-----'-'----'-'----'--'

h, + d p + h, 

Thc quantities M,,, v,. L, and L'are 
as previously identified. 
vt is the incremental shear distributed 
to the column at the floor leve!. 
Other quantities are as .shown. 

i ·, '--' 111 ( • t¡J)J¡ 3 J,_¡ < ·a lcula! ion o( Co!umn .. Homenr (nr Stron g Column E val u a tion 
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(,(,(d. 7 Check Column Panel Zone 

The adcguacy ofthe shear strength ofthe colunm panel zone should be checked. For this 

purpusc. the term 0.8IM,. should be substituted for the term 0.8IMs in UBC-94 Section 

22 1 1.7 .2. 1 :O. 9 It!J,!'vlr in NEHRP-9 1 Section 10.1 0.3.1} re¡3eatea lldew fereetweAieAee ef 
··,ch-•rc-nc'"t'. M, ts the calculated moment at the face ofthe colunm, when the beam mechanism 
¡;11·111,. c·:dculatcd as indicated m Sectton 6.6.6.3.5, above. In addition, it is recommended twt to 

1 he· :ilt,-rnati\ e des ten cnteria mdicatcd inUBC-94 Section 2211.7.? .1 ( NEHRP-91 Sect. 
:; 1 ti " 1 \. pcrmtlltn" panel zone shcar strencth to be proportioned for the shear induced bv 

·,_·,tdtllc m<>mcnts ti·om cra\'lt\' loads plus 1.85 tnnes the prescribed seismic forces.For 
_-,-,,cni,·ncc ol.retcrencc. Ul3C-9.:l Section2211 7.2.1 is reproduced below, edited, to indicatethe 
!_~'Cd:lllllL'Illk·d appilGltiOJ1: 

2211.7.2.1 Strength !cchtecl), The panel zone ofthejoint shall be capab1e ofreststing the 
s\tc:u mduLc'd lw heum aendm¿ IH81H21lló tlue to f,'f8''Ít)' Jeaes ¡'l!US ¡_g§ tunes tlJe 
1''"' 21 ihéil .·et.·mtc force.;. \Jut the :eear sueogth Reee ABI e·•eees tllat required to develop 
r¡,~~'-·L- OX' 1\ l,of the girders framing into the co1urnn flanges at the joint. The joint panel 
Zt 'llL shcar :-trength m ay be obtained from the followmg formula: 

V= 0.55F .d t 1 + ' "' l 3b t 
2 J 

' ' d d t 
b ' 

\\'hLtt:. b,. = width ofcolumn flange 
e\¡,= the depth ofthe beam (mc\uding haunches or cover plates) 
d, = thc depth of thc co\umn 
t = the total thickness of the panel zone includingdoubler plates 
tll = the th1ckness of the column tlange 

(11-1) 

rJJJ!Inenwn · The eftt:cl o( mmd ::.onc ,·hear vielding on connection heha,·ior is 
!JI!¡' \\'()/undtT\'Jood. In thc oas! fJane! zonc shcar viclding has heen viewed as a 
! 1l '111<_!11 !J/Cl'fiUI/f.\1/l tfwf (ICI"I1!l(S rH'Craff (i·ame ductf/itV demands (O he 
u(·r·umnJodured Hhdt· mullmt:tll!! rhe extenr o(inefw¡ffc hehavior requircd o{the 
b~·,un ollil heu111 tlmn.:e ro cn/umn !lanr¿e jmnt. The criteria permitting vanel =one 
.:_lu·ur '""t'll'.!lh ro he nrnuorrioned /iJrthc shears resulting (rom momcnts duelo 

.'.!.rt!l't!Y lnucf,· plu., 1 85 times the dcstgn sctsmic (orces was adooted hv the C(){!e 

~~nl.L{! u·¡¡ //j · lo e'!/( uuntut · clcstcrns 1n th 1rcak palie/ znnes. Ho"tPever. during recen t 
!J:~.!..!.!..<.;. o!lar<.;_t' 'ca!t· cnlli!L'cfwn assemhl!es with ¡,reuk vanel zones. ir has heen 
1/uit ·d th,fl ti! ouler tu(/( ( unt!IUJ(ÜJ!c !he large shear deformations thar occur in 
L!.!..i:..J'Uilt'! 7 0IIL'. ex/reme ''ktnkin!.! .. de!ormations were induced into the column 
!ldll':t'' ,¡¡!he hc·um (!un!.!c In cohllllll /lanue H··elded joint. While rlzis did notlead 
f.!....!:_JJI'I'Illuturt' tuint (uilurc uru/1 cases. ir¡, helieved to have contrihuted to such 
¡n c·nwtun· twlures in at it'lh! : .. omc o/ the 'vecimens. The recommendations o! 
,¡,¡,. ,·t·c tionarl' ullcndt·d In resulr 111 slrrmger panel zone.\·tlwn pn!\'iouslv 
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pennitred hr rile cm/e. thcrchr amíding oorentíal [aílures dueto thís kínkíng 
(U:fion nn !he cohtlllll flange\·. 

G.6.7 Modification Details 

SAC 99-01 

Thc:rc are no modifications to the Guidelines or Commentary of Section 6.6.7 at this time. 

,; l3 7.1 Haunch at Bottom Flange 

F 1gLm: (,.....l.(;6.6. 7.1-1 illustrates the basic configuration for a connection modification 
':"n'1q1ng or the addition of a welded haunch at the bottom beam flange. Severa! tests of such a 
lll<>ddlcation werc conductcd hyUang under the SAC phase 1 oroject (Uang. 1995). Following 
t hat \HWk. aclditlonal research on the feasibility of improving connection performance with welded 
lwmches was conducteclunder a project that was jointly sponsored by NIST and AISC !NIST. 
) VVS) As mclicated in the report of that work. the haunched modification improves connection 
l'crl\mllancc hv altenng the bas1c behavior ofthe connection. In essence. the haunch creates a 
tl!:ill' tvpc support. beneath the beam bottom flange. This both reduces the effective flexura] 
strcsses 111 thc beam at the face ofthe support. and also greatly reduces the shear that must be 
tr:m:;mittcd lo the column throu!!h the beam. Laboratory tests indicate this modification can be 
,·ITcc\tvc when the existing low-toughness welds be(Ween the beam bottom flange and column are 
k:li 111 nlacc. however. more rehahle nerformance is obtained when the top welds are modified. A 
;:ompktc procedure for the desiun ofthis modificatiop may be found irNIST 1998.,...._ 
r!lkn:ati ·e ~ct:fi~uratist:!1 cfthts Setail that ka/e BeeH testeS (Uang 1995). The Basie esnee~t is 
1'. ft 111 re re e tlt¿ t'€Ht112tltisn \Yith tite J3ff 1 ioien sf 8 triangMlar fta'ttnek at the 8ett8ffi Aaflo@· Tke 
inldJtlcd hedw :"JBf ofhtJth esntl;urations ia ts skift tfte tJlaatis hiHge fr8H1 tRe faee sftke sehut111 
and tt re:dtH:'::! tl:z 8etttan8 tllt tLe CJP 1 el8 J.o,y ittereaaing the ef.-esti 1 e Eie~tft eftks seetien. In sHe 
k·.<l. :hz ·n tlll tite }¿ft sf rt.:-tlr2 C 1 ~- tha JtÚRt fletween tfte giF8er 8ett8ft1 f.lsnge an8 eehtHI.>U Y/85 

~..·u!-+t·¿c. lt :imulate a et-:Jntlittalt shieh mi~ht seear ifthe 'Bettstajeint kaS Been EiaHt8:0 e8. B~:tt nt'lt 
r~..¡*!:ttret:L In n :¿eon8 h!!Jt¿ti eenfi~urattsR, tke 'Bstt'etn Aange jsiHt was F8f!Bire8 anEi tke tSfl f.lasge 
\lrH. tEplae¿tl ;;'tth a let::all_, thtelceHeli f!late, oitnilarte the Setailske NR iu figMre S 9. 

1 ~,.,.'"" i.ISIJ('s: Tlus appmach de,-efoped acceptahle /evels of plastíc rotatíon. Acceptable levels 
u/ cnnnccnon strengrh H·cre also maintained during /arge inelastic deformations ofthe plastic 
luu.c:e Tlus "l'l".'"'ch does nor re<luíre thar the topflange be modífied. or s/ab dísturbed. un/ess 
urh1'r ( ondJtlnns rn¡wrc.: n.:pwr of thc top.flange, tu ill the élretai:' d:l the left aflkigw·t~~ lB. The 
hnf!nlll f/angc is general/y far more acccssihle than the topflange because a slah does not have 
'" ¡,,. n·mo>·ed In addlfion. rhe lwunch can he ínsral!ed at perímeter frames without remova/ of 
1/w <'.\Nnor huild111g cl"'ldlllg. There díd nor appear to be any apprecíab/e degradation in 
f 1t'rfurmuncc 11hcn !he hu!Tolll hcwnflange \HIS not re-wclded to theface ofthe co/umn. 
l.llllllnar111g rlm addirwnal "ehling slwuld help reduce the cost ofthe repaír. 

1 'erforllllllln' is dependen! onpmperh· executed complete joínt penetration welds al the column 
1iwe andar rile arrachment o{rhe lwunch ro the gírder bottom flange. The joínt can be subject to 
tiJrnugh-tluckncs.' jlcnrs 111 thc colwnn.flange: however, this connection may not be as sensitive 
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'" 1/us ¡mlenlia/ prohlem hecause of lile significan/ increase in the effective depth oflhe beam 
·"T/11111 ll'hich can he achieved. We/ding o(the bottom haunch requires overhead welding. The 
skc•11·ed gro11ve 11·e/ds o(lhe lwunch flanges lo lhe girder and columnjlanges may be difjicu/1 lo 
l 'Yt'( ltlL'. 

r~\"(Jt'riii!C!l!al Re.\'lllf.'·:: F:1tt·. ll'r·f10ottth dt' ¿J¿ fJtd e.;eaJla;f( Jcva/5 offtls-atia 1 atati8tf. i~f é:peeiJJle:l 

./. '
1

c :r :Ru•EL-c CJ .. p ct'cl tto. dttJfftJc.uliHttp•i8: teat8flt:tél3tl8f;ef5aiscd:tJ;l(; th_elc_ttum 
/u u ... e .'. 11 ". "J.kJ Ben ,-".:- h4e fe. 1 ,;(:sp t eint td 1. a slau •!• g? 811 i; r.::. e: tii'l~ det tkp ttl ed ,the 
ur!t 'e;. t-tfe f:/a ! 1 f=lt .. r,y :e Á ,·,ou. et!t"mr. ¡Je; f.rettJB eJtaae; átlted 8} aib:ti:ficailt !aeal8Etck:'i:r0 
' ·1=· ~1Ft-< ; (!u,'.-:- e. F, ;; le ti( r/, e hu cldt li6 , Pito_: Re e:Fh ikJt:ttetl ta !a fe, al ta. si a; ftJ.! L~h dt!id0 tha! 
•·H-1 ··ce' 1Jec tilt.'c t.\ e 1 /h ¡¡¡ i/tt:ic-e HtL do:' • t.d: ai;res/8) tl CJP ;eh/. d si

0
:r{fieéldtpa: tia:1 af 

;ji! -,·/e lit'¡¡/. ( e :.:-{/¡ l'd. / ;, { clto iif
0 

ft~e L} tfe. tl}/a:gefJ}él'§:*it J Oofafi8if. J:t {/rO .:et8:id3pt!t!iillZ:l, 

¡j¡ e 1 
'/ il .:-¡¡ c/e: .flu ! 0 e :: e /e/ t ct. i:lhit t Ju: i:1g tha haw reh M-atilf

0
, a;rd it-a fJt!;j.a; : ff8:: ftJt H él.l 

.~ ,-.iil-¡(c tHiJ(: ,·:n;: u/ tthllpw ¿¿/· ·ith r,h_fi:.d .Jtlaei:nail. z;¡.,tJ. ttJ.-at da-a tféJrfipt!rd tthail -ai0 ilijittt:rt 

¡,.¡¡/hile u .. ,,';;'r !u! h d.¡, 1 /_: e-' l i:r~ ¿¡ ack td (;~¿ Baamjla:rga a:rd ,, eB iHte: .188fiB:l. .1t thi.': 
IH"•c. ti un e w. thcd: cpeú: i:t0 c.'to:Hüc:ru/ botft;;fi ,ila:lg;e '' e!4s iJl this ta•~fi0 tu atia:1 aail fJ• otlltte 
/• .:'t 1 , / ::c;:;ee .1ceepit:/,/e /ele/. ;f.fk_:t::to/.;¡t;e:t0 :i'P lt8:C::féÚ:h"é!i:rtdelit:o'n0 }u;ge 

ut-t!u. !te chf; iiJtdt ;;P. cjthe plcutie f.ri:l
0

eftJ; buth Sfieeime:w._As reported in NIST. 1998 a total 
t'l 'J heam-r·o/wn11 connection te.\·ts incorporatinf! hottom haunch modifications ofpre
Nnrrhrulr..:.c cnnnections ha\'C hecn tested in the /ahora ton' includinf! two dynanuc tests. Most of 
!lw cnnnecf!nll asscmhlies tesred reststed 111 excess of0.02 radians ofimposed plastic rotation. 
j-I o\\ t'I'L'f' for rlwse ·'JJecimens in \\'l1lch the exisrina- low toughness lveld was leú in place al the 
Út'UIIl Io¡J tlan!!e H'llhoutmodificallon connection hehavior was generallv limited hv fractures 
gcJJ.('I't_(Uil:;. a! !hes e H'e/ds al relauvclv /ow vlastic rotations. Ir mav be expected that enhanced 
l't'~"f(Jrmu!lce cull he ohfained In· reni'acinr: or reinfOrcinu these welds as uart ofthe modification. 

• • • • 

Fi~un' 1.-II•Íl.il.'.l-1- Bottom llaunch Cnnncction Modilicatinn 
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Ouantiwtive Results: No. o(.1pecimens tested: ;;2 
Girder Size: W30 x 99 
Colwnn Size: WJ4 x 176 
Plastic Rotation achieved-

SAC 99-01 

Specimen + UCSD-JR:_0.04 radian (wlo bottomjlange weld) 
Specimen-;]. UCSD-3R:0.05 radian (with bottomflange weld) 
Suecimen UCSD-4R: O 014 radian (dynamic- limited bv test serup) 
Soectemn UCSD-5R: O 015 radian (dvnamic- limited bv test setup) 

Girder Size: Wl6x150 
Co!umn Size. WJ4x257 
Plastic Rotation achieved-

Soecimen UCB-RN2: 0.014 radian (no modifica/ion o(top we/d) 
Soecunen UTA-IR: 0.019 radian (oartia/ modification o(top we/d) 
Specimen UTA-1 RB: 0.028 radian (modified too we/d) 

Girder Size: W36x 150 
Colwnn Size: WJ4x455 
Plasllc Rowtion achieved-

Specment UTA-NSF4: 0.015 radian (no modifica/ion o(top we/d) 

Go·der Size: W 18x86 
Co!umn Stze: W24x2 79 
Plasth: Rotarion achieved-

Suecimen SFCCC-8: 0.035 radian (cover olated top flan¡>e) 

6 6 7.2 Top and Bottom Haunch 

Therc are no moditicatlons to the Guidelines or Commentary of Section 6.6. 7.2 atthis time. 

6.6.7.3 Cover Plate Sections 

Figure (,,1, 7.3-1 Ftgtll·e ó 1,1: illustrates the basic configurations of cover plate connections. 
Thc assumpt lllll hehtnd thc e o ver plate ts that it reduces theapplied stress demand on the weld at 
lile column llangc and shitis the plasttc hmge away from the column face. Only the conncction 
"·nh ul\"cr plates on thc top of the top tlange has been tested. There are no quantitative results 
il>r ctl\ cr platcs on the hotto111 si de ofthe top tlange, such as might be used in repair. It is likely 

· ¡J¡;tilhtckcr platcs \\"OU!d be requiréd where the plates are installed on the underside ofthe top 
ll:in~c Thc impltcattons ofthts dcviation from the tested configuratwn should be considered. 
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1 h'\'fiTJI fs_,ues: Fullrnl'ing tite Nurtlzridge earthquake. the Universirv o[ Texas al Austin 

, ·(Judtu Icd u'" n!!ram nf rcscarch. wull!r uri\'ate fimding. lo develop a modified connecTion 

f'"llii'-ruranun lnr a suecific uruiccr. Followinf! a series o(unsuccessful tests on \'arious rvpes o( 
(' 1 /fll!t'Cflr)/!,·.~ttffH'oJ.rinltnd•· eight connections similar !.!!.._that shown in Fi;xure 6 l8Figure 6. 7.3-1 
;,,"'r-l•n-H~ /es!ed (Engelhaull & Sahol- 1994). and htl+'e demonstrated the ahility to 
"' hu'l'c "'cc¡J!ahle /e,•e/s of plasftc rotation provided that the beamflange to columnf/ange 
1\'t-lt!lll.'!. 11 ~~v·; correct/y executed and through-tluckness prob!ems in the column.flange wereere 
¡1\·uu/cd 1 >ue rorhc SL!!niticulll rmhiH:itr tlwr-ff,l/mvf:d these successtúl tests. a.\" we/1 as the 
! ·, nnmur nf thcs(' <:0171/l'C!ions re/a uve ro so me othcr a/ternatives. corer plated connections 
!:'!lit i./;· hn Ollh' thc 111'cdnn!mwn configurar ion usf!d in the design o(new huildim!s. lls a result. 
,: t.'I!IIIÍhT o! uuo/J/icwinn h's!,. hm·c 170\1' heen uer(ormed on dif(erent variations o( cover p/ated 
,_, l!lllt ·¡ 'llOI!'. , on-ring a u·h/c I'IIJJ'.!t: o[mcmher si7es rangim; (rom fVJó lo fV36 heams. a.\' par! o( 

!ih · d('\'!'..'11 unn {''·'' tur indn·idua! hui/dim: orotccrs. The results o(these tests /zal'(: hecn 
·'·-~11,1{'11 fl,flmncd 11 ith u Sl'.!ni/icunr numher o! luilures reported. Although this connectioll tvpe 
n,l!J)('t.!l·., tn ht' \i!!nilicun!lr more rdwhle 1/umthc tvpical pre-Northridge connection. it shou/d be 
-:.y¡;¡·¡ red 1hu1 ,·umt' cnJ!Ih'Ciirm' in hut!dill'.!S mconJorating this detail mav sti/1 he suhjcctcd to 
, ·,: rr ho1 w Íú' llllf w lt:d íracfltrt' da llllf!!L'. Ocsi!!l!ers should considcr usinv alterna! i\'L' connection 
' 1 ¡ ¡, ,, . u 11 /( ·., v /u u/¡ h · r('dlf nda n 1 lnt IJ/111 g S\ :qcms a rr.: emvloved. 

TI"· o¡>lion ,,.¡¡/¡ ihc lop f/angc coverplale lowted on top oftheflange can be used on 
Jl¡'f inlt'!cr frwnes H·hcrc acces.\· ro thc outer side o(the beam is restricted by existing huilding 
, ludding Thc "l'll'"'"'ilh rhc "'"·erplllle(or the topflange located beneath the.flange can be 
111\lu//,·d ll'llhour r('(¡uiring IIIIHII(iwllon o(lhe s/ab. In the figures shown, the bottom cover p/ate 
i.' n'<'lilngular. wu/.1i2ed sligllllv "·idcr rhanlhe heamflange to allow downhandfil/et welding of 
th<· jurnr hefH·een thc 1\\'o pl(lfn . ."únne coJ?figurations using triangularplates at the hottom 
¡/unge. SJJ1lflar to !he rop /lange ha\'1.! u/so heen te.•;ted. 
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Designers usmg this dctail are cautioned to be mindful of not making cover plates so thick 
tlwt excess!ve/v /argc welds of the beamflange combina/ion to columnflange resu/t. As the 
col'CrJ'Iates.mcrease in size. the'weld size must a/so in crease. Larger welds invariably resu/t in 
greater shrinkage stress es and mcreased poten tia/ for cracking prior to actua//oading. In 
iiddilloll. larger ,,-e/ds wi/1 /ead lo larger heat affected zones in the columnflange, a potentially 
hri!lll' urea 

1 'c¡jorma11ce is dependen/ on properlv executed girder flange welds. The joint can be subject 
tu tlml/lgh-tlucklless /áilures 1nthe columnf/ange. Access to the top ofthe topf/ange requires 
,¡,.ll,ulllwll of the <!xisllng slah. Access to the bottom ofthe top flange requires overhead we/ding 
und mm he pmhlematic.for penmeterfi·ames. Costs are greater than those associated with 
llf'l" oach<!.l that mncell/rate mo<lifications on the bottomflange 

1:'.1·1"'' lmenral Results: Six of e1ght connections tested by the University ofTexas at Austin were 
11hlc tu achie1·e plastic rota11nns of'at/east O. 02 5 radians, or better. These tests were pei.formed 
u,·ing hean' co/umn sectwns which fárced nearlv al/ ofthe plastic deforma/ion in lo the beam 
¡•ltfl·tic /unge: l'L'IT Jiu/e co/umn panel znne de(ormation occurred. Strength loss atthe extreme 
/, ... ,.¡, o/ Jilasuc mration df{/ no/ reduce theflexural capacity to less !han the plastic momellf 
, '"! '"1'111' o/ rhc s<!ction hased on mimmum specified yield strength. One specimen achieved 
¡•/t~,·uc mtallom· o(0.0/5 radwns when a hrillle fracture ofthe CJP weld (type W2failure) 
, "nfl'lnl. Tlus maF par/[([1/v he the resulto( a weld that was ·not executed in con(ormance with 
¡/¡,· Sf'Ct:l(icd "'clding procedure specification. The second unsuccessful test specimen achieved 
l'''"·uc rotarions o( O. 005 radwn when a section ofthe column flange pulled out (type C2 
/tfllun_'). The successfit! tests H·ere termina red either when twisting ofthe specimen threatened to 
dullut:.:,c !/[(' lcst scflfp or tlzc IIWX!IJilllll stroke o{the /oading ram was achieved. Smce the 
é''.!l'J'h'll/111 of rlwttes/111" a 1111111her o(addiliona!téyts have been perfórmed. Data fár 18 tests 
uvludu!!; t/f()se !Jcrfimned hv En"elhardt ami rderenced above are in the public domain, Al 
!t'USI 1' orhcr tests lun·e heen verformed on hehalfofprivate parties however the data from 
!Üt'S<' !csf.\ are no! avtulah/e S'ome of'tiW,\'e tests~hibited premature ú·actures. 

[)¡twlfl!afln' Rcsult.\: No. o! .\pectmens tested: 18 

Cm/er Sce. W21 x n8 to WJ(¡ x/50 
Column S¡zc · W 12 x 1 O(¡ In W 14 x 455. 81ld 12~ 

Plastu· Rotal ion aclueved-

G G 7 4 Upstanding Rtbs 

(i 13SJ1ecimens: >.025 radian lo 0.05 radian 
+oi_SjJecimen0__: 0.005 < eº<. 0.025Q.Ql5, athaJl 1CJ4íJ.faih .. ·c) 
+!__Sj)(Xllllen0_: O. 005 radian ¡<OJ&i!w e;' 

Tllcn: are llll m o di licatJons to the Gutdelines or Commentary of Section 6.6. 7.4 at this time. 
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6.6.7.5 Side-Piate Connections 

There are no modificatiOns to the Guidelines or Commentary ofSection 6.6.7.5 at this time. 

fi.f\.7.6 Bolted Brackets 

l·k:tn• bolted brackets. tncorporating hwh strength bolts. may be added to existing welded 
,., >llncct 1ons to provide an a\ternat1ve load path for transfer of stress between the beams and 
u>lumns. To be coinpatib\e with existing we\ded connections. the brackets must have sufficient 
<trc·nuth and rl!.'lditv to transfer heam stresses with negligible deformation. Pre-tensioning ofthe 
h<>Its llr thrcaded rods attachinu the brackets to the column flanges and use ofwelds or slip
critical cllnnectlllllS hetween the hrackets and beam flanges can help to minimize deformation 
uudcr load. Rcmf01cement ofthe column flanges may be reguired to prevent local yieiding and 
c·xcesS~ve deformation ofthese elements. Two alternative configurations. which may be used 
c'Jther to repa1r an existim: damac:ed. welded connection orto reinforce an existing undamaged 
conncctJon are il\ustrated in Fir:ure 6.6.7.6-1. The developer ofthese connections offers the 
hrackcts tn the form of proprietarv steel castings. Severa! tests ofthese alternative connections 
h:l\·c he en perfonned on specnnens with beams ranging in size from W 16 to W36 sections and 
\\'Jth larr:e plastic rotations successtullv achieved. Under a nroject jointly funded by NIST and 
.'\!S C. the use of a sm<>Je bracket at the bottom flange ofthe beam was investigated. It was 
dctcrn)Jned that sumiticant nnprovement in connection behavior could be obtained by placing a 
. ' 
h1 :tckct at th.: bottom beam !1<\nge and by replacing existing low-toughness welds at the top tlange 
wJth tou!lher material. NIST /91)8 nrovtdes a recommended design nrocedure for such 
~Pnns,:ction modilicat10ns. 

1 ¡, •. ,,<:11 ¡, .. 111c.1: Thc mncepr o( holred hracker connections is similar lo that o(! he riveted "wind 

'"""''"""" 1 ·· miii/1/0II/v insralled in steel fi·ame !Jllildings in the earlv twentieth centurv. The 
fil'lll!un· di((acnce is r/wt rhe m·crcd "·ind connections were tvpicallv limited in strength either ·· 
h1· flexura/ rteldinv n(outstwulm!! {/unges o(the hrackets. or shear and tension on the rivets. 
ruiher 1/wn '"' (/exlfra/ hingill!! o(rhe connecred (i'aming. Since the o/d-stvle wind connections 
,.,11/d nur rmim/!J· dn-eloe the flexllral strel1!:fh o(the rrirders and also could he quite Oexihle, 
tllt'\' 11 uu!d he' dasstlied e1ther os partial strength or oartiallv restrained connections. Following 
t!~t• iVorrhridve earthquake. 1/u.: concevt o(desú:ningsuch connections with high strength bolts 
tf!u/ ht'U\T nlarcs. rn heha1·c as fitllv restrained connections. 1-vas developed and tested by a 
.'ll"ll'ttfl' !Ntrfl' 11·hu has applu·d fiH· natents on the concept o(using steel castings for this purpose. 

l!o/r,·J hmcker Cll/lllecr¡ons ca11 he lllstailed i11 an existing building without field weldinf!. Since 
rhi1 reduces rlw risk o( collsfrucrinll-llllluced (irc, hrackets mav he instal/ed with somewhat /ess 
c/1 ·mu/lf¡nn u/ e.\"/_,·tim; architectural /ea tu res !han with welded connections. In addition. the 
yuulitr a,_,w·wlcc is.,ues rela1ed to tield weldim: are eliminated. However. the (ahrication ofthe 
hn/('kt't.' !lu·msch·cs dnes reauire aualt!v assurancc. Ouahtv assurance is also required (or 
'.'/'>TUI/ol/1 rc/arnl ro rile dnllin\' o( holr holes ({Jr installation o(holts, sur(ace preparation o( 
0_!\'fll<.: \'/trian·., amllnr instalfatum and tenswninr: o(the bolts themselves. 
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Fioure 6.6.7.6-1 Bolted Brackct iVIoditication 

/fu/red huiCkcts can he u sed lo repair damaged connections. lfdamage is limited to the heam 
jlun<:c tu culumn 1/an<;e lfefds. !he dallzar;ed welds should be dressed out bv grinding. Anv 
,·rtv/111'-! fractures 111 hase mela! shou/d he repaired as indicated in Section 6.3, in arder lo 
r!'.\for(' thc srrength o(the danwr;ed mcmhers aJl(/also to preven! r:rowth o(the fractures under 
!.'!.!JIIIt'd su , ... ,s. s·fllce f"('f)(llrs to hase metal trpical/v require cuttinf! and we!ding. this reduces 
.ql/1/t'll lllt!tflt..' adrantuc¿es cired ahovc. \l'lfh regard to avoidance o(field we!ding. 

hncmll<'lllcil Rcsul!s. A senn o(lests 011 severa/ d¡((erent confir;urations o(proprielarvheavv 
¡,,¡¡,·e/ hmckel Cl!ll/leclions ha ve hee¡¡ performed at Lehir;h Universitv (Ksai & Bleiman. 1996) lo 
uuu!t(r !hes!! connccltons !or use in repair and modification applications. To test repair 
unulrcaflnns. hruckets \U' re ulaced onlv on the hnttom beam flange to simulare installations on a 
e un!fccuon 11·/rere the hottom flwl!!<' weld in thc orif:inal connection had (ai!ed. In these 
'lh'CIIllcns. hol!om flan¡¿c H·e/ds H·ere notmstalled to approximate the condition o[ a ful!v 

/J ele! u red 1n'ld Tiu.: too llaw¿c ~t·elds o(tlrese soecimens were made ..,vith electrodes rated for 
nnr1 '11 tol/L'Iurc.\ '· tu urcclude urenwture fai/un' o(the specimens at the top flanr:e. For 
:JI¡'c'I!IIC!Is 111 H'htch hrackets \\'L'I'C olwxd at hoth the top and hottom beam flanges. hoth welds 
~~ ,., ,. om1'ued .·lcceprahlc ulastic rotations H·en:' ltchieved (or each o(the specimens re,vted. No 
l<'.11in-; /w.1 \'el heen¡Jctlimned lo dc!amine !he ef(ectiveness o(holted brackets when applied lo 
'"' ('_\1\llllt.: undanw!!cd co11nectwn 1\'tth tul! penetrarion beam flange to co/umn flange welds with 
/u11' Juut;hne.\.\ or \'lf!Jll'/inulf dc!cct.\ or dt.\COilltmulles. 

Ouanfilafn·c Resu/1.' No. n(s/)ecimens tested: 8 
(iinlaSi:e: WJ6x40and W36x/50 
Colnmn Si::e· Wl2x65 and Wl4x425 
Plaslic Rl!/al/on achieved- 0.05 radians- 0.07 radian.\· 
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WORKING DRAFf - Th1s documenl has heen produced by the SAC Joint V enture for the purposes of prehminary 
1 cv~~.:w and cnordmation hetwecn mcmhcrs of the project team. Information presented is known to be mcomplete 
.tnd in ~ome cases crroneous. Thi~ documcnt should not be used for attribution, nor as the basis for engineering 
tJ¡__'L L\IOilS 

Ohservation of damage sustained by buildings in the Northridge Earthquake indicates that 
,., >ntrary to the in tended behavior. in rnany cases brittle fractures initiated within the connections at 
verv low levels of plastic dernand. and in sorne cases, while the structures remained elastic. 
Tvpicallv. hut nol always. fractures initiated at, or near, the complete joint penetration (CJP) weld 
lrc-t" e en the be a m hottom tlange and eolumn tlange (Figure 1-1 ). Once initiated, these fractures 
JW<>,rc·s,ed a long a number of different paths. depending on the individual joint conditions. 

¡V-
¡..-cotumn tlange 

Fused zone 

. • K Beamf!ange 
• • • • 

~ / ~ • • 

-- .~ 
\Backmg bar 

Lv- .!'-
'Fracture 

Figure 1-1 - Common Zone of Fracture Initiation in Beam -Column Connection 

In ,ome cases. the fractures progressed completely through the thickness of the weld. and if fire 
pmtecl!ve fimshes were removed. the fractures were evident as a crack through exposed faces of the 
1Wld. or thc mctaljust behind the weld (Figure l-2a). Other fracture pattems also developed. In 
""ne """'· the fracture dcvelopecl into a crack of the column flange material behind the CJP weld 
1 Figure l-2h). In these cas"'. a portian of the column flange remained bonded to the beam flange, 
hut pulled free frnm the remainder of the colurnn. This fracture pattem has sometimes been termed 
,, ··di' ot·· ur ··nugget .. fa dure. 

A lllllllhcr or fractures progressed completely through the column flange. along a near 
iJ<Jnzontal pbnc that aligns approximately with the beam lowerflange (Figure l-3a). In sorne 
"'-'e'. the.,e rractures extended into the column web and progressed across the panel zone Figure (l
_1hi. ln,·cstigators ha ve reponed some instances where columns fractured entirely across the 
;o..LTl\011. 

a. Fracture at Fused Zone b. Column Flange "Divot" Fracture 
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WORKING DRAFf - Th1s document has been produced by·the SAC Joint V enture for the purposcs of preliminary 
tL'Vtew ami ..:oordtnatlon betwccn mcmher.s of the project tcam. Information presented IS kno\l/11 to be incomplete 
.md 1n :-.omc ca!>CS crroncous. Thts dm.:ument should not be used for attribution, nor as the basis for engineering 
tk'li\IO!b 

Figure 1-2 - Fractures of Beam to Column Joints 

a. Fractures through Column Flange b. Fracture Progresses into Column Web 

Figure 1-3- Column Fractures 

Once such fractures ha ve occurred. the beam - column connection has experienced a significan! 
¡, '" of fkx ural rigidity and strength to resist loads that tend to open the crack. Residual flexura! 
st rc·ngth ancl rigidity must be developed through a couple consisting of forces transmitted through 
thc rc111a111ing top tlange connection and the web bolts. However, in providing this residual 
strcngth and stillness. the bolted web connections can themselves be subject to failures. consisting 
',f fr.Icturing of the welds of the shear plate to the column. fracturing of supplemental welds to the 
l•c,lln "·eh or fracturing through the weak section of shear plate aligning with the bolt holes (Figure 
1 --+ ). 

Figure 1-4- Vertical Fracture through Beam Shear Plate Connection 

De,pitc thc obvtous local strcngth tmpairment resulting from these fractures, many damaged 
lntddings did not display oven stgns of structural damage, such as permanent drifts, or damage to 
'Irchitcctural elemcnts. maktng reliahle post-earthquake damage evaluations difficult. Until news of 
thc discovcry of connection fractures in some buildings began lo spread through the engineering 
comrnuntty. it was rdattvely cornmon for engineers to perform cursory post-earthquake evaluations 
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\VORKING DRAFf - Th1s documcnt has been produced by the SAC Joint V enture for the purposes of 
p1 .. ·lim1nary rc\'icw and cmlrdinatJon betwcen members of the project team. Infonnation presented is known 
h 1 he tncumplctr.; ami in ~o me cases erroneous This document should not be used for attribution. nor as the 
h:t'.J" l\11 cngtncning dcciswm. 

3.4.1 Welded Unreinforced Flange (WURF) 

This sectton provides guidelines for design of unreinforced, welded flange 
mnnections. These connections utilize complete joint penetration (CJP) groove welds. 
with tmprovements over those used prior to the Northridge earthquake, to join beam or 
g it dcr flangcs uirectly to column tlanges. In this type of connection, no reinforcement 
othct than wcld metal. is used to join the flanges. Web joints for these connections are 
C.IP \\"elcled. This type of connecuon should be used only for OMF applications. when 
'Ltch svstetns are pennitted by the building code. or when factored drift demands 
prcdtcted lw structural analysis. conducted in accordance with Chapter 4, can be shown to 

he lo\\·cr than thc product of <!>,8,. where 8, and <jl,, respectively are the values indicated in 
Tahks .1-:2 and 3-3 for connection drift capacity and capacity reduction factor for the 
appropnate performance leve l. Figure 3-4 provides a typical detail for this connection 
tvpc. These connections should he designed in accordance with the guidelines of this 
~CClhHl. 

~ 

1 

Figure 3-4 - Typical Detail - WUF Connection 

Tahle 3-3- Pre-qualification Data WUF Connections -
.\¡1pl11.:.thk ... ~~t..· m.., OMF 

l't .. ·-qu.dtlicd Dntt :\nglc C.tp.1c11y 0.02 radtan - collapsc prevention 
0.015 r~a.han- tnc1picnt damagc 

( . :q l,\l'\ 1 ~ R .. ·dul'liUII F.tl'tnr o O (1 - coll.lp~l' pr~.:vcnlion 

O q - lllCIJ11l'nt damage 

lllllgl' hll,l\1011 dl~lalll'l' \, d/2 

,\l.!\111\lllll hc:un ..,¡;,e \\'36 '\ 1511 

Bc.un i\J.¡t..·nal AJ6. A5T2. Gr 50. A913 Grade 50. A992 

( .( l\\.'1 l'l.tll' i\l.liL:l!.d f\'l1mmum ~pcnficd yield strength equal or larger than that specified 
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prclumnary rcv1ew and coordmatton between members of the project team. Information presented is known 
to he incnmplcte anJ 111 some cases erroneous. This document should not be used for attribution. nor as the 
h:1si-> tix cnginct:ring dec1sion~ 

M~elugan. non e of the specimens acluel'ed drift ang/es in excess of 0.025 
ra di l 111.\·. 

3.4.2 Welded Cover Plated Flanges (WCPF) 

Tlm ;ection pro vides guiddines for design of welded cover plated flange 
c·unnccuuns. These connections utilize complete penetration groove welds, with 
llllpn>vcments over those used pnor to the Northridge earthquake, to join beam or girder 
rlanges and top and bottom flange cover pi ates directly to column flanges. Web joints for 
thcse connections are welded. This type of connection should be used only when 
illelastlc rotal ion demands can be shOWD to be lower than value indicated in Table 3-4. 
F1gure 3-5 provides a typical detail for this connection type. These connections should be 
deSJgnecl in accordance with the guidelines of this section. 

rs 
Figure 3-5 Typical Detail WCPF Connection 

Tahle 3-4 Pre-qualification Data for WCPF Connections 

.-\¡1pi!L.thk ·"Y"Il'lll" OMF. IMF. SMF 

l'lo..·~qu.t)Ifll.::d D1lt! Anglc Capauty 0.04 radian - collapsc prcvention 
0.015 radian- incipient damage 

( ':tp.tcl!y Rcdth.'\IOll F:u:tol O 0.75- collapsc prcvenuon 
0.9- mcipient damagc 

1-!Jn~c luLaiHlll dt:-.taJKt: :--,, d/2 + 1, + d/4 

¡\·l.l\imum hcam :-.iZL' W36 X 

lk.ttll i\t.ncnal A36, A572. Gr. 50. A913 Grade 50 or 65, A992 
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:>.l.t\ltnum column ~izc unlimned 

c~~lunw Siccl Grade~ ASTM A-572, Gr. 50. ASTM A-9!3, Grade 50 or 
65, ASTM A-992 

1 '.me l t.onc lo Be a m :.trcng:lh ratio ro be determmed 

C (llumnlo Bcam :.Jrcngth ratw co be detemlined 

3.4.2.1 Procedure for Sizing Cover Plates 

CO\·er pi ates for this type of connection should ha vean atea of about 'l4 of that of the 
hLam flangc. 

3 4.2.2 Procedure for Sizing Shear Tabs 

Shear tahs for this type of connection should be sized with mínimum thickness, bolts 
,tnd we lds to the columns. as required to resist erection loads. The shear tab serves as a 
hacking for the CJP web weld and therefore. it should be continuously fillet or groove 
\\eldcd on the side away from the CJP weld. 

3 4 2.3 Procedure for Weld Sizing 1 Weld Configuration 

<<<<< to he developed >>>>>> 

3 4.2.4 Continuity Plate Sizing 

Cont i nuity PI ates shou Id be sizecl using the guidelines of Section 3.3.3.1, considering 
thc heonn flomge thickness to he equal to the thickness ofthe combined flange ancl cover 
platc. 

3.4.3 Welded Flange Plates (WFP) 

3.4.4 Reduced Beam Section (RBS, or Dog Bone) 

Thi' scction prov¡c\es guidelines for design of type FR reduced beam section 
umnec1ions. These connections utilize circular radius cuts in both top and bottom 
rian~c' to reduce thc flangc arca o ver a length of the beam near the ends of the beam 
'!'"" \Vcllb are complete penetrauon groove welds, with improvements over those used 
pnor to the Northndge carthquake. to join heam or girder flanges directly to column 
1 langc.s. In th1s type of conncct¡on. no reinforcement other than weld metal, is u sed to 
joín the f\anges. Web jomts for these connections are welded. This type of connection 
slwuld he used only when drift angle clemands can be shown to be lower than the value 
indic·atcd in Tablc 3-6. F1gure 3-7 provicles a typical detail for this connection type. 
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Figure 3-6 Typical RBS Connection (Ref Englehardt) 

Table 3-5 Pre-qualification Data for RBS Connections 

-\ppltcahlc ~ystcm~ OMF. IMF. SMF 

PIL'-qu.dii'Jcd Dri!'t Angle Capacny 0.04 radian- collapse prevention 
0.015 radian- incipient damagc 

C:lp.tuty Rcducllllll Factor 4J 0.85 - collapse prevention 
0.9- incipient damage 

Htn~c IPLalion distancc ~~~ Center of Col. lO Center of Reduced Scct. 

¡\\.t\lllllllll hc.un ~izc W36 x 194 (Largesl Tested) 

1-k.tm Stccl (IJ.Itk:-- ASTM A-572. Gr. 50. ASTM A-992 

i\\.i\1!llt1111 C(liUill!l ~IZC unlimited 

Ctllumn St~.:~.:l Gtadc.-.. ASTM A-572. Gr. 50. ASTM A-913. Grade 50 or 
65. ASTM A-992 

l'.m~.:l /OilL' to Bc.un ~trcngth r.lltu to be determined 

(',dutnn tu lkam :-111.'1\gth r.ttto to be derermined 

3 4 4 1 Procedure for S1zing Section Reduct1on 

Fi;!urc ~-7 s!Hm·s the geometry of a radius cut RBS, and Fig. 3-8 shows the en tire 
llHllllcllt frame heam. The designer should seiect the dimensions a and b according to the 
[¡¡Jlp\\'lll,S _suH.klines: 

{/ = (0.5 ((} 0.75) "' (3-4) 

" = (0.65 {(} 0.85) d (3-5) 
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where h1 and d are the beam flange width and depth respectively. 

The remcuning dimension that must be chosen when sizing the RBS is e, the depth 
uf the cut. The value of e will control the maximum moment developed within the RBS. 
;¡mi therefore will control the maximum moment and shears generated at the face of the 
column. The final dtmensions should be chosen so that the maximum moment at the face 
u!' thc column is in thc range of about 85 to 100 percent of the beam's expected plastic 
momcnt. The value of e should be chosen to be less than or equal to 0.25b1. 

The radius of the cut R can be related to dimensions b ande based on the 
gcometry of a ctrcular are. using the equation in Fig. 3.8. The amount of flange material 
"htch is removed at the minimum section of the RBS is sometimes referred to the 
¡wrcclll flangc remo\'{// which is computed as (2c!b¡) x 100, where b1 is the unreduced 
thnge width of the beam. 

Once dimensions ha ve been selected based on the above guidelines, calculations 
"" ng standard mcthods of strcngth of materials and the general guidelines given in 
,cction' .1.2 and 3.3 ahove can he used to verify that the required condition for maximum 
tnumcnt at the column face 1s met. 

r' 

i= 

F= 

L... 

4cl + b2 
1 R = rad1us of cut = --
, Be 

; 
________________ _.~ 

a b 

Fig. :1.7 Geometry of Radius Cut RBS (Ref. Englehardt) 

r-
<¡_ RBS w = unilorm beam grav1ty load <¡_ RBS 

' ' ' ' ' ' ' ' ' ' ; ; 
' ; ; ; ; ; ; ; ; ; ; ltf==: 

1= :. a D b a 
' ; ~1- - l' = d1stance between centers of RBS cuts a+-º-2 L,-

1 

L = d1stance between column centerl1nes 

F1g. ).X Typical Moment Frame Beam with RBS Connections (Ref. Englehardt) 
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··vmua!IY al! momem cmmectians that dissipate energy by 
vieldmg of rhc heam are suhject to varying degrees af beam 
insrahihr.- at large lcvels ofinelastic rotation. This is trae bothfor 
reinforced cmzncctwm (cover piares, ribs, haunches, etc.) andfar 
RBS connecrions. This instabi!ity general/y invalves a cambination 
olflange lmck!mg, weh huck!ing and lateral tarsianal buckling and 
rvpicallr results in a deteriorarian in thejlexural strength afthe 
hewn wirh incrcasing ine!astic ratatians.Jn·the experience ofthe 
\\TÍ ter. rhe degree of insrahi!itv and assaciated strength 
dererioration fár RBS connectimzs tested in the /abaratar\' have 
heen no 111ore st'\'ere, and perhaps somewhat less sevcre thanfor 
nwnr rvpes of reinforced connectians. This is demonstrated by rhe 
connection test results slunvn in Fig. 8. 

Cover Plated Connect1on 

RBS Connectlon 

-6 -4 -2 o 2 4 6 

Displacement (inches) 

Flg.3-8- Com¡){[nson of'Test Resulrsfor Caver Plared and RBS 
e.( 11111 e e f i (}JI.\ 

Thi., jlgure ,·J¡m,·., ti plot t~f hcam tip load versus beam tip displacement 
for 11m diffnenr re.1t Sfl<'< imens ( Ref'·- 2 and 15). These twa specimens 
11·crl' l'irtually ulcntical. except (or the connection detail. Both specimens 
11·erl' construct('{/ H'ilh thc sume memher sizes (W36xi50 beam and 

• \FI.Jvl2ó e olumn) wul heats of sree!. wzd tested in tlze same test setup witlz 
idcnlicalmemher len.r.:ths. identu:almember end su.pport conditions, and 
it!cntwallateral hraclllg. Both spccimens were subject to the same loading 
hislory. The only d{tf(•rence Iras tina o11e specimen was constru.cted with a 
e o1·er plared conJu'cttml uud rhe other n·ith an RBS connection. Both 
''ln'cinu'IIS \\'ere prol'ided \\'tlh a single beam lateral support near the point 
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3.5 Pre-qualified Bolted FR Connections 

Thi' 'ection pro vides gUJdelines for four specific types of bolted, FR, MRSF 
cunnections suitable for different member sizes and with varying inelastic rotation 
c·apah!lities. as indicated in Table 3-6. Depending on the rotation capacity required for 
!he moment frcune type being u sed and the member sizes needed, the designer may select 
:1 :--unahlc conncction from thc table. 

Tahle 3-6- Pre-qualified Bolted FR Connections 

Connct:ti1m Critcria Framc Type Incipient Damage Collapse Prevention 

T.' pe Scctiun 

Drift Angle Reliability Drift Angle Reliability 
Factor Factor 

<1> <1>. 
lJ[I' 3.5.1 OMF 0.02 0.9 .06 0.6 

d <'-r· 
flEI' 3.5 1 IMF 0.03 0.9 .07 0.6 

d <1 ~ .. 

WFPBB 3.5 2 OMF 0.02 0.9 .06 0.75 
d <'_¡·· 

WFPBB 3.5 2 IMF 0.03 09 .06 0.75 
d <IS .. 

13ll 3.5.3 ProprietaD-' connection ' 
1- SpL·ctfiL. qual!fJC:ltlon data for proprictary conncctinn:-. is not provided by these Gmdelines. Rcfcr to thc licenscr 
f~ lJ :-p .. -c11 ic ml ( mnation on thL' applicahi lit v of thc.sc connection types to various framim! svstcms. 

3.5.1 Bolted End Plate (BEP) 

<<<<<tu he developed >>>>>> 

3.5.2 Welded Flange Plates with Bolted Beam (WFPBB) 

Th" ,ccllon provides guidelines for design of connections utilizing plates welded to 
column flanges and holtecl to heam flanges. The flange plates are welded to the column 
t'langc uslllg CJP welds follow111g !he recommendat1ons given in sections 3.3.2. 1 through 
_; _; 2.5. Thc· tbnge pi ates are holiecl to heam tlanges following the recommendations of 
'cc\J<>Il' _; __ ; __ ;_¡ and 3.3 .. '\.2. A detail ofthis type ofconnection is shown in figure 3-11. 
ThL· rtgurc al ... u ... how:-- \·ariou~ dimension"i and nomenclature which is used in the design 

pr<>cnlurc 1\'hich fullows. Table 3-7 presents the range ofpre-qualification for this 
l'lllllll'l·tion IYJ1L'. 

3.5.2 1 General Design Procedure 

Thc heha,·ior of this type connection can be controlled by a number of different 
mude, lllcluding tlexural yielcling of the heam section, flexura! yielding of the cover 
platc,_ ncl-,ection tensile failure of the heam tlange or cover plates, shear failure of the 
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Table 3-7 Pre-qualification Data for WFPBB Connections 

.-\pplic.1hk .-.ystcm~ 

Plt..'-qu.lltt.tcd Drift Angle Caracity 

Hingl..' luc.tl!on J¡,t,mce \ 

;>.\:t\tmum hcam -"1/:C 

lk~tm ivl.tlcnal 

]'],JIL' !',.i.UL'll.d 

\l.t\tlllU!ll colurnn :-ID.' 

l'tlllllllll i\·latL·nal 

P:lllL'I/tlllL' tu B~.un '>lrcngth rallo 

Ct1lumn lo l·kam '>lrcngth rat1o 

-- d,: ~--

Mode l: OMF, IMF. SMF 
Mode 2: OMF. IMF 

Mode l: 0.04 radian - collapsc prevention 
~ = 0.75 
0.015 radian- incipient damage 

$ =0.9 

Modc 2: 0.03 radian - collapse prevention 

$ = 0.75 
0.015 radian- incipient darnage 
<!> =0.9 

Mode l:- S,+S,+d,/2 
Mode 2: - S ,12 

W24 X 94 

A36. A572. Gr. 50, A9!3 Grade 50 or 65. A992 

A36. A572. Gr. 50. A992 

unlirnited 

A36. A572. Gr. 50. A9!3 Grade 50 or 65. A992 

to be developed 

to he de~'C!oped 

!'\ = Total Number of Bolt!> 

L= Beam lcngth between 
far.:e~ of columns 
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~ ~ 

1 
9 

"" 
V 

Figure 3-13 Bolted Bracket Connection 

3.6 Pre-qualified PR Connections 

Tlm 'ection provides guidelines for pre-qualified Partially Restrained (PR) MRSF 
,.,Htncctíons su1table for different member sizes and with varying inelastic rotation 
capahilíties. "' inchcated in Table 3-8. Depending on the rotation capacity required for 
Jite mo1ncnt frame type being used and the member sizes needed, the designer may select 
" ""tahlc connection from the types described in the following paragraphs. If a 
,·onncction type other than one of the pre-qualified connections is to be used, it should be 
qu:!lil.icd hy test' a' described later in thís section. 

Table 3-8 - Pre-qualified Bolted PR Connections 

Cllllllcl.:tilm Typc Criteria Frame Incipient Damage 

1 
Collapse Prevention 

Section Type 
Drifl Angle- Reliability Drift Angle - Reliability 

Incipient Factor Incipient Factor 
Damage <!> Damage <!>. 

llST _:; 6.1 IMF · .08 0.75 
d ;:::30" 

11~;r 3.() 1 SMF .10 0.75 
d .. <'-r 

STC 3 6 2 
d <30" 

STC 3.6 2 
d <'-f'' 

SLC 3 6 3 
d <.,rr 

SIX 3.6 .. ' O~tF .10 0.75 
d <"'\-+" 

se 3 hA • .10 0.85 
d <~-+ .. 

se 3.6 ..¡_ " .12 0.9 
d.<IX". 
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3.6.1 Double Split Tee Connections (DST) 

This scction provides gllldelines for design of type PR connections employing bolted 
split tcc connectors between the beam and column flanges. This type of connection 
,Jwuld he mccl only when clestgn parameters are within the limitations indicated in Table 
_;_<J. Figure 3-14 pro vides a typical detail for this connection type. The design procedure 
"r thi.s .section .should apply. 

fl-¡-
• • 
~ 

Figure 3-14- Typical Double Split Tee Connection 

Tahlc 3-9- Pre-qualification Data for DST Connections 

\ppl11.:;il'k "Y"lem:-- - OMF. IMF. SMF 

I'IL'-qu,l]¡j 1ed lncld~tlc Rotation Dem,md 0.1 O radian - collapse prevcntion 

~ = 0.75 
0.03 radian- incipient damage 
<1>=09 

ll1n~e J,ll.·:ttl(lll di.'>lancl' ...,,, dJ2 

.\l:t.\lllllllll hl'.!lll "ÍZl' W36 X !50 

lkam ¡\l.tlt.'ti.tl A36. A572. Gr. 50. A913 Grade 50 or 65. A992 

\l:t\IIHUHl column :-.1/.L' unlimited 

C(1lumn f-.l.ttL·nal A36. A572. Gr. 50. A913 Grade 50 or 65. A992 

C\HlllL'Lti!m Sutfnl':-.'- IOEIIL, 

C(l!HlL'L'llílll S!lt.'llgtll (lractton ot Bcam rvt) 30% 
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recommendations ll'lth regard lo evaluating the perfonnance of 
1 1m1st ructu ra! componen ts. 

4.2.2.1 Structural Performance Levels 

Twn di,crete structural performance levels are defined in these guidelines . 
. -\cccptance cnteria. which relate to the penmssible earthquake-induced forces and 
dei""rmatinn' for the various elements of MRSF structures, are tied directly to the 
structural performance levels. The performance levels are discrete damage states for 
wh1ch \pecific acceptance criteria are defined. 

Structural Performance Le veis are the Incipient Damage Leve! (S- 1 ), and the Collapse 
Prcvclll Leve! (S-5). Tahle 4-2 relates these structural performance levels to the limiting 
d;unagc states for common vertical elements of MRSF structures. Later sections of these 
Cuidelines spec1fy design parameters (mter-story drift ratios and componen! capacities) 
rLT"mnlcnclecl '" limiting v·alues for calculated structural deformations and stresses for 
dillcrent structural components. in order to attain these structural performance levels for a 
knmv n earthquake demand. 

Table 4-2- Structural Performance Levels 

Structural Performance Leveb 

rk·nh_'llh Tvpe Cnllap~e Prevenl!on S~ S Incioient Damagc S~ 1 
(;m,kr Extens1vc di~tort1on. A few girders Minor local yiclding at a few 

mav exrenence fracture places. 
Ctdumn rvtoderate distortmn: sorne columns No observable damage or 

c:-..pcnencc y¡cJdmg. Sorne local d1stort10n 
huckhni! of tlan~~s 

l'tllllh'Clltlll l\.1.tny fracture~ (X% of total ')) No observable fractures: m mor 
.md/or cxtcn..,ivc vielding vielding at sorne connectlons 

l'.ilh:l Zoth.' Extcns1vc di\tortion M mor dJstorlion 

l'tl[ll!llll :,p[ILL' Duculc Fracture~ at sorne locations No yielding 

SrhLc" 
H,l\L' Pl.ttl' 

1 

Exten~!\'C y1cldmg uf anchor bolts No observable damagc or 
and ha~c platc di~tortlon 

1 )¡¡Jl In ter -\\01) 1 Ylr -6tfr dt:pending un structural 1% ~ 1~1/2% transicnt 
\\'\IClll neglit,iblc permanent 
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4.2.2.1.1 lncipient Damage Performance Level (S-1) 

Structural Performance Leve! S-1. Incipient Damage, means the post-earthquake 
dcunagc state in which only very limited structural damage has occurred. The basic 
,.cTtical ancl lateral force-resisting systems of·the building retain nearly all of their pre
canhquake strength and stiffness. The risk of life-threatening injury as a result of 
,tructural clamage is very low. and although sorne minor structural repairs may be 
appropnatc. these woulcl generally not be required prior tci re-occupancy. 

4.2.2.1.2 Collapse Preven! Performance Level (S-5) 

Structural Performance Leve! S-5. Collapse Prevention, is that performance leve! in 
whtch the structure is on !he verge of experiencing partial or total collapse. Substantial 
clamage to the structure has occurred. potentially including significan! degradation in the 
'li llne" ancl strength of the lateral force-resisting system, large perrnanent lateral 
dcformation of the structure. and toa more limited ex ten t. degradation in the vertical 
lmd-carrytng capactty. However. all significan! components ofthe gravity load-resisting 
.'I'Sl<:tn must continue to carry their gravity load demands. Significan! risk of injury due 
to falltng hazards from structural debris may exist. The structure may not be technically 
practtcalto repair and is not safe for re-occupancy, aftershock activity could credibly 
induce collapse. 

Coiiiiii<'IIIUJT: \\1he11 u huilding is subjected 10 earthquake ground morían. 
u ¡)(ttf('rll (~/lotera/ dcformatwns tlwt varies lVith time is induced into the 
.\tnu·furl'. Al any gil'en poin1 in time!. a particular state oflateral 
defornwlion H·i/1 c.ris1 in the st1ycture. andas some time within the period 
111 11·/uch tlll' s!rudure is re.\ponding to the growzd motion, a maximwn 
¡)(lllnn of'dcfornwtion wi/1 occur. At relativelv low levels of ground 
11/0lion. thc deforn"llirms ind11ced ll'ithin the building will be limited, and 
thc rl'sulring stresses H'hich dcTelop H'tthin the structural components will 
/"· ll'ithin the clustic mnge olf>elwvior. Within this el as tic range, the 
s!ructure \l'i/1 c.\penc'I/Cl' no damage. Al/ strucfllral components will 
rl'tlllll thetr origuw/ strength. ,\·t~{fi1ess and appearance, and when the 
ground Jlloflon ,,to¡Js. rlw stnu:ture u·ill return to its pre-earthquake 
cnndirinn 

.'\fn¡ore Sl'\'('/'(' h'l'ds of'grormd motion. tlze lateral defonnations 
inducnl inln th(' stnu:lurc ll'ill he larger. As these deformations increase . 
. w 11·i// denwnds 1m t/11· i/1(/i\·Íihw/ structural components. At different 
h'l't'l.' nf' d(:fornwtion. corresponding ro dijjérent levels of ground motion 
\'t'\'criry. tJI(/i\'ldtta! com¡wncnts t~/ thc stru.cture will be strained beyond 
1heir e/ast1c runge. As this occurs. the structure starts to experience 
dunwg1' 111tlwjánn of hudling. nelding andfracturing ofthe various 
t onr¡}(J//('IIts. As coiiiJHI!Il'llts hecome dwnaged. they degrade in stiffness. 
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u1ul some e/ements \\·t/1 hegin to lose their strength. In general, when a 
·' t mcllll'<' has resl"mded to f(round nwtion within this range of behavior, it 
\\'111 not re tu m to its pre-earthquake condition when the ground motion 
stops. Some pemwnent deformatimzmay remain within the structure and 
dwllilge \\'i/1 he e1·identthrouglwut. Depending on how far tlze structure 
lws '"'''" deformed. a/1(1 in \\'hat¡wttem, the structure may have lost a 
.1igni{iml1l amo1111l of 1ts original stiffness and, possibly, strength. 

Urirtlc e/ el/len t.\ are notable to sustain inelastic defarmations and ~vil! 
fui/ .wddenh·: the conscciii<'IICes mav range from local and repairable 
dunwge lo wlla¡>se of the of' the stmctural system. At higher levels of 
ground nwtion. the lateral deformations induced into the structure lvill 
str(lfn u nwnher r~f'elements toa poilll at which the elements behave in a 
lnillle numncr. oras a resulr of rhe decreased overall stiffness, the · 
s1mnuu· lose.1 stuhilit\'. E1·emuallY. partial or total collapse ofthe 
s1mcrun· wn occur. The srmcturalpeifonnance levels relate the extent of 
u lnulding ·.,. re.''J"IIlse ro earrhquake hccards to these various possible 
du11wge .\·tares. 

Ar 111<' ll/(:ipielll Damage Leve/. dwnage is relatively limited. The 
.\lrttc/urc rerain.\ u s1gni{icunt portion ofits original stiffness and most if 
""'u// o( 11., srrengrh. Ar the Collapse Prevention leve/, the building Izas 
ex¡"·m•nced e.rrreme damage. lf lmerally defomzed bevond this point, the 
slml/111'<' cau npenence inswbilitY cmd co/lapse. FEMA-273 also 
o/i'ludes consideration o(a Li(e Safen·level, intemzediare between the 
dunwgc statcs represcnted hy lncipient Damage and Collapse Preventimz. 
Til<' L1/e Su/él\· i<'l'eils defined in FEMA-273 as occurring al 75% ofthe 
lureml d1splacemenr <ll wluch Collapse Prevention occurs. Given tlzis 
circular definllion of the Lifc Safe!Y leve/, and thefact that the NEHRP 
l'rol·tswns lun·e 11/0\'l'd loH·ards designingfor Collapse Prevention. as 
o¡lfli'sed lo Lifi• SafÍ't\'J>erformwu:e, this peifonnmzce leve lizas been 
nnllllnf (ro1n these guide/ines. 

4.2.2.2 Nonstructural Performance Levels 

"'"'"1n1ctural Performance Le,ds are detlned in these Guidelines for reference only. 
'" 'lkTiflc guiLklinc' are pro,·ided for attammg these performance levels. Refer to 
!'"CM.·\- 2 73 for more detai kd informal ion on the performance design of nonstructural 
cnmpunt:nh and systems. 

4 2 2 2 1 Operal10nal Perlormance Level (N-A) 

Nunstructural Performance Level A. Operational, means the post-earthquake damage 
Sl,llc ul the building 111 wh1ch the nonstructural components are able to support the 
ln11idll\{' intended function. Under this le,el. most nonstructural systems required for 
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normal use of the building including lighting. plurnbing. HVAC, cornputer systerns are 
l'unctional although minor ckanup and repair of sorne iterns rnay be required. This 
performance leve! requires considerations beyond those lhal are normally within the sale 
province of the structural engineer. In addition lo assuring lhat nonslructural cornponents 
ar,· properlv mounted and hraced within the structure. in arder lo achieve this 
perl"onnctncc. it is often necessary to provide ernergency standby ulililies. lt rnay also be 
,,c,·c"arv to performance rigorous qualification testing of the ability of key electrical and 
llll'Chanical cqu1pment ttems to function during or after strong shaking. 

4 .2.2.2.2 lmmediate Occupancy Leve! (N-B) 

Nonstructural Performance Leve! B. lrnmediate Occupancy. rneans the post
canhc¡uake damage state in which only lirnited nonstructural darnage has occurred. Basic 
ctc·cc" ami lik safety systems. including doors. stairways. elevators. ernergency lighting. 
firc ctlarms. and suppression systems. rernain operable, provided that power is available. 
There cnuld he minar window breakage and slight damage to sorne components. 
l'rcsumtng that the building is structurally safe. it is expected that occupants could safely 
remain in the building. although normal use may be irnpaired and some cleanup and 
¡nspccuon m ay he requtrecl. In general. components of mechanical and electrical systerns 
111 thc huilcling are structurally secured and should be able to function if necessary utility 
.se1 vice is avatlable. Howevcr. some components may experience misalignrnents or 
i ntcrnal damage and he moperable. Power. water, natural gas, cornrnunications lines. and 
otltcr utilllte' requtrcd for normal building use may not beavailable. The risk of life
tilrc;¡¡cnlng mjury dueto nonstructural damage is very low . 

. ¡ 2 2.2.3 L1fe Safety Leve! (N-C) 

'ionstructural Perfonnance Leve! C. LifeSafety, is the post-earthquake damage state 
in w111ch potentially significant and costly dam<!ge has occurred to nonstructural 
L"<llllJlnncnts but they have not hecome dislodged and fallen, threatening life safety either 
\\"ithin or outstde the building. Egress routes within the building are not extensively 
hlockcd. hut may he impaired by lightweight debris. HVAC, plurnbing, and fire 
supprc'""n sy,tems may ha ve heen damagecl. resulting in local flooding as well as loss 
"l.l"ctitctt<Jil. \Vhile injuries may occur cluring the earthquake frorn the failure of 
ltllli'Lructural cnmponents. 111s expccted that overall, the risk of life-threatening injury is 
v ,.,.,. 1'"'. Rcstmatton of the non,tructural components may take extensive effort. 

.: 2 2.2.4 Hazards Reduced Leve! (N-D) 

'ionstructural Performance Rangc D. Hazards Reduced. represents a post-earthquake 
d:un,l_!;L' ~tate range in which extensive damagc has occurred to nonstructural components: 
hut largc or heavy items that pose a falling hazard toa nurnber of people such as parapets. 
cladding paneb. heavy plaster ccilings. or storage racks are prevented from falling. 
\VItik isolated scrious lllJUrv could occur from falling debris, failures that could injure 
largc numhers of pcrsons. cither inside or outside the structure, should be avoided. Exits, 
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b!2 1!: 

b/3 

_____ j _____ J.---~------~---

Rccommended test 
location for rotary 
straighlened sections 

'--------CVN 
Specimen 
AJSC- LRFD 
A3-lc 

Fi~ure 5-1 -Standard Locations for Charpy V-Notch Specimen Extraction, Longitudinal 
Only 

Con/JJ/(!/llW~Y: S¡u~qf.'\'lng wughness properties in critica/, unusual or non

redundwll connectio11s should he considered. As tempera tu re decreases or strain 
m te increa.1es. toughness pmperties decrease. Charpy V-notch impact (CVN) 
tnt.l. ¡m·-cmded CIIN tests all{/ othcrfí·acture touglmess tests can identifv the ni/ 

"'"u/in· te111pcrature (NDT)- the te111perature below which a material/oses al/ 
dtll ti/in· and fr(f(:ture.,· in a hrittle lltatlller. On a microscopic leve/. this equates to 
u 1 /wngc in thc fracture 111echanism .fánn shear to cleavage. Fracture that occurs 
h\' clcu\·age lit u JWIIlÍnal !ensile stress he/ow yield is referred toas a brittle 
jrunure. A hriu/efi·acwrc can occur in structural steel when a particular 
( oJIIhuwtlon oj'/mr temperawre. tensile stress, high strain rafe anda 
l!ll'lttf!urgi< u/ or nwclwnical notch is present. 

Plusric dcfornwtion can mrly occur through shear stress. Shear stress is 

J,'l'ncru!nl lt'h('ll wlfaxwl or hi-arial straining occu~s. In tri-axial stress states. 
¡//(· nwxinutnl ,,hear s1rcss approaches zero as the principal stress es increase. 
\\t'//('1/ !hc'SI' stresscs approach equahty. a cleavagefailure can occur. Welding 
und oJI/('r sourccs r~( residual sTresses in combination with yield leve/ seismic 
.<:.:t'IUTtlft'd s1resses can sc!UfJ a sta/e oj'lri-axial stress leading to brittlefractures. 
t/!hl' cunnl'l'Iion is 11ot properly detailed 

Thl' ncccssit\'for mtnim11m wuglmess requirements is not agreed to by al/. 
Tili're ts a/.1o di.wgreen"'lll asto ho11· muc!t toughness should be required. The 
.-\ \FS Prc·.,idl'lltial Task Cmu¡J recmnmetl(/ed minimwn weld metal toughness 
1 ullll'.\ of 20.fi-lh. ur n1rious temperatures. depending on the anticipated service 

< ondtl!o/1.1. For ha.\1' me !al. a tougl111ess of 15ft-lbs ata temperature of70 
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than the materialnotch toughness. the crack will remain stable, and either elastic or plastic 
,k-l.llrmati<lllS "'ill occur. Stress intensity factors greater than the material notch toughness in di cate 
tl1at hrtttle fracture is probable. 

5.5.5 Temperature 

Temperarure and loadmg strain rateare variables that must be accounted for when deterrnining 
11< >tch tllughne" of a maten al. The relat1onship between notch toughness, temperature and strain 
r:ttc h shll\\'ll schcmaticallv in Figure 5-2. Typically, as temperature increases so does notch 
t"uglmess ami as the strain rate increases notch toughness decreases. This general statement is 
c'lltTect pnn·ided a lower transition temperature for notch toughness is exceeded. Similarly. the 
11otch tuughncss increases until a limiting value is reached at sorne temperature and strain rate. 

~ 
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Figure 5-2- Schematic Relationship Between Notch Toughness, 
Tempera tu re and Strain Rate 

5.5.6 Determining Notch Toughness 

< h·cr the year:-.. numerou-. test i11ethods ha\'e been developed to determine notch toughness. 
·\Lul\· ol thcse tests h,l\·e heen de,·eloped for specific purposes. others are more general but also 
ttt<>rc· costlv or ,J¡tlicultto perfonn. Thc Charpy V-notch (CVN) test fulfills severa! functions. 
< h n:tl 1 it is rdati vcly ine~pensiYc and therefore sunable for use as a quality control procedure. All 
'flLTtmeus are tdemicallv tnanufacturcd with only the test temperature a variable. Provided 
ll·;t. .... \ lll;thlc: e are 1.-. eXLITJ:-.ed dunng pnKiucli{m and testing. acceptable test repetit1veness can be 
,<L·cumpltshcd Conversion of CYN data 10 dynamic notch toughness and hence to static notch 
11 lll~llllL'-.;-. ur :-.ome intermcd1ate strain ratc i:-. done using an empirical relationship such as: 

K _ ~SE( CVN) / 
m- lwoo 
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the 20 vears precedmg the 1994 Northridge earthquake, the most commonly employed grade of 
IT.-\ \V -S "ire was the American Welding Society (A WS) designation E70T -4 with properties 
'l'""'l'ed 111 A \V S A5.20: Carbon Steel Electrodes for Flux Cored Are Welding. Tests of this 
pmcluct mdtcate CYN toughness values in the low single digits at 70''F can be expected. At this 
k1 el ol· notch toughne" the critica! defect locatión is now in the weld metal and not the HAZ. 
l.índn thcsc concliuons. any welcl root defect has the potential to become fracture critica] anda 
plltenllal "lltrce 11f brittle fracture initiation. Numerous examples extracted from Northridge 
carthquakc Jamagcd huildings confim1 this scenario. 

Cuii/1111'1/IUIT: The relario11ship herwee11 hvdrogen leve/ and notch toughness is 
1101 cleurlr ulelltl{ied i11 the literature and therefore there is no way to qualltify the 
effect.\ of hwlroge11 011 1/otch toughness. Artificial aging of FCA W weld metal is 
11ot 1/lclwled 111 the A \I'S COIIJ)()II preparation (AWS A5.20-95)for C/zarpy V-notclz 
'""'f'le.l. Arlificial agi11g of tensile coupo11s (pennitted by AWS) tends to decrease 
In,¡, ugc11 ln·ef., wul i11crease ductilirv. Because deposited weld metal in WSMF 
'o11ncctinlls 1s 11nt am/icw/ly uged. rhe use of any FCAW-S filler metal that does 
11ot han· a ·'l'ecified CVN mlues in A WS A5.20 and A5.29 should not be used. 
Li1111l fwlliliarir.- 11·irh a .1pecijic FCA W-S.fil/ermetal is developed, supplememal 
C\IN test111g of as-de¡)()sited weld metal in accordance with ASTM 673 may he 
( tfJJJ rr JfJ ria te 

5.6 Connections Conducive to Brittle Fracture 

5.6.1 Loading Conditions 

In tvpical wclclecl. unreinforcecl heam-column JOints, a critica! state-of-stress occurs at the 
i ntcrl.an: hcrween the be a m tlange and the column tlange under severe rotational loading of the 
c<>nnccuon. Such loading causes tensile stress in the beam flange and also produces tensile stress in 
th,· ,·olumn flange. The same is true for compressive stress in the beam-flange to column-flange 
c<>nnecuon locations. The exact magmtudc of the tensile stress in each flange is than dependen! on 
thc h<eam and column tlangc proportions. The vertical gravity stress on frame columns is usually 
rH>t a srgnificant factor hecause the columns are often sized for drift control under lateral load and 
!lPl 1i.w li\·L· and dead load conditiuns. 

T~·p1cally. for thc~c connt:clJon:-.. a plastic hinge is assumed to develop in the beam adjacent to 
:!te· u>lumn undcr latcr:d luachng. As a result. yield leve! stresses are expected to occur in the 
h,·,rrn llangc amllarge !ensile strcsses below yielcl are expected to occur in the column flange. 
Th,·,e loachng conclllJOns produce a parually restrained stress condition with a high degree of tri
·" ral strc". Therefore. brittk fracture is a possihle result in the presence of defects and low 
rr<>tch toughness material. Connections with hase and weld metal. with adequate notch 
t<>ughnc". ami thc absence of re¡ectablc note hes <>r discontinuities will develop plastic flow 
tvreldingllll the hase metal adpcent to the beam-tlange to column-flange weld and exhibit more 
ductllc heha,·ior. 
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5.6.2 Critica! Connection Configurations 

The loadí ng condítíon and state-of-stress at the intersection of a beam and column has been 
dc,cnhed 111 the preceding section. Based on this information, various connection configurations 
e"" he dc,críhed that are conducive to bnttle fracture before adequate inelastic rotation can be 
'"'l"tned. The orcler in wlllch they are listed generally, but not conclusively, retlect on ascencling 
.1hdlt\' lo dcform llldastically. 

Wclcled FR connections fabricated with low notch toughness weld metal. 
ki'i-in-place backíng bars and significan! workmanship deficiencies. 

\Veldecl FR connecnons fabricated with low notch toughness weld metal. 
but \\'Íth backing bars removed and with welds reinforced with large overlays of 
hígh toughness weld metal (Simon- 1997). 

Welded FR connections fabricated using specified notch toughness base and 
\\'eld metal ancl improved details and workmanship. Improved details include 
re mm· al of backíng bars and run-off tabs and incorporating large reinforcing fillet 
\\·elds ahove ancl helow the CJP. Continuous inspection from fit-up to weld 
completion to ensure strict compl iance with an approved WPS. 

Welded FR connections using reinforced beam-tlange to column-tlange 
cletails that result in plasnc hinge formation away from the column face. The 
connection cletails and geometry are such that the column face weld stresses remain 
hclu\\ the yield stress of the adjacent beam tlange. This configuration can be 
accomphshed usíng cover plates. vertical rib plates and severa! proprietary systems. 
In addU1011. the column-tlange face stress levels equivalen! to those produced by 

rcJnt'orcíng plates can be achieved by the reduced beam section (RBS). or dogbone 
n lllcept. 
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ABSTRACT 

A study was performed to characterize the origin of fracture and material properties of welded 
steel moment frame (WSMF) connections damaged in the Northridge earthquake. Sixteen 
connection fractures were obtained from five different buildings in the Los Angeles area which 
suffered damage in the earthquake. These fractures represented a variety of the types of fractures 
observed in post-earthquake building inspections. The mechanical and physical properties of the 
connection members and weld metal were determined including composition, strength, and 
fracture toughness. A fractographic examination of the fracture surfaces was perfonned to locate 
and characterize the fracture origin and determine the fracture mechanism. A fracture analysis was 
performed using linear elastic fracture mechanics. The analysis indicated that in al! cases fracture 
resulted from crack instability which developed within the weld metal at the weld root at an 
incomplete fusion flaw contiguous with the notch introduced by the weld backing. The weld metal 
in all cases was determined to be E70T -4 weld metal and was found to have very poor fracture 
toughness. The fracture toughness of the weld metal was estimated to be 44 MPay'iii to 65 
MPay'iii (40 ksi/íñ to 60 ksi/íñ). A fracture mechanics analysis of the defect condition based 
upon tlie measured material properties and flaw sizes indicated that the cleavage fracture initiation 
observed in al! the connections would occur without significan! yielding in the beam flange and 
in sorne cases would occur under elastic stresses. Estimates of stress levels at the sample 
connections experienced during the earthquake were determined using simulated ground motion 
spectra for each building site and compared to the fracture analysis model. In all cases the range 
of estimated stresses exceeded the fracture stress predicted by the fracture model. 

Keywords: Brittle failure; building technology; connections; earthquake damage; failures; 
fracture; frames; steel; structural failures; welded joints. 
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l. Introduction 

In the aftennath of the Northridge earthquake, extensive cracking was discovered in welded steel 
moment fiame (WSMF) connections in more !han one hundred buildings in the Los Angeles area. 
Speculation on the reasons for the fractures was widespread and focused on the extemal 
appearance of the cracked elements. Based upon the visual appearance of the cracking, a 
seemingly wide variety of types of fractures were observed and attributed to an equally wide 
variety of factors including the weld process, quality of workmanship, base metal properties, and 
connection design (Miller 1994; Campbell 1995; Tide et al. 1996). 

This study was undertaken in order to characterize the origin of the fracture and material 
properties of failed connections thereby permitting a rational failure analysis to be made. The 
brittle nature of the weld joint fractures, which exhibited little evidence of inelastic behavior in 
the weldment or base metal, suggested that it was also desirable to ascertain the weld and base 
metal fracture toughness properties in addition to the traditional material properties of yield and 
tensile strength. With knowledge of the material fracture behavior and fracture initiation site, a 
fracture mechanics analysis could then be performed as a means of understanding the observed 
behavior of these connections (Fisher et al. 1995). 

Sixteen connection fractures were obtained from five different buildings in the Los Angeles area 
which were damaged in the earthquake. The buildings selected were located at different distances 
and directions from the earthquake epicenter and each suffered a different extent of damage. The 
buildings were of sizes, designs, and ages representative of a large number of the buildings 
damaged in the Northridge earthquake. 

1.1 Building Descriptions 

The general layout of the five buildings is shown in the drawings in Appendix A. The buildings 
have been identified by an assigned letter (A, B, C, E, and F). The drawings include elevations 
of the lateral force resisting moment frames and show member sizes, story heights and locations 
where samples were taken. Plans of each floor are also included showing an outline of the 
building, locations of the moment frames, plan dimensions, and the locations of major openings 
and gravity columns. They do not include the layout of floor framing and slab reinforcing details. 
The building drawings also include a description of all damage to the moment frames sustained 
in the Northridge Earthquake. A brief description of each building follows. 

Building A 

Building A is a six story office building, designed circa 1980, with typical plan dimensions of 95 
m (312ft) by 49 m (160ft). The plan area is approximately 3900 m2 (42,000 fi'). Typical story 
heights are 4.27 m (14 ft). 
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The building has multi-bay exterior moment l'r-dllles on all four sides (column lines A, K, 1 and 
5) and one interior frarne in the transverse direction (column lineE). All bay widths are 4.88 m 
(16 ft). Typical frame beams vary from W24x62 to W30x99 and frarne columns vary from 
W14x99 to Wl4x211. 

The floors are 82.55 mm (3.25 in.) of lightweight concrete over 76 mm (3 in.) metal deck. Floor 
beams and girders span 9.75 m (32ft). The building rests on apile foundation with pile caps. 
The bases of the frame columns are restrained against rotation by tie beams. 

Building B 

Building B is a four story office building with two levels of parlcing below ground. The building 
was designed circa 1984. Typical plan dimensions are 43 m (140ft) by 26 m (86 ft). The typical 
plan area is approximately 1115 m2 (12,000 ft2). Typical story heights are 4.27 m (14ft). 

The building has single two bay exterior molilcilt frames on Lines 4, A and G. There are a pair 
of two bay frarnes on Line l. Bay widths vary from 4.88 m (16ft) to 9.75 m (32ft). Frame 
beams vary from W18x35 to W30xl08. Frame columns vary from W14x48 to W14x211. Below 
grade, in the parlcing levels, the lateral load resisting system consists of concrete shear walls. 

The floors are 82.55 mm (3.25 in.) of lightweight concrete over 76 mm (3 in.) metal deck. The 
floor framing is irregular but floor .beams and girders typically span 9.14 m to 9. 75 m (30 ft to 
32 ft). The steel columns continue into the basement and rest on spread footings. 

Building C 

Building C is a four story office building that sits on a single leve! of parking. The 1ateralload 
resisting system for the parking leve! is reinforcect· concrete block shear walls. The frarne columns 
termínate at the top of the shear walls. The building was designed circa 1983. Plan dimensions 
are 52 m (170ft) by 30m (98ft). The plan area is approximately 1486 m2 (16,000 ft2). The first 
floor height is 4. 72 m (15 ft 6 in) and the colu;o::E zre pinned at the base. Typical floors are 4.04 
m (13 ft 3 in). 

The building has a combination of one and two bay exterior frarnes (Lines A, B, E, 1, 3, 4, 7). 
Bay widths range from 6. 7 to 10 m (22 to 33 ft). Frarr..;. heam sizes range from W16x31 to 
W36x260 and frame columns from Wl4x68 to W14x500. 

The floors are plywood sheathing over truss joists. Joists and girders typical1y span 6. 7 m to 10 
m (22 ft to 33 ft). 
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Building E 

Building E is eleven stories tall with six stories of offices above five stories of above grade stee1 
framed parking. The building was designed circa 1984. The plan is highly irregular. The plan 
dimensions in the parking levels are 79.25 m (260ft) by 57.9 m (190ft) (approximately 4550 m2 

(49,000 ff)). The office plan dimensions vary from 79.25 m (260ft) by 57.9 m (190ft) to 62.5 
m (205 ft) by 44.2 m (145 ft). There is a 79 m Jor:g two story reinforced masonry shear wall at 
the south side of the structure that also serves as a lateral load resisting element. Typical story 
heights are 3.35 m (11 ft) in the parking levels and 4.27 m (14 ft) in the office levels. 

The building has both interior and exterior multi-bay moment frames ( Lines 2, 6, 9, 11, C, E, 
H, M). Typical frame beam sizes are W36x150 to W36x210. l.arge bearns were used even in 
the highest levels. Typical columns sizes are W14x257 to W14x398. 

The floors are 63.5 mm (2.5 in) of hardrock concrete over 76 mm (3 in) metal deck. F1oor bearns 
and girders span 8.84 m (29 ft). The building rests on a piJe foundation with grade beams that 
fix the base of the columns against rotation. 

Building F 

Building F is a four story office building above three 1evels of below grade parking. The building 
was designed circa 1985. The plan dimensions are M.5 m (146ft) by 33.2 m (109ft). The plan 
area is approximately 1486 m2 (16,000 ff). Story heights range from 4.04 m (13 ft 3 in) to 4. 72 
m (15ft 6 in) in the office levels and from 3.05 m to 3.73 m (lO ft to 12ft 3 in) in the parking 
leve1s. 

The building has four single bay exterior frames (Lines A, D, 1 and 6) with bay widths of 
approximately 12m (40ft). Frame beams are W36xl82 ~d W36x230 and frarne columns are 
Wl4x257 and W14x311 sections. 

The floors are 82.55 mm (3.25 in.) of 1ight weight concrete over 76 mm (3 in.) deck. Floor 
beams and girders span 10.36 m to 14.02 m (34 to 46ft). The building rests on strip footings. 

2. Building Fracture Samples 

Samp1es were taken from fractured connections in each building to allow characterization of the 
base metal, weld metal and fracture surfaces. In this section, results of visual inspection of the 
fractured connections and descriptions of the samples are presented along with the procedure for 
removing the samples from the buildings. 
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2.1 Sample Removal Procedure 

A sketch of the WSMF fracture sample and removal procedure desired for the study is shown in 
Figure l. The desired sample included the eritiie fracture, weld joint, and adjacent material for 
material property evaluation and fractographic examination. The sample is cut from the column 
flange above and below the weld joint and separated from the beam flange severa! inches back 
from the weld joint. This allowed the entire weld joint and fracture to be removed as a single 
u ni t. 

This sample and removal procedure was ideal for the purposes of the study and was followed in 
the removal of a number of the fracture samples. However, it was not always adhered to 
depending upon the particular damage at a connection and the subsequent repair procedure 
followed. In sorne cases the column flange was removed in two or three pieces, particularly in 
connections with heavy columns. Apparently this procedure was followed to reduce the weight 
of the pieces being removed but unfortunately often damaged key areas of the fracture surface. 
Also, in separating the beam flange from the column, a cut was sometimes made along the weld 
joint, eliminating weld metal for mechanical property evaluation. Despite these difficulties many 
of the fracture samples removed were of good quality with little or no damage to the crack surface 
or adjacent material during removal. 

.· .. -. 

2.2 Fracture Samples 

Table 1 provides a summary of the sixteen connection samples removed from the five buildings 
including the sample identification (building letter identification and numeric code assigned to the 
connection), damage type and location, member sizes, and description of the samplé removed. 
The location of the sample in the building can be found on the elevation drawings in Appendix 
A where the sample number corresponds to the circled connection number. 

All sixteen samples were removed from bottOm flange weld joints. This is partly due to the higher 
frequency of bottom f!ange fractures but also because they were more readily accessible for 
removal. The connection designs were all similar with full penetration groove welded flanges and 
bolted shear tabs. The samples consisted of a relatively wide variety of beam and column sizes. 
Beam sizes ranged from W24x76 toas large as W36x210 (Group 2). Column sizes ranged from 
W!4xl20 to Wl4x398 (Groups 2, 3, and 4). 

Surveys of building damage after the Northridge earthquake categorized connection damage by 
fracture type based upon visual and ulttasonic examination (Youssef et al. 1995; Bonowitz 1995). 
The ten fracture types identified in these surveys are shown diagramatically in Figure 2. The test 
samples in this study included three types of connection fractures based upon the visual appearance 
of the fracture. The most fre:quently represented fracture type among the sixteen fracture samples 
was Type C3 (10 samples) which resulted in fracture which penetrated across the column flange. 
Four connection fracture samples also exhibited fracture of the column which formed a "divo!" 
in the column flange (Type C2). Two of the connection samples fractured in the vicinity of the 
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weld fusion line in the colurnn flange (Type W4). These thn:e types of connection fractures have 
been observed frequently and are representative of a large number of damaged connections. 

Overall views of the sixteen failed connection sarnples are shown in Figures 3 through 23. In all 
samples the fractures appeared to be brittle with little evidence of plastic defonnation of the 
connection. The crack path was clearly evident in severa! of the sarnples where the column flange 
had completely fractured (Cl, Cl8, Cl9, El50, E226, F38) or had been removed in pieces (A6, 
Al65, A254, Bl3). The cross-sectional views ofthe colurnn flange resulting from are gouging 
through the column flange and weld joint in severa! of the samples clearly showed the crack which 
in aJJ samples appeared to originate at the weld root at the notch introduced by the weld backing. 
Sample B60 showed evidence of a divot pull-out of column flange material on both sides of the 
weld joint. Other samples, removed in whole, showed no obvious visual signs of fracture (A33, 
A287, E549). Damage in these connections apparently had been detected by NDE. It will be 
noted that severa! samples ( A6, B4, B8, and F38) were incomplete and missing either the beam 
portion of the sample or the column flange. In the case of Samples B4 and B8 column material 
was not removed as part of the connection repair since the fractures occurred close to the colurnn 
flange surface. Apparently the repair of connections A6 and F38 did not require removal of a 
section of the beam flange. 

2.3 Weld Quality 

From a visual inspection, the fabrication qualicy of the welds in all sixteen samples indicated a 
leve) ofworkmanship which was largely in accordance with AWS Dl.l (1994) and AISC (Manual 
1989). Conditions which were less than ideal were observed, however, such as irregularly shaped 
web cope holes, poor weld taiJ fit-up, and excessively large cap pass weld beads resulting in acute 
weld toe geometries. Although not strictly acceptable conditions, they are not unusual conditions 
and appear to be typical of fabrication practices prior to the Northridge earthquake. Although 
weld taiJs were not always ideally fitted, tabs fitted as end dams were not observed in any of the 
samples as has been observed in post-earthquake inspections of many buildings. 

3. Material Properties 

Mechanical properties of the beam and column were determined for each sample to identify the 
grade of steel. The tests also provided information on the strength and strength difference 
between the beam and column member of each connection for studying the effects of member 
strength on fracture susceptibility. Similar! y, weld metal was analyzed for each sample to 
determine its composition and mechanical properties in order to identify electrode type. 
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3.1 Base Metal Mechanical Properties 

Standard 0.505 india. tension specimens (ASTM A370 1996) were fabricated from the flange 
material at the test location specified in ASTM A673 (1995) (i.e., 1/6W) where possib1e. In sorne 
samples it was necessary to locate specimens closer to the flange tips in order to avoid damaging 
the fracture surface. 

A summary of the tension test results is given in Tab1e 2. The results show that the mechanical 
properties of all beam material tested satisfy the mechanical property requirements of ASTM A36 
( 1996) structural shapes. The yield strengths of all beam flanges were found to be below 345 MPa 
(50 ksi), and with the exception of Building C samples, were general! y in the range of 262 MPa 
to 290 MPa (38 ksi to 42 ksi). 

The column material in all samples tested satisfied the strength requirements of ASTM A36 
(1996). The column material in Buildings A, and E, and F also satisfied the strength requirements 
of ASTM A572 (1994) Gr. 50 when the expected reduction in strength between the flange and the 
web properties measured for material certification was considered. (The yield strength measured 
in the flange can be as much as 10% to 15% 1ess than that measured in the web.) Even 
considering this reduction, it is unlikely that .the column material in Buildings B and e would 
satisfy Gr. 50 requirements. It is possible that the material in Buildings B and e satisfies ASTM 
A572 Gr.42 requirements, although the material was not specifically examined for these 
requirements. 

Examining Table 2, one observes that for three of the buildings sampled (Bldgs. ~A, E, and F) the 
yield strength of the columns exceeded that of the beams, whereas the opposite was found in the 
other two buildings (Bldgs. B and C). Whether this was intended by design in the Jatter cases or 
whether an incorrect grade of steel was substituted is unclear. Nevertheless, similar fractures 
developed in both situations and therefore fracture of the connections cannot be attributed to 
material strength or strength differences alone. 

Where material was available, eharpy V-Notch (eVN) specimens were also fabricated from 
column material. The specimens were taken from at the AISC (Manual 1989) test location for 
Group 4 and 5 shapes (intersection of the web and flange midway between the inside flange 
surface and the flange centerline). Specimens were tested in accordance with ASTM E23 (1996) 
over a range of test temperatures in the transition temperature range. Test results are tabulated 
in Table 3. CVN transition curves for each column sample are included in Appendix B. The 
average result of tests at the AISC Jocation for Group 4 and 5 shapes at the required test 
temperature of 20 "C is also shown in Table 2. Although the test requirement only applies to the 
Group 4 columns from Buildings e, E and F, tests were also performed on the Group 3 column 
sizes in Buildings A and B for information since column members in these buildings fractured as 
well. With the exception of Building E, the columns from all buildings satisfied the AISC 
requirement of 27 J (20 ft-lbs) @ 20 "e (Manual 1989). Building E columns showed eVN 
toughness in the core region of 14 J to 22 J (10 ft-lb to 16ft-lbs) @ 20 "C. It is noteworthy that 
columns of similar size in samples from Buildings e and E provided substantially different 
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toughness in the core region yet both suffered similar fractures of the column flange. This 
suggests that the column fracture properties are not a primary factor in the connection failure. 

3.2 Base Metal Composition and Microstructure 

The chemical composition of the beam and column member from each of the samples is given in 
Table 4. These analyses, along with the mechanical property data, enable the identity of the grade 
of steel (ASTM A36, A572, etc.) to be determined and also provide an indication of the 
weldability of the material and whether this may have been a factor in the connection fracture. 

The compositional requirements of ASTM A36 and A572 Gr. 50 structura! shapes are given below 
for comparison: 

Element 
e 
Mn 
p 
S 
Si 
Nb 
V 

!\'b+V 

ASTM A36 Cwt%) 
0.26 Max. 
No Req. 
0.04 Max. 
0.05 Max. 
0.04 Max. 

ASTM A572 Gr 50 (wt%) 
0.23 Max. 
1.35 Max. 
0.04 Max. 
0.05 Max. 
0.40 Max. 
0.005..(}.05 (fype 1) 
0.0!..(}.15 (fype 2) 
0.02..(}.15 (fype 3,Nb 0.05 Max.) 

The principal compositional difference between A36 and A572 is the intentional addition of one 
or more microalloying elements (V and Nb). The analyses show that the beam material in al! 
sarnples meets the chemical requirements of ASTM A36 but does not contain sufficient arnounts 
of either microalloying element to satisfy the requirements of ASTM A572. eonsidering the 
strengths measured in the bearns and the chemical compositions determined by analyses it can be 
concluded that al! of the bearn material satisfied the specification requirements of ASTM A36. 

In contrast, the column material in Building A satisfied the compositional requirements of A572 
in al! but one sarnple (A287). The sarnple from building F (F38) also met the compositional 
requirements of A572 as well as one sarnple from Building E (E549). The remaining sarnples 
from Building E and al! the samples from Buildings B and e did not satisfy A572 compositional 
requirements. 

Exarnination of the composition and mechanical property results of al! of the samples indicates that 
al! of the beam samples (where beam samples were available) satisfied the specification 
requirements of ASTM A36. The column material from Building F and a11 but one column 
sample from Building A satisfied the specification· requirements of A572 as well as one column 
sample from Building E. All of the column sarnples from Buildings B and e satisfied the 
specification requirements of ASTM 36. 
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The microstructure of the oo!u!lUI flange and beam flange material was also obtained to verify the 
metallurgical condition of these materials. A ferritic-pearlitic microstructure was found in all 
colu!lUI and beam members. This is the expected microstructure for as-rolled ASTM A36 or A572 
material. Micrographs of the microstructures are included in Appendix C. 

3.3 Weld Metal Composition 

Where sufficient weld metal was available to perform analyses, the chemical composition of the 
weld metal was also determined. The results of the analyses are also given in Table 4. The 
results are similar in all eight samples tested and satisfy the compositional requirements of A WS 
E70T -4 weld metal. The chemical oompositions are also typical for this type of weld metal. 
Required and typical compositions are shown below: 

Elemeot 
e 
Mn 
p 

S 
Si 
Al 

AWS E70T-4 (wt%) 
Not Specified 
1.75 Max. 
0.04 Max. 
0.03 Max. 
0.90 Max. 
1.80 Max. 

3.4 Weld Metal Fracture Toughness 

~cal (wt%) 
0.24 
0.55 
0.008 
0.008 
0.25 
1.38 

Charpy V-Notch test specimeos were fabricated from weld metal in al! samples where the we1d 
metal was not damaged in the process of sample removal. Tests were performed at room . 
temperature and at temperatures in the transition temperature range when a sufficient number of 
specimens could be fabricated from a sample. Test results are given in Table 5. A combined plot 
of the test results, showo in Figure 24, indicate a similar and very Iow leve! of weld metal 
toughness in all eight connection welds tested which is consistent with Iaboratory CVN tests of 
E70T -4 weld metal (Kaufmann et al. 1996; Xue et al. 1996). The room temperature toughness 
of the weld metal in alJ of the samples tested was in the range of 9 J to 20 J (7 ft-1bs to 15 ft-1bs) 
and reached an upper shelf toughness of 46 J to 83 J (34 ft-Ibs to 61 ft-Ibs) at 100 oc. 

3.5 Material Property - Connection Fracture Correlations 

Considering the range of beam and column member sizes included within the test sample and the 
similar types of fractures which developed in these members, there is clearly no correlation 
between beam or colu!lUI size and fracture susceptibility or type of fracture of the connection. As 
noted earlier, susceptibility to fracture al so appeared to be unrelated to strength or strength 
difference between beam and colu!lUI members or fracture toughness of the column material. For 
example, identical co!umn flange fractures deveioped in Building A in similar size columns with 
similar member strengths where the oolu!lUI flange fracture toughness varied from 28 J (21 ft-lbs) 
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@ 20 •e toas high as 123 J (91 ft-lbs). Similarly, fractures from Buildings e and ·E occurred at 
connections with similar size column members with very different fracture toughness (95 J to 102 
1 ® 20 ·e vs. 14 1 to 22 1 ® 20 ·q. 

Member strengths or strength differences did not vary widely within the sixteen samples. Beam 
strengths were found to be less than, equal to, or greater than column strengths. No correlation 
between strength or strength difference and frácture susceptibility or type was noted. 

Low weld metal notch toughness was found to be the only consisten! factor in the connection 
fractures. Eight samples from which eVN specirnens were tested all showed low notch toughness. 
The weld metal composition of these samples was found to be consisten! with E70T -4 weld metal. 
The appearance of the weld deposit in the remaining eight samples was similar to these and 
suggests that they too were likely welded with an E70T -4 electrode. 

4. Fractographic Examination 

The fracture surfaces of the samples were analyzed to characterize the fractures and to determine 
the location of fracture origin. Additionally, fracture initiating root flaws were measured. 

4.1 Fracture Origin 

The fracture surfaces of the samples which were not completely separated were exposed by 
cooling the sample to low temperature in liquid nitrogen and loading the weld joint in a testing 
machine. The fracture origin was identified in all sarnples where the origin had not been destroyed 
in sample removal, and the size and source of the originating defect was recorded. The fracture 
origins were also examined with a scanning electron microscope (SEM) to obtain inforrnation 
conceming the fracture mechanism at fracture initiation. The fracture surfaces of the sixteen 
samples and SEM micrographs of selected crack origins are shown in Figures 25 through 57. Also 
indicated on the photographs is the location where the brittle fracture initiated. This can be 
determined from examination of the chevron pattems on the crack surface which point back to the 
fracture origin. 

Cleavage fracture was found to be the mechanism of crack propagation in al! of the sarnples 
regardless of crack propagation path (ie. Type C2, Type C3 or Type W4 fractures). Also, the 
location and source of fracture initiation was found to be the same in al! of the sarnples regardless 
of the path of crack propagation. In all sarnples where a crack origin could be identified, brittle 
fracture initiated close to the mid-width of the weld (near the column web centerline) usually from 
a weld root ·in complete fusion flaw in this area. A higher incidence of weld root incomplete 
fusion is expected in this area due to limited access for welding afforded by the weld access hole. 
In severa! samples, however, fracture was observed to initiate at the weld root at a location where 
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no visually detectable incomplete fusion flaw was found. In one sample (A33) fracture was found 
to initiate at the weld root immediately next to a weld root flaw (see Figure 28). 

SEM examination of the origin area of Samples A33, A254, A287, E226, and E549 all showed 
that cleavage fracture initiation occurred directly from the weld root defect (see Figures 29, 35, 
39, 53, and 56). No evidence of other fracture mechanisms associated with stable crack growth 
processes, such as low cycle fatigue from prior load cycles or hydrogen cracking during 
fabrication, was observed at the crack origin. 

Weld cross-sections such as those shown for Samples A33 (Figure 27) and Sample A254 (Figure 
36) indicated that fracture initiated from the weld root within weld metal. This is reasonable since 
the notch tip introduced by the weld backing or any root incomplete fusion flaw must necessarily 
reside within weld metal and the weld metal is known from CVN tests to have very low 
toughness. Although in most welds the coarse grained heat-affected-zone (HAZ) possesses the 
lowest toughness in comparison to unaffected base metal or most weld metals, the Jow toughness 
of E70T -4 weld metal provides a ready material to initiate cleavage fracture. Once initiated the 
dynamic crack can propagate outside of the weld metal into the HAZ or unaffected base metal in 
response to the principal stresses and material toughness. 

In order to provide further evidence of the location of fracture initiation, an EDS (Energy 
Dispersive Spectroscopy) analysis was performed on the crack surface at the crack origin on 
severa! of the fracture samples. The analysis is capable of providing a semi-quantitative 
compositional analysis of a small volume (severa! microns in size) of material by x-ray emission 
spectroscopy. The composition of the column base metal is similar to that of the weld metal with 
the exception of aluminum (Al) content. The aluminum content of A36 or A572 is riegligible in 
comparison with E70T-4 weld metal (1.4 wt% to 1.8 wt%) and therefore provides a means of 
determining the type of material within which the crack resides at the point of initiation. Figilre 
59 shows EDS spectra obtained from E70T -4 weld metal crack surface, column flange base metal 
crack surface, and crack origin fracture surface from Sample A33. The position of a peak in the 
energy spectrum corresponds uniquely to the presence of a particular element and the amplitude 
of the peak is a function of concentration of that element and other factors. As expected, the peak 

· corresponding to Al for weld metal is substantially greater than that for base metal. The crack 
surface al the fracture origin of Sample A33 shows a peak corresponding to Al which is 
intermediate between weld metal and base metal but certainly greater than would be found within 
the HAZ (i.e., base metal). Figure 60 shows similar spectra obtained for Samples A254 and 
A287. The specbal peak for Al in Sample A254 is stronger and very similar to that in weld metal. 
The peak in A287, however, is weaker and more like base metal in amplitude. Although not 
conclusive, the tests provide additional evidence that the fracture origin lies within weld metal and 
taken with other evidence supports the conclusion that the fracture initiated within the weld metal. 

4.2 Initial F1aw Sizes 

The depths of aJJ fracture initiating root flaws, as well as the thickness of the weld backing, were 
measured. Table 6 provides a summary of the measurements. Also shown is the sum of the weld 

JO 

• ¡~ 



backing thickness and flaw depth which represents the effective flaw depth. A large range of flaw 
sizes (0. 8 mm to lO mm) which initiated fracture of connections was found within the test 
samples. This sugessts that the weld root flaw itself is not the primary rea.son for fracture but 
when coupled with the weld backing provides a large effective flaw depth of 10 mm to 20 mm. 
Figure 58 shows the distribution of fracture initiating effective flaw sizes within the limited test 
sample. The minimum effective flaw size is represented by the weld backing thickness (9 .53 
mm). The most frequent fracture initiating effective flaw size is seen to be between 10 mm to 13 
mm (0.4 in to 0.5 in). 

5. Fracture Analysis 

l1le fracture toughness tests of weld metal removed from the connection samples, other damaged 
building connections (Tide et al. 1996) and weld metal deposited in laboratory tests (Kaufmann 
et al. 1996; Xue et al. 1996) have consistently shown that the E70T -4 weld metal, extensively 
used in WSMF connections prior to the Northridge earthquake, provides a low leve! of fracture 
toughness. This is consisten! with the preceding fractographic observations that indicate that 
brittle fracture of all samples examined developed by crack instability from a crack-like flaw 
located within this low toughness weld metal. In this section, the static and dynamic fracture 
toughness of the E70T -4 weld metal are estimated and results of a fracture analysis are reported. 

5.1 Weld Metal Fracture Toughness 

Figure 61 shows a plot of the fracture toughness of E70T -4 weld metal compiled from the Charpy 
V -notch test data acquired from tests of weld metal removed from the connection samples, other 
building connections, and specimens from laboratory weldments. The plot shows the dynamic 
fracture toughness, K10, of the weld metal obtained by applying the following correlation (Barsom 
and Rolfe 1987) · 

Km= Jü.64E(CVN) (MPa.[rñ, MPa, J) 

(1) 

(ksi,;m, ksi, fHb) 

to the existing Charpy V-Notch data for E70T-4 weld metal (CVN is the measured Charpy V
Notch energy and E is the modulus of elasticity). The test data shows that the dynamic fracture 
toughness, Km, of the weld metal is in the range of27 MPa,(ni to 44 MPa,(ni (25 ksiy'iii to 40 
ksiy'iii) at room temperature and reaches an upper shelf toughness of 60 MPa,(ni to 76 MPa,(ni 
(55 ksi .¡rñ to 70 ksi ,¡íñ) at lOO •c. The band of data arises from the variability of toughness 
found in m u! ti pass welds and normal CVN test scatter. Experience has indicated that toughness 
estimated from CVN testing represents a lower bound of fracture toughness. Also plotted in 
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Figure 61 are the results of25 mm thick weld metal compact tension tests (ASTM E399 1990) of 
E7ar -4 weld metal welded in the laboratory and tested statically and at intermediare loading rates 
( 0.5 sec.) similar to those developed during earthquakes (Xue et al. 1996). The static fracture 
toughness of the weld metal at room temperature was found to be in the range of 65 MPa.[ni to 
71 MPa.[ni (60 ksi/iii to 65 ksi/iii) and was reduced to 60 MPa.[ni to 65 MPa.[ni (55 ksi/iii 
to 60 ksi ¡¡ii) at intermediare loading rates. The test results show that a reasonable estimate of the. 
range of toughness that can be provided by E7ar -4 weld metal at intennediate loading rates is 44 
MPa.[ni to 65 MPa{rñ (40 ksi/iii to 60 ksi/iii) at room temperature and is not appreciably 
affected by changes in temperature. 

Tensile properties ofE7aT-4 weld metal, detennined from laboratory weldments (Xue et al. 1996) 
show a 0.2% offset yield point of about 448 MPa (65 ksi). Hence, the strain rate shift between 
the estimated dynamic toughness, K 10 , and. the static fracture toughness, K 1 , is (Fisher et al. 
1995; Barsom and Rolfe 1987) 

T, = 215-l.Soy" 120 •p (•F, ksi} 

T, = 101-0.12oy"47 •e c•c, MPa) 
(2) 

An examination of the static Kc tests plotted in Figure 61 shows reasonable agreement between 
the dynamic toughness band and the static Kc tests. 

The intermediate strain rate tests provide a strain rate shift of about 27 • C or about 2/3 of the full 
static to dynamic shift. These results are consistent with the level of shift assumed to occur in 
structural steel systems. 

5.2 Fracture Model 

The fracture instability that developed from the weld root defect in each of the fracture samples 
examined can be modeled as a simple edge crack, as shown schematically in Figure 62. The stress 
intensity, K, at the crack tip can be expressed as (Barsom and Ro!fei987; Fisher et al. 1995) 

K = 1.12 a Jnacr (3) 

where the effective crack depth, a.~r. is represented by the sum of the weld backing thickness and · 
the actual depth of the weld root flaw and a is the applied stress. A simple edge crack condition 
is insured since the length of the backing bar lack of fusion is of the order of the bearn flange 
width and large in comparison to the depth of the notch it introduces. Figure 63 shows a plot of 
applied stress, o, as a function of flaw size using Eq.(3) and the expected range of fracture 
toughness for E7aT-4 weld metal (i.e., Kc = 44 MPa{rñ to 65 MPa.[ni (40 ksi/iii to 60 
ksi /iii)). The plot shows the conditions of applied stress and flaw size under which crack 
instability will develop. For example, for flaw sizes on the order ofbacking bar thickness (9.5 
mm; 0.375 in) crack instability can occur at applied stresses of 241 MPa to 345 MPa (35 ksi to 

12 

1' 



which is in the range of the yield strength of A36 material. The critical stress is further reduced 
by the presence of weld root flaws. The analysis indicates that the cleavage fracture crack 
initiation which was observed in every welded connection sample would occur without significant 
yielding in the beam flange and in cases where a large weld root defect existed could occur Ul)der 
elastic stresses. 

Progression of the dynamic expanding crack will be influenced by the principal stresses and 
variations in material toughness. The combination of tensile stresses in the bearn flange and 
bending stresses in the column flange result in principal stresses that can direct the crack in a 
variety of directions. This may lead to the development of fractures which extend across the 
column flange, divot type fractures, or fractures which simply extend along the fusion line of the 
weld. 

The critical applied stress is also influenced by other factors that will increase or decrease the 
fracture stress. All of the fractures have tended to initiate at the mid-width of the beam flange. 
This is due in part to the higher probability of weld root defects at this location and also because 
of the higher stresses at this Iocation; the stress distri.bution across the beam flange is not uniform 
with higher stresses at the web-flange junction. Also, variations in weld procedure can introduce 
either tensile or compressive residual stress at the weld root which will tend to decrease or 
increase the applied stress at fracture. 

6. Estimate of Stresses at Connections 

The stress levels at each of the sample locations during the Northridge Earthquake were estimated 
to compare to the critical applied stresses calculated in the fracture analysis. While the estimates 
do not include weld residual stress or stress distribution effects, they provide an indication of the 
magnitude of the applied stress at each connection during the earthquake. A summary of the 
method and results are provided in the following sections. 

6.1 Ground Motion Estimation 

There were no actual ground motion records from the Northridge Earthquake at or near any of 
the buildings selected in this study. Therefore, the ground motion at each site during the 
Northridge Earthquake was simulated by two analytically derived spectra. 

A common method of arriving at estimates of site-specific ground motion involves the application 
of attenuation relations. These relations are based on extensive regression analyses of a 
comprehensive database of earthquake records. More recent attenuation relations provide spectral 
as well as peak ground motion estimates at a given site. 
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The attenuation relationship utilized in this study; developed by Boore, Joyner and Fumal (1993), 
is based on a set of carefully selected accelerograms with well-known site characteristics. The 
attenuation functional is of the forrn: 

where, 

r =Vd l+hl 

In this equation, Y is the ground motion parameter (m cm/s for response spectra and g for peak 
acceleration); the predictor variables are magnitude (M), distance and depth (d and h, in km), and 
site classification (G8 = 1 for class B and zero otherwise; Gc = 1 for class C and zero otherwise); 
CJ101 v represents the variance of the estimation. Coefficients b1 to b7are functions of period of 
vibration. Si te classes are defined in terrns of average sh~ wave velocity in the upper 30 meters 
of soil and rnnge from less than 180 m/ s for si te class D to greater than 750 m/ s for class A. Plots 
and tables of tlíe resulting spectra for the buildings studied are presented in Figure 64-67. 

6.2 Structural Modeling Procedure 

Linear-elastic models of the buildings were constructed using the structural analysis and design 
program ETABS 6.0 (Habibullah 1994). All floor diaphragms were assumed to be rigid anda 
rigid~panel wne equal to 50% of the beam and column section depths was assumed. For the 
purpose of calculating masses, centers of gravity, and mass moments of inertia, the total story 
weight was assumed to be uniforrnly distributed over the floor. Typical floor weights, assumed 
to be equal to the total dead load, were in the rnnge of eighty to ninety pounds per square foot of 
plan area. The buildings were fixed against trnnslation and rotation at the top of shear walls where 
they exist and the frame columns were continued to their 1owest leve1 and pinned at the base. The 
spectra were input one direction at a time, oriented in the direction of the frames. The modal 
responses were combined using the complete quadratic combination (CQC) technique (Naeim et 
al. 1995) with 5% of critica! damping. 

For each building the first three building periods. total base shear, base shear as a percentage of 
weight and stresses in the beams at the location of each sample are presented. The beam bending 
stresses were determined at the column faces for dead plus live load, the mean spectrum, and the 
mean plus one standard deviation (mean+ lo) spectum. Full dead load plus a best estímate of 
actual live load was used. In all cases the dead plus live load stresses are insignificant when 
compared to the magnitude of the seismic stresses and the uncertainty in their estimate. 
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6.3 Analytical Results 

Building A 

The analytically determined building periods are presented in Table 7. For Building A the first 
periods in the transverse, longitudinal and torsional directions are 1.4, 1.28 and 0.93 seconds. 

Comparison with the spectra for this site, shown in Figure 64, indicates that the peak ground 
accelerations are 0.27 g for the mean spectrum and 0.43 g for the mean+ lo spectrum. The base 
shears for the mean spectrum, shown in Tahle 8, are 15,692 kN (3528 kips) in the longitudinal 
and 14,051 kN (3159 kips) in the transverse directions. These correspond to 20.9% and 18.8% 
of the total weight of the building (% g). The base shears for the mean+ 1 a spectrum are 28,267 
kN (6355 kips) (37.7%g) and 25,870 kN (5816 kips) (34.5%g) in the longitudinal and transverse 
directions respectively. 

The bending stresses in the bearns are presented in Table 91
• It can be seen that the Dead plus 

Live load stresses are all approximately 7 MPa to 14 MPa (1 ksi to 2 ksi). For the mean 
spectrum, stresses in the sampled joints range from 210 MPa (30.4 ksi) at A254 to 292 MPa (42.3 
ksi) at A287. For the mean+ la spectrum stresses vary from 381 MPa (55.3 ksi) at A254 to 541 
MPa (78.5 ksi) at A287. Demand/capacity ratios, defined as calculated stress divided by 
measured yield stress may be found in Table 9 for all five buildings. 

Building B 

For Building B the first periods in the transverse, longitudinal and torsional directions are 1.5 s, 
1.49 s and 0.88 s, respectively. The spectra for this site are shown in Figure 65. The peak 
ground accelerations are 0.23 g for the mean spectrum and 0.36 g for the mean+ la spectrum. 
The base shears for the mean spectrum are 2,713 kN (610 kips) in the longitudinal and 2,700 kN 
(607 kips) in the transverse directions. These correspond to 15.4% and 15.3% of the total weight 
of the building. The base shears for the mean+ la spectrum are 5,035 kN (1132 kips) (28.6%g) 
and 5,022 kN (1129 kips) (28.5%g) in the longitudinal and transverse directions, respectively. 

The bending stresses in the bearns are shown in Table 9. Dead plus live load stresses are allless 
than 7 MPa (! ksi) except at B13 where it is 23 MPa (3.4 ksi). For the mean spectrum, stresses 
in the sampled joints range from 221 MPa (32.1 ksi) at B13 to 242 MPa (35.1 ksi) at B60. For 
the mean+ lo spectrum they vary from 378 MPa (54.8 ksi) at B8 to 416 MPa (60.4 ksi) at Bl3. 

' Locations of the samples may be found on the elevation drawings where they are indicated 
by their designation (e.g., A287) within a circle. They rnay also be located on the plans where 
al! of ihe joints are numbered. Beam sizes may also be found on the elevations. 
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Building C 

For Building C the first periods in !he transverse, longitudinal and torsional directions are 1.58 
s, 1.42 s and 1.15 s, respectively. The spectra for this site, which are the same as those used for 
Building F, are presented in Figure 66. The peak ground accelerations are 0.38 g for !he mean 
spectrum and 0.64 g for !he mean+lo spectrum. The base shears for !he mean spectrum are 
4,955 kN (1114 kips) in !he longitudinal and 4,288 kN (964 kips) in !he transverse directions. 
These correspond to 29.1% and 25.2% of !he total weight of the building. The base shears for 
!he mean+ lo spectrum are 9,514 kN (2139 kips) (55.9%g) and 8,100 kN (1821 kips) (47.6%g) 
in the longitudinal and transverse directions respectively. 

The bending stresses in the beams are presented in Tab1e 9. Dead plus live load stresses are al! 
less than 14 MPa (2 ksi). For the mean spectrum stresses in the sampled joints range from 248 
MPa (35.9 ksi) at Cl3 to 358 MPa (51.9 ksi) at Cl9. Forthe mean+ lo spectrum they vary from 
505 MPa (73.3 ksi) at Cl to 689 MPa (100 ksi) at Cl9. These beams are al1 at the first floor 
above !he ground. The columns to which they are attached do not continue into !he basement and 
are. modeled as pinned at the base. The detail at !he base plate is one that would normally be 
modeled as pinned for design purposes but undoubtedly provides sorne fixity. To the extent this 
happens the beam stresses would be partially mitigated and the actual stresses may have been 
somewhat lower than !he calculated stresses. 

Building E 

For Building E the first !bree periods are 1.65 s, 1.56 s and 1.00 s. The first two mode shapes 
are not aligned with the building axes and hence these two periods represent modes coupled in !he 
transverse and longitudinal directions. The third mode is torsion. The spectra for this site is 
shown in Figure 67. The peak ground accelerations are 0.17 g for the mean spectrum and 0.28 
g for the mean+ lo spectrum. The base shears for !he mean spectrum are 12,388 kN (2785 kips) 
in !he longitudinal and 13,944 kN (3135 kips) in the transverse directions. These correspond to 
7.9% and 8.8% of !he total weight ofthe building. The base shears for !he mean+ lo spectrum 
are 23,152 kN (5205 kips) (14.8%g) and 26,563 kN (5972 kips) (16.8%g) in the longitudinal and 
transVerse directions respective! y. 

The bending stresses in the beams are shown in Table 9. Dead plus live load stresses are allless 
!han 14 MPa (2 ksi). For !he mean spectrum, stresses in the sampled joints range from 65 MPa 
(9.4 ksi) at E226 to 130 MPa (18.8 ksi) at El 50. For !he mean+ lo spectrum, they vary from 
125 MPa (18.1 ksi) at E226 to 248 MPa (36 ksi) at El50. These stresses are low relative to the 
other buildings in the study. Similar results were also found in a study (Naeim et al. 1995). 

Building F 

For Building F the first three periods are 1.51 s, 1.54 s and 0.90 s. These correspond to modes 
in the transverse and longitudinal directions and torsion respective! y. The spectra for this si te, 
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which are the same as !hose used for building C, are shown in Figure 66. The peak ground 
a=lerntions are 0.38 g for the mean spectrum and 0.64 g for the mean+ la spectrum. The base 
shears for the mean spectrum are 6,441 kN (1448 k:ips) in the longitudinal and 6,570 kN (1477 
kips) in the transverse directions. These correspond to 26.8% and 27.4% of the total weight of 
the building. The base shears for the mean +la spectrum are 12,352 kN (2m kips) (51.5%g) and 
12,668 kN (2848 kips) (52.8%g) in the longitudinal and transverse directions respectively. 

The bending stresses are presented in Table 9. There was a single sample taken from this building 
(F38). The dead plus live load stress is 3 MPa (0.3 ksi). For the mean spectrum the stress is 149 
MPa (21.6 ksi) and for the mean+ la spectrum it is 296 MPa (43 ksi). 

7. Summary and Conclusions 

Results of tests conducted to characterize the mechanical properties and composition of the weld 
and base metals of samples removed from damaged buildings, a fracture analysis of the weld 
metal, and results of response spectra analyses providing estimates of critica! applied stresses, 
lead to the following observations and conclusions: 

l. Fractographic examination of sixteen WSMF connection fractures from five buildings have 
shown that the fractures in all cases resulted from crack instability which developed at the 
weld root of the beam flange-to-column flange groove weld. Cleavage fracture was found 
to initiate from an incomplete fusion flaw contiguous with the notch introduced by the 
weld backing in most cases, however, severa! fractures initiated directly from the notch 
introduced by the unfused weld backing. The fracture origin location was invariably near 
the mid-length of the weld near the centerline of the beam web. 

2. The weld metal in eight samples tested was .found to ha ve very poor fracture toughness (7 
J to 14 J@ 20 °C}. Based upon the CVN im~ct toughness the static fracture toughness 
was estimated to be in the range of 44 MPay'm to 65 MPa.¡'iñ (40 ksi.jíii to 60 ksi.jíii). 
The measured toughness properties and chemical composition indicated that the weld joints 
in all sixteen samples were welded with an E70T -4 electrode. 

3. The mechanical and physical properties of the beam and column material in all samples 
were in accordance with either ASTM A36 or AS72 Gr. 50 steels. With the exception of 
one building, the fracture toughness of the column material was found to be well in excess 
of the AISC requirement of 27 J @ 20 oc in the core region. No correlation between 
member size or base material properties and occurrence or type of fracture which 
developed in the connection was found. 

4. A fracture analysis of the defect condition based upon measured material properties and 
observed flaw sizes indicated that the cleavage fracture crack initiation that was observed 

· in every welded connection sample would occur without significant yielding in the beam 
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flange and in sorne cases would occur under elastic stresses. Uncertainties in stress 
conditions in the vicinity of the flaw tip (applied and residual) and the magnitude of the 
stiain rate effect prevent further refinement of the applied loads which resulted in fracture 
of the connections. 

5. Estimates of bearn flange stress level.s during the earthquake at the sarnple connections. 
were obtained using an analytically derived ground motion spectra for the building. With 
the exception of one building (Bldg. E) the analyses indicated a range of stress at 
connections which were of yield point magnitude and which exceeded the predicted range 
of fracture stress for the defect condition existing at the connection. Estimates of stresses 
at severa! sample connections in Building E were significantly lower in comparison to 
other buildings and well below yield levels. The range of predicted fracture stress at these 
connections were marginally higher than the calculated estimates. 
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THE NORTHRIDGE FRACTURES: 

IN 
N ., • 

¡)fany seismic engineers have reached the wrong condusions about the behavior of connections in 
rhe Northridge, Calif. earthquake. Ne-<J!J requirements wi/1 escalare constroction costs needlessly. 

On jan. 17. 1994. at 4 31 a.m., a tectonic 
trauma shattered stee\ connections as 

though they were made Qf glass, and at the 
same time fractured sorne seismic design 
assumptions. ! 

Brittle fracture. the sudden rupture of : 

ings have been inspected and found to be 1 

::~::¡=~~~:,:~~ ~!,~ili=: 1 

1 want to expre~s my complete satisfac·l 
tion with the performance of these so-called 
.. failed" connections. Despite a design that 

pass (which penetrates into the backing bar) many cases, despite an earthquake of his-

initiation at the juncture between the surface j is almost fracture guaranteed, despite evi· 
of the lower beam flange groove weld root 1 dence of poor welding and inspection in 

metal without prior yieldmg, has plagued 1 and the surface ofthe column flange. toric proportions. nota single building cot. 
the engineering community for years-not 
because it is unpredictab\e or difficult to 

control. but because the same lessons are 
1earned and forgotten over and over again. 

The welded flange-bolted web connection 
typical of special moment-resis.ting frame 
(S~IRF) design suffered multiple fracture 
modes. To date. more than 100 steel build-

This phenomenon was greeted by much 
of the structural community in California 
with surprise, bewi\derment and alann. The 
basis of seismic design, the eternal ductility 
of the SMRF connection. was shattered. 1 be
lleve this assumption was unfounded, sup
ported by optimistic research and a poor 
understanding of material science. 
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lapsed nor was a life or limb lost as a result 
of these fractures. The first duty of a con· 1 

nection is to maintain structural integrity ·1 
and the N orthridge connections withstood 
thousands of intense aftershocks. The fail. 
ures occurred at several parking garages 
and highway overpasses, but not at struc· 
tures with SMRF connections. / 
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(RA_SK C~T~~'!!ROI'HE? 

Cracks should be avoided. since they have 
the theoretical potential to propagare to a 
catastrophic loss of structural integrity 
Cracks can also significantly reduce load
carrying capacit)'. Yet neither possibiht)• be
carne reality in this event. Studies examin
ing the etfects on structural response may 
surpnsc some engineers Computer analy
ses of one damaged four-story structure 
looked al thn.•c cases. one with a\1 flanges 
intact. another with both tlanges detached 
and a third with only bottorn flanges de
tached The intact structure had higher re
sponse loads and greatf'r permanent drift 
than the two ""damaged"" structure cases. 
This suggests that Mother Nature knew 
what she was doing by fracturmg these 
joints and making them sem1rigid. Perhaps 
there ·s a !esson to be learned he re. 

(:1\11 ~\.ld\tfRI\1,1\I\RIIII'i<l~ 

Cracks form because of a material's 
inabiliry to accomrnodate stress through 
plastic flow or to absorb energy. Plastic 
deformation. the basis for ductile behav
ior. reqmres the movernent of dislocations 
in a metal crystal lattice to arrange along 
slip planes: the easier this mobilit)· is. the 
less stress is required to defonn the mate· 
rial. The lowering of temperature reduces 
this mobility. and consequently increases 
the stress necessary to deform. Similarly. 
low temperatures reduce the energy re
quired for fracture. and thus reduce the 
toughness of the material Toughness as 
measured by the Charpy V-notch test is 
expressed as fracture energy at tempera
ture. Stee\ at very low temperatures can 
fracture with little or no application of 
stress. shatterin~ like glass with the blow 
of a hammer 

TR!:._'\_'\IALm·. S!~-\!." -\ '\D ~H!;~~---
However. ternperaturt' probably had little 
effect on the maJorit)' of damaged struc
tures. since most were completed buildings 
covered \ltith insulating materiab. Still. for 
those unfinished. exposed buildings that 
sutfered almost complete column fractures. 
the -t.OF early morning temperatures un
doubtedly contributed to \owering fracture 
resistance. Two other iactors with equiva
lent effects. triaxiality and strain rate. were 
present to lower franure resistance (see 
Figs. 1 and 2). 

Tnaxialit)· is a condition by which defor
mation is restrained m al\ three directions. 
High triaxiality require::. large stresses for 
plastic flow and reduces iracture energy. 
while fracture (ultimate) stress is relative\y 
unaffected. This makes fracture an easier 
energy-dissipating mechanism than yield

--------------------'----------------- ing. Thick flanges welded in rigid frames. 

WELD CRACK TYPES FOUND AmR THE NORTHRIDGE EARTHQUAKE. 
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like the Northridge connectlons. typically 
have high triaxiaiiry. ll1e residual stresses 
in the thick co\umn tlange that exacerbare : 
triaxiality are a result of expansion and con- . 
tractlon induced by the mil\ production and 
field welding processes. 

High triaxiality also degrades through- , 
thickness properties. that is. the tough
ness, ductility and resistance to lame\13r 
tearing of the column flange material nor- ; 
mal to its surface Typically these values : 
are considerably less than those measured ~ 

in the longitudinal or transverse directions. 
even in the unrestrained condition. 

Strain rates are a change in the load-in- . 
duced strain as a function of time. Static: 
loads are essentially constant; therefore, , 
there is a zero stra.in rate. It follows that dy- : 
narnic loads induce strain rates greater j 

¡ than zero. Since dislocations require time 1 

to arrange along slip planes. the higher the ! 
strain rate, the fewer mobilized dislocations ,: 
per unit of time. the higher the yield stress , 
and the lower the fracture energy. 1 

A cohort of strain rate is the stress riser. 1 

which is a geornetric transition in the : 
i stress flow path that rnagnifies the global 

1 (i.e .. rnember design) stress into a higher 
ltocal stress. Stress risers also rnagnify 

\ 1 stra.in-rate etfects, so that even a rnoderate 
! · global strain rate can. in the presence of a 

severe stress riser, have the effect of a high 
local strain rate. 

At the root pass-column flange surfacl 
juncture where most of the cracks oc- ¡ 

! curred, we find both primary culprits and \ 
! ' 
1 their sidekick at work. If we examine this i 
! juncture closely. we find that the triaxial re-l 



straint is very h1gh. \Ve also see that the 
angle formed berween the column and the 
,. ~lrj at rhe JUncture can vary considerably. 

a very acute angle (overlap) up to 90 
u.,_t-: (which is what the connection would 

have if 11 was carved from so lid stee\) and 

even slightly obtuse angles. These transi
tions constitute stre% risers of varymg 

magnitudes So at this juncture. the stress

t·s induced by the tirst seismic shock were 

magnllled to a high local stress. which 
added to the already bigh restdual stress. 

Because oi the stress-riser-magnified 
stram-rate and triaxial!ty eifects. _the YH:'ld 
stress was higher than the nominal member 

yield stress and the fracture energy was very 

\ow. Though the combined local stresses 

were high. these were unable to achieve the 

high yield reqmred at the JUncture. but were 

adequate to reach the fracture stress. 

THE \\""E:\K U~K 

Tius is not to say that juncture cracking was 

the exclusive fracture mode. In instances 

where gross weld defects occurred. such 

as joints \vith long lengths of unfused weld 

metal. the easiest fracture path was along the 

remaining iused joint. which was conse-

tly undersized ior strength and con

. d severe p\anar stress risers to degrade 

toughness ültimate\y. the connection was 

doomed somewhere in the co\umn-we\d

beam chain: the seismic energy merely 

sought the weakest link to crack. 

Thts analysts revea\s sorne fundamental 

problems with the weak beam-strong col

umn destgn philosophy That approach 

counts on the beams fonning plast.Jc hinges 

to dissipate the transmined ground motion 

energy while the column accommodates se

vere rotations in a ductile fashion. A beam 

\\ill typically have lower \evels of tnaxiality 

ancl lower magnttude stress risers than a 

connecuon So the fracture stress will al

\';ay~ be lugher than the yie\d stress. which 

will be the nominal member y¡e\d. Thts ts 

es:-enttal for ducule behav10r. However. for 

thl' connectJon. speciíkally at the jum:ture, 

the local yield stress Ya !S m u eh higher than 

the !racture stress F(r This is a characteri&

ttc feature of brinle fracture. For the same 

clynamic loading. as the beam tnes to ap

proach yield. the juncture must crack first. 

·-~ed. no plastic hinge fonnat10n has been 

rted in any of the damaged structures. 

:\JI oi the ;.Jorthridge fractures occurred wel\ 

wJthin the nominal elastic range of the 

beams and co\umns. 

Engineers may have accepted the theory 

FIG. l. CONNECTION STRESS 

e· A' 

and vertical directions. respectively) approx-

1 1 imate typica\ design values used [or tmpact 

j : loading (1 0-:!.0g). This lS nota coim:idence 
1 have no doubt that the fractures occurred 

simultaneously -....ith the initial ground jolt in 

c\assic brittle fracture fashton. and that 

fatigue played no part in crack initiation. 

This crack-initiating shock ts independent of 

structural-response characteristics. lt is 

purely a function of ground ener$.,'1}' transmit· 

ted through the foundation and into the 

columns. 

Current testing methodology u~e~ a ~low :=== lncraasing tnaxtallty reciprocating hydrau\ic pis ton to cycle con-
... lncraasmg stram rata ¡ nections to failure. Thts method does not 

B e A 

-------~~~~-~~~~~~::::::~~! : ncreasmg temperatura j represent the initial seismic conditions. so 

GIENERALIZED VARIAnON OF YIELD STRESS AND 
FRACTURE STRESS. 

FIG. 2. DUCTILE·BRmLE TRANSmON 

lncreasmg triax1allty 
lncreasing stratn rata 

lncreastng temperatura 

GENERALIZED TRANSITION CURVIE FOR DUCTILIE· 
BRmu TRANSmON. 

of weak beam-strong column due to the 

"success" of connection tests perfonned in 

the 1970s However. those tests used beam 

sizes considerably lighter than those used 

in s~IRF design today, and thus minimized 

restraint. Also. those 1970s tests used very 

low (essentially static) strain-rate loading, 

presupposing that an earthquake wou\d in-· 

duce high stress, low cycle fatigue. This er· 

ror tn reasoning continues today. When 

severa\ tests expenenced failure, these 

were written off as an aberration. 

r-.tany engineers insist that dynamic-load 

effects were neg\ig¡b\e in the Northridge 

event because the strain rates of a vibrating 

structure can be replicated with static tests. 

\Vhat they ignore is the embrittling nature 

of the initial. violent earth movement. The 

large spike in the ground motion acce\ero

grams that typified Northridge cannot be 

viewed as static loading Many of the severe 

ground motions recorded (at one location, a 

maximum of 1.8g and 1.2g in the horizontal 

•• 

the resu\ts are unconservative. Even with 

this \ow·strain-rate application. the resu\ts 

of the tests performed to corroborare the 

adequacy of the modified designs have not 

been consistently acceptab\e. Additionally. 

the restraint inherent in actual frame con

nections (beams framing into both sirles of 

a co\umn nade, beams restramed at each · 

end) is not conse_rvatively simulated by a 

cantilever we\ding on only one side of a col· • 
' umn. Engineers would be prudent to ac- ; 

cept these tests with hea\thy skepticism . 

Though the standard connection design · 

may be dead. it is reappearing v.ith welded : 

cover plates and vertical gussets. While i 
these changes will undoubtedly reduce glob- , 

al stress, they will do linte to reduce local j 

stresses. The fractures were a loca1 phenom- ; 

enon. dueto high triaxiality and stress risers. 

neither of which are significantJy minimized 

in the new reinforcing schemes. 

High strength frequently equa\s low 

ductility and poor toughness. Engineers 

are accustomed to seeking strength solu

tions suitable for static loads. instead of 
toughness so\utions necessary for dynamic ! 
loads. This may be partly explained by the ~ 
common design practice to treat seismic i 
loads quasistatica\ly to size members for 

strength. Northridge should alert them to 

dynamic material considerations. 

Majar rethinking is required in structur· 

al and connection design in arder to with- ¡ 
stand future earthquakes without signifi· · 

cant fracture. Design optimization must l 
' seek to minimize demands on the inferior ¡ 

properties of material. and at the sarne time 1 

recognize the need for economical con-1 

struction and adequate inspection. Struc· 1 

tural design will have to dissipate energy j 
more effectively, and this may require base ~ 
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· isolation and semirigid connections that 
use deformable elements (such as framing 
ang\es) in the joint assembly. 

For S\IRF design structures. beam-col
umn mtersecl!ons must be detailed so that 
beam \oads are not apphed through the col
umn flange thtckness. One way to do this 
would be to have top and bottom horizontal 
continuity plates to which the bearns cou\d 
be lield butt-welded. The column flanges 
wou\d. in tum. be T-joint-welded in the shop 
to the~e plates. which are enhanced with 
through-thtckness properties. using high 
toughm·s~ wdd metal (column tlange conti
nuity would be provided by piares of bearn 
dcpth) :.tany w¡l\ argue that these measures 
are too expensive. but i\orthridge gave new 

· meaning to the ounce of prevention. 
Arriving at constructive so\utions re

quires the a.cknowledgment of past errors. 
: Many engineers have focused on what they 
· perceive as the principal villain of this 
piece· shoddy construction. There is no 

· question that this existed. but we cannot ig
nore deficiencies in the design itself. 

The proliferation of stnngent post-North
: ridge regulations pessimistically assess the 
• connection's construction. This contrasts 

with the opl.imistJC tests performed on the 

(FCAw-ss) produces crack-sensit1ve welds. 
In fact, FCAW-SS is the preferred process for 
field welding because of its relative insensi
tivity to wind compared to other processes 
and its history of quality production weld
ments. However, like everything else found 
deficient in the Northndge connections. 
noncompliance with the standard AWS 01.1 
(from the Amencan Welding Society) anda 
general lack of adequate quality control un
dennined its effectiveness. 

3. The backing bars caused the cracks. 
Al\ the bars did was move the root pass to 
below the groove root (located at the 
beam-column comer) into the bar itself so 
that the crack could initiate at the junc
ture. Much has been made of the "notch" 

historically cracked the -notch-toughest'' of 
materials. 

5. Peening and postweld heating wi\1 
prevent cracking Similar to notch tough
ness. these postweld pract1ces can offer en
hanced confidence. but not in the presence 
of a poor design. These are expensive 
methods that are difficult to control and 
can frequently cause more hann than good 
when inexpertly applied. A good design can 
e\iminate the1r marginal benefit altogether: 
a bad,one won 't be saved. 

~ 

6. Making fabncation more expensive 
w¡ll prevent another Northridge. One fabri
cator told me how his prequake welding 

1 costs had exploded by 2.Ü()()',\, as a resuh of 
post-Northridge requirements. Unfortu-

between the unfused end of the bar and 
1 

nately, plating connections wtth gold will 
the flange being a crack promoter. but if 1 only result m gold-plated connections with 

The first duty of a connection 
iS to maintain SII'UCIUI'al 

integrity, and lhe Norlhridge 
· connections wilhstood 

numerous aftersfmcks. 

cracks in the next maJar earthquake 
1 suggest that the input of expert techni

cal organizations be sought prior to the im- . 
position of such requirements. Thc A\\"S Dl : 
Structural Welding C ommittee is carefully ¡ 
examining the provision~ of D 1.1 in an ef- : 
fort to determine how the use or misuse of : 

. modified design. Neither can withstand 1 this had been the case, cracking would 

the document could ha ve contributed to 1 

the fractures. However. no code provision ! 
could have prevented a fracture-guaranteed ! 
connection from cracking. Nor can the · 
code enforce compliance with its provi
sions: that is the responsibi\ity of the client ! 
and contractor. 

close technical scrutiny. The S:O.lRF connec
tions would.have fractured even if they had 
been carved from a block oi steel. and the 
"new improved" connections wi\1 fracture 
justas surely. 

W eldmg has always been the scapegoat 
whenever cracks occur. but m fact the ma
jority of cracks occur due to poor design 
that does not recognize the fundamentals of 
material science. This discipline gets short 
shnft in most civil/structural engineering 
cumcula. r-.-tany of the post-Northridge rec
ommendatwns reflect a misunderstanding 
of material science. metallurgy. welding, 
construct10n and inspection. al\ vnal in 
avoiding fracture problems. ~linor issues 
such as peening are g~ven inordmate atten
tion while the maJor ones. such as design. 
are neglected. 

SrX \f't"THS ABOLT WELDI~G 

1\luch of this response is due to sorne 
m~1hs about welding, wh1ch I refute. 

1 The welds cracked In reality, most of 
: the cracks began in the co\umn base metal 
: at the junctufe. The relatively few weld
~ metal cracks observed were a result of sec
; ondary fractures from weld overload. 

2. Self-shielded flux cored are welding 

have been randomly detected on either 
side of the notch. Cracks were only found 
on the column side. which supports the 
contention of the stress riser at the we\d
co\umn juncture. This stress exists re
gardless of the bar's presence. and has 
been acknowledged in new requirements 
to backgouge the groove root and finish 
with a fillet weld similar to the one re
quired to reinforce dynamica\ly \oaded 
connectwns in D l. l. While this reduces 
the stress-riser characteristics. l believe it 

is of minimal benefit considering the se
vere loading requirements. 

4. Filler metal notch toughness will pre
vent crackmg. Merely requiring an arbi-

AWS wishes to cooperate v.ith the efforts : 
being made in California and e\sewhere. · 
\Vhat cannot be overemphasized is that j 
these underdesigned connections survived : 
a little brother of "1lle Big One" without a i 

single casualty. Q i 
------------------------------ i 
Hardy H. Campbell 111. ,\f.ASCE, zs senror i 

staff engineer at the Amen'can Welding Soci- 1 

1 ety (A ws) The opinions expressed here are: 
, the writer's and are not necessari/y those ofi 

AWS, the AWS Presidential Task Croup on 1 

Norlhndge, or any AWS volunteer commzt- i 
trary val u e of notch toughness for one link 1 tees or members 

1 in the column weld-beam chain makes linle 
sense. lndeed. the coarse-gra.med, heat.af
fected zone in the base metal traditionally 
has the \owest toughness. so why is the 
column base metal exc\uded from notch 
toughness requirements? The insidious 
part of this myth is that it is true to the ex
tent that enhanced confidence in fracture 
resistance can be achieved with notch 
toughness, but only when design optimiza-
tion minimizes the energy absorption de
mands on the material. Poor design has 

•• 
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r--------------------,¡ 
Coming next month ~ CIVIL ENGINEER-

ING: another perspective on the steel-
connections debate. as "Northridge 
Postscript: Lessons on Steel Connec
tions" details what went wrong with 
steel connections in one seven-story of. 
!ice building featuring a welded-steel 
moment frame. how they were repaired 
and what lessons engineers can leam. 

1 

1 
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NORTHRIDGE POSTSCRIPT: 

MEHDI S. ZARGIIA~IEE 
RASKO P. ÜJDROVIC ¡ 

i _________________________________________________________________¡ 
· The mve rrvé~·s rigl1t after the Northndge, Calif earthquake regarding the performance oj\ 
steeljramed buildings ha·ce been rep!aced by concem folfowing the discovery of jfa'&2xd connections 1 

in more than 100 buildings. An investigation of one stmcture iffustrates what went f!C'!V!Ig ID'ith 1 

1teel ronnections and hoill' they ill'ere repaired. 

1 n the immedmte aftermath of the North- 1 

ridge earthquake m California \ast janu- · 

ary, the conventional wisdom was that con
crt~te "crumbled like stale cake"-as one 
expert put il-and that steel was the pre

ierred construction material in seismic re

gions. After the dust settled. however. in
vestigators were surprised to di~cover the 

damage sustained by many welded steel 
moment-resisting-frame butldings. 

These buildmgs had resisted past 
earthquakes remarkab\y well. but after 

?'orthridge, cracks were found in the mo
ment conneclions of various structures. 

11H:' iirst reported problems invo\ved build
mgs e1ther still under construction or very 

reccntly completed. such as the U.S. Borax 
buildmg in Valencia (News. CE October 
1994). Further 1nspection revealed weld 

cracks in more than 100 steel moment
re::;isting-frarne buildings-75% of the build

ings inspected. The potential for even 

more damage remains. because severa\ 
hundred similar bui\dings have yet to be 
exarnined. 

The cracks are usual\y concea\ed with 
fireproofing and finishes. and the bui\dings 

in wh1ch they have been found show only 
: minar s1gns of distress. Although al\ the af
, fected buildings are still standing, their re-

sistance to future shocks may have been 

significantly compromised by the damage 
to their connections. The potential for cata

strophic failure of damaged butldings dur
mg future earthquakes has prompted the 

profession to re-evaluate the connections, 
and has led the city of Los Angeles to draft 

an ordinance for the inspection of welded 
steel moment-resisting-frarne buildings. 

Simpson Gumpertz & Heger, Arlington, 

Mass . has undertaken severa! of these proj
ects. including the inspection and repair of 

a seven-story office building with a welded 
steel moment frame. Our condusions .from 

th1s investigation hold important lessons for 
the engineering community as it addresses 

the conditwn of other steel-framed bui\d- 1 

ings in seismically vulnerable regions. 

Among the key findings are: 

• Concealed connection failures that are 
not detected and repaired could compro
mise a building·s resistance to future earth

quakes Our experience confinns the need 

for inspection of unbraced steel mornent- 1 

trame buildings, as reqmred by the Los An
geles ordinance, even though there may be 

no outward sign of significant damage to 
the building. 

• Failure of moment connections may not 
be so prevalent that it would necessarily be 

•• 

discovered by an inspecuon of only a hand- ! 
ful of connections. A large enough sample 1 

of connections should be mspected to help 

1

! 

ensure that connection failures have been 

detected. 
• The design of seated-beam simple connec

tions typically used in steel frames, as recom

mended by the American lnstitute of Steel 
Construction (AISC). is not suitable for build

ings subjected to earthquake loading with 

cyclic loads and significant JOint rotations. l 
• Conventional welded moment connec-~ 
uons lack the necessary ductility for the ex
pected magnitude of plastlc defonnation of 1 

steel moment-resisting frames in a design 

earthquake and. as a result. are not suitable 
for buildings subjected to earthquake 

\oads. Moment connections must force the 1 

plastic hinge to forrn at a location away \ 
' from the beam-column interface. \ 

• Ultrasonic testing (UT) of groove welds! 

that connect beam flanges to columns does ! 
not reliably detect cracks in the welds, es

pecially where the backup bar is in place, 

as well as in the zone near the bearn and 
column webs. 

e The jumbo steel sections typically used 
in fabrication of the columns of un braced 

steel moment frarnes have a notch tough
ness that is not acceptable for buildings ¡ 
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subjected to the shock loads that may be 
• imparted by a strong earthquake. 

• The flux-core arc-welding process used 

to field-fabricate moment connections of a 

steel-frame building may produce weld 

metals Y.ith relatively low notch toughness. 

SEIS\![( .-\..'\A.LYSIS 

During the earthquake. the building suf

fered sorne damage to the glass cladding as 

well as very minar cracking of the interior 

fin1shes. Yisual inspection uf the finished 

interior and fireproofing of steel members 

and connections did not indicate any signif

icant damage. As a result. very few engi

neers would have suspected damage of the 

steel framing. 

As part of our curtain-wall investigation. 

we perforrned a seismic analysis. the re

sults of which showed the need for inspec

t!On óf the critica! connect10ns of the steel 

trame. We immediately identified two prob

lems: failure of nonmoment seated-bearn 

connections and cracking of the moment

connection welds. 

The moment trame of the building con

sists of two tubular systems consrructed at 

different times about 15 years ago. The 

· frame has spans up to 32 ft that provide 

wide-open areas plus floor heights of 13 ft 

and 9.5 ft for office space and parking levels. 

respectively The moment beam-to-column 

connecúons are designed as typical AISC-rec

ommended connections with welded flanges 

and bolted webs. The nonmoment beam-t~ 

column connections at moment trames are 

typical seated-beam connections. Away trom 

the moment trames are simple bolted-web 

connections. 

\Ve conducted a seismic analysis follow

ing the 1991 Unrjorm Building Code (use) 

and the 1991 National Earthquake Hazard 

Reduction Program (~EHRP) recomrnenda

tions. and performed dynamic-response

specrrum analysis. The analysis consists of 

first pertorming a modal analysis. then us

ing the response spectrurn to compute the 

modal response contributions. The total 

structural response is obtained by combin

ing individual modal contributions. 

\Ve developed a threNimensional finite 

element model of the building structure for 

seismic analysis. The finite elernent model 

sirnulates the e las tic behavior of all the m~ 

ment frames: the nonmoment-trame beams 

and columns were not included in the 

analysis. The defonnations frorn the elastic 

analysis were then amplified to account for 

plastic deformation of the connections and 

for the ?-delta effect. 

The rnaximurn calculated interstory 

drift for the 500-year return design earth

quake is 2.5 in. based on the use and 3.8 in. 

based on :-JEHRP guidelines: the maximum 

rotation of connections is 0.017 rad based 

on the LTBC and 0.026 rad based on :-JEHRP 

recommendations. We used NEHRP-recom

mended provisions to develop repairs of 

the connections because they are the state

of-the-art method for analysis of buildings 

•• 

subjected to earthquakes. and can help pre- , 

dict the behavior of buildings in earth

quakes more accurately. 

The i':orthridge earthquake had abou• 

one-half the acceleration of the des1g• 

earthquake. Therefore. based on our defor

mation calculation. the building may have 

experienced an interstory drift of up to 1.9 

in. and joint rotations of up to 0.013 rad. 

The magnitudes of drift and rotation are 

much \arger than the values many engi

neers would estimate without doing the cal

culations. Large rotations coupled with 

large mernber sizes result in high strains 

imparted to the beam flanges of moment 

Connections. The rotations also result in 

high strain rates when the building is sub

jected toan earthquake shock. 

CON:-JECTIO!'\ 1:-JSPECTIO:-..: 

Based on the results of the seismic analy

sis, we recommended inspection of severa! ; 

steel framing connections at critica! loca-, 

tions. especially those between the two ; 

tubular trame structures. After these con-] 

nections were opened. we discovered that 1 

in- rno~t of the seated connections, many j 

bolts connecting the beam flange to the ¡ 
seat were loose. sheared or rnissing. Th.:,:,' 
building was then surveyed for plumbne~.~~-~::,
and 10% of the rnoment connections wertf. 

inspected and ultrasonically tested. Ulti-1' 

mately. all of the moment connections were l 

inspected. : 

We performed a plumbness survey on ¡ 

2--



severa! columns on three \eve\s and found 
that the building had pennanently deflect

the northeast d!rectwn. About 30% of 
Jrveyed columns were out of plumb 

by as m u eh as O. 7 in. per floor leve!. higher 

than the al\owable .\ISC erection tolerance 

oi about 0.:?.1 in. per tloor 

ln~pecturs abo conducted visual and ul

trasomc mspt:'ctwns oi the moment connec

tHms :\o -:;ign of dtstress was detected VISU

ally: howen:>r. LT rew:'a!ed cracks at or near 

the root pas~ of thl• groove welds connect

ing the bonom Ilange oi the beam to the 
column tlange Cracks typtcally extended 
up rhrough the weld or the interiace be

tween the weld and the column. \Ve found 

that about 5% of al\ moment connections 
had large cracks penetrating across the en
tire weld width or mto the column flange, 

and that abuut 30% had smaller defects and 

cracks. We decided to remove the backup 

bars from the bottom flange of a11 beams in 
moment connections in arder to remove 

the natural notch created by the backup 
bars and clean any defects in the root pass. 

The backup bar was removed by flame 
cuning, followed by grinding the cut surface 

"Oth to prepare it for magnetic-partic\e 
:estmg. Both visual and :-,¡p inspectwn 

_aled numerous inclusions and cracks in 

the weld that were not detected in the initial 
ultrasonic tests. Most of the cracks were 

small and penetrated the column flange. 

REPAIR SCHEME 

Tack weld --l'oN--t--

112' x21h .. x2 112. plate 
with 13J1 6"o hale 

112" x21/f'x2 1/4 .. pi ate 
with 131\ 6"x 1112 

sloned hole 

L Extstlng seat 
angle 

New flame cut hale 
through extstlng 

hole in beam 
an~ angle 

particular. the weld and steel near the i welding procedure. LT mspection. intended 
beam and column webs cannot be reliably to provide quality assurance, cannot reli

inspected. and significantly more defects ably inspect the weld area that is most \ike

and cracks were found in this area u pon ly to have embedded defects and cracks. 
backup-bar removal. UT mspection results Such cracks, when subjected to an earth

depend. of course, on operator experience quake shock, can propagate through the ¡ 

and technique weld and co\umn flange, which a:'; the \ow-; 

The co\umns with cracked flanges in est fracture toughness in the same area. 

this building are made of ro\led jumbo 

Ironworkers ~YTound out the inclusions and shapes up to Wl4x370. with tlanges up to 1 SEATE[)-BEAM CON~Ecrtoss 

cracks unttl the \11' mspection indicated 
sound material. We also observed scaling of 

the stee\ suriace on the mside of most of the 

co\umn flanges behind the bonom Oange of 
the beam, indicating that the column has 

racked m altemating tension and compres
sion. causmg scaling in hoth flanges. 

Severa! cracks spread during backup

bar remuval. The central part of the column 
tlange could not be inspected with L'T be
cause oi the web-tn-tlange transttlon cur1.ra

ture llte pre-existing cracks and defects in 
thi~ Jrea may have extended across the 

tltmge w1dth due to heating or moment re
distnbution. Almost all the obsen:ed cracks 

extended deeper into the flange closer to 
the column web Sorne cracks extended 

across the flange width and into the col
umn web. These cracks were immediate\y 

sted by clrilling a 1 in. hale m the web 
.1e crack tip. 

A stgmficant finding during this phase 
of the project was that LT inspection with 

backup bars in place cannot reliably assess 
. the condition of the weld's root pass. In 

2 11:~ 0 m. thick. The stee\ in the jumbo sec
tions has a low fracture toughness, espe

cia\ly at the intersection of the flange and 

the web. 
The welding process used for the field 

fabtication of many moment connections of 
steel-frame buildings is flux-cure are weld

ing. Sorne self·shielded electrodes are high 
deoxidized types that may produce weld 
metals with relative\y low notch toughness. 

In addition. the need for interpass slag re
moval and the htgh rate of deposition in this 

process produces high restduai tensile 

stresses near the root of the groove welds 
and makes the welds htgh\y prone to crack

ing and crack propagation in seismic 

shocks. Hydrogen mtgration into the we\d, 
resulung from inadequate moisture control. 

can cause embrinlement and delayed crack
ing after completion of the weld. The prac

tice uf welding the bottom flange of the 

beam from both ends makes the central part 
of the beam weld susceptible to inclusions. 

Backup bar removal demonstrated the 

shortcomings of L'T inspection and of the 
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The AISC-recommended seated-beam con- i 

nection is commonly used for nonmoment i 
beam-to-column connections in unbraced i 

i moment frames of buildings designed to ! 

resist earthquake loads. This connectlon i 
consists of a seat angle welded to a column ! 
and bolted to the bottom flange of the ! 
beam as well as a "flexible" top angle. weld· l 
erl to the column at the angle toe only and 

bolted or welded to the top flange of the 
beam, to prov1de stabihty. 

Under gravity and live \oads. the connec· 
tion is designed to allow beam rotation 

through the flex.ibility and expected plastic j 
deformation of the top angle. A test per- ! 
formed at Lehigh University. in wh1ch a 1 

' ' flexible 4 by 4 by 1/.t in. top angle was pulled 1 

out 1.98 in., demonstrated its flexibility. The i 

connection is expected to behave as a sim- ; 

pie support and accommodate positive (pro
ducing tension at top) and negative (pr~ 

dudng tension at bottom) rotations as the 
building sways back and forth in an earth

quake. As a result. the top angle is cyc\ically ) 
loaded in tension and compression. 
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- To 5tudy the behavior of this connec· 
tion subjected ro a po~itive rotauon. we re
peated the test perionned at Lehigh on the 

!lexib!e top angle. but subjeL·ted the angle 
w a cyclic defonnation of 0.62 in (the mag

nitud e expecred in the design earthquake) 
~~ 1th joint rotation of 0.026 rad and depth of 

beam of ~·l in. l>uring our test. the toe of 

rhe weld :'tarted crackmg aher only a cou

pk of cyclcs and fmled after about 10 cy

clt':' The weld return~ proved useless 
whL·n subjected to cydic loacling, indicating 

that the !lexible \\elded top angles do not 
po~~ess. the n._·qu¡red ductiltty when sub

jected to cydic loading 

\\lten the connectwn was subjected to 
negative rotation. the jo1nt p¡voted about 

the top angle and resulted in significant lat

eral displacernenr of the bottom tlange. 
Smce the seated-beam connection cannot 

·accommodate 0.62 m of relative motion be

rv:een the seat and the beam tlange. the 

connection fails by shearing of the bolts at 

the :;eat 
\\'e observed that the bolts connecting 

the beam to the seat and sorne of the top 
angles were sometimes deformed or 1 

sheared. but there was no sign of distress 
or damage in the seat angles and their 

welded connections to the columns. Defor
mation and shearing of bolts was ca u sed by 

buildmg motion during the earthquake as 
we!l as insuffictent clearance in the bolt 

hales to accommodate the bUilding motion. 

The bolts m the connections that have 
been deformed and sheared are not load· 

carrying bolts: these bolts stabilize the 
beams laterally during an earthquake. For 

gravity loads. the beams are safe\y seated 
on the angles welded on the co\umns. 

\\11en the top-angle connection fails. due to 

etther iailure oi the angle-to-column weld 

or iailure of bolts. the beam remains seat
ed. bur the lateral movement of the beam is 

not reliably restramed 
Our ttlVt"·•tlgatwn shows that AI~C·rec

ommended st·ated-beam connectJons in un
braetc>d stee\ irames are not suitable for 

building:; ~ubjected to earthquake \oads. 
The connectJon should be des1gned to en

able beam rotatwn relative to the column 
for negative moments that may arise in an 
earthquake whtle tt preserves lateral stabili

ty of the beam 
When designing remedia\ repairs for 

the buildmg, we used the joint rotations 
ca\culated in the d:-11amic ana\ysJs. The re
pair scheme is shown in the figure. The 

seated-beam connection has to a\low rela-

tive rotation between the beam and the col

umn. For positive rotation. the flexibility of 
the top angle al\ows the rotation to occur. 
The remedia! design must a\low a negauve 

rotation to occur. Our design consists oi 
buming hales in the seat angle and bottom 

flange. creating a s\otted hale and thus al

lowing the negative rotation of the beam to 

occur freely. The bah is offset from the 

center of the new hale (see figure). Since 
the cond1tion of the top angle could not 

have been ascertained without demolition 

of the concrete deck. we designed tv.ro an
gles to provide lateral restraint to the beam 
web without interfering with the beam rota

tion. The angles are welded to the column 

only and are not welded to the beam. 

Mo~tE\'T co-..~Ecno~s 

The moment connections are intended to 

prov1de full transfer of moment and shear 
from a beam to a column. In a typical weld

ed moment connection. this is accom
plished by welding the beam flanges with 

full·penetrauon groove welds to the column 
flange and by bolting the beam web to a 

shear p\ate welded to the column flange. 
The design concept of strong column-weak 

beam assumes that, in an earthquake. ener
gy is dissipated in inelastic defonnation of 

the beam. In an unbraced moment frarne 
\\ith such moment connections. energy dis

sipation occurs at the connections. As 

demonstrated by the Northridge earth
quake. these connections are frequently m

capable of accommodating the necessary 
magnitude of plastic defonnation when sub

jected to seismic loads váthout fracturing. 

The tests conducted recently on large 
beam-to-column connections at the Univer

sity ofTexas at Austin shed hght on the be
havior of such connections. (1be absence 

of concrete deck. lack of axial load in test 
columns and the slow rates of loading used 

in these tests have raised quesuons about 
the vahdtty of the results when applied to 

the real case oi a moment connection being 

subJected to a se1smtc shock.) The test re
sults indicated that a typical moment con· 
necuon could not sustain rotations greater 

than 0.009 rad. and three of four tested con
nections iailed at much smaller rotations. 

Connections reinforced with beam-cover 
plates near the column flanges perfonned 

much better, and are potentially capable of 
sustaining plastic rotation of at least 0.025. 

rad. Official guidance for repairing and 
strengthening existing connections as well 

as designing new ones is not yet available. 
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The beam section near the connt>ction 
to the column is inherently weaker than · 
the rest of the beam. beca use oi the tlexibil
ity of the beam-web connection to the col· 

umn. Reiniorcing a connection with cover 

p\ates reduces the ten si le stress in the we\d 
and the column flange. In addition. it 

moves the highest-stressed region away 

frorn the connection along the beam. 

where stresses are lower. material is more 
ducule. stress raiser~ do not exist and 

there is much sma\ler variation in material 

quality than m the weld zone. Consequent

ly. the likelihood of pla:'tic ddonnation is 
increasf'd and the propensJty to crackmg is 

1 reduced. 
The repair of moment connections with 

smaller cracks was perfom1ed by grindmg 

out the defects and welding the ground-out 

material and finish w1th a fillet weld. The · 

repair of connections with large cral·ks ex-

1 tending into the co\umn tlanges was per
formed by first welding a knee brace and 

then cutting the defect1ve material and · 

welding the cutout. Thc knee brace was : 
1 added to transfer the beam moment due to 1 
1 . 
1 gravity load into the l·olumn and to prevent i 
1 joint rotation while the weld and the col- i 
! umn tlange were cut out. The knee brace · 

was designed to transfer the moment and 1 

provide as much room as possible for the : 

workers. 

Repair of the connection~ was·arduous. : 
First. the connection was preheated in ' 

preparation ior cutting the metal. Flame ~ 

cuttmg was done to remove the weld con- : 

necting the bottom flange of the beam to ; 

the column flange. Then. workers removed i 
a trapezotdal section of the column flange ! 
containing the crack. The cut above the ; 
bottom flange of the beam was honzontal, ' 

' and the cut below was inclined so that all ~ 

cracked material was removed: as a result ; 
there was a c\ear opening of up to 2 in. on ~ 
the inside of the column flange. and up to ! 
3.25 in. on the outside of the column ; 

tlange. After the cut surfaces had been : 
ground smooth. a brass backup plate was 1 

attached to the inside of the flange. The j 
connection was preheated and welding was 1 

performed using low hydrogen E-70-18 · 

e\ectrodes. The connections were success- 1 

ful\y ultrasonical\y tested ·18 hours after the ! 

repair work was completed. {) : 

Mehdi S. Zarghamee, F.ASCE, is a pn'ncipa/ 

and Rasko P. Ojdrovic. Associate M.ASCE, is a 

staff engtneer with Simpson Gumperlz & 
Heger Consulting Engineers. Arlington, Mass. 
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I'RFFACE 

Thc "AIJ Standard for Structural f:akulatton ni Rcml\lrccd Concrete Structures" (hercmafler 

abbreviatcd as the AIJ Standard) was ftr!>l puhli!-.hcd by thc Arclutcctural lnstitutc of Japan (AIJ) in 

1933 followed by severa! rcvisions, and 11 ha" hccn Wtdcly uscd as a mcthod for thc structura\ calcu

latJOn of rcinforced concrete structurcs 111 Japan ·¡he AIJ Standard, although basicalty based on the 

allowablc stress conccpt whcn determi111ng the safety entena, is pattmlly bascd on thc ultimate 

strcngth conccpt by mtroducing a conccpt or highcr allowablc stresscs for short-term working loads 

than thosc for long-term working loads, and thc ullimate shcar strcngth for shcar dcsign of columns 

and bcams. Rccently thc importance of structural Jesign hascd on thc propertics at the ultunate stnge 

has bcen widcly recognizcd. llcncc, thc Buildmg Standard Law Enforccment Order, rcvised m 1980, 

adopted thc rcqmrement to cxamme thc h11t:1al lo.u1 carrymg capacity of a structurc m its sctsmic 

provisions. 

The design guidclmes prcscnted hcrchy rcql!lres a mmimum lateral load carrying capacity of a 

structure to limit the response deformat1on during an earthquakc, and thc fonnation ofa ductile total 

yteld mechanism to dtssipatc earthquakc m pul cncrgy. Thc spccial fcature of.thc dcsign guidelines is 

that a structural dcsigncr should plan a dcsirahlc ytcld mcchanism for a structurc undcr an earthquake 

excitation and should design thc structurc to dcvclop thc planncd y1eld mechanism dunng a strong 

earthquakc In the first stcp of thc dcsign mcthod (dcstgnatcd as thc yield mcchanism design), thc 

designcr should plan a dcsirable yield mc~h:m1sm, and g1vc both the rcqmred strcngth to the structure 

and sufficient ducttlity to the planned yicld hingc~ In thc sccond stcp (dcsignatcd as thc yicld mccha

nism assuring design), thc dcsigner should prnvidc non-y1cldmg reg1ons ami mcmbers w1th suff1cicnt 

strength lo assure the fonnation of the plannctl ytch.l mcchamsm of the structure. Another fcaturc is a 

new proposal in shear design ofmcmbers ha~ed on a plasticity theorcm, in which shcar is assumed to 

be res¡sted by concrete arch and truss mcchanisms Thc umficd shcar design mcthod can be u sed for 

beams, columns and structural walls 

1l1e earthquake rcsistancc of the dcsign mcthod rclics on thc cnergy dissipation capacity at the 

planncd yicld hinges. Thus, the appltcatton of tlus mcthod is llmited to thosc structurcs that can 

develop a clearly dcfined yield mecharusm. !·rom tlu~ vicw point, thc proposcd dcsign guidelmes is 

no! intcndcd lo replace thc AJJ Standard that can be employcd for vanous typcs of structurcs, but 

supplcmcnt thc use ofthe AIJ Standard. 

Octobcr 1990 

Architccturallnstttutc of Japan 
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CIIAPTER 1 . GENERAL REQUIREMENTS 

1 Scope 

The prcscnt Dcsign Guiddincs dc<;crihcs an carthquake res1stant dcs1gn method based on 

ultimatc strcngth conccpt for n:inforccd concrete bulldmg structurcs, which shall form a yield

mg mechamsm durmg a strong carthquake Thc bltlldmgs shall sawify thc following conditions: 

(a) A momcnt-rcststmg framc ~tructurc or a momcnt-rcslstmg framc structurc with structural 
wal\s of regular conf1guration, and 

(b) A total height ofa building not more than 45 m . 

[ Commentary] 

The Ocs1gn Guidelincs dc!-cribcs an carthquake rcsistant dcsign method bascd on ultimate 

strength concept for a regular moment-rcs1sting frame structure or a mom_ent-rcsisting frame struc

ture with structural walls of a total he1ght no! more than 45 m. 

"The AIJ Standard for Structura\ Calculation of Reinforced Concrete Structures" is principally 

based on the allowable st;css dcsign procedure, ami adopts partially ultimate strength design concept 

On the othcr hand. the Building Standard Law Enforcement Order, revised in 19Rl, use two

step procedures in earthquake resistan! design: (a) The first stcp bascd on a\lowable stress design 

procedure; and (b) the second stcp to examine thc ultimate lateral load carrymg capacity of a struc
ture and member ductllity. The AIJ Standard is uscd mainly in the first step. The adoption ofthe two

stcp procedurc is beheved to ha ve improvcd the earthquake rcs1stance of a reinforced concrete build

mg, however, bccaUse the second procedure is only an examination, a structural cngineer is hard to 

envis10n the behavior of the structure at the ultimate state during the first step design procedure. 

The Design Guidehnes supplcments thc weakness of the A\J Standard not to cover the second 

step design procedure, and furthennorc shows a single-step ultimate slrength earthquake resistan! 

design method. 

The philosophy 1n the Design Gu1dclines is belicved to be commonly applicable to the design 

of general rcmforccd concrete buildings. However, the applicat10n is limited to regular buildmgs, 

which can develop a clearly defmcd y1cld mechanism under lateral loadmg. The limitation became 

nccessary partially becausc of the shortage of analytical cvidenccs and thcoretical support. A bmld

ing under design must be planned to have a unrform dtstribution of mass and stiffness along the 

hetght and in the plan so that a uruform re<;ponsc should be developcd during a strong earthquake 

Unbalanced distributton ofmass and stiffness is likely to cause a magnif1cation ofresponse in hm1ted 

locations, rcsulting in the formation of parlial yicld mechanisms with concentrated damagcs in the 

locations. 

Two rcasons for the height limitation are givcn hclow. 

( 1) The fundamental v¡brat1on modc JS dominan! in a bulidmg whose total hetght is not too high. The 

Dcsign Ciuidclincs assmnc<; thc format10n ofa planncd y1eld mechanism undcr fundamental modc 

vtbrat1on. 
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(2) Mimstry of Construction rcquirc..; a app1;n<>al of dcsign for a buildmg of more than 45 m m 

height. 

Thc mcthods spcciftcd m cach chartcr arl" -;ulltcntattvc duc lo thc lack of undcrst:J.ndmg Thi~ 

Design Guidclincs, mcludmg thc scopc, wtll he Jcvicwcd wtlh mercase of rcsc<lrch lindtngs In thc 

practica! applicatton of tlliS Dcs1gn tiuldclmcs, it 1s hopcd that all uscrs undcrstand thc conccpt 

behind ti, and use 11 correctly 

1.2 Defmitions 

Thc following tcnns are dcfinl"d fnr general use in thc gutdelincs 

Yicld Mechanism : A mechmusm lormcd by dcvclopmg ytcld hingcs m a structurc subjccted to 

horii'ontal carthquakc forccs 
frame Structurc: A structurc const!'>ting of bc;uns ami column<; which rcsist tl~c actions caused 

by carthquakc force:., commonly known a<; a momcnt-res1sting framc. 

Wall-frame Structurc A stwcturc conslsting of an mJcpendent multi-story contmuous struc

tural w.tJJs Of ofmulti-Siory COil(IIHIOU'i SITUC!uraJ \\aJis Wl\hin fi rrame S(fUCillrC. 

Yield llinge (Rcgton) · Locallon (rcgion) in a mcmbcr wherc plasttc <ict<mnation by bendmg 

momcnt is allowed lo devc\op 

Yield Mechmusm Design or Mcch:mism l)c<;lgn · A dcs1gn proccdurc to plan a targct ylcld 

mechanism and to dctenninc thc rc'iiStancc at planned yicld hinges In satisfy thc rcquired 

lateral resistancc 
Yield Mechanism Assuring Design or Assurance Des1gn A design proccdurc to provide 

mcmbcrs with resl<>lances ncccssary to avoid fa1lurc m region othcr than thc planncd y1eld 

hmges even under upper bound act10ns hy an carthquake molton. 

Overall Yield Mechanism A y1eld mcchanism 1n wlnch uniform inter-story dril\ angles by plas

tic dcformation are devclopcd over the structural hetght, typtcally a mechanism fonned by 

y•eldtng at all beam ends and at thc r1rst story column base 

Partial Yicld Mechanism . A yield mechanism m which inter-story dril\ angles by plastic defor

mation concentrate in a \unitcd numher ofstorics. 

Design Limit Dcnectton : Maximum mclastic response dcnection of a structure or membcrs 

allowcd under a large intcnsity earthquakc motion cons1dcred in design. 

Assurance Deflcction . Deformation capacity to whtch the destgn assurcs a structure and its 

mcmbcrs to perform w11hout fatlure 

Lmear Analysis · A structural analysis undcr dcstgn earthquake loads assuming equivalen\ sttff

ncss of membcrs realtstJcally cvaluated at thc yteldmg of a structurc. 

Nonlincar Analysis . A structural analy<>i<; undcr fund.tmental d1stribut10n of carthquakc loads 

assuming upper bound nexura\ strcngth at the planned yield hinges 

Primary Distribut1on of Earthquakc Loads : Average distribution of horizontal loads expcctcd to 
act on a structure during a strong carthquake. 

Momem Rcdistribution: Modificat1on ofmoments obtamed by thc linear ana\ysis by sattsfymg 
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the eqmhbrium uf inwrnal actions ami externa! carlhquakc loads, for the purpose of ratio

na! and cconomical dcs1gn and construction 

Dynamic Effects · Magnification of member actwns obtamcd by thc stat1c nonlinear analysis 

un,der thc pnmary distnbutlon of earthquakc loads to takc into account the contribution of 

highcr modc cOCcts 

Concurrency of B•·d1rcctional Earthqunkc Loads: EITect of simultaneous earthquake actions 

a long both pnncipal axes of the structure. 

Ultimatc Strength: Strcngth ofscrtions and members m general. 

Reliable Strength . Nominal strength of a scction or member ca\culated as the lower bound, 

using section d1mcnsions and minimum spectftcd matcrtal strengths and taking into 

consideration the rcliabtllty of strcngth evaluatmn mcthods. 

Upper Bound Strength: Nominal strength of a scct10n or mcmber calculated as the upper bound, 

taktng into considera! ion a\1 possible factors which contribute to the strength such as 

h1gher than spccifted material strengths, add1tional stecl placed for construction purpose, 

reliabihty of strength evaluation methods, sprcad of effective width of slabs and orthogo

nal walls 

Flexura! Strength · Bcnding resistance evaluatcd fnr a section, ncglectmg the interaction by 

shear resistancc. 

Shear Strength : Shear rcsistance cvaluated for a membcr assummg infinitely large flexura! 
strength 

Truss Mechamsm A shcar rcststancc mechamsm formed by longitudinal reinforcement of 

varying stress d1stribution, shcar rcinforcemcnt, and inc\ined concrete strut. 

Arch Mechanism A shear resistance mcchanism formcd by longitudinal reinforcement of 

uniform strcs<; distribution and a dmgonal concrete strut bctween the two member ends. 

EfTectiveness Factor for Comprcssive Strength of Concrete : Rcduction factor for compressive 

strength of concrete used in the cvaluahon of shear strength. 

Special Yte\d Hinge : A y1cld hinge of a column or structural wallthat requires a special rein· 

forccment detalling duelo high axial stresses 

Non-structural Member : A mcmbcr of a structure that is not planncd to carry earthquake 

actions 

[Commentary) 

Representativc terms are dcfined in this section. 

1.3 Symbols 

Ac ·cross-sectlonal arca of a column: 

Acc ·eiTectJve cros<>-scctinnal arca ofa boundary cohunn in a structural wall for shcar strcngth; 

Acore ·cross-sect10nal arca of a boundary cohnnn in a structural wall; 

Ag ·gross cross-sectional arca of longitudinal rcinforcmg bars in column scction; 
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·cro<>s-sectlonal arca ofa sct ni ~hear rcmforcing hars; 
:cro<>s-scct10ilal a1ca ofvcltu.::al !Cmfon:mg colunm in a wall panel, 

.cross-scctional arca ofinclmcd rcmforcing hars 111 a wall panel, 

:cross-sccllonal arca of mclincd remfort.:mg bars for shcnr strcngth; 

·design' base shcar coefflcicnt, 
:base shear coefficiCnt in thc yic\d mcchanism a<>suring des1gn, 

·standard base shcar Cllclficient, 

:overall depth of a scctton of bcarn or column, 

.overall depth of a scction of a boundary column m a structural wall, 

·effective dcpth ofa hcam-column conncclim1 (colurnn dcpth or hori1on tally proJectcd 

length of90 dcgrccs hook), 

:design nom mal strcngth of concrete, 

:horizontal load at the (Íi 1) noor; 
:height ofthc structurc from thc ground to thc (i-tl) noor leve\; 

:total hcight of the structure from !he ground leve]; 

·clear span of a column or bcam; 
:axial load ofa column in thc yicld mcchanism assuring dc'>tgn; 

axial load ofa boundary cohunn 111 a structural wall; 
.axial load ofa wall in thc y1cld mcchanssm assurmg dcs1gn, ' 

:honzontalload atthc (i +-1) noor dcfined hy a rcversc triangular dtstributton of setsm1c 

intcnsity; 
concemrated horllontali()ad at thc roof noor; 

·des1gn base shcar, 
.rotationa\ anglc at the yicld hmgc rcgton associatcd with assuring defonnation of a 

structural mcmbcr; 
:yicld mechanism assurancc inter-story deflcctton; 

:vibration charactcristic factor. 

:assuring rotational angle ofa v.~11l, 

:fundamental penad ofthe structure; 

:design shear for a bcam-column connection; 

:reliable shcar strcngth of a bcam-cohnnn conncction; 

:reliablc shcar strength of a beam or column; 

·sum of dead and livc loads for earthquake lnad1ng atthe (1+ 1) noor; 

:carthquake zone factor; 

:width of a section of a beam or column, 

:difference of dimcnsions ofbcam width ami column dcpth: 
beam width; 

:d1stance from thc face of a bcam to thc facc of a column, 

·effective w1dth ofa bcam-column connccti<m· 
·effecttve dC,.pth of a beam or column; ' 

:nommal dtametcr of a longitudmal reinforcing bar; 

:hcight of spandrcl beam or wtdth of wmg wnll; 
:he1ght of a wal\ for shcar design; 

-12-

p, 

Pw' 

Pw 

Pw< 
S 

{3 

/3 chi 

fJwhi 

J3 wi 

o, 
e 

v, 

.d1stancc rwm thc centr01d of thc cornprcs<;ivc resultan! In thc ccntroid of the tcnsLie 
resultan!; 
·d¡stancc bctwcen top ami bottom bars 1n a bcam or column; 

:cncfl'icicnt for cnmprcs<>tve axmlload lunit of a column, 

:coefl'icicnt for tcnsJic axml\oad lunit ofa column; 

:cocfficicnt for comprcss1vc ax1allnad limll ofa wall; 

:span length of a bcam or height of a column: 

:distancc bctween centers ofboundary columns withln a wall; 

:clcar span of a wall panel, 

:eqluvalcnt width ofa wall panel in thc arch (strut) mechanism; 

:equtvalcnt wictfh ofa wal\ panel in thc truss mechamsm; 

:number of stories, 

:shear reinforcemcnt ratio within a wal\ panel; 

:shear reinforcement ratio of externa! shcar retnforcement; 

.shear reinforcement ratio of a beam or column (AJ(b · s)); 
:required shear reinforcement ratio al the mtddle part of a mcmber; 

:space of shcar remforccment; 
.thickness ofa wall panel; 

:load concentration factor at thc roof floor; 

:ratio of shear carned by the truss mcchanism in the effcctive compres sive strength of 

concrete; 

:ratio of shcar carried by co\umns m thc i-th story undcr a higher mode distribution of 

earthquake forces; 
:ratio of shear carried by columns in the i-th story under the fundamental mode 

distribution of earthquake forccs; 

:ratio of shear carried by walls in thc i-th story under a higher mode d1stribution of 

earthquake forces; 
:ratio of shear carried by walls in the i-th story undcr thc fundamental distribution of 

earthquake forces; 

:unit weight of concrete; 

:stress difference of longitudmal rcmforcmg bars at the ends of a member; 

:h1gher modc coefficient; 
:incrcmentallength of an equivale~! wall w1dth by OOundary columns in the arch 

mcchanism; 

:incrementallength ofan equivalen! wall width by boundary columns in the truss 

mechanism; 
:projected width of a structural gap, 

:angle of thc compressive strut in thc arch mechanism; 

:angle of inchned remforccment to the axis of membcr in a wall panel; 

:angle ofinclined reinforccment !o the axis ofmcrnbcr, 

:coefficient of shear strcngth of ¡¡ bcam-colunm conncction; 

:effective factor for the cnmprcs~1vc strcngth of concrete; 
.effcctive factor for thc cmnprcsstvc strcngth of concrete in a non- lungcd mcrnhcr; 
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L '1' total pcrimctcr of longllmhnal rcmforcing bars, 

a 8 ·comprcssivc concrete <;trcngth, 
a ~Y :strength of shcar rcinforccmcnt in a wall panel to cstimatc thc rcll ablc strcngth; 

a w~y :strcngth of mclined shca1 remforccmcnt in a wa\1 panel lo estimatc thc rcltable strcngth; 

a wy ·strcngth of shcar rcinforccmcnt in a colunm or bcam to estima te !he rchable strcngth; 

a wyu ·strcngth ofvcrllcal shcar rcwforccmcnt m a wall panel lo cstimatc thc uppcr bound 

strcngth: 
a 

1
Y .st_rcngth ofinclincd shear remforccmcnt in a column or bcarn to cst1 mate thc rcliablc 

strcngth; 

a Y :nominal yicld strcngth ofa remforcing bar; 

a yu :strcngth of longitudmal rcmforcmg bars to cst1matc thc upper bound strcngth, 

r bu :bond strength of longitudinal rcinforcmg bars; 
r f :bond stress of longitudmal reinforcing hars generated by the nex.ural moment at both 

ends; 
r 

1 
·bond stress of longitudinal reinforcing b.us gcnerated hy shcar carried by the truss 

mechanism; 
:anglc of the comprcssive strut in the truss mechanism, 
:structural strcngth magmf1catmn factor m thc yicld mechanism assur ing design, 

IJI 2 :concurrcncy safcty factor, 

w ct :dynamic magmftcation factor of a column al thc i-th story; and 

Ww
1 

:dynamic magnificatlon factorofa wall atthc 1-th story. 

[Commentary] 

Representative symbols used in this guidclincs are annotated in this sectton. Symbols not listed 

in this section can be uscd in the following chaptcrs, whosc dcfmition wi\1 be given in thc corre

sponding commentaries 
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CIIAI'TER 2. MAITRIALS AND MATERIAL STREN<;TIIS 

2.1 Concrete 

.------------ ···---- ---· -------------------- ·--~--- ----·---·---, 
2 1 1 Materials, Quality and ·¡y pe'> 

Matenals for concrete and thc1r qual!ty shall conform to "Japancsc Architcctural Standard 

Spcc1fication for Reinforced Concrete Work (JASS-5)" publ!shcd by Architeetural lnstitutc of 

Japan. Typcs of concrete by aggrcgatcs shall be the normal wcight concrete with thc dc:.ign 

nominal strength (Fe) betWcen 21 O kgf/cm2 and 360 kgf/cm2. 

2.1.2 Material Strength 

The comprcss!ve strength (un) of concrete can be determincd by thc design nommal 
strength (Fe). 

{Commcntary] 

2 1.1 Materials, Quality and Typcs 

The concrete strength uscd in thc evaluation of mcmbcr strcngth in an ultimatc strength dcsign 

afTects directly the flexura! strcngth of columns ami structural walls, and the shear strcngth of beams, 

columns, structural walls and bcam-column conncct!ons. The reltabtltty of strcngth cvaluation meth· 

ods has becn examincd for structural membcr tests using a range of material strcngths outside the 

range defined in the gutdelines. llowcver, the range of the concrete strength is dctcrmincd in accor

dance with JASS-5 [Ref. 2.1) The use of light wetght aggregate concrete is excluded bccauc;e thc 

rehab1hty ofthe strength and ductility evaluation has not been establishcd dueto lack oftcst data. 

2.1.2 Matenal Strengths 

Reliability of the method to evaluate reliablc strcngths of a structural membcr is cxammcd on 

the basis ofactual concrete strength obtaincd m thc test. Thereforc, the concrete strcngth in a dcstgn 

must be the one that could be dcvelopcd 1n thc construction The variatinn m concrete strcngth is 

describcd in Ref 2.2. To understand thc quahty of concrete in recen! construction, thc rclatmnship 

between design nominal strengths ami standurd cylmder strengths, and thc rclat!onship bctwcen 

concrete core strengths in various mcmbcrs and dcsign nominal strcngths are discussed. 

According to the report [Ref. 2.3] from thc Japan General Buildtng Re<>earch Corporat1on 

(GBRC) on lhe concrete cyhnder tests on 24,000 spcctmens, thc average of 28-day strength of speci

mens by field water curing varies from 1.08 to 1 40 ttmes as largc as the dcsign nom1nal strength 

with standard variancc of 0.097 toO. 136 Thc risk probability of strcngth of specuncns by ficld water 

cunng falling below thc design nominal strcngth ts approximatC\y O 5 pcrccnt Examplcs <lf 

frcquency distnbution of the 28-day strcngth are shown in rig. C2.1 for d!ITcrcnt dc<>ign nom1nal 

strengths Coupon specimcn<; hy standard water curin~ show h1ghcr strengths than thu<.,c hy ficld 
water curing 
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Fig. C2, t Dlstribution of c:oncrele c:ornpressive strength. 
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lltcrc are sevcral recen\ rcpmts on aclu,ll concrclc o;;!rcnglhs in ditTcrcnt mcmhcrs [Rcfs 2 4 lo 

2.8]. The work by 'Iakahasht ct al [Rcf 2 HJ is quotcd herc1n. Thc dcs1gn nommal strcngth of 

concrete is 210 kgf/cm 2. The ICSults of comprcsston tests are surnmart?Cd tn FLg C2.2 for the 

concrete takcn from full-scale !'illuctwal spccmtcns (columns, bcamc;, walls and slah-.) constructed m 

usu<ll manner on stte. 

The 28-day strengths of concrete 111 both vetl1cal and horizontal mcmbcrc; are lower thán thc 

28-day strcngth of coupon specnnenc; emcd by ftcld water curing. llowever, !he 2R-d<ly strength of 

f¡e\d water curing has !he margin of aboul 1.2 times as !<Jrgc as thc design nommal strength, accord

ing to Fig C2.1. 

Taking mto account thc ptcscnl statc of concrete data and 19R6 rcvic;1on of JASS-5, the 

concrete strength U!>Cd in ca\culatmg thc rcliahlc c;trcngth is dccidcd to be thc dc.<.1gn nommal strength 

Fe Thc guidclines <lssumes thc use of concrete in comph<lncc with JASS-5. 1t ts warncd, howcver, 

that in ~omc cases 11 has bccn repot ted that thc concrete strcngths in mcmbcrs are less th<ln the speci

fted value duc to quality control nn thc sitc [Rcf 2 9]. 

llon7iontal Memher\...._ _.. ... , 
N(K'i.7l:d;' \ 

' 1 

' 1 

1 \ 

--ILeld Water Cunn11.. 
N(lUU, 4 ~,t,) 

- --·Verl!cal Mcmber~ 
N(9:,, 10 r,K) 

'•~·uc-~~----f,--~~----~~nmli_c~~~-.~---,tt.ln

Kdativc Streng!h t%l 

[Note] Figures in N ( ) denote !he average and standard dcvialton, respectively. 

fig. C2.2 Concrete 'ilrenglh in "erlical and horizontal members, and 

coupon specimen'i hy ficld water curln2 (28 days) . 

2.2 Reinforcing Stcel Bars 

,---------------------
2.2.1 Grades and S1zes 

Grades of rcinforcing bars shall he SD295A, SD295B, SD34S, or SD390, which conform 

to Japan Industrial Stand<1rd (JIS) (i 3112 "Stccl Barc; for Reinforced Concrete." Bar sizes shal\ 

be not grcater than D3R l>cformed PC bars, conforming to JIS G 3109 "Stecl Ihrs for 

Prestressed Concrete," may he u sed as shcar rcinforcemcnt 

2.2.2 Material Strcngths 

Matcnal strengths for rcinfnrcmg h;uo;; <;hall be !he valuc Jistcd in thc col u m (a) of Tablc 

2 1 for reliable strength calculatmn, and that lto;;tcd m the colum (b) ofTahle 2.1 fnr upper bound 
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strength calculatlon 

I'ARLE 2.11\tAII-:HIAI. STHENCTIIS OFSI'EEL UAI~S FOR. 

STH.EN<;·¡u CAI.ClJI.ATION 

Grade Strength Calculatmn 

L;.~:~t~ ~· ~,.,i~t';"_ •t ~"· """' ,:2'~··~··~ . 
[Note) Oy. spec1ficd minirnum yicld strcngth 

'----------~--~--~~ -~--·--·------- ------------·-----

[Commentary) 

2 2.1 Grades and S11:es 
In ultima te s.trength type design mctholl the ductility of reinforccd concrete mernhers is un por

tan!; hence, the steel with a good rluct11lty aml with known mechamca\ propenics should be u~ed 

Thc guidelines Jim1t the use of stecl m conformance with JIS G3112 (Stecl Bars for Rcmforced 

Concrete), and further of Grades SD295A (Dcformcd bars of nommal yicld stress of 30 l-.gf/mm 2
: 

295MPa), SD295B, SD345 and SD390 for both longitudmal and shear remforcemcnt llowcvcr, 

defonned PC Bars conformmg to JIS G3109 may be used as shear rcinforcemcnt. 

If the longitudmal bar is narrow, thc bar may bucklc after crushmg of concrete, lateral rcm

forcement must be placed al short spacmg to preven! buckling On thc other hand, ¡f thc 1ong1tudmal 

reinforcement is of large diameter, thc bond along thc remforcement tends to detcrioratc or splittmg 

cracks tend to dcvelop along the reinforcemcnt, and thc remforcement becomcs ddl'icult to <;plice by 

pressurized gas welding method. Furthcnnore, the cxpcnmental data usmg the large-diarnetcr hars 

are also limited. Therefore, the bar si Le is limited to that smal\er than 038 of a nominal diamcter of 

38mm. 

2.2.2 Material Strengths 

AIJ publicat10n [Ref. 2.2} shows the qua lit y of steel by blast furnad: stccl produccr, especial\ y 

distributions of yield stress, !ensile strength and clongation of deformed bars for rcinforccd concrete 

At present in Japan, more than 90 percent ofreinforcmg stecl for buildmg structures in confonnancc 

with JI S, however, rs produced by electnc furnaces. The quality of stcel varics with producers, 

monthly products, bar Stzes, and steel grades. Represent¡:¡ltve data are shown 1n Fig.-.. C2.) lo C2 5. 

According toa report [Ref. 2.10} by Japan Building General Research \nstitute on the tests of 

reinforcing bars in tension in 1985, thc average yield stress of all bar sizes (from DIO to D3H) for 
grades SD295 and SD345 steel are shown below : 

SD295 : average= 1.245 Oy (standard deviation == 0.07 oy) 

SD345 : average= 1.142 Oy (standard deviation = 0.06 oy) 
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'!he di:.lllhlltlons nfyicld slles-;c-., IC11:.1k strcngths and clong,LIIon a1c shnwn 111 Figs. C2.J and 

C2 4 for SIJ295 (approxunatcly 7,200 :.pccnncns) ami SI>J45 (apptoxmwtdy 1,200 spccirncns) ami 

for dllfcrcnt bar sues ( from D \9 to DJ2) 1 Rcf 2 1 O] 

Thc lowcr lnnit (=average- 2 O x standard dcvialion) of yicld stlC'iSC<; fnr grade SD295 is 

approxnnatcly 1 1 times as large as the nommal y1cld strcngth O:y for bar s1:re-; lrom IH9 to IJ32, hut 

thc y¡cJd stress fm use in relmblc strength calculation ¡-; takcn cqualto o>. The yicld stress for uppcr 

f'f~.:-h: 
' e .ot 4 ' 
:_~:2}_~ 

" 1 ft •9'.1 j 

y¡~:~~~~ i 
: 1 • "~ 1 ' 
' ..._ ___ .- j 

t:long,,lwn ('!{,) 

fcn'IIC Sncngth 

:¡ :::¡ 

'"-

Strcngth (kgf/mn1 1) 

..-----~ 

l : ;:7: ¡ 
' : 4m2 ~ : 
' 1 • ~9 1 ' 
: L •• -- -..J 

' 

' 
'" 

[Note] . n: No of Data, X Average (kgf 1 mm2), o: Standard Devmtion (kgf 1 rmn1), 

v CociT. nf Vanation (%), 1 cr~ M in Yicld Stress, rcrm Mm. Tenstlc Strcng1h, 

110m: Max Tensilc Strcngth, 1¡:;. Min Elongation 

1-'ig. Cl.3 StrenJ!Ih\ ami clnna.:ation di<otrihution ofSUl95 har<o. 
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bound strcngth calculahon is takcn to be 1 3 O~ Thc average strcS'\C'> of tcnstlc strcngth for 1)29 to 

038 bars vary from 5.6 to 57 tonf/cm 2 a11d appcar st.Jble, but thc dtstnbutions md1cate a widc scancr 

Elongations sattsfy the standard. Thc lowcr luntl of ytcld strcsc;cs for grade SIB45 ts comparable to 

nominal yield strength exccpt for D29 ami D32 bars Thc numhcr or data hccomcs small for gra(lc 

SD40 stcel, thc general trend ts sinnlar to that of grade SD345 stccL ThcrcllltC, thc ytcld stres<; tor 

relmble strength calculauon ts takcn as Oy 'lhc yicld <>tres-. for uppc1 hmuul -.trcngth calcul.Hmn was 

taken to be 1.25 Oy a\though the dtstribution varice; for bar <;t/CS lncidcntally, thc rcmforcmg bars 

produced by c\ectric furnaces occupies 70 perccnt of the data a hove 

~ 30 
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Y 1c:ld Stress Tc:n~1le Strength 

'" o n -~1 

': -¡- ·60 ' 
: ' -l 1 : 
1 ·- ~ ~ _; 
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.---- .. l 
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' ·~11 ' 
: ~ ~2 2 : 
' • ~q-~~ 

~-; .;.2·~~- ~ 
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[Note]: n: No. ofData, i · Average (kgf 1 mm2), o· Standard Dcv1al!on (kgf 1 rnm2), 

v. Coeff. ofYariation (%), 10y ·M in. Y1eld Stress, 1om: M in Tcnstle Strcngth, 
uOm. Max. Tensile Strength, ¡O: Mm. ElongatJOn 

Fig. C2.4 Slrenglhs and elongation distribution or SIH45 hars. 
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AIJ Standard for Structural Calculation of Rc1nforccd ConcJctc St1ucturcs (1988 Edition) 

rcquLres thc al\owablc ten si le stress of shcnr rcmfurccmcnt to be not llHllc than 3,000 kgf/cm2 for all 

stecl grade bccausc thc numbcr oftcst J,Jta usmg htgh strcngth shcar n:inli.llccment has bcen smali 

Rccently, the use of high strcngth shc<H reH¡forccmcnt was dcvclopcd with an increase in test data. 

Thcreforc, thc guidelincs do no\ llmtl thc ytcld <olrcss of shcar rcinfon:cmcnt lo 3,000 kgf/cm2, and 

allow thc use of dcformed prcstrcs<oing stccl hms. 

DistrihutLOil ol'ylcld sttcsses. tcn<>ilc sttcngth and c\ongation ts shown in F1g. C2.5 for DIO to 

D\3 bars [Rcf. 2 \0]. From thc figure, yicld stress for thc calculation of rchab\e shear strength was 
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Fig. C2.5 Str'-'nJ!Ih~ and t'lonS?,ation dislrihution ohmall sin bars. 
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tahen to be oy ·¡he use of g1,\(k SD3YO stccl fm ... tu:.u rclllli.JICCillcnl IS cxpcctcd 111 tho.:: futurc Thc 

y1cld strc-.<> lor 1Ciiabk: und uppcr bound S!rcnglho; "hould he c;ucfully dclcrnuncd on thc ha"1s uf 

actual data. 
lligh strcngth shcar tcinforccmcnt ts currcntly produced by four produccrs. Thc quality is 

stablc. Thc chtuacteri~tiCS of thc high strcngth -"hcar rcinlürccmcnt produccd by Comp.my A are 
su1nmar17cd 111 Tablc C2 1, :tnd their distnbut1ons in l'ig. C2 6 Somc -.callcr can be obscrvcd 111 yicld 
.... trc..<:.-.cs, but they ncvcr fall bdow nom1nal y1cld strcngth. Thcrcforc, y1eld stress for rcil<tblc o;hcar 

strcngth ca\culatlon IS tahen to he o~ 
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211 -

111· 

" 

'" 
N.,n\ln,tl Yu:ld Slren~lh 
1 l()~gf/mm' ,.. 

" 
" 

,, 

• __ __L.. __L.. ____.t._ 

1 1~ 1! l 1 1 1 l•lr> l~lo 

Y1eld Strenglh tk¡:f/mm') 

"' 
Nomwal Y1cld S1reng.1h 
IJOlgl/mm' 

:!1 

'" 
" 

N " .. 11fo <l(~g!jmm') 

1 1\(kgl/mm' J 

N• 4G 
l '" U'• 2(kgf/mm') 
a"' 1 1](\..gf/rnm') 

14!", 14li 1~7 Hll 1·1~ l'iU ¡r,¡ 

Y1eld Sueng1h (kgl/mm' 1 

[Note]· n ·No ofData, x ·Average (kgf/mm2). o: Standard Deviation (kgf/mm2) 

Flg. C2.6 Strength distribution or derormed PC bars. 
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TAIU.E C2.1 CIIARMTHtiS'I JCS OF JIJ(;JI S IIU:N<;TII SJIE,\1{ 

Rt-:JNFORCI-J\1ENT 

----··-- -~-~------ ------------. 
Diamclcr of Bar 

Tcns1lc Sttcngth 

(kgf/mm2) 

-------- ---------·-
Y1cld Stress 
(kgf!tmn2) 

Elongation 
(percentile) 

2 3 Constants or Mntcria\s 

No. ofCoupnn<> 
-------------· 

Spcciftcd 
Average 

Stand Dev. 
-------

Spccifted 
Average 

Stand Dev. 

Spec1fied 
Average 

Stand Dev. 

7.4mm 

7J 

145 

151 
o 97 

··----

130 

147 

1.43 

5 
9.4 

O .SS 

---------
9.2mm 

57 

145 

150 

0.75 
----

130 

145 
1 21 

5 
9.5 

o .so 

-------------
1\mm 

41 
-------

145 

150 

094 
-----

130 

146 
1.74 

5 
10.0 

0.42 

Constants or stcel and concrete are a o; llstcd in Table 2 2 

TAIILE 2.2 CONSI"ANTS OF STU:L BARS ANU CONCRETE 

Material 

Steel 
Concrete 

Young's Modulus (kgf/cm2) 

2.\xJOf> 

2 1 x 105(y/2.3)" (Fc/200)05 

Poisson 's Ratio 

1/6 
-------'----------'----

------
13mm 

--·---
46 

--------
145 

" ISO. 
0.85 

-----
130 

145 
1.11 

5 
9.6 

0.49 

[Note]"(: Wcight pcr unit volume (ton/m 3), and may be taken as 2.3 unless values are obtaincd 

by a more comprehenstve study. 

{Commentary] 

Rcf 

The constants for matcnals are taken from t'\.IJ RC Standard. 
Young's mndu\u<; for the cvaluation of stiffncss of concrete structures is suggcsted In rcfcr lo 

2.2, in which the deftmt1on or Young's mmlulu~. corrclation of Young'' modulus w11h stress 
\cvcl, influenc1ng fac\l)TS and cxamplcs of actual mca~u.n:mciiiS are d1scussed. 

__________________________ ................. .......... 
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CIIAPTER 3: s·¡ RUCTURAL PLANNING 

3.1 Cicncral Prulc!ples 

3.1 1 Planning of Yield Mcchanism 

Ytcld mechanism shal\ be planned a clcan total yield mechanism. 

3.1.2 Planning of Membcrs 

Locations whcre yicld hingcs are intcnded to dcvclop shal\ be providcd w1th both neces

sary rcsistance and sufl'icicnt ducli1ity. 

Locat10ns whcrc yield hmges are not intended to develop shal\ be provided with sufficient 

resistance. 

3.1.3 Planmng of Structural Layout and Elevation 

St1ffness and resistance shall_be uniformly distributed Wlthin a horizontal layout planning 

not to excite an excessive tors10nal v1bration during an earthquake. Stiff~ess and res1stance shall 

be unifonnly distributed along !he structure's height as well not to concentrate lateral deflection 

in a spec1fic story. 

[Commentary] 

3.1.1 Planning of Yield Mechanism 

( 1) Earthquake responses of a structure are significantly controlled by thc strength (i.e., the 

lateral load rcsistance) and energy d1ssipation capacity of the structure. The fundamental concept of 

th1s AIJ Guidelines to achieve seism1c res1stance and safety of a reinforced concrete building is that 

to prevent such a large dcflection generated as either to endanger serviccability or to lead to total. 

andlor partial co\lapse. With this obJective, the guidelines require a minimum leve\ of resistance in 

the building, and to dissipate a significan\ amount of the vibralion energy in a structure making thc 

response deflcction less, a clcar yield mechanism of the total collapse type should be planned to form 

in the structure with a grcat number of y1eld hinges that are capable of dissipating a large amount of 

hysteretic energy, distributed within the structure [Refs 3.1, 3 2] 

(2) The required minimum leve! of later-al load resistance of a structure necessary for seismic 

safety shall be determincd for a yield mechamsm planned and admissible deflection amplitudes 

mtended To achieve thc scismic resistmg conccpt outlined in the gutdclines on the bas1s of duct1le 

performance of an overall structure, the structure sh~ll be carcfully designed to form the clcar yield 

mechamsm planned, not to generating a\1 other unexpected y1eld mechanisms during a strong earth

quake. 

The minimum lateral load resistancc sha\1 have hecn determined on the premisc that the 

planned yield mcchamsm is dcveloped at thc dcflection \cvcl ofthe structure that is called the design 

llmit deflection, ant1cipatcd in a dcs1gn earthquake motion, and that the structure kccp<; the rcsistance 

w1thout deterioration beyond the des1gn limll dcllcction. 
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In uppcr st01ico;; of mcdnun- In high-m.c huildings, whcrc thc dc:-.1gn for gravity lnads deter

mines thc proport1011111g of a mcmhcr, thc lnlcndcd y1cltl hingc<; c;m mll dcvclop at thc dc'<;¡gn limit 

deformatton In tlus ca:-.c, thc rcqturcd lc\'cl of l.1tcral load rc:-.lo;;tancc shal_l be detemunctl nnt count

ing the encrgy d1ssipation at those loc,Ltlons whcrc !unges are not gcne1atcd with defmmatmn leso;; 

than the des1gn limit defonnat1on 

3.1 2 Plannmg of Mcmhcrs 
The blllldmg shall be ptovHicd thc rcqui1cd l<ucralload rcs1stance at thc spcc1ficd design limll 

denect10n, the correspondmg rcquircd tk,ural strcngth should be prov1dcd at thc planncd y1cld hmge 

Jocations 1l1c butlding shall kccp thc lateral load rcst,.tancc wtthout dctcnoration to an assuring 

ctenect\On beyond thc (!cstgn hm1t dcflcction, a sullíc1cnt defonnalton capahility should be providcd 

as well at the planned ytcld hmgc locatLons 

The locat\OnS ofr~mcmbcr whcrc a ytdd hingc ts not planncd in dc,.ign shall be prov1dcd w1th 

Sufficient strcngth so that thc planncd yicld mcchanism is cnsurcd 

3 1.3 Planning ofStructural Layout aiHI E\cvation 

(1) A bUilding undcr dcs1gn, in prmciplc, shal\ be planncd to have a umform d1strihu11on of 

mass and stiffness both m the horimntallayout plan ami along thc hctght so that a uniform response 

15 developed dunng an carthqu<Lhc An unh;ll¡¡nccd tlistnhutinn of ma~o;; :\nd stiffncso;; likely leads lo a 

rnagniftcatlon uf response 111 thc spcc1flc locat10n<; of thc bulldmg, rcsultmg in fonnnt1on of parltnl 

yield mcchamsms w1th conccntratcd damagc:-. 111\hl' linutcd local1ons 

Smce it 15 not dcs1rablc to com:cntratc pla<..t1c dctlcctiOilS at spcCifiC locallons dcvc\oping yicld 

hinges at vcry hm1\Cd localltics in ¡¡ o;;tructurc, wh1Ch would rcsult 111 a partial yicld mccham:-;m, thc 

distnbution ofmass ami stlffncss both mthc hontonta\layout pbn and along the hcight ofthc build

ing shal\ be planncd umform. 
(2) The uniformity m sh ITncss and mas<.. di,.tributton in the hori;ontallayout plan and a long thc 

height of a bt11ldmg ts tentattvcly cvnluatcd by the o;;o-ca\led cccentrie~ty ratio Re and sto~y stiiTness 

ratio~ defined in the Building Standard Law Enforcmg Ordcr in Japan [Ref 3.3). Within thc guide

lmes, provided that the calculatcd cccentnclly ratio Re 1s \css than thc spccifted figure 0.15, and the 

story stiffness rat1o R
5 

greatcr than O 60 in cach story leve\, the building can be dctcrmincd regular in 

shapc. The buildings that are detcnnincd not regular in shape are e"cluded from lhe guidclincs. 

(3) The eccentncity of strcngth (rcsistancc) can gencratc a torsional vihration in sctstmc 

response as v.-el\ as thc ecccnlnclly of mas" :md stlil"ness [Re f. 3 4) Thc guidclincs could not dcfmc 

the eccentncity of rcsistancc (strcngth). 1t 1s adv1sable, howevcr, lo pay múch attcntion on a unifonn 

distribution ofresistance in a buildmg. 

[Note· Thc ecccntriclty ratio Re 1s dcfincd by thc ratto of an ccccntnciiY distancc loan elaslic 

radlllS of gyrat1on m each story leve!; thc ccccntrlclty d1"tancc is obtamcd by a distancc tx:tween thc 

ccnters of ng1dity and mass; thc clao;;tic ratliuo., of gyrat1on is a square root of thc sccond momcnt of 

element stiffness about the center of stifTncss d1v1dcd by the sum of clcment sllfTncss "Jl¡c story !>ltfT

ness ratio R.. is defined by the ratio ofrsi• which 1<; the rcCLprocal ofthe intcr-story dcnecllon anglc Rt 

at the i-th story, to that of the average of r~,·s taken across al\ stories; thc inter-story dcncction angles 

Ri's are dcternlmcd undcr thc act10ns ofthe fundamcntnl phasc design scismic shear force.) 
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3 2 Framc Bu1ldmg 

,----------------------- ---- ---------
3.2. 1 Yicld Mechanism and Locat1ons ofY1eld llingco; 

Y1eld mcchanism, as a general rule, shall be of thc bcam-yicldmg typc, m whtch yield 

hingcs dcvclop atthc cnds ofall noor bcams am\ut thc base ofthc first story cohunns 

3.2 2 Ex.ccptions in Locattons of YtciJ lllngcs 

In planning ofthc yteld mechanism, yiciJ hingcs rnay form at the following locations; 

( 1) at the top of the top story colurnns, 

(2) in exterior columns wherc a,ialloads are rcduccd by sctsmic lateral forccs, 

(3) in interior columns that are not intcndcd to sharc seismic \atcralloads in thc design. 

[Commentary] 

3.2.1 Yicld Mechanism and Locations of Yield llinges 

(1) 1t is desirable to plan the structure lo forma bearn-yiclding mechanism (Fig. C3.2) to dissi

pate a vibration encrgy generated by an earthquakc c"citation through large ductility and melastic · 
hystercsis of a slructure 

Thc reasons to plan y1eld hingcs al bcam ends forming a bearn-yicldmg mechanism are: 

a) A beam is easy to ensure a largc ncxural ductihty smcc no \arge axial load works. 

1 --, 

GL. 

Flg. C3.2 "IOta! yidd mcchani"m orhC'am-yield t)pc. 
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b) A hystcrcs1s loop by y•eldmg of a bcam is stablc, and can d1ssipatc a sigmf1cant amount of 

encrgy. 
e) Damagc by yicldmg al bcam cnds can be rcpaircd relalwely w1th case, and resislancc restorcd. 

The reasons to plan the beam-yn:ldmg yicld mechanism are: 
a) Beam ends ·are localed large in numbcr throughoul a bmldmg, and thcy can be planncd lo 

dcvelop y1clding hingcs sunultaneously to form a total yield mcchanism. Whereas a partial 

ield mcchamsm formmg yicld hinges al a limited numbcr of localions can devclop a largc 

~eflccl 1on, a beam-yielding total mcchamsm can deve\op a modcralc deneclmn, dissipaling a 

large amounl of hyslerctic cncrgy al yield hinges \ocated at beam ends scattercd throughout the 

lmildmg. 
b) The nexural yieldmg at beam ends resultmg from formation of lhe bcam-yiclding mechamsm 

will not dm:ctly lead to collapse of the bUilding 
(2) Since columns are normally subjcctcd lo large axial loads, thcy are difficult to develop a 

large plastic deformation capacity. Through an experimental study on a c~1lum~ subj~cted lo late~al 
and varying axial loads combined that corrcsponds to the lateral dcnecl¡on stmulalmg an exlenor 

column of a frame building [Ref. 3.9]. under tcnsile loadmg, the column rcsislancc is found not so 
targe, wh¡\e lhe column develops a \arge capacity On the other sidc under incrcasing compressive 

loading, the resistance decays rap1dly beyond the maxtmum res1stancc is obtamed, and lhe deforma-

tion capac1ty is found lnntted under comprcssion. · • . 
Columns sustam the weight of a bullding. Stgnificant damage in columns, thereforc, wtll 

dircctly Jead to col\apse of a bu1ldmg 

GL. 

Fig. C 3.4 Partlal yleld mec:hanlsm by rorming blngesln columns. 
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Furthermorc, y¡eldtrtg at colwun cnds can k:ad to a story y1eld mechamsm that wi\1 form a 

partial yteld mcchamsm as shown 111 hg C3.4, 111 which the v•hratton cnergy shall be dissipatcd at 
the limtted ytelding storics, resultmg 111 a stgniflcant pla~t1c dcformatlon in thc yicld htnges and 

denection al the ytclding storics that develop the so-callcd bcmn sidcsway mcchanism. 

(3) Even lo intend to fonn a bcam-yieldmg totalmcchanism, ytcld hmges should be dcveloped 

at the bottom of 1hc rirsl story columns Found:llton glHlets, connecting the base of lhc f1rst slory 

columns, are normally prov1ded w¡th high <;ldlness and strenglh lo avoid uncven sculement of 1he 

foundation; thcrefore, thc f~undalion girders are din 1cu\t lo dcvelop yield hingcs. Furthcrmore, 1t ts 

not advisable lo form yteld hinges tn thc IOundatum g•rders by lhe followmg reasons: 

(a) A foundation girdcr, normally located undcr lhc ground, lS ddf¡cuh lo examine damage aOcr an 

carlhquakc, and it1s dtfflcult lo repair lhc d:unagc 

(b) The yicld hingcs of fow1datton girders are not dcsirable for lhe slability ofthe btulding 

From thc reasons mentioncd above, thc bcam-yielding total mechanism sha\1 be planned w¡th 
yieldmg at the base ofthe firsl story columns 

3.2.2 Exceptions in Locations of Yield Hinges 

( 1) A yield hinge can be allowed to fonn at the top of top story colurrms becnuse the column is 
normally connected to two beams at the joint. Bcams at the upper slory Jcvels are on frequent occa

sions dctermined from the des1gn for gravlly loads Therefore, unless lhe formation of a yicld hmge 

is nol allowed al the local ton, lhe design act1on<; m thc column would become exccssive. 

The fo\lowmg reasons can be pomted out to allow a y1eld hinge at lhe top of a lop slory 
column: 

a) The axial load in lhe column 1s small, thcrcfOJc, a largc deOection capacity can be easily 
expectcd at thc localion. 

b) Hystereltc energy, comparable to that al thc bcam ends, can be expected dissipated at the loca
tion. 

e) A yielding in a top story hcam may lead In lhe damage of parapcl in water proofing of the roof 
lhat will requirc a serious repatr work 

(2) An exterior column, i.e., a column posilioned al the ex tenor of 1hc frame, is subjected lo a 

large amount of tension and compress1on Jue lo an ovcrturning produced by lateral loads When the 

axial force in a column gcts !ensile, thc nexural rcsislance is reduced, causing nexural yieldtng in the 

column. 

An emptrica\ sludy has ind1cated an evidcncc lhat a column under !ensile axial force reveals a 

significan! defonnation capactty. 

A majar reason for avoiding column yielding is a difTiculty to ensure a large deformation 

capacity, since a column gencrally carries a high axial compressivc load. A column subjected to a 

!ensile loador lcss high compressive load. however, can develop a large ductilily 

(3) An interior column, i e. a column postt1oned within a frame, that is intcndcd lo share no 
seismic lateral load. and thc design of which J<; gnvernc<i by acllons from !he gravity loading, can be. 

allowcd to form a yiclding Yteldmg of ~IH.::h a colunm ts not hkely to lead to the formal ton of a 

partial story yield mcchanism The column, hm~cvc 1 , ~hnuld sustain the grav1ty load 
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3.3 Structural Wall-framc Building 

3.3.1 Layout and Con'figuratmn of Structural Wall<; 

Structural walls, as a general rule, shall he po<;llloned in symmctric locations lo forma 

regular strüctural plan, and <;hall be contlnuous ftom thc bottom 10 top ~tories 

3.3.2 Openings in Structural Walls 
Jfan operting is p\accd m a structura\ wall, thc etTect oflhe opcning 011 sttffness and rcsts

tance ofthe wa\1 shall be takcn into considcration. 

3.3 3 Localions ofYicld llinges m Struclura\ Walls 
A structura\ wall shall be planncd lo fonn a mcchanism yieldmg in ncxurc al its base A 

mechanism rotating al its base resultmg from up1illmg of the foundattons pnor lo yieldmg in 

flexure at the base can be intended as well 

3.3.4 Yield Mechanism of Frames 
Yteld mechamsm offrames withm a wall-frame bu1lding, as a general rule, sha\1 be ofthc 

beam-yieldmg type in each. Howevcr, 1f structura\ wa\ls are prov1d,ed a suiTtcient amount of 

resistance, yield hinges can be devcloped m columns 

[Commentary] 

3.3.1 Layout and Configuration of Structural Walls 

A structural wa\1-frame structure, in a general form, is const1tuent of structural walls couplcd 

with a set ofbeam-column frames. 
1t is desirable that structural walls are arranged in symmetry in lhc homontallayout to ensure a 

regular stiffness distnbution in plan, and are p\accd m continuity from the base to top of thc buddmg 

not to produce an abrupt discontinuity in both stiffncss and strenglh along thc height ofthe hutldtng 

Irregular configuration ofa structural wall wi\1 cause unfavorable y1elding that can result m formmg 

a partial yield mechanism not intended in design. 

A struclural wall that is located within sma\ler number of spans in lower stones is completely 

excluded in structural planning. A structural wal\ with a selback configuralion, which has smallcr 

number ofspans in upper stories, is, in a general rule, nol intended inthc dcsign since oflhc undesir

able discontinuity of stiffness and resistance of the building. 

In the basement, rigid and strong walls are placcd along the penphcry. In lhis case, a y1eld 

mechamsm of a structural wa\1 is often fonned clearly by a flexura\ ytelding al the base of the f1rsl 

story Therefore, the base of a structural wa\1 can be eithcr widcned 111 span and enlarged m thickne<;<; 

in the basement. 

3.3.2 Openings_in Struetural Walls 

lf an opening is placed in a structural wall for such penetration for ser vice facilities, stiffncs<; 

and strength of the wa\1 should be reduced accordmg to shape and location of the opcnmg, and thc 
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pctlp_hcry nf tite opcnmg siHlUid be Jcrnl(~rrr.:ll 1\ mctlltlli hl lt:llttcc stlll'llc-..~ and strct 1gth by an open

mg is nnt in p:~rllcular tnt10duccd •nthc gu1tklincs Whcn cmploying a convcntuma1 mcthod IOr rein

forcmg thc pctiphcry of thc opcning such a-. that proposctl in thc AIJ Calcula! ion Standard, onc 

should pay allentmn on thc plannrng that a structural walll\esigncd 111 conformancc with thc guidc-

1mcs ts cxpectcd lo dcvc1op a I<Hgcr dcfonnaiHlll capaclly <iltcr yicldmg than that tcquircd to other 

<;ltuctural wall<; u~ual1y tntendcd nn1J-duct1lc 

3 3 3 Lncatmns ofY1cld llingc<> m Structtual Walls 

(1) Thc planncd )'teld mcchatmm o fa -..tructuml wa\1, in principie, shall be thc one dcveloping 

a nexural yield !tinge at thc base ofthc w:~ll as showntn.Fig C3.6 lfthe sti!Tness ofa structure is 

dominantly pnwtdcd wilh thc structUJal walls. thc dcncction of thc btuldmg is delermincd by that or 

tite structural walls: thc dcnection IS control\ed tcsulttng in an almos! uniform shape along the height 

ofthe building [Ref:<>. 3 11 and 3 12]. 

As illustratcd 111 Ftg C3 6, 11cxura1 ytdd !unges are csscntially formed al bcam cnds on the 

boundary wtth the structural wa\1 unlcss othcr failures such as a shear yte1ding are formed in the 

bcams, and al bcam cnds on the othcr sidc unlcss lhc columns are provided no grcater strength than 
ncccssary 

G l. 

Fi~. C 3.6 'IOtal yi{'ld mrch:mi~m for a .. tructural wall-frame huitdin¡: 

forming a n{'xtlrat )idd hin~{' at the ha\e of a ~lructural wall. 
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(2) Unless a basement ts planncd, a yicld mcchani.;;m resulting from rotal ton oflhc wall cau-;cd 

by an upliftmg offoundat10n slabs cantakc place as shown in Fig C3.7. Y1cld hingcs wtll dcvclop in 

girders mcludmg foundalion girders that are connected tn the wall, which w1\l rcsults m formmg a 

beam-yield type mechamsm In this case, <litriculty is expeclcd lo exammc damagc 111 thc foundatwn. 

and to repair thc d:tmage afier an earthquake 
8oth yield mcchanisms of flexura! yicld hmge<; of the wall and rotat1on of lhc wall foundatton 

are ductile. A yield mcchamsm of shcar fa¡lure of the wall, howcver, lS brittle. 

G.L. 

Fig. C 3.7 Total yield mechanism for- a structural wall-frame building dnelop

lng rotation of the wall caused by uplifting of the foundation. 

(3) lf a basement is intended in a buildmg, a structural wa\1 shall be planned to dcvelop a llcx

ural yielding at the base of the first story. S mee the stiffness and strength of basement walls are 

greater than structural walls, it will be found most probable that y1eld hinges shall be formed at the 

base of the first story leve\ providcd that other failures such as a shear failure of the wall are coun

terc:d. Structural perfonnance is clear with the yteld hinges in nexure at the'first story base. 

When the one structural wal! forms a llexural yield hinge al the first story leve! and the other 

wil\ fonn a nexural yield hmge at the bottom ofthe waJI (atthe basementlevel) or forman upliliing 

rotation of the foundation, compatibility cond1tion in deflection belween lhe walls will gencrate 

deformation in slab members connecling the walls, or deformat10n in the walls not imttal\y intcndcd 

in design. Unless yield hinges develop at the first story leve\, it is hard lo mtcnd a clear structural 

perfonnance, and !he,' building can deve\op such an uncxpectcd yield hinge mcchantsm that is undc

sirable. 

(4) lf a pi le foundation is employed under a structural wa\1, the every res1stance agamst wa\1 

uplifhng should be considered including the counter-moment contributton of parallcl and orthogonal 
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foundattnn gmlcts, wctght of fimndatton atHI pdo.!'>. and othcrs Al lhc ptc~cnt. duc lo lack of both 

empírica! ami analylic,\1 rcsults, ti ts thfficult lo cvaluatc thn~c rc~i'>tanccs ~uch as thc pul\-out resis
tance of piles. 1 f thc pull-out tcststancc of a pi le were UIHien:.'>ltnwtctl in thc upltfitng mcchamsm, the 

structural wa~l can havc highcr resistancc agamst thc found:ltton uplifling than expectcd, whtch can 

dcvclop a shcar faliurc ofthc wall that ts noltnlcndcd 111 dcstgn 

Whcn rcststancc of lhc wall can he dctcrmtncd hy such as thc pulJ-out rcstslrmce of a ptle, onc 

shall inlend lo provtdc the wall with sufftctcnt sheat strcnglh nol lo gencratc a brilllc shcar failure 

taktng a s¡gn¡ftcant cxccss of rcsLstance into considcmtton. 

3 3.4 Yield Mechantsm of Frames 

In a structural wall-frame butldlllg, thc total yicld mcchanism can be obtaincd by preventing lo 

forma slory mechanisrn ofthe struclural wa\1 as l!tdJcated m Figs C3.6 and C3.7. lfa struclural wall 

is providcd wtth a sufficicnt strength lo preven! a shcar failurc, framcs withtn a structural wall-framc 

bmlding will not necessarily develop thc bcam-yicld type mechanism in an tndividual frame to 

produce an overa\1 deflcction umformly distnbuted within a building. lf structural walls govern the 

sttfTness of the bulldmg, the overall deflection is dclermined by lhat of the struclural walls. 

Consequcntly, formalion of yicld hingcs in columns will not always produce: an exccssive amount of 
dcfleclion al speciftc story lcvcls that will\cad lo a partt.ll story mcchanism. 

When strcngths of columns are takcn smallcr than thosc of beams m framcs, an cquilibrium 

condition suggesls formation of column-y¡e\d type mechanism. Wlulc the formation of yicld hingcs 

in columns does not lead lo a s1gmftcant deflectton at spectfic story lcvcls resulting in a story mecha

nism, 11 is not desirahlc and advisable from a potnt vtcw of dissipaling a large amount of hysterctic 

encrgy and cnsunng great deformatton capacity 111 ytelding memhcrs planned m dc.<;ign. Bascd on the 
reasons mentioncd abovc, it is dcsirable that a beam-yteld type mcchanism 1s ensurcd for each frame 

even in a struclural wall-frame buildmg. 

3.4 Foundation and Basement 

3.4.1 Foundatton Girdcrs 

Y1eld hmges, as a general rule, shall not be planned al cnds of foundation gtrders 

llowever, when a structura\ wa\1 is posittoned lo form a yield mechamsm by uplifling at the 

foundation, yield hmgcs can be planned al foundatton girder ends. 

3.4.2 Foundation Slahs and P1les 

Yie\d hingcs, as a general rule, shall not be planned in etlher foundation slabs orpilcs 

3.4.3 Basement 

Basemcnt of a slructure shall he providcd with suiTtcienl stiffness ami, as a general rule, 

shall not be planncd tn f<mn yicld hmge<; 
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(Commentary1 

3.4.1 Foundation Girders 
foundation girdcrs should not, as n general ru\C', form n part of the planned yicld mechamsm. 

The p\anning o( yicld hin¡;eo; al thc foundation gin\crs Cou\d be adv¡o;ab\c fro10 1!1t: pmnt of VICW that. 

yicld hingcs are not g.cncratcd at the h.tsc cnd of thc f1rst flonr cohunns that nrc hat d In cnsurc sun t· 

cicnt ductthty'because of thctr high axml strco;~c<; hotn nther points of vtew that yicld hmgcs m a 

foundation girder, are. han\ etthcr lo be examincd ami lo be rq)a¡rcd nOcr an carthquakc, and that 

foundation mcludmg lhc found,\11011 gudcro; shall provtdc a struclurc wtth stablc o;uppon, 11 should be 

dcsirable not lo fonn ytcld hingcs m foundat1on g1rdcrs 
When a strucluml wall is posllinned w1thin a htgh- or mcdium-rise building, an up\iOing rota· 

tion al ils base can be formcd, wluch ts une of the allowable ytcld mechanisms smcc 11 can d1ssipate 

vtbration energy eiTiciently wuhout a!Tectmg the rcststing capacity. When thc wa\1 is upllfted, 11 is 

inevitable to fonn yield !unges at foundation gtrdcrs at thc W.t\1 boundnry In thc ca<>c 10 allow yicld 

hinges formed at foundatton gtrdcrs, damage inspectton and rcpa1r ancr an carthquake should be 

taken into considera! ion in structural p\anning 

3 4.2 Foundation S\abs und Ptlcs 
Both found.J.tton ~labs and ptlc" :.hall not, in pnnc1ple, fonn a pa~t ofthc planncd y1cld mecha· 

nism. Simtlar to foundattnn girders. 11 1s trouhlcsomc m the foundation slahs and pi les to examine 

damage and to rcpair thc damagc A'i a part of thc foundntion .o;tructurc, they are cxpectcd to support 

firmly the structure. 

3.4.3 Basement 
1t is not dcs 1rable to form y1c!d hmgcs m thc bascment for thc rcason that 11 shall ~cttlc the 

structure stable to that dcscnbcd for foundattnn girdcrs, slabs <tnd p1lcs Thc ba.;;cment 1s, tn general 

construction, providcd with sun·tctcnt strength and s11fl""ncss. 

3.5 Non-struclural Membcrs 

3.5.1 lnfluence on Structural Mcrnbcrs 
Connect1on bctwecn non-structurnl ami structural mcmbcrs shal\ be p\anned not to givc 

influence on the planncd y•eld mechanisrn of a structurc. 

3 5 2 Countenneasurcs against Damage 

Damage and the resultan! pecling-on· of non-structural membcrs shall not 1nterfere wrth 

various building functions such as tho<>c neccssary for cmcrgency evacuation 
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rc~Jlllllli.:ll!ary] 

3.5.1 lnllucnce on Structuml Memhcr~ 

Those non-structural memhcrs sha\l be removed that can inlluence thc structural mcmbers 011 

thc forrn.1ti¡m of thc p\;mned ytcld mcchani'm or, in ~omc cases, that c.m inOucncc thc structural 

memhcrs to forma yicld mechan1sm othcr than tntttally planncd. 

Thc conncctton of non-structural mcmhcr~ to :;tructural mcmbcrs shall he carcfully exerciscd 

so that non-structural mcmbcr<> should nnt be damagcd 111 a small to moderatc corthquake, and that 

non-structura\ mcmhcrs should be struclurally dtsconnectcd from structural members dunng asevere 

carthquake when the planncd ytcld mechmusm c;m probably be formcd 

} 5.2 Countermeasures against Damage 

' In such a sevcrc carthquake as ltl dcvcltlp a y1cld mechanism ofa structure, (1) non-structural 

members shall be properly supported by thcrmclvcs not causing pccling-off that rnight dtsturb thc 

cvacuat10n or jeopardiLe the safety of occupants, and (2) non-structural membcrs shal\ be properly 

separoted from structural membcrs not lo givc inlluencc on the siructural membcrs in formation of 

the planned yteld mechamsrn, and shall not gcncmtc an excessive damagc to thernsc\vcs due to the 
scparation from structural members. · 
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CIIAPI"ER 4. DESIGN METIIOD 

4 1 Design Prmctplc 

4.1.1 Dcsign ObJcctivcs 
Thc obJCCttvc<; o1 structwal Jc<;ign :-.h,\11 he lo ensille both strcngth and scrviccabtllty 

ncccssarY for gravtty loadmg and for mcdu1n1 mtcnstty carthquakc mottons, lo assurc thc forrna

tton uf a ducttle total yicld mechamsm dunng a strong C.1rthqu<~kc motion and to cnsurc a mmt

mum restslance rcquircd not to dcvelop an cxccsstve dcfonnat10n. 

4.1 2 Dcsign for Gnivtty Loadmg 
Strcngth, defomtatmn, uncvcn scttlcmcnt, crackmg and vibration shall be cxamined undcr 

gravity loadmg. 

4 1.3 Destgn for Earthquake Loading 
Destgn for carthquake loading IS performcd both in the yiekl mechamsm dcsign and in thc 

yield mcchamsm assuring dcstgn. 
(1) In the yteld mcchanism dcstgn, planned yicld hingcs shall he provtded wtth !he reliable 

strcngth reqmrL'tl for thc spcctficd lateral rcsistancc uf a structurc antl wtlh sufftcicnt ductiltty 

(2) In thc ytcld mcchanism assurmg dcstgn, thc rcgions othcr than thc planncd yield hmges 

shall be providcd with thc rcliablc strcngth largc cnough to preven! failurc cvcn undcr uppcr 

hound acttuns during a strong canhquake motion. 

[Commentary] 

4 1 1 Design Objectivcs 
Two mtensity lcvels of earthquakes are constdcred for building dcsign; i c., moderate and 

strong carthquakes. Acccptable damagc for the two intcnsity leve! is prescnbed as follows 

For moderate earthquakes: For carthquakes which may occur scvcralllmcs durmg a ltfettmc of 

the building, damages whtch can be rcstored by minor repair works can be acceptcd; t.c., cracking or 

concrete but no plastic deforma! ton accompanymg stecl yielding 

For strong earthquakes: For an earthquake which possibly may occur once in alife time ofthe 

_building, damages which can be restorcd by substanttal rcpair works can· be constdered Maximum 

story dnft (Destgn Limit Deformatton) may reach as large as 1/100 drill angle. For the building, 

dcformation capacity (Assurancc Dcformat10n} sunlcicntly larger than the design limit deforma! ton 

should be providcd at the planned yield hingcs. 

1 he intensity of an carthquakc motion ts influcnccd by thc sc1smic mcchanism, wave propaga

! ton path and local soi\ conditions. Thc earthquakc reststant dcsign should considcr an earthqua~e 

that may have the mOst dcstruct¡ve effect on buildings WHhin the dcsign guidclines the intens1ty of 

design ground motion has not been defmitely spec1fied The intcnsittes ofmodcrate and strong earth

quakes, howevcr, may be ind1catcd in temts of cither maximum ground veloctly or accelerallon for 

referencc 
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Modera te carthquakc motions 

Strong earthquake mottons 

100-120 cm/sec2 111 acceleration 

15- 20 cm/sec in velocity 

300-400 cm/sec2 in acceleration 

40- 50 cmfsec in velocity 

Samplcs of real earthquake mottons wtdcly used tn a nonlincar earthquake response analysts 

are hstcd with the maxnnum amplitudes 

EL Centro ( 1940) NS Componen! 

Hachinohe llarbor ( 1968) EW Componen! 

Tohoku Univcrsity ( 1978) NS Componen! 

342 cmlsec2, 33 cm/sec 

180 cmlsee2, 38 cm/sec 

258 cm/sec2, 36 cm/see 

Although the design guidelmcs considers two levels ofcarthquake intensity,the design criteria 

are mainly established for the strong earthquake motion. Member actions developed m the response 

for a moderate earthquake motion will be assumed smaller than design actions under the design 

earthquakc loads. When the member actions rcaeh the stress lcvel calcul?ted by a linear struetural 

analysis under the design earthquake loads, the total yield mechanism wi\1 be formed, in principie, by 

simultaneous flexura! yielding al the planned hinge locat10ns 

S mee sorne damages can be tolerable in modera te earthquake motions, the redistribution of the 

design moments is allowed to optimtze strcngth distnbution and consequcnt reinforccmenl arrange

ment m a structure. 

lf the destgn moment redtstribution will be performed without limitation, the Jocation, where 
design moment dctermined from a hnear analysis is reduced,. is expectcd to dcvclop yielding from a 

moderatc carthquake motion and/or suffcr a significant damagc from a strong earthquake motion. 

Consequently, a limitation is placed on the amount of destgn moment redistribution. 

4.1.2 Design for Gravity Loading 

The Steermg Committee of Reinforced Concrete Structures, Arehitectural lnstitute of Japan 

(AIJ), has organized a sub-committee on Design for Long-term Loading, in which a design method 

for long-term loadmg on thc basts on the ultimate strength eoneept has been under discussion. Since 

the discussion has not bcen finalized in the sub-committee, the design for gravity loads may tenta

tively fo\low the "AIJ Standard for Structural Calculation of Reinforced Concrete Struetures [Ref. 

4.1 r based on the a\lowable stress design fannat. 

Dead load must be ca\culated from structural and architectural design doeuments. The values 

for !he live load, snow load. and wind load m~y be given in the Building Standard Law and associated 

Provisions or the "AJJ Guidcline for Loads on Buildings and Commentary [Ref. 4 2]." 

For the gravity load thal acts constantly in a building, adequate strength should be ensured 

necessary for safety, and cvery part of thc structure should be provtded with sufftcient stiffncss to 

preven! exccssive deforma! ion, uncven settlement, vibration ofslabs and other issues asc;ociated wtth 

serviccabtlity nr deterioration of durabtlity duelo a large crackmg. 
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4.1 3 Dcsign for Earthqualo..c Loadin~~ 
liori7onla11oad carrying t:<!p.~eity of a "11 uclurc 1s dele! mmcd 11om lhc slrcnglh of yicld hinges 

in the planned total ytcld mcchamsm In thc yicld mechamsm dc<..i¡;n {Mcchanical Dcsign). thc modc 

of yicldtng al yicld hinges mus\ be scleclcd lo he of duct!lc type, i c., of flexura\ ytcldtng type, 111 

princtple. Thc yiCld \unges must be prov1tlt:d Wtlh the rch:tble 1lexura1 strcngth n.,<.,sociatcd wtth a 

rcquired htiri¡onta\\()ad carrymg capacity, ami also providcd w1th ductlllty to al\ow sufflctcnt plastic 

deforma! ton. 
In thc y1eld mcchantsm assuring dcs1gn (Assurance Dcstgn), rcgions othcr than thc planncd 

yicld hingcs reqtnrcd for thc fonn:H1on ofthe total y1eld mcchn.ntsm shall he providcd w1th adcquate 

reliable flexura\ strcngths. Ami furthcnnorc cvery part of thc ~tructurc ~hould be provided wllh rcsis

tance against other fa1lure modcs than llcxurc so that thc structurc is as~urcd. to form thc planned 

yic\d mcchanism. For thc planncd yield hingc rcgLons duct11Lty sha\1 be providcd, for othcr rcgions, 

howevcr, ducttlity is not neccssarily rcquircd. 
To satisfy the above dcsign rcqu1rcmcnts, the mechamsm dcsign and assurance design use their 

own dcsign member forces dctermincd for lhc mechanism dcsign and a~surancc design, rcspectively. 

Mcmbcr dcs1gn forccs for thc mechnnism dcstgn are dctcrml!lcd by a \mear analysis undcr 

static design earthquake Joading, takmg dcterioratton of rnembÚ sttfliless into considera! ion and 

allowmg moment redtstnbution w11h acccptablc limitation. Mernbcr dcsign forces for the assurance 

design are detcnmncd by a non-ltncar analysts at thc fonnation o( th'e planncd yicld mcchanism 

assigning the uppcr hound ncxura\ strcngths at thc prescnbcd yicld hmges calculated for the actual 

. amount of rcinf~rcemcnt, considcring dynamic amp\if1cation ctfects aml b1dncctional carthquake 

response cffccts into account 

Thc followmg three deformation lcvcls ~hall be consLdcrcd (Fig C4-l ). 

(\) Yie\d Dcformation 

(2) De.~ign Limit Deformation 

(3) Assurancc Deformation 

Y1cld dcfonnatton corrcspund~ tcl thc deformat1on at thc yicld pomt o.n thc load-displaccment 

relation as a total structurc, ami Hlcally stgnify thc dcformation whcn all the planncd hingcs are 

formed s1multaneous\y under the stat1c destgn earthquakc loading. Smce in general cases, however, 

each yield hmge reaches its yicld strength at dtfferent deformat1on Jevcl, thc y1e\d dcfonnation of a 

structure is hard to be defined. Thc design gu1dehnes reqUtre~ thc y1eld deformation of a structure to 

be smaller than the speciftcd valuc so that the st1ffness of a struclure should be maintained and that 

thc rcsLstance of thc structurc could he fully developcd prior lo an melastic response defonnat1on 

(design limit dcformation) dunng a strong earthquake mot1on. 

Design Limtt Deformation is a llmlltng deformation by the design earthquake motion. Thc 

design gllldclincs assumes this dcfomlat10n to be \/100 radian in tcnns ofthc story drifi angle. 

A!'surance Deformation is the uppcr hound earthquakc response dcfonnatton considering !he 

devmtion of probable uncertaint1cs included in such as intensity leve\ and spcctral clmractcristics of 

[Note: A res1stance of a structure cannot be fully utill7cd if thc earthquake response defonna

tton is smaller than the defonnati<m at thc maximum rcs1stance. To expect the full reststance, provtd

ing a structure with adequate stiffness the resistance should be developcd wJthin a deformation range 
gencratcd during an earthquake.] 
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Sl1ong carthquakc mottons, SLic sub>.od tondtltons, pL'dormann: of thc destgned sttucturc and thc 

mcthod employed in an inelastlc dynamic analy>.is Thc inclastic dcformatton capat.:ity (ultimate 

dcformatlon and ductility) nt yicld hmges mu<>l be adequatc for the assumncc defonnation descnbcd 

hcrein. In destgn, thc assurance deforma! ion shall he sclcctcd much largcr than thc dc.sign hmtl 
deformation in order to cnstuc a deformation capactty ofthe structurc 

llorllontal Lo.td 

Load Lcvel 
for Assu:nance Dt!>1gn 
( ~ Slrcngth of 

Non-hmge Reg1on~l 

Lo.td Leve! 
for Mechamsm Oc!!otgn 
( ~ Strcngth of 

llinge Regions) 

, ' : r. :~oss1bl~ ~pper Uound 

' .. -- ¡, • - ~< 

. _,·': Ma:hani,tn Rchable Lov.cr Bound 

lmtml Yicld1ng 

De~ign l.im11 Deformauon 
::" 1/100 

( >- Esttmated Rcspon<.e) 

Y1cld Deform:1tion 
~ 1/lOO 

A!!osurancc Deform.tiÍon 
= I/7S·I/l>7 

( ~ Ocformahon C.tp.K'tty) 

Ovcr.111 lnLcr~Lur)' Dcform.t\Lon Anglc 

Flg. C4.1 Design loads and deformations. 

4.2 Dcsign Loads and ·n1cir Combination 

The dcad load, live load, snow load, wind pressure, earthquake forccs shall be combmed 
using appropriatc load factors. 

(Commentary} 

Loads for design of girders, columns and foundations that sha\1 be considcrcd with earthquakc 

loads are dead load, snow loa(~ wind prcssurc and ltve lnads, which are specified in thc Building 

Standard Law and accompanymg Provis1ons Thc building weight for thc calcul;¡tion of earthquakc 

loads includes the dead and reduccd live loads spcc1fied for the calculation ofcarthquakc load~ 1n thc 

Law. AH load factors are tcntat1ve\y spec1f1cd as umty untLI new infonnation is prov1dcd frnm 
rcsearch and development. 

Ultnnate strcngth dcsign mcthod (load f.1ctor-~trength rcduction factor design mcthod) or ¡11111 ¡ 

statcs dcs1gn mcthod rcqutrt:s a mcmbcr sl1cngth to be gre,¡\cr than thc mcmbcr fwcc under tbc tJHht 

severe combmat!Oil of loa<ls. For cxample, ACI-19X3 spccLrics thc load combinati011 s a" ¡11 11< 1ws 
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U = 1.4 D' 1 7 L 
U =075(14D+I7Lt\ \x\7E) 

U=09D+Lixl7E 

where D, L andE denote thc dc<HL livc and earthquakc loads respectively. 

(l'q. C4.1) 

(Eq C4.2) 

(Eq. C4.J) 

In Eq. C4.1, thc dcad \o,ld can be estnnatcd accuratcly, whilc thc hvc load mcludmg snow loads 

¡5 nuctuated dcpcndmg on ctrcumstanccs of thc butlding Thcrcforc, thc load fnctors for dcad and 

live loads are specificd in diiTcrcnt manncrs, and thc safcty ofthc structurc ts ensurcd even for stmul

taneous dcvelopmcnt of mwomum amplitudes. In Eq. C4.2, it is rccognized that thc probability of 

simultaneous occurrcncc of the maximum dcad, hvc and earthqu<Jkc loads is Jow; hcnce, the 

combined load 15 rcduced ttl 3/4. In Eq. C4 3, il is constdcrcd that thc columns undcr lowcr axml 

loads may dcvelop smal\er llcxural strength. 
This design guidelincs spccirics thc load factor for carthquakc load to be umty s1nce thc value 

ofhorizontalload carrymg capacity al the formation ofthe yield mcchanism is speciried. 

The load factors for gravity \oads are unity as we\1. The nexural strength of co\umns is affectcd 

by the amplitude of axial load. Therefore, columns should be designcd under both maximum and 

mimmum axialloads Since the dcs1gn guidelmes assumes the total yicld mcchanism ofbeam yield-· 

ing type, thc y1ctding in columns can occur exclusively at the bottom cnd of thc f1rst story columns. 

Although nexural strcngths of thc rirst story columns may be aOCcte'L n1c effcct of variation in the 

axmlload on the total amphtude ofhon?ontalload caring capacity wlll be sma\1. A large gravity load 

on the beams may cause the uppcr rcmforcemcnt of thc membcr to' yicld under a sma\1\ateralload, 

but th1s action may also delays the yieldmg of the \owcr reinforcemcnt of thc mcmber. As a result, the 
horizontal load carrymg capacity is almost invariant assoc1ated with thc changes in gravity loads. 

TI11s dcs•gn gu1delincs assumcs an average gravity load at the formation of the yicld mcchanism 

under a strong earthquake motion. The examinat1on at maximum or mtmmum gravity loads may be 

abridged 
Loads by wmd prcssure, soi\ pressurc, water pressure, v1bration and impact forces nccd not be 

combined with the carthquake load for simplicity and abbrev1ation of design procedure. 

4.3 Yield Mechamsm Design ( Mechanism Design ) 

4.3.1 Design Earthquake Loads 
( 1) In the y1eld mechanism design, the design base shear coefficient sha\1 be givcn by Eq (4.1 ). 

(4.1) 

wherc C 1, Z and R1 denote design base shear coeffi~ient, earthquake zone factor and vibra

lían ctlaracter~stic factor, respectively, and C8 designates the standard base shcar coefficient 

that shall be not less than 0.25 for a frame structure and 0.30 for a structural wal\-frame 

structure. 
(2) The design earthquake load may be assumed to act in the two principal directions sepa

rately. The honzontalload at the i-th floor can be given by Eqs. (4.2) to (4.4) unless dctcr-
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mincd by a spcc•,¡J study. 

lur !he top nunr 

(4 2) 

fur thc i-th noor (1 < n) 

in which P1 is gtvcn by Eq (4 J) f'1 may he takcn as zcro for a structural wa11-f'ramc struc

turc and for a frarne struchue ofnot mm e than ú stories 

(4.3) 

And P1 is givcn by Eq (4.4): 

P, = ( Q¡- P.)W, 11,1( l:W1 111 ) (4.4) 

where F¡, Q1, a, T, ll¡,lln, W, and n denote thc hon?onta\load at thc (i + 1)-lh !loor, des1gn 

base shear, load concentration factor at thc top floor to be spcci~icd 0.10, fundamental 

period of the structure ("" 0.02 lln). intcrstory height, total height of the structure from the 

ground leve\ in meter, sum of dead amllivc loads for earthquakc loading at the (i t 1)-th 

floor, and number of stories uf the bmlding, respecllvely. 

4.3.2 Linear A.nalysis 

Design actions in thc yicld mechamsrn dcsign "hall be bascd on a linear structural analysis 

using realistic member stirTncss and the following assumpttons. 

( 1) For members intendcd to dcvelop y¡c\d hmgcs, membcr st1fTness shall be a secant stiffness 

al flexura\ yieldmg For membcrs not mtcndcd to develop yicld hingcs, member sttfTness 

sha\1 be appropriately reduced from elastic stifTncss reflecllng cracking at thc calculated 

stress leve! 

(2) Moment of inerlla to detcrmme mernber sttffness shal\ be calculated for the gross section 

For membcrs havmg T-shape secllons such as T-shape bcam and columns wllh orthogonal 

walls, effective w1dth of flange mcmbers shal\ be taken into considera! ton. Contnbution of 

reinforcing bars may be ncglected. 

(3) Shear deformation shall be considered in structural walls. 

(4) Stress transfer betwccn adjacent parallel framcs through dtaphragm shall be considcrcd 

appropriately. 

4.3.3 Momcnt Red1stribution 

Member act1ons m thc y1eld mcchanism dcs1gn obtaincd by the linear analysis may be 

red1stributcd withm the followmg restricllons. 

( 1) Redistributed momcnts must ~tisfy thc cquilibnum condittons with the dcsign loads. 

(2) Rcdistnbuted momcnt shall be not g1eatcr than 20 or 25 pcrccnt oftl:c moment ohtaincd by 

the linear analysis undcr the dcs1gn earthquakc load" m a framc structurc or a struclural 
wall-frarne structurc 
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()) Changc in sum ofthc total jmnt momcnts al a !loor accompa1Ucd br_'ll:e momcnt rcdislribu

tton sha\1 be nol greatcr than 5 or 15 pcrccnt ofthc sum ofthc total JOllll muments oht:uncd 

by the !mear analysts under dcstgn car thquakc loads in a framc sttucturc or in a structural 

wall-framc structure 

4.3 4 Dcformation L!mlt 
Story drifi calculatcd undcr thc dcsign carthquakc \nads sha\1 he not grcatcr than \/200 of 

the story height. 

[Commentary] 

4.3. 1 Design Earthquake Loads 
The requircd u\llmatc hori7ontal load carrymg capacity in the second design stagc of thc 

current Japanese des1gn procedure 1S at \casi 1 5 times as largc a" that in thc first design stage bascd 

on an a\lowablc stress mcthod. Espccially in dcsign of low-rise buildings, thc rcquircments in thc fust 

stage design m ay be sufTtcicnl for thc required hon?ontal load carrying capacity of the second stage 

design, because addlttonal re1nforccmcnt may be placcd by thc followmg rcasons: 

( 1) minimum rcinforccment requirements, ' 
(2) use of ovcrsized bars and ovcrreinforcement for convenicncc in construction, and 

(3) rounding of requircd numbcr of rcinforcmg bars. . 
Furthermore, in the second stagc dcs1gn, sorne cffects lhat are ignored at the first dcsign stagc, 

may be considered such as· 
(\)material strcngth is l 1 times as large as the nominal strength, 

(2) ultimate strength design cquation is employcd to evaluatc thc mcmber strength; 

(3) rigid zone al a beam-column conncctton is cons1dercd; 
(4) slab reinforcement for bcams and intermcd1alc reinforccment m colunms may be takcn into 

account in strcngth evaluation; and 
(S) effect oftransverse members is takcn into account in strength cvaluation 

The leve! of carthquake design toad for the yield mechanism des1gn docs not corrcspond to the 

teve\s of the either first and second design stages in the Building Standard Law This design guide

lmes appears to select the structural charactcnstic coefficient (Ds), which is dcscribed in the Bulldwg 

Standard Law, to be smaller thnn the curren! Ds values by 0.05 because the standard base shcar cocf

ficient is taken as O 25 for a frame structure and 0.30 for a wall-frame striJcture. The coeffic1ents are 

not comparable because both the proposed destgn procedure and member strength evaluation mcthod 

are diffcrent from ones in the current design method. For CJO.:amplc, the stcel strcngth takcn 1 1 tnncs 

the nominal yie\d stress is used 10 the calcula! ion ofthe horizontal load capacity in thc curren! dcstgn 

practice, whilc the nominal yield stress is uscd in thc dcsign gutdclines /\\so in the guidelmcs, an 

[Note: Elastic earthquake destgn forces are rcduccd by thc structural characleristic cocff1ci!!nt 

Os, counting on ductility of constituent members m the second stage design m the Bmlding Standard 

Law. For a moment resistíng frame consisting of high ductile reinforced concrete membcrs, Ds of 

O 30 is taken.} 
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addntonal strcnglh duc lo conslniClion :.tccl on sne may no\ be utcludcd bccausc j¡ wi.ll not be effec

tive ¡mor thc dc.;;tgn limit dcfonn.tlion i:-. rcachctl 

Thc strcngth leve!<> ofthc propo.;;cd dcs1gn gt11dc!mcs ami thc Buildmg Standard Law cannot be 

dLrectly comparcd bccause lxlih thc dc~agnmcthnd and dcf111il10n ofrcs1~1ancc are d10Crcnt; however, 

thc resistancc at yicld hmgcs wi\1 almnst cqua\ c.1ch othcr for thc two dcs1gn mcthods, while the 

resistancc in rcgions othcr than al thc yicld hingcs from thc propnscd gu1dchncs wi\1 be much greater 

than that from thc ButhiLng Standard Law 1\ probable rcason comes from thc fact that the earthquake 

dcs1gn load leve\ for thc y•cld rncchanism dcs1gn 1s sclcctcd in conformancc with thc Building 

Standard Law nnd its accompanying PnwiSIOns ll 1S dcsircd that thc carthquakc dcsign load \evel 

should be rcvicwcd 111 ncar fulmc by exanuning cxpcctcd earthquake intcnsity and their structural 

response and by rcnccllng social and cconmmca\ demands 

¡¡¡ Comparcd toa structurc des1gncd in accordancc with thc Building Standard Law and accompa

rÍying ProvisJOns, a structure designcd accordrng to the dcs1gn guidclincs wi\1 behave wcll during a 

strong earthquakc motion. Although thc rcststancc al thc yicld !unges may be lowcr for the guidelines 

than for thc Building Standard Law, 1his design gmdclmes rcquires the prov1sions as follow that are 

not required in thc curren! design prov1sions 

( 1) Structural Plannmg 

The design guidelincs ts not appftcablc to trregular shape buildings or bmldings with less 

deforrnation capacity. With the prcscnt stalc of thc art, dynamic response of a structure to a strong 

earthquakc motton is hard to prcdtct with sutlktcnt accuracy, and rational destgn provisions are diffi

cult to establlsh with confidence. The ~cope is cxpcctcd t() be widcned with developmcnt of future 

researches. 

(2) /\ssurance ofTotal Yield Mechanism 

Regions of mcmbcrs othcr than al the planned yicld hingcs are dcsigned to rcsist amplificd 

dcs1gn forces lo covcr uncertamt•cs 1\ struclurc dcstgned by thc Building Standard Law may develop 

a story mechanism during a strong carthquake motion. The total yicld mechanism, no doubt, requires 

less concentration of plastic dcformation in constitucnt yield hinges, hence less ductílity at the 

planncd yie\d hinges. Therefore, a structure cnsured to dcvelop the total y1cld mcchanism perforrns 

good during a strong earthquakc mollon. 

(3) Ductility at Planncd Yteld llmgcs 

Thc planned yield hinges are dcstgncd lo a<>surc a plastic deforma! ion capactty to the assurance 

dcformation, which is spectficd grcatcr lhan the max1mum response dcformation in an cxpected 

strong carthquakc motion Thcreforc, the ytcld hmgcs are bcllcved lo maintam their resistance in an 

earthquake having greater mtenslty. 

(4) Realisttc Structural Sttfl.ncss in /\nalysts 

Yie\d deforma11on under thc dcsign cmthquakc loads is cstimatcd in rcahstic manncrs by using 

reduced sttffncss dueto such a~ cmckmg, and thc valuc ofthe y1cld deformation is Jimitcd to cnsure 

stiffness of thc structure 

(5) Dcsign ofBeam.column ConncciHHl 

Thc dcsign of a hcam-column conncction not hav111g hccn requircd in thc Buildmg Standard 

Law and liS accompanymg PnlVl\IOIIS 1s ckarly uliJtuJuccd 111 thc gmdclmcs 
(6) Rcutforccment De1ailmg 

Add1tiona\ reinforcement dci<Hling" are lC(jtllrcd in thc design guidclmc<>. 
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The earthquake dcs1gn load distribution a long thc height of a structurc, whLch w11l dctcrmmc 
the strength distribut1on at the planncd yicld hmgcs, ts of an invcrted tnangular shapc that approxi

mates an average distrihution of earthquake loads observcd in nonlinear carthquakc response analy

ses. For a building which develops thc total yicld mcchanism, the distribut1on of beam strcngths 

along the height may not control the performance of thc structurc providcd 11 1s givcn thc rcsi,.tancc 

defined by an equivalen! single-degrce-of-frecdom osctllator In other wonls, 1f thc columns do not 
yield, plastLC defonnation demand in thc heams are expcctcd lo be uniform and 10depcndcnt of thc 

beam's strength distribution. A high-rise frame structure wtthout multi-story structural walls, 

however, does not devclop uniform story drift dunng earthquake exc1tation. 
Figure C4.4 shows sorne examples of the static and dynamic deforma! ion response (dnft anglc) 

of a twelve-story frame bu1\ding, which was designcd using thrcc typcs of lateral load d1stributmn; 

i.e., (a) the invertcd triangular distribution, (h) thc uwcrtcd tnangular distnhution w1th the conccn

trated roof-levelload (P1 ,:; 0.05 T Q¡), and (e) the im;crtcd triangular d1s1ribution w1th the concen

trated roof-levelload (P1 = 0.10 T Q 1) A tall framc building destgncd using mvcrtcd triangular load 

distribution (seismic eoeffic1ent shown in F1g C4.4 (a)) dcvclopcd largc beam dcfonnation in thc 

upper stories. Thc large response at uppcr stories would be caused by top heavy distnbution uf earth

quake forces (in other words, dynamic cnCct) dunng an earthquakc mot1on, which ts a"soc1atcd with 

e\astic deformation of columns befare formation of thc total yicld mechamsm. Thosc largc responses 

could be reduced by inercasing thc heam resistance al upper storics (as'shown m Figs C4 4 (b) and 

(e)) by concentrating a part of earthquake loads ilt the roof-lcvel However, therc has not bccn a theo

retical method established of determimng the dLstribut1on of beam strcngth to ensurc a umform di,.tn

bution ofbeam deformatton and ductility m a structurc 
According toa nonlmear earthquakc response analys1s ofa structurc, 011 an average thc dtstrib

ution of lateral forces is similar lo that of an inverted triangular d1stnbution, which is suni\ar to thc 

fundamental modc shape, and thc max1mum story shear force can be ca\culated by superposing this 

fundamental mode response with higher modc responses, which are deviatcd from the fundamental 

mode response) The lateral forces of deviating components may increasc lateral load" m thc uppcr 
stories at an instance, and then may increase the lateral load al the lowcr stones at othcr tnstances 
The increase of the upper story lateral load is of signiftcance for the maximum deformation of the 

structure. The deformation ofbcams may also be mcreascd by the elastic dcformatlon of columns 

Within this guidelines an invertcd triangular lateral load distribution is spccified as a funda

mental design lateral load dtstribution For a relativcly high buildmg, an additional\oad conccntratcd 

at the roof leve! is specified in ordcr lo increase the beam strengths in !he uppcr storics Thc amount 

of this additionaltop story load is detcrmmed from the earthquake respo.nc;e analysis 111 a conscrva

tive manner, which can be reduced with a special mvestigation. A\so, other types of load d1stnbution 

may be employed if uniform story drifts may develop. Al\ other effects that are causcd by the highcr 

modes on lateral load distribution are considcrcd m the yield mechanism assuring dcsign whcn 
designing the columns and structural wal\s 
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Fig. C4.4 Design load dislribution and reo;pono;c derorrnatlon in a frame struclure. 
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4.3.2 Linear Analysis 
Thc strengl\1 d1stribution al the pl.111ncd yit:ltl hingc.<; shou\d be detcnmncd by thc analyo;;¡s that 

represents a rcalistic stress dtstribution at thc formal ton nf thc total y•cld mcchanio;;m. Thc rcasons 

are· 
(1) to avoid ytcld iunges formcd during a motlcr.l!c carthquaJ...c mntion. 

(2) lo devclop a s 1mu1tan~ous ytcldm~ al thc planncd yicld hingc~ to preven! conccntratcd deforma

tion during a strong earthquakc mnt•on. ami 
(3) to ensure the format1on ofthc total yicld mcchamsm pnnr to thc dcsi~n lil!lit dcformatton. 

Therefore, a ltncar analysis with thc sttn'ncss dctcrioration duc lo crnckmg or, ptc!Crably a 

nonlinear analysis is recommendcd In a linear analysis. lo use thc ~ccant sti!Tncss at thc yu:ld point 

evaluated for the actual stccl arrangemcnt for mcmbcrs with the planncd y•cld hinge<; and/or thc 

reduced stiffness due to cracking ami othcrs is strongly tksuabk depcndmg upon thc stress lcvc\s 

reached undcr the earthquakc dcsign load. S1ncc, howcvcr, thts procedure i" vcry complicatcd and in 

sorne cases may not be fully just1fied, thc st•ITnco;;s reJuctlon factor listed 111 Tablc C4 1 may be uscd 

for simplictty. The cffect¡vc wtdth of sl.tbs for thc cvaluatmn of bcam elastie stitTncss spt:ctf'Lcd in thc 

"AIJ Standard for Structural CalculatLon of Remforced Concrete Structures and Commcntary [Re[ 

4.1}" can be employed 
The st1ffncss of mcmbcrs with thc planncd ytcld hmgcs shnuld be carcfully cstunatcd stncc 

their stiffness 1s strongly rclatcd lo the valuc of thc Jco;;q~n ILmit tlefonna{¡on Thc sllnhco;;s rcduction 

factor for mcmbers with the yicld hmgc<; planncd at both cn~s slmuld be lc.,s than 0.5. The reduction 

factor shou\d not be rcduced intcntionally by convcnicncc nf dc..,tgn Thctefore. the Jowcr hound LS 

spec1fied as thc sccant sttn'ness at the ytcld pmnt 'I11c stinnes<> rcductton factor wi\1 be cvaluatcd 

when the amount of reinforccment is dctermined The reduct1otl factor, hnwevcr, m<~y be takcn not 

less than 0.3 at the initial stagc of dcs1gn without conftrrnalton. 

lf a yield hinge 1s planncd nnly atan cnd of column such as a first-story co\umn. thc use of 

reduced membcr sttffness in an clasttc analysis may not gtvc a rcahstic stress and dcforrnatton dtstn

butLon. For an cx.act analysis, thc use of rotational spnngs at thc planned hmge is reqwred. Thc base 

of a first- story column m ay be dcsigned with sufTicLent amount of reinforccment more than requircd 

against the design force. When the slructurc thus dcsigncd LS analy?cd in a nonlincar rangc, the base 

of the first-story column docs not yicld up lo lhc dcsign hmit dcfonnatton (building drift anglc of 

1/100) in a frame structurc Consequenlly. in a conscrvative dcstgn, an elastic stiffness may be uscd 

for a first-story co\umn in a linear analys•s for the yic\d mechanism design 

The e\asttc stiffness reduction dncs not stgmficantly changc thc mcmber force dt<;tribution in a 

frame structure, but both elastic mcmbcr stiffness and foundattnn stdTncsS aiTcct the stress dtstribu

tion between frames and structural wa\Js m a wa\1-framc structure. In wa\1-frame structurcs, it shou\d 

be noted that the simplifled shcar force dislnbution mcthod such as the Muto's D-valuc mcthod docs 

not give an accurale shear force distnbution For thosc structures, a linear analysis using a computcr 

is rccommended 

For a mcmbcr withoul the planned yield htnges. the uncrad.cd clastic stiffne<;s may be uo;;cd for 

sLmpliclly, but use of thc rcduccd stiffncss dependmg on streso;; leve!<; for both shear and axial loads 
un'der design earthquake loads is desirab\c. 

In a frame analysis, aH frames can be inter-connccted assuming ng•d lloor s\abs, and be 

analyzed as a structure In the case when a Jarge shcar force io;; transfcrred from framcs toa structural 
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wall, thc in-p\ane sttllilC.\S nnd re~•stanec of thc Jloor ,..,l:Jh .\hould be considercd· Thc ctTect of trans 

VC!SC mcmbets, whieh are cxpccted duc to dtll\:teEUial vertical dcfonnations bctwccn ·the wall and 

framcs, may he constdc•cd tn a !mear analysts fm thc y•dd rncehanism dcstgn using a three-dimen

sional or pseudo couplcd model In this case, thc t¡;msverse beam should be dcs•gncd to resist the 
forccs calculated in the nnalysis 

'llu: ILneM analys1<> ts dcsttL'd In be a.~ rcalt<Jttc ;1s poss¡bJe. Thc rcdtstnbution of calcu\ated 

forccs, hnwcvcr, IS allowcd \() make thc !>lec! rcmforccmcnt arrangcment umform and \Onstruction 
with case 

TAHLE C4.1 STIFFNESS IU:JlUCTION FACTOR IN A LINEAR ANALYSIS 

rlexural Axial Shear 
Stifllles~ Sllffness Stiffness 

(a) Beam 
WLthouL Hmgc~ lO (LO) ( 1 O) 
Ytcld lhngcs 0.3- o 5 (LO) 03-(1.0) 

-
(b) Column 

Wuhout liLngcs lO lO -(1.0) 
Onc Yield 1 hngc 07 LO (LO) 
Two Yield llinge~ <p-os LO (LO) 

-----· 
(e) StruCIUral Wall 

Wuhout 1 hnge~ l. O 1 o 05-1.0 
Y1eld llinge 03-05 LO 0.3-0.5 

(d) Beam·colwnn 
~ ~ LO Connectton 

(e) Slab 0.0 (LO) (1 O) 

(Note] The stiffncss may be taken mfinity for ( 1.0). 

4.3 3 Moment Redistnbutton 

lf the amount of rcinfnrccment at the planned yield hinges is greater than that required by the 

linear analysis against thc des1gn carthquakc loads in the yield mcchanism design, the resultan! hori

zontal load carrying capactty of the structure would become larger than that required by the earth

quakc design loads, resultmg from the roundtng of the numher or reinrorcing bars, the limitation of 

bar size in avatlable, the convenience of using the same bar sizes, the reinrorcing bars continuous 

through a bcam-co\umn joinl by lhc reason or easy construction and othcrs. The required amount of 

top and bottom steel•s significantly diiTerent w11h each other at the beam end, since the amount of 

bottom rcinforcemcnt LS oflcn governcd by the minimum reqlllremcnt ora tcnsilc rctnforcement ratio 

or that of a comprcssivc lo tensilc rcinforccment ratio And the u\timate flexura! strcngth of a wall 

hase nllen excecds the rcquircd dcsign moment lf thé strcngth at the planned yield hingcs bccomes 

cxcc<;sivcly largc a<> mcntmned abovc, thc rcgtml<; olhcr than the planned yicld hmgcs must be 

designcd fnr proporttonally enlargcd de<;1gn force<; tn thc yicld mechanism assurmg dcsign lhat 

fo\lows the yicld mechamsm dcsign lf the exceso;; of 1hc strcngth were largc, the y1cld mcchamsm 
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assuring dcstgn wi\1 facc somc di!Ticuhtcs 111 at rangcmenl of stcel bar~. am1 <1S a rcsuH thc t\cqgn of a 

structure become.<> uncconomtca\ 
In order lo minimi:tc lhe overstrcngth at thc pl:mncd yield hingcs, thc rcthstrihution or dcstgn 

moments is allowed; i e, the large dc<>ign momento; at o;omc planned ytcld hmges can be dislnbutcd In 

other planned y1ci¡llungcs ofthe small dcsign moments resultmg in an muform strength distnhution 

Therc is no definí te proccdurc spectftcd for thts rcdistnbullon. 
The rcdtslributcd momcnts should be cxammed lo sallsfy thc equllibrium comhtions wtth thc 

design earthquake loads. In thc case that the moment is rcdistnbuted among members tn thc story, the 

amount of redi<:tributed momcnt may be chcckcd at the story nade momcnts. lf thc momcm is rcdts

tributed cross thc story lcvcls in the structure. the total work done by lhe yteld moment~ through a sct 

of vtrtual dtsplaccmcnts should be chcckcd grcatcr than that done by the dcstgn carthquake \oads 

through the prescnbcd v1rllml displacements 
Smce a linear analysts may determine n real stress dtslnhution at the formal ion of thc total 

yteld mechalllsm, it is desirablc that the amount of moment rcdtstnbution w11l be as <:mal\ as posst

ble. The \nmtation on thc amount of redistrihutcd moment is placcd. The amount should he allowed 

within the mnge lo satisfy the conditions ( 1) through (3) m 4.3 2 "l,.incar Analysis" A recen! study 

on the moment rcdistribution ofa frame struclure {Ref 4.7} has shown that over-rcmforccment can 

be avoided w1thin this limlt temporarily placed and thc earthquake respon~es may fa\1 wttlun reason

able values 

4.3 4 Deformation Limit 
This destgn guidclines assumcs the tlec;tgn hmit deformation (thc expected maximum ine\asttc 

response dcformation during a strong carthquake motion) to be 1/100 of story dnfi anglc. Setting the 

building drifi to be thc prescribed valuc at the dcsign earthquakc load in the yicld mcchanism dcstgn, 

the structure is ensurcd to posses<: adcqualc slirTness and to devclop the necessary resistance by the 

destgn hmit dcformation mdircctly. 
Since flfSI the 1im1ting value is mtendcd to ensure the stirTncss, and secondly thc concentra! ton 

of deforma! ton in specific limitcd stoncs are avmded m thc dcs1gn, the bUJidmg dnfi can be dcfmed 

as the dcformation of the centroid of externa\ forces relative to the foundation. The ltming defonna

tion IS intendcd for the sliffness control ofa super structure The deformatJon caused by llex.iblilty in 

the foundation may be ignored, since the foundatton sllffness is hard to be cvaluated wilh sufTJcient 

accuracy. 
lt shou\d be noted that the bmlding drin shall be calculated to cstimate the yteld dcfonnation 

using the reduccd stifl'ness of the mcmbcrs Thcrcfore, if a linear analysis iS used. the still'ncss reduc

tion due to cracking should be properly represenled in thc mcmber sttffness In an actual destgn 

process, smce the cracked stiffness (ex.actly speaking, the secant stiffness obtained frorn the yield 

point) cannot be defincd prior membcr proport1oning, the fol\owmg simplificd still'ness reduwon 

ratios can be uscd: 

( 1) elashc sltffncss for mcmbers wilhout planned yie\d hinges; 

(2) stlffness rcduclion .of O S for members with planned yic\d !unges al the both ends, 

(3) sllffness rcduction of0.7 for members with planned yield htnges at the onc cnd, and 

(4) defonnation limtt dccreased to the building drifi angle of \/300 radian for the structurc 

lf thc story drift obtained by the a hove simplifted concepts does not mcct thc dcformation hm1-
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tallon, thc dcformation must be rccxannncd 111 detall in thc ytcld mcchamsm assuring design by 

etther a \mear analysis ustng more rcaltsttc mcmhcr stt!Tness ora non\mear static incremental load 

analysi<>. Some <lin'iculties in destgn may be l)tccd whcn a nonlinear analysis is employed to examme 

the defonnation hmitatton. since the uppcr hound strenglhs are taken for strengths at thc ytcld !unges 

in the analysts Wtthinthe yield mcchatusm ;ts~urtng dcsign. For thc diO'iculty in thc design menttoned 

a hove, 1f the reststancc :lt thc deform:ltton limit IS evaluated lo be greater than the destgn carthquake 

loads, the structutc is tcgarded to sattsfy thc dclimnation lunitation. 

4 4 Yield Mcchanism Assurmg Design (1\.ssurancc Destgn) 

4.4.1 Design Actions 

Design actions tn the ytcld mcchamsm assuring dcstgn sha\1 be based on a static nonlinear 

analysis assuming uppcr bound strcngths to dcvclop at the planned yteld hinges, in which design 

forces are magnifted by the fo\lowmg factors· 

( 1) the dynamtc effects; and 

(2) the eoncurreney ofbtdirccttona\ carthquakc actions 

4.4 2 Non-Linear Analysis 

Stresses at formation of the planncd yteld mechanism shall be calculatcd by a statie 

nonlmear analysis based on inela<;tic stirTness properties of members and the following assump

tions 

(1) Either incremental nonlmear analysis or virtual work plastic analysis shall be used under 

earthquake loads whose the seismtc coefficients are distributed in a triangular shape. 

(2) Upper bound strength eva\uated for the dcsigned section shall be assigned at the planned 

yield hinges. 

(3) Stress transfer between adjacent frames through diaphragms sha\1 be considered. 

(4) lf an incremental nonlmear ana\ysis is used, the member sttffness shall be properly evalu

atcd on the basis of elastic stiffness and sectton as designed. lf a yield hinge is not formed 

until the assuring defonnation ofthe structure, the stresses at the assuring defonnation may 

be used as strcsses at the formation ofthe intended yield mechanism. 

(5) lf a virtual work plasuc analys1s is used, the intended yield mechanism shall be assumed. 

Stresscs al column ends othcr than al column hinges shall be estimated by distributing the 

sum of bcam hmge moments at cach JOmt on the basis of column moment ratios from a 

linear analysts. 1\.ctions in structural walls may be estimated as the difference betwcen the 

story shear and thc sum of column shcars. 

4 4.3 Magníficat ion dueto Dynamic Effect 

The dynn.mtc magmftcation factor on the design moment and shear for columns and struc

tural walls can be g•ven hy Eqs.(4.5) and (4.6) unlcss further special studies !.ave been 

performed. 

-49-

------------------------------------·---



C.U.:
1 

= 1 0 -t ( L,(l), f q,., ) ( fl,_h, J{f,, ) 
ú.lwi = 1 o t- ( i\(1), 1 q, .. ) ( {J..,., .. 1 fJ,..., ) 

(0) 

(4.6) 

The 111 ghcr mode coemc•ent A(l}, m Fq-; (4.5) m1d (56) ~hall be givcn by Eq (4.7). 

,. ~¡::: for 1 = 1 

for 25i<n/2 

lo1 nn 5i 020+0 10(1-ll/2) 

(4.7) 

where thc notallons denote respec11vcly a" lollows· 
aJe¡, <U,...,· dynan11c magmficatlOll factor~ ol culumns and structural walls al the i-th story; 

IÍ'o · structural strength magmf1cation factor in thc yicld mcchanism assuring design 

( =C¡ 0 /0.25 ); 
C¡

0 
·base shcar coetr.c•ent in thc yield mcchanism assuring d~sign; 

fJ,., fJ,..,: rat1os ofthc shcar earricd hy column-; ami structural wa\lsm thc 1-th story undcr 

the fundamental modc dt<;lnbuuon ofcMthquakc forccs; o~d 
fJclu• fJ .... h,: ralLOS of thc ~hcar ~.:.nriL·d by columns ami structural ~alls 111 thc i-th story 

under thc lughcr mode distnbution of carlhquakc forccs. 

4 4 4 MagnifLcatton duelo Concurrcncy of BHiircctimlJI Earthquakc Act1ons 
Dcsign shears ami momcnts of column:-. shall he magmficd by a factor equ.-11 to the su m of 

thc dynamtc magnification factor ami cuncurrency safety factor !pz. The concurreney safcty 

factor along cach prmctpal dLrect10n may be taken as O 10 Design axtal\onds of columns and 

structural walls shall he calculatcd by addmg SO percent of lhc axial load generatcd by thc 

orthogonal earthquakc forccs 

4 4.5 Assuring Defonnation 
lntcnded yteld hinges shall he providcd wLth a deformat1on capabiltty greater lhan the 

assuring dcformation Assuring deformatton ofa member shall be dctcrmined by a stnttc non lin

ear analysts al thc assuring defonnation ofthe ~truclure 

{Commcntary) 

4 4.1 Destgn Actions 
In the yteld hinge as<;unng dcstgn, memhcr rcl,\inns othcr than at thc planncd yield hmgcs are 

cnsured to restsl forces highcr than the uppcr bouml forces that might possibly be dcvclopcd 111 thc 

reg1ons dunng a stror~g earthquakc moiLon, and thc planncd total yicld meehanism ts assurcd to be 

formed In the destgn gULdelmcs, thc fundamental l{nce-; al thc fonnatLon or thc planned total y•cld 

mcchanism are calculated through a nonltnear static anulysis undcr the assumed force dtstnbutLon 

along the structure height. Thc ca\cu\atcd forccs can be grealer lhan lhe design forces m a strong 

-so-· 

canhqu.1kc motton by the rcasons in the follow111g 

( 1) The strength at the y1eld htngcs may be mcrc,l..,cd by the cOCct<; ofstcc\ ytcld strength highcr than 

the nommal strength, strain hardenmg and mctc.t~cd cll"ecttvc width ol noor slabs (ovcr strcngth). 

(2) Lateral load dtstribution can be dtnCrcnt from that a-;..,umcd 111 the sta!Lr.; nonltncar analysis, whtch 

may mercase the stress m the columno;; ami ~ttuctur,ll walls (dynanuc cO'cct) 

(3) The columns and structural walls are suhjectcd to carthquakc motions simultancously along thc 

two orthogonal dtrcetions (concurrency cOCct ni the htdirecttonal carthquakc responses). 

The baste design forccs for the yteld mcchamsm as~uring design (Assuranee Design) should be 

evaluated by a nonlinear static analysis undcr a monotonica 1\y increao;;ing load w1th thc dc.o;;ign earth

quake load distribution assumtng thc uppcr bound streng.th at the planned yicld hinges follnwcd by 

magnification dueto both the dynamtc efTcct and concuncncy cfTect of thc bidm .. -ctional t:tlrlhquake 

motion cxcitation. . ~ 

4 4.2 Non linear Analysis 

The vibration of a structure forming thc total yicld mcchanism is general\ y dominated by thc 

fundamental modc (i.e., by the first mode) response durmg an carthquake. Thus, thc basic design 

forces are calculated by a nonlinear Slattc ana\ysts under a monotonically increasing lateral load with 

an invcrted triangular distribution. Thc dynamic magn¡fication is delined -for the stress dtstribution 

oblained from the assumcd inverted triangular load dtstnhutLon. 

1t is desirable to carry out a static nonlincar analysis using a computcr by an incremental ana\y_' 

sis with monotonical\y inercasing loads lf the total yicld mcchanism is not fonned by thc assurancc 

defonnation, the horizontal load carrytng capacity can be def1ned as thc rcsistance at thc assuranec 

dcfonnation lf a simple hand calculation proccdure is adoptcd for a simple framc structurc, lhc story 

shcar may be distributed among the columns proporttonal loan clastic distribution In a wall-framc 

structure, the shear dtstribution bctween the frames and structuml walls may be delennincd bascd on 

thc distribution at thc yteld dcformauon. 

In any case, it is dtffteult to determine the stifTncss and stress at the hase of thc first-story 

columns and structural wal\s with vary1ng axial loads. Dcsign ax.ial loads uscd in the dcsign or. 

columns should take thc b•dtrecttonal efTect of earthquake responses into aecount. S mee thc e!Tcct or 

fiuctuatmg axial loads on the strength of thc total structure will be canceled in thc tenstle and 

comprcssive stdes, the nonlincar analysis may be eonductt:d a long only one direction. Columns that 

are supposed to be strongly aOCcted by Ouetuation of axtal loads may be examincd by an approxt

mate procedurc A hand calculatmn method, howevcr, for cstimating the efTect ofax.ia\load fluctua

tion is not available An analysis using a computcr eannot gtvc reliablc rcsults Engineering JUdgmcnt 

wi\1 be required in eithcr cases. 

4 4 3 Magnification duc to Dynamtc EfTect 

The dtstnbut¡on of response hori7ontal forces vane~ wilh tm1c. The member forecs also va 1y 

wtth ILme fluclualmg from lhoc;e obtamcd by !he static analysis. Figure C4.5 shows thc Ltmx un u m 

response story shcar obtained from a nonhncar L·atthqtLakr.: response analysis m compat•~n•t w1th thc 
story o;;hear obtaincd from a static nonhncat analy~•" wtth 1hc invertcd triangular \aleta! load 11!-;ltLhu

tion (al the butlding dnfi anglc of 1/100) lhe rcspon-;c story shcar<; are gcner:tlly lnrgc1 t!t;111 tho'>c 

· · o~tained from the static analysis. The dynamir.: ampliiLcation factor (nnc of ~af"cty factoh), whtch 
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takcs thc dyn.umc eflCct mto considcrat1on, 1s dctcnnincd as thc ratio ot the maximum response story 

shear to thc static story shear 

1t is dilflcult to estima te thc effect of Jynatn!C arnph flcatJon for n nonlinca1 st1ucturc theorct1-

cal\y. 

In ordcr lo mal-..c the dynamic effcct ft1r a nonlmc,tr structurc clcar, the response story shcars 

obtaincd 111 a nonlmcar carthquakc response annly!-JS. are dccomposcd into similar vibrat10n modesto 

elastic Vlbr<:~tion modes [Refs 4 8 and 4 9J ·¡he v1brat1nn mode 111 an incl<:~<>tic stagc 1s not idcntical to 

that tn an clastic analysis Both the di!Tcrencc hctwccnthe response story shcars and hormmtal forccs 

ohtamcd from a nonlinear analysis, and thc b,\sk honJ'ontalload distnbution can he detcrmmed from 

the components oflnghcr vtbration modcs wllh use of conventi~nal processcs 

1t is intcrcsting to rcallze thc tcndcncy that thc higher mode componcnts that are calculatcd 

from thc rcsults of a nonllncar dynam1c analyst<> show linear corrclation with intcnsity of the input 

motion. Both the d1stribution and <:~mplttudcs of highcr mode forces a long the he1ght cannot be well 

detcnnined by a theory, whlle thc followmg two featurcs bascd on an clastic theory wtll be of much 

use tn determimng the dtstribution shape 

( 1) The sccond mode is considcred sigmficant in htgher modc forces, in which case the constan! 

modc shapc and ampliftcation factor can he assumcd. 

(2) Base on the sum of highcr mode componenb, the second mode shape ami mnpliftcation factor 

can be defined 

The numhcr one featurc is of much use 1n thc response of a frame structurc whosc second 

modc contribution is relatively largc, wh¡le thc number two featurc ts employcd bcttcr for the 

response of a wa\1-frame structure. 

Bascd on these fcaturcs to represen! higher modc contnbution using exclus1vcly the second 

mode response, the force components of h1gher modcs can be relatcd to both thc mass of a structurc 

and mtens1ty ofthc earthquake mot10n un thc bas1s ofassumption ofa constan! ampllficatton factor 

for the second modc. Thus, thc higher mode forces can be approx1matcly cxpres<>cd by the intcnsity 

of earthquakc motion. 

Based on the concept describcd above, the max1mum response story shear of htghcr mode 

components can be estimated from thc maximum ground accelcration Sincc thc static story shear 

under the horizontal force distribution of thc fundamcntalmode IS limitcd by thc story shear O~max al 

the formation ofthe total ytcld mechanism, the sum ofthc maximum static story shear O~max and thc 

highcr mode story shear Ormax wlll givc the upper bound of the maximum dynam1c story shcar 

0dma~; i.e., 

( Eq. C4.4 ) 

lf thts uppcr bound story sbear 1s taken as thc des1gn story shcar, the dynamic amplif1cat1on 

factor from thc maxtmum stattc story shear O~mn 1s derined by the following equation 

(J) = ( 0\mu + Ormax ) 1 O~mu 

= 1.0 • OtmJx 1 Q,I11H (Eq C4 S) 

The highcr mode story shcar Wlil be gtvcn 111 proporlton lo the sum of thc dcad aiHI ltve io,HI~ 
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(wcights) of thc structurc abovc thc 1-th story l\V, ami thc dcS1gn accclc!;lluHl lcvel By usmg thc 

shcar coc!fle~cnt umlcr lughcr modc<; t\( ' 11 ,. which rc\'cals an cnvclopc of shcar thstributmn a long thc 

hcight undcr the sccond and othcr htghcr modcs of tlynamic forccs as:-.m:iatcd wt!h thc tlcsign accc 1· 

crntion lcvcl, thc rclation is cXprc<;scd as 

and thc ~tntic stoiy shcar OsmH•• which includc-; thc c1fccts of uppcr bouml :-.trcngth, can he cxprcsscd 

as: 

whcrc C¡,, and t/J, denote the shcar cocffic•cnt undcr thc bas1c modc (Ch1.:J.0) and thc structuml 

strcngth magmf•catton factor dcfincd as thc ratio of thc stattc base shcar cocfficicnt (C 10 ) to the 

constan! shcar coefl'icicnt ofCR (=O 2S). rcspectively. Thc formula for thc dynamic magmficatton 

factor dcfmcd 111 Eq. (4 S) can be dcrivcd usmg the highcr rnodc cocff•ctcnt. 

Thc cocff¡c¡cnts rclatcd to thc dynamic magmftcatton can be derivcd thcorctically by assuming thc 

highcr mode shapcs amlthctr ampltftcation rattos Thc cxprcsston of t:.q. (4 7) in the guidcl1ncs is an 

approximatLO!l conscrvativcly dcnvcd sctting thc factors for the sccond modc amplifiCa\ ion mito of 

2.0 
This dcstgn guidelincs propases the s•mpltficd cqua110ns (Eqs. 4 S and 4.6) bascd on thc dcfm· 

111on of dynamic amplifica! ion factor abovc mentmncd and thc rcsults of dynamic analysi-; In Fig. 

C4 9, the sohd and dashcd \mes show thc dynamic amphficat1on factor dcl'mcd in the gutdclines and 

thc results obtaincd from the non linear response analysts subjectcd to thc rccordcd carthquake 

mot!OilS, rcspectively. 

The dynam1c amplification factor of the shear in each co\umn docs not always cqua\ that 

dcf¡ned for the total story shear, ~ause the shear carrying distribution ratios among columns vary 

during an carthquake excitatlon llowcver, thc variatton with time among columns can be ncglectcd 

in dcs1gn 1f momcnt rcdistribution is taken into account. Thcrefore, the dynamic amplifica! ion factor 

for each column is takcn identtca\ to that derived for thc story shear. In general, as for the column 

momcnts, !he maximum dynamic amplification w1\1 be largcr than that of ihc story shcar, duc to thc 

nuctuation of the inflect!On point within thc colwnn llowever, evcn ¡f thc dynamtc response may 

cause thc column yicld momentto be rcachcd it wi\1 occur at onc end only wtthin a limitcd dura\ ton 

· An analytica\ study on dynamic response ind1cates thc cvidcncc that thc dyr1amic amplifica\ ton factor 

for moment, wh•ch IS defined as the ratio of the h1ghcr moment at thc top or bottom cnd to thc des1gn 

momcnt, is almos! equal to the dynam1c ampltfication factor obtaincd from thc <;\ory shcar. Thc 

factors for the moment are given similar to thosc for thc stmy shcar within th1s gutdcline, through 
wh1ch a parlial colunm sidesway yield mcchamsm cnn Oc prcvcnted 

Due to the cffcct of higher modes of vibration, thc a:o.ml load in an ex tenor column 111duccd 

during earthquak~ cxcitation might be less than the sum of bcam shear forccs calculatcd friJm thc 
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upper bound yicld momcnts. A rcduction factor for axialloads, howcvcr, wlll not be introduccd, :.mee 

the eiTect of axial load Ouctuation i<> of les<: sign1ficance ftn the struc\UICS not h1ghcr tl1an 45m. 
In a wall-frame structurc, thc strm:tur;¡\ wall cardes most of thc shcar c,ll\scd hy thc lllghcr 

mode response, evcn tfthe wa\1 componen! IS smallto thc tot,¡] structutal SIZC. Thc dist11hution r<IIHJ 

ofthe h1gher mode shear to the column and wall can be cstimated by dccomposing thc dynamic shcar 

ofcolumrl and wa\1 in a similar manncr. F1gurc C4 10 shows thc ralloS ofthe wa\1 ami column shcar 

forces cau<>cd by thc highcr mode rhc ratto of shc:~r carncd by thc 'itructural walls under thc hastc 

mode of earthquake forces ts about 60% al thc fnst story, and dccrca'ies in thc uppcr story lcvds. A 

large part ofthe higher modc shcar, up lo RO%, is carricd by thc <>tructural w.Jlls amlthe distnbu11on 

ofthe ratios along the hcight ofthe struclure is almost uniform 
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Fig. C 4.10 Shear distribution associated wilh higher mode components. 

Referring to the dynamic ana\yscs of a structure with dtffercnt amount of structural wa\1 

components, the distribution rattos of thc higher modc story shear to co\umns and structural wal\s at 

the i-th story leve\, f3ehi and fJwh¡, can be given by thc following equallons: · 

fJchi = le 1 ( le+ lw ) 

Jl.hi = '· 1 ( 1, + '· ) 

(Eq C4 6) 

(Eq. C4.7) 

where le and lw signify thc sum of the stiiTncss of lhc columns and structural wal\s tn thc story under 

antlsymmetric bcnding, considering shcar deformation, rcspcctlvcly. F1gure C4.10 shows thc raiJOS 

given from the equations The design dynamtc amplification factor for structural walls ami th,\1 

obtained from dynamic response analysis are ind1catcd in Fig C4.11. 

-56-

1 

--IJ..,,.•nl<l --- ... ,,.,,,.,,,, 
---- 11,,¡,,,.,,,. 
--····-11!'""'" 1'\n()r l C\cl ;=-=-"----,------¡¡ 

1: 
1' 

~~--

' 1 r.: 
1 1! 

1 : ¡ 

'" 
(a) A seven-story build1ng 

1 loor t evcl 

p--
.' rr ..... 

1 
•' ) 
1 
1 

il 
', 1 

1 

1 6 1 5 

-- 1"'"~" lq 
--- lnl"'ku Un11 
---- ll.oclunuhc 
...... llt'ent"' 

(b) A twclve-story bUilding 

Fig. C 4.11 Dynamk magmfitation on rc'iponscs. of story shcan in structural walls. 

lf the shcar fatlure of the wa\1 is prevcnted, yielding of columns might be a\lowed, because the 

ovcrall y1cld mechanism of the structurc is ensurcd by the structural wall. 1t is desirable, however, to 

ensure the columns not to form ytcld hingcs, smce it is with more caseto design the beams as ducti\e 

mcmbers than the columns that carry axial compresstvc \oads. 

The dynamic ampltfication factor for the moment of a structural wall does not necessan\y 

correspond lo that for the shear above obtained, and it should be formulated ratJOnally considering thc 

momcnt d•stribution of thc bcam and structural wa\1 components. The amplification factor for the 

momcnt, howcvcr, can be taken 1denttcal with that for the shear for simplicity, bccause an occasiona\ 

nexural yicldutg of the structural wa\1 wlll not be critica! in seismic performance w1thin an overall 

y1cld mechantsm. 

4.4.4 Magnificalion duc to Concurrcncy of Bidirectional Earthquake Actions 

The ytcld surfacc of a column undcr btdlrectional bending gencrally describes a circle, an 

cllipsc or somc convex shaped curve. The maximu-m column momcnt or shear in the bcam-y1ehling 

mcchanJsm could rcach thc rcsultant of thc maximum within the plane. The ratio of the max 1mum 

amplttudc a\ong the dtagon¡¡J dtrcctmn lo that atong thc principal dtrcctions couhl rcaclt approx 1-

matdy thc sc¡uarc root of 2 in thc heam-y¡cJdmg rncchan1sm for the case whcn thc concurn:m.:y of 

btdircct¡onal carthquaJ....e forccs ts con<>idcrcd 1 he carthquake induced axial force 111 a co\ 1111111 po<>i

tLOned at thc corncr ora structurc by thc two-way action could rcach twice as \,¡rgc ¡¡~ that hy thc onc. 
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way action 
The design forccs gwen as thc combina! ton of thc ovcr.strcngth fmccs from ca eh 1hrcctmn wtl\ 

be large enough to rca)izc a bcam yic\d mcchant.sm undcr btdircctional carthquakc forccs A non

\ mear dynamic analysis agamst tmhrecttonal ground motions mdicatcs that thcrc is a low prohahliity 

of concurrencc of thc overstrcngth forccs a long thc two d1rec11011S simultancously Thc combmation 

of the overstrength forces from two dm:cttnn<>, with othcr magn~ricat10n factors such as tho<;c for 

overstrength and dynamic effect, will be rcgardcd con:.crvative in dcstgn. lf prubabthty distribution 

for those factors were dctermincd. thc pruhabtllty of <;tructure failurc could be cvaluatcd. Al present, 

however, it is vc:ry difftcuh lo fix those prohnhtlity di,.,tnhutions for vanous typcs of structurcs, earth

quakes, scismic intensity \evc\s an<l othcr lb.ctors for rc~ponscs of a stt ucture 

This design guideltnes determines the force:-. actcd from structural fr:uncs placcd in thc trans

verse .direction invariant. 11tese concurren! force'> are addcd lo the stallc forces, w\uch are rcganicd 

mdepcndent ofthc dynamic amp\if1cation eiTect. Further d¡scussions are nccdcd on th1s dcciston ami 

the fixcd figures. 
Based on the results of the research on a ful\-scale 7 store huildmg for the maxunum ovcrturn

ing moment when excited tn hnth dncctions. Thc force<; actcd from thc transvcrse dtrcclton are r~bout 

SO% of the maximum forccs from thc tlircction undcr consideratton in the case of thc real EL Centro 

motmn, which revca\s small concurren\ cnccts, hut in the cases ofothct'rcal earthquakc motions thc 

ratio of forces from the transvcrsc dtrcction to thc longitudinnl dircction comes to thc range from 70 

% to 100 %. Withm the dcstgn gtmlciincs. the use of SO % of thc forccs from thc transvcrsc ytdd 

hinge mechamsm obtainct.! frum a static non-linear analysis is proposed as the concurrcncy of bidi

rectional excitation. 

4.4.S Assuring Defonnation 
ln the yield hinge mcchanism dc~ign, both thc intended yicld mechant<;ffi of a structure and the 

deformatton capacity ofcnn:-;t¡tucnt mcmbcrs w1th yicld hinges should he assured. 

This design procedure should be tnclut.led m ductihty design. A part of this procedure will he 

conductcd in the yield mcchantsm assunng des1gn, since a definitc methodology of evaluating the 

rcquired ductility and the ductiltty capactty of members has not yet been established. The ductility 

capacity of members wi\1 be assured by takmg its ca\cu\ated shear strength sma\lcr than the sma\lcst 

shear capacity cmpirically obtaincd (refcr to thc Chapter 6 : Dcsign for Shear and Bond). 

For a given earthquake motion, the requtrcd deformation capacity of the mcmbers could be 

determined But at the present tnne, both thc characteristics and intensity of future earthquakc 

motions cannot be predicted suff1cient for dcsign, and 11 ts constdercd <Jdequate lo sct thc assurnnce 

dcformation \arger than tlmt obtaincd from dynamic response analyscs Thc design assurancc dcfor

matton can be calculated hascd on a static non-linear analysis. Dcform.1tion anglc '" given for cvcry 

story leve\ by setting largcr deformation than the dcstgn \imit deformation, not sctting thc rclattvc 

deforma! ion of the centroid of externa\ forces from thc foundatlon (equtva\cnt dcformat1on of !;.qutva

lent Qne d,egree of freedom system). 

Thc butldfng deformation can be estimatcd by thc EODF systcm For thc dcformation of cach 

constituent member, however, the dynamic cffect that causes deformatton conccntratcd in hmttcd 

specific members should be considered. This effcct is significan! for dcsign m general, and in sorne 

cases the design procedures themsclves may be modtfted Thc membcr defonnation obtained from a 
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static analysis wi\1 he of \ess sigmficancc for design. An anothcr procedure can be revcaled signifi

can\ to eshmate thc assurance dcformation for constitucnt memhers based on the gcomctrical relation 

a!->suming thc co\umn and structural wall to be ngid and usmg the story drift !imits of assurance 

deformation givcn in the dcsign guidclincs. 

( 1) For bcams : 1150 of denection anglc 

(2) For columns : 1167 of detlection angle 

(3) For structura\ walls 

( 4) For boundary bcams 

: 1175 of dctlectwn anglc 

: 1140 of dcflcction angle 
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CHAPTER 5: DESIGN FOR FLEXURE WITII/WITIIOUT AXIAL LOAD 

5.1 Scope 

Prov1s1ons of Chaptcr 5 shnll :1pp \y for des1g!1 of membcrs subJCctcd lo thc llcxural loads 

or those combmed w11h axtalloads. 
------------------' 

[Commentary] 
The provis1ons of this Chaptcr shall apply to thc dcs1gn of membcrs subjectcd to the flexura! 

Joads orto the combincd flexura\ and axial lo:uls such as bcams. c()\umns, shear walls and p1lcs that 

resist against earthquake forces. A floor s\ahs anda sub-bcam whosc dcs1gn are dominatcd by pcrma

nent loads are out of the scopc of this design guidehnc. Thc "Standard for Structura\ Ca\culation of 
Reinforced Concrete Structurc" (denoted as thc current standard m thc followmg within this chapter) 

provides the design procedurc for these membcrs 

5.2 Design Method 

5.2.1 Principies 
(1) Design of thc membcr subjcctcd to the flexura\loads or those combincd with axia\\oads 

sha\1 be based on the basic assumptions givcn in Section S.2 2; lhe equilibrium conditton of 

forces and thc compatibiltty condllion of strams 
(2) Design shall considcr the largest combmat1on offlcxural am! axialloads 

of combmation of dcstgn loads, consrdcring thc tcn<;i\e amt comprcs~ive axial loads duc to thc over
turmng moment produced wtthm longitudlllal and transvcrsc framcs 

S.2.2 Ha sic Assumptmns in Calculation of Ultunate Flexura\ Strength 

( 1) Strains in reinforccmcnt and concrete ... hall be as~umcd d1rcctly proportional to the distance 
from the neutral axts. 

(2) Stress-strain rclatEOnship of rcinforcement sha\1 be linearly clastic in both tension and 

comprcssion to thc matcr ial strcngth givcn m Table 2 \. For strams grcatcr than that corre

sponding to thc material strcngth, stress in rcinforccment shall be cqual to thc material 
strength. 

(3) Nonlinearity ofthe strcss-stram re\ationship of concrete sha\1 be considcred. 

(Commentary] 

{1) In a calculation of the ulllmate 11exura\ strength, a plain rcmail)ing plain is asswncd. The 
ca\culaled strength based on lhts assumption matchcs wcll to the cxpenmcntal rcsult, evcn if this 
assumption would not be good for the crnckcd section. llowever, thc mcmber with thin width and 

deep depth, and with the shear deformation not negligtblc, would have a larger flexura\ strength than 

that bascd on plain remaining plain, espectally in thc case of compres..<; ion toe failure. The cvaluation 

of the strength for the member expected lo be compression failure in its toe under the combined flex

ura\ and shear forces has not been established yet, that is the research ítem from now. Then this 
guideline restricts the shape of a member lo satisfy the assumption of plain rcmaining plain. 

ten~ion 

l. l.'i "•, 1 J "• _ r !~r_':Ppe_! _l~mit slrength 

' 
(Commentary} for reliable strength 

( l) In the second stagc of thc curren! destgn, in wluch the lateral load carrying capaclly and the 

design shear forces are calculatcd, thc simpliftcd equations for ultimate flexura\ strenglh of column 

and beam are gencral\y uscd. In this design gUideline, howevcr, the design of a member subjected to 

the flexura! or the comhined flexura\ and axial loads is based on an inelastic flexuraltheory sahsfy

ing the eqmlibriurn of forCes and compatibtltty of strains, in order to assure the yield mechanism and 
yield assurance dcsigns. Recently, computers are used so commonly that the destgn of member, even 

of a. T-shaped section or with multi-layercd stcel bars, can be done easily based on an inclastic flex
ura\ theory 

(2) A column ts gcncra\Jy subjectcd to the combtncd flexura! and axialloads, and thc ratio of 
these combmation always changcs during an earthquakc. The important factors for thc dcstgn of a 

column are thc fluctuatmn of axial loads and that of the design moment of non-hinged rncmbcr 
during an earthquake. In thc yield hmge mechanism dcstgn, the axial load of a column should be 

combined w¡th the gravuy load and the overturmng moment dueto earthquake excitauon. In the yield 
assurance des1gn, the fluctuation of ax•al Joads and the fluctuation of the design moment of non
hingcd column should be considcrcd The corncr columns should be designcd agamst the four typcs 
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' ___________ } 1 ;!!jo,. l.:lo, 

comprcs~¡on 

Flg. C S. t Stress-strain relationshlp of a steel bar. 

(2) The strcss-strain relationship of a stcc\¡s assumcd to be the elasto-plashc as shown in Ftg. 

CS.! Thc modulus ofclasticity ofremforccmcntts a ...... wncd to be 2 lx\06 kgf!cm2. lhat ohtamcd 

from material tests for thc dcformed bars rcvcals a littlc lcss than 2.1x 106 kgf!cm2, hut thc cflCct of 
Young's modulus ts of littlc signif•cancc on the·ultimate flexura! strength. Figure es ¡ slmws no 
strain hardcning effect bccausc therc LS a Jittlc possib1\ity for rcinforcemcnt lo go into that rcginn 
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withtn the a:;;<,urancc dcformatton nfa ~tructurc As fur the mcmhcr th,\l i:;; forccd a l.ugc tkformaiHlll 

such as a houndary bcam wllh short clc,u o.;pan. hm~evcr. 11 L!'i dcsn.1hle to cstunaLe app[(lpttate\y the 

erfect of strain hardemng 011 the u\Um;ltc nexm ,¡1 SIH:ngth. 
The stratn al strain hardcnmg (f,h) :tnd o.;ti!Tnc'>S aflcr that (E_¡,) ~caucr vcry widcly as o.;hown m 

FLg. es 2. ami lt is dt!TLcult lo ! ix thesc valuC'i, hui 11 is rcqiiLrcd lO C{)llSLdcr thc str:un haLdt:nlllg 

etfect whcn the stram of rcínforccmcnt LS cxpcctcd lo be ovcr 1%. 

• 
o 
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.1' ~ 
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~~ 
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.¡. 
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(a) Strain al stram hardcnmg (b) StLfTncc;s at strain hardening. 

Flg. e5.2 Straln e,,. at the ~!rain hardt•ninl! and hardeninl! stiffness ~; ... 

(3) Many stress-strain models for comprcssive characteristics of concrete are proposed The 

diagrams in Ftg. es 3 are modeled from an umaxial comprcss10n test, which does not, howcver, 

correspond to real stress comhmation in mcmbers At the analys1s of the member subjected to flex

ura! moment, the stress v.s. strain model of concrete presented by a para bolle and a linear curves as 

shown in Ftg e5.3(a) or by the "e-functmn" curve as shown in Fig. C5.3(b) are gcnernlly used, anrl 

the ana\yttcal and the experimental rcsuhs match well to each other AC) adopts the cqmvalent 

compressive stress method as shown in F1g. C5 4 m wh1ch an average stress of 0.85 a8 and an en'cc

tive depth of fJ1x0 are assumed for non-linear stress distnbullon w1th a rectangular shape. 

A stress-stratn relationship of concrete docs n<Jtmatter when the ult1mate flexura\ strength of a 

member is dominated by the yieldmg oftcnsilc rcmforccment, but it IS necessary to use its accurate 

relationship when a stress at the compression toe dommatcs thc ulllmatc flexura\ strength of the 

membcr. 

The efTect of a confinernem on the compress•vc charactcnsiiC of concrete has not bcen gcncr

ally fonnulated yet, but there are many references on that 

Tensile strength of concrete is assumed to be zcro. 
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Fig. e 5.3 1-:xamples of the stress-strain curve for concrete. 
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Fig. e 5.4 Equlvalent rectangular streu block In the Ael rode, 

5.3 Re hable Flexura! Strcngth 

Re hable flexura! strength shall be based on the following assumptions. 

slr~in 

( 1) Strain at extreme concrete compressive fiber shall be assumed equal to 0.003. Material 

strength of reinforcement given in lab\e 2.1 sha\1 be applied for computahon of reliable 

flexura\ strength. 

(2) Tensile reinforcement w1thin efTecttve width of slab may be mcluded in tensile reinforce

mcnt at beam top. 

(3) Stre<;ses intcrmediate reinforcement may be considered, if necessary. 
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[Commcntary] 

( 1) RclattonslHp bctwccn momcnt ami Cm\'atmc of a rcinforccd concrete mcmhcr which yicld

ing of tenstle rcinfnrcemcnt occurrct.l ¡mmattly ¡., schcrnattcally drawn m Fig. C5.R Aficr thc Y-pmnl, 

· y1clding of tcnstlc rcinforccmcnt followcd hy ct.tckmg, :Hl llKrcmcnt ot flcxural $lrcngth ts small. 
Thc comprcssivc stram of concrete tncrca'>CS \\ ith tht: mcrcmcnt of thc tcnsttc stratn of rcinforccmcnt 

ancr the Y-pmnt, whcrc thc dcforrnal!on aho incrcascs Thc U-point on thc diagram of Ftg. C5 R 

denotes thc point of thc comprcsstvc stram of O 003, ami thc flexura] strcngth at this point is dcfincd 

as the ultimatc flexura] strcngth 111 thi" guidclmc A hcam or a column not subjectcd to lugh axial 

Joads maintains 1ts resistmg momcnt aftcr thc U-point unlll thc M-point, that is thc maxunum 

strength But this gutdcline dcals wilh thc stahlc flexura! strcngth up to the U-point. 

M 

M. --------
y U M 

E,~ n on:l 

0V--------------~R 

•·tg. CS.8 Srhemalk relation hrl~ren Orxural moment and curvatur-t. 

(2) Figure C5.9 shows the histogram of the ratto of the flexura! strength by an cxpenment lo 

that by a calculauon about T-shaped bcams with yteld hingcs at both ends. Steels wtthin the effectivc 

width ofa floor slab are taken into account by thc calculation. Figure C5.9(a) shows thc case that the 

average strength or remforccment obtaincd from a material test are used as the yicld strength, and 

Fig. C5.9(b) shows the case that thc strcngth of rcinforcement spccificd in JIS (Japan Industrial 

Standard) are used as the y•eld strength. Thcse f1gurcs indicate that the calculated strength bascd on 

the average yield strength of rcinforcement givcs the average of !he ultimate flexura\ strength, and 

that on the nominal yie\d strength of rcinforccment by JIS gives the lower bourid orthe ultimate flex

ura\ strength. 

The same results were reported about the average ultimate flexura\ strength of columns 

conducted under the national research projcct on thc short \ength co\umns during the period from 

1972to 1917 

111\S gutdeline does not introduce the strcngth rcduction factor, because the lowest material 

strength considermg 1ts dev1ation is given in Chapter 2, and thc ult1rnate flexura! strcngth bascd on it 

is expected to give the lowest bound of itself as wel\ as its nommal strength is expL-ctcd to gwe thc 
lowest boWld ofthe reliable flexura! strength 
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Flg. C5.9 Histogram of the ratlos of empírica! to calculated values or ncx~ral str('ngth. 

(3) The deformation at the reliablc flexura! strcngth should be sma\ler than the design limit 

deformatton, becausc it is expected that the momcnt at the hingc planncd must rcach the uhimate 

flexura! strength up to thc design limit deformalion Figure C5.10 illustrates the sketch of thc lateral 

force and displacement relations on three d1ffcrcnt types of members. The mcmber indtcatcd by the 

line (a) can be expected the rehable flexura! strcngth up lo the destgn limit deformation ~. but the 
mcmber ind1cated by the lme (e) can no! be In thc case of line (b), the almost same strength as the 

reliable flexura! strength can be expected becausc the flexura! yieldmg will occur before the des1gn 

limit deformation Rd 

M 

\) 
V 

'':.-+---~'~' ~--'(1,) 
':'~--~"<>--- ld 

... ig. CS. lO Relationshtp between ultimate strength and limit design disptarement. 

Undcr the assumptton of a curvature distnbution as shown in F1g C5.11, thc dcfi.nmalton of a 
mcmber R and the shcar span ratio ald havc thc rclatimv,htp wtth cach other descnbcd 111 Eq. es 1 

Equat10n CS.\ is modificd to Eq C5.2 by adding thc conditton of the occurrcncc nf thc llcxural 
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yieldmg up lo 1hc member's anglc of Rd currcsponding lo thc dcsign limit dcfortnat10n 

(Eq C5.1) 

(fy+r.;)(a/d)S.3Rt~ (Eq. es 2¡ 

where c1 : slrain ofthe !ensile remfnrcement. 
Ey: strain al the yiehling of !ensile remforcement, and 
Er: : strain at the ex. treme compression ftber at lhe flex.ural yield streng-lh 

Figure C5.12 shows the relattonships of (fy + f'~) and (a/d) on the conditton that Rd ts assumed 

10 be t/150. Assunung thal the stratn al yielding of the !ensile reinforccmcnt is 0.002 and the 

compresstve stram at the ex. treme fiber is O 003, f 1 ts greater Iban Ey at R of 1/150, so lhat the reliab~e 
flexura\ slrength of a mernber can be obtamed bclore the design limil deformat10n under the condt· 

tion that ald is smal\er than 4. 

Fig. CS.Il An assumptlon of curvature distribution along a member. 

002 

~.+ ··' 

t~ where t,=O 002 

+ 

•• > ·~ 

--.... 0003 -------
10 

(11/dl 

Flg. CS.l:Z Rtlallon bttween (C,. + ~) and (a 1 d). 
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(4) A floor slab casttogeth.:r w1th a b.:am \\ol\...'> tog.:thc1 a<> th.: fl.1ngc ofhcam. and the flex

ura! strcngth of a bcam with a llnot :-.lah show:-. lughcr than that w1thmll a 11om :-.lah Acconling to the 
expertment of hcams w1th flo01 '>I<Lh'>, smnc longitud1nal lCinfiHccmcm m thc flqm -;lab near thc 

beam yield al the almo~! sarnc tune as thc tcn'>ilc lcmfolccmcnt 111 thc bcan1, .111d thc y1clding of rein~ 

forcement m the floor slah extcnds as incn:asing of a ddormalton, and finally all of longlludmal rcm

forccmcnt in the flom slab yecld atthc maxunum :-.ttcngth 

The rcliah\e flexura! strcngth of a hcam LS thc h.t'>e ni thc lateral load carrytng c:tpanty nf a 

structurc, and ts thc mmlmum rcqtmcd strcngth ft11 ,¡ bt'<Lill In ordcr to cvaluatc thc ult11natc flcxuml 

strength more accuratcly, an adcquate amount of rcmforccmcnt in a floor s\ab should be countcd in 

the calculat\On for relmhlc flexura] slrcngth ora hc.nn Thc rcmforccrncnl withm thc cffccllve widlh 

ofa floor slab spcciftcd m thc cwtcnt stand:ud ntay he cmmtcd into thc rcltablc flexura! strcngth tf 

thcy havc cnough dcvclopment lcngth. 

(5) lñc remforccmcnt placcd 111 the mHidlc par! ofa shcar wall ora wall g1rdcr rcsist against a 

bending moment in proportion to thcir strains 1fthcy would have cnough dcvclopmcnt length as well 

as the column In thesc mctnbcrs, aOcr thc yiclding ofthc lougttudmal reinforcemcnt concentrated :11 
the extreme tensile cnd of a mcmbcr -;ectton, somc rcinforccment placcd. in the m1ddle part of the 

member section yiel<lthen thc mcmher rcachcs almos! liS yu.!ld strength. The _strength at that hme is 

given constderiog the contnbution of the rcmforccmcnt l1l thc middle part of a membcr scction. Shcar 
wa11, especially, havc a lot ofvettical rcmforl'cmcnl 111 thc tmddle parts lt is rea-;onahle to consider 

these rcinforcement in evaluatmg lheir re hable flexura! strcngth. 

In th1s gutdelinc, the ultimate strength ts givcn whcn the comprcssive stram of concrete is 

0.003 atthe ex. treme fibcr As for thc ultnnatc flexura! stn:ngth of a shear wall, however, many test 

results showed largcr strain than O 003 at thc ultunate llcxttral strcngth. Thc ult1mate compressive 

strain of0.003 may be assumed al 1he ccntcr uf a bound:1ry column in compression sidc for thc calcu

lation ofthe ultimate flexura! strcngth of shear wa\ls 
(6) Yield strength of a column subjectctl to btaxial bcndmg is generally lower than that to 

uniaxial bcnding as shown m Fig C5.13. The yield strcngth dtagram would be affccted by a cross
scctional shape, an amount of flexura! reinforccment, thetr arrangcm.:nt, matenal strength, and axial 

force. Under the constan! axial force. the correlation betwccn the ultimatc flexura! strength in both X 

and Y directtons are oOen describcd a~ Eq C5.3. 

(Eq C5 3) 

Thc value of a is gcnerally assumcd to he lcss than 2 and ts rclatcd to thc axial force leve\. 

Figure C5.13(b) shows an proposal of thc btax.ial yecld strcngth diagram whosc relationship is 

assumcd to be btlincar and the ultimate strength on 45 dcgrce axis is 0.85 ltmes thc strcngth a long the 

X or Y dircction. 
The rc\iable strength dcsign of a colurnn may be pcrformed on cach dtrectton indepcndently, 

bccause thc destgn momcnt and the ax.tal force are magnified alrcady in Chapter 4 constdenng thc 

occurrcnce of a bidirectional cmthquake acllon. lf any llexural destgn are neccssary on any othcr 

dircction<> than the pnncipa\ ax1s. the tlexural sttcngth shtmltl be calculaled on the dtrcction suhjcctcd 

lo the spccified forccs 
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(a) Sketch ofthc yie\d surface (b) An approximation 

fig. CS.IJ Yield surface of a co~unm subjrcted to bidirectional hending. 

54 Upper Bound Flexura\ Strength 

Upper bound flexura\ !.lrcngth <;hall be bascd on the following assUJ1lptions: 
(1) Strain at extreme concrete comprcssivc fiber shal\ be assumcd cqualto OU{JJ Material 

strength of remforccmcnt givcn m Tahlc 2.1 shall be appllcd for computa! ion of uppcr 

bound flexura\ strength 

(2} Tensile reinforcemcnt withm tw1ce thc cfli:cllve flange wtdth of slahs nnd walL~ shall be 

considered as tenstle remforcement. 

(3) Stresses in intcnnediate rcinforcemcnt and a\1 other remforcement effectJve for flc>;ural 

resistance sha\1 be constdcrcd 

[Commentary] 

The uppcr bound of the ultima te flexura! strcngth which could be expcctcd in thc ytcld hingc 

region up to the assurance deformation IS dcfincd as the upper bound flexura! strength The !-.ITcngth 

deviation of reinforcement. in a h•ghcr s1dc, thc cxtcnsion ofthc effcctive width of a flangcd mcrnbcr, 

the extstence of sorne reinforcement non-calculated, and the eiTect of a stram hardcmng of rcmforcc

ment in the member w1th a short span cause the ovcrstrength than the reliab!C flexura! strength 1t is 

necessary in the assurance design to estimate thc upper bound flexura! strength in ordcr to preven! a 

member from shear failure and to assure the yield hmge mechanism even if thc ultimate flexura! 

strength in the yield hinge reg10n would bccomc highcr dueto the factors mcntioncd above 

The overstrength of reinforcement descnbed m Chapter 2 is used. As for thc effectivc width of 

a flange, the Wldth tw•ce as large as that assumcd to compute thc re hable strcngth should be consid

ered. Although sorne test data show that al! reinforcement m a floor slab y•eld undcr a largc d11fi, in 

this des1gn guideline al\ reinforcement within fu\1 w1dth of a floor slab might no\ yicld up ~o thc 

assurance deforma! ion The Intermedia te rernforccmcnt and all other reinforcement eflCctsvc for tlex
ure should be considered 
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5.5 Axial Load Linutat1on 111 Y1t:ld llmgc Rcgiou 

In thc yicld hmgc 1CgH111 of columns and structural walls dcfmcd m Section 9.2.3, design 

axtalloads shall satisfy thc following l!mttatums 

( 1) Axial load in a column sh:dl sat1sfy Eq.(5.1 )' 

(5.1) 

where Nc. axial load in thc yicld mcchanism assuring dcsign, positive in compression, 

in kgf, 

Ac cross sectional arca of column, 111 cm2; 

A8 : gross arca oflonglludinal remforccmcnt in column, in cm2; 

a8 : compresstve strcngth of concrete, 111 kglkm2; and 

O'y . matenal strcngth of reinforeemcnt for rcl•:.~ble strength given m Table 2.1, in kgf/cm2. 

Cocfficient k 1 for comprcssive load c;ha\1 be 1/3. Thc value may be increased to 2/3 if 

confining reinforcemcnt ts placed as speciflcd 111 Chaptcr 9. CoefTicient k2 for \ensile load shall 
be 3/4. 

(2) Axial load in a structural wa\1 shall Sillisfy Eq.(5 2): 

(S 2) 

where Nw . total axtalload actmg on the wall in the yteld mcchanism assuring design, 

positive m compression, m kgf; 

Aco~ . core arca ofboundary column on compression side of a wall, in cm2; 

Aws . area of vertical rcinforcement in thc wall panel, m cm2; and 

O'wyu: matenal strength ofvertical reinforccmcnt m thc wa\1 panel for upper bound strcngth, 

in kgf/cm2. 

Coefficient k3 shall be 2/3 The value may be incrcased lo 1.0 if confining reinforcement 

specified m Chapter 9 is placed in the boundary column. 

[Commentary] 

( 1) An ultimate flexura! strength and a dcformat10n capacity aflcr a flexura! yieldmg of a 

column subjcctcd to axml and Oexural force<; are sigmf•cantly affected by the axial force tevcl, ami 

the less dcformation capacity could be shown under the higher axial force. In order to mainta1n a 

Oexural strcngth and a deformation capacity after flexura! yielding, the axial force of a colunm 

should be lcss than AcaB/3. llowever, thc douhlcd axtal force lcvcJ2AcaB/3 might be allowetlundcr 

thc condtlton that hinge regulo should he cnough conlincd nccordmg to Chapter 9 to prcvcnt 

comprcssivc rcinforcemcnt from bucklmg or conclc\e from spallmg-ofT. 
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A corncr colurnn would he ~uhjccte(l toa l:nge axtal load as clo:-.c to 21\ca1111 bcc,wsc of a 

bidtrcctiOnal c.trthquakc actton. lt W\Juld be nccc._~,u y ltl havc thc atea 1Jf such ,, cor nct cnlurnn l;ugc 

cnough in order to reduce ils axmllo;td k·vcl 
F1gurc C5.17 shows the rcsult ol a cnlumn tc"t suhjected In vcry largc ;txi;tl lnad" F1gure 

C5.11(a) show:-.,thc e!Tect ofthc amounl ol lateral rc111fon:crnent Pw wtth thc cnn<;tant axial load ol 

0.6A,I1n. Figure C5.17{h) is thc test re:-.ult 111 whrch thc axial load changcs frorn O 75A,a11 to -0 251\, 

an proportional lo the drifi Both te<;! rcsults shnw that gnml duclllity could be obtamcd by cnoup,h 

confinement. 
(2) An ex tenor ora corncr column in nmlti-:-.tory framc structurc wou\d be suhjectcd to tcnsllc 

forces during an carthquakc. Thc column subJcctcd to tcn"ion ami bending shows vcry ducttle bchav

ior because thc compression stram of concrete dccJcascs lf a11 vertical remfütccrncnt in a column 

would yie\d by tcnston forccs undcr an earthqual-.c rnotion, thcy would be cnsy lo bucklc by following 

compresston forces, bccau<;c the sttmll~'-'> nf all vcnkal rcmforccrncnt dccrc.tse duc to "Bau<;ingcr 

E!Tect" There are few tests about such a behav10r 1 hts dcstgn gUtdclmc rcstricts thc tcn'>llc force lo 

column not larger than 0.75 times thc mcrnbcr\ tcn..,¡lc yicld strength. 

(3) A shcnr wall has a larger httcral ~ttll'ttCS<; than a frame structurc, and 1ts y1eld dcfonnation ts 

very small, then a Jarge inclastic dcformation aficr yicldmg is rcquired Sorne rescarchcs show that 

the ducttlity ora ncxural typc shcar wJII dcpcnd~ on thc strcngth. ami ducttltty of tls comprcsston 

zone including the boundary column Figure CS 18 show~ thc rclatumslup I:Jctwccn Ru (dnft at RO'Vu 

the maximum strength) and ¡;e (total axial forccs divnled by ax1al stn:ngth of a boundary colurnn) 11 

indicates that the dnfi of ntorC than 1/5() Cllttld be C\pectcd for !he shenr waJJs Wllh thCtf (Te of )CSS 

than 2/3. 

Ftgurcs C5 19 show the test rc~ults of ~hcar wall in whtch main pararnctcr ts the arca of thc 

boundary colunms. The shear span r,lltos v.crc changcd dutmg the test of a spectmcn The test o;pcct

men Wl has a lateral rc1nforcen1Cnt Pw nf 1.1% in the bnundary column and is thc prototypc Thc 

specimens W2, W3 and W4 have p ... of 1 6%, ami :tlso thc wall panel of W3 ts tluckcr !han others. 

The area ofthe boundary columns of W4 i~ h1ggcr than nthcrs Thcsc test rc-.ult<; show that the stablc 

response would be cxpectcd up lo thc dril\ of \/50 w1th shcar span ratto of more than l 5 Thc axial 

load \evels of the boundary columns wcrc changcd during the test, nnd thcy v.-ere clo<;c to the value 

obtained by Eq. 52. 

Thc lefl stde m Eq. 5.2 indicates thc total ax1al lo.tds con<;istmg of a dcad load sustained hy a 

shear wall and an axtal load duc to ovcJturrnng mnmcnt 111 a planc and a transversc direcltons al thc 

yield mechamsm assuring dcstgn. Thc first term of thc rtght stde in Eq. 5.2 ts !he axial strength of 

boundary column that is defined as the product of Acure (insidc of lateral rcmforcement as shown in 

F1g C5.20) multtpllcd by concrete strcngth. fhc :-.ccond tcrm ts a tcn~ilc yicld strcngth of the vcrtic:~l 

reinforcemcnl m thc wall paneL Whcn thc amount of the vertical rcinforccrncnt 111 thc boundary 

co\umns are very dtfferent among each nthct, thc "cwnd tcrm should takc all thc vcrttcal reinforcc

ment m wall and boundary columns mto account 
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Acure cunfíned core concrete 

l'ig. C5.20 C.-oss-seclional arca of confincd corc concrete Acore In a boundary colurnn. 

5.6 Structural Requiremcnts 

5.6.1 beams 

( 1 ) Sechonal Shape 

Bcam width shall be not lcss than 25 cm. In a ytcld hingc region, bea_m width shall be not 
lcss than 1/4 times bcam dcpth. 
(2) Longitudinal Rcinforccment 

1) Longitudinal remforcemcnt sh<lll be dcrormcd bars of size equal to or larger than 019 . 

2) Tensile reinforccment ratio in a yield htnge region sha\1 be not greater than 0.025 
including effective s\ab reinforcement. Ratto of total area of compressive reinforcement to that 

of !ensile reinforcement sha\1 be not less than 0.5. The tensile reinforcement ratio pt is de(ined 

as ratio or the total area or !ensile rcinforccment to the product of beam width and effective 
depth. 

3) Tensile reinforcement, as a general rule, shall not be placed in more than two layers. 

5.6 2 Columns 

( 1) Sectional Shape 

Minimum dimension of column shall be not lcss than 40 cm. Ratio of section dimensions 

of long s•de to short side shall be not more than 3.0 in a yield hinge region. 

(2) Longitudinal Reinforcement 

Longitudinal reinforcement shall be deformed bars of size equal to or larger than 019. 

5.6.3 Structural Walls 

( 1) Sectional Shapc 

1) Cross sectional shape of a structural wall, as a general rule, sha\1 be of 1-shape with 

boundary columns on both s1des. 

2) Thickness of wall panel sha\1 be not less than 15 cm, and a\so not less than 1120 of 

clear height ofthe wall panel. 

(2) Placcmcnt of Rcinforcement 

1) Remforccmcnt shall be dcformcd hars of si ;re c<¡ual to or larger than DIO, and placed 
equal amount in thc vertical and hon7ontal d1rcctions 
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2) Reinforccmcnt slwll he placcd in douhk !ayer.., 111 a ytcld !unge rcgwn. 

(3) Opening within thc Walll'anel 
lf an openmg must be placcJ m ,, y u.: Id hm):\e rcgiun of w01 \1 p;mcl, thc locatum sha\1 be al 

the center in width, and the si/e shal! nut all'cet thc monollthic bchavior of thc wa\1 
L..----------------

[Commentary] 

( 1) This section mcntions thc structural rcqutrcmcnts about the shape :md thc dunenston of the 

members, the stze and thc remfon:ement rallo, and cte. 1 he requiremcnts are not necessarily bascd on 

the test or analyttcal data but ba:.ed on .m engmec11ng cxpcricncc and JUdgmcnt, and the exarnplc of 

the foreign design codes, espl.-cial!y con<>tdcnng on thc j..cepmg ductillty and the easy constructton. 

(2) As for the width ofbcam, 1ts mimmum width is 25 cm that makes casy to casi concrete and 

to place a shear rcinforccmcnt prcvcntmg buckling of a eompression reinforcemcnt, bond failure of a 

tenstle reinforccment. Thc ducllltty ofa bcam IS so cmphnsiJ'cd m tlus dcstgn guu.lcl111eS beeause it 1s 

expeeted to fonn a yield mcchanism that it would he the bcst for the width uf a beam to be as large as 

possible. 
Sorne foreign codes have the ltmtln\i()n of a bcam width lo make sure the anchorage of flexura! 

reinforcement in a bcam into a column. But thc wtdth of a column is usualfy largcr than the wtdth of 

a beam 10 the Japanese buildmg construcuon and thc longitudinal remfon.:ement in thc bcam is 

plaeed insidc of the longttudinal corner retnforcemcnt m the column at bcam cohunn Joint, then there 

IS no upper lim1t about the width of bcam 
The llmitation of lhe bcam w1dth nol lcss than 1/4 tunes the bcam depth IS also from the v1ew 

ofthe ductility Too targe ratio of a bcam depth toa bcam width would make sorne complieated prob

lems such as a member's buckhng or an applicabtlity toa frame model. Shear deformation would 

affect on an assumptton of plam rcmainmg plain when a beam span would be short relatively lo a 

beam depth. 
The shear span ratio should be taken into account by the design m Chapter 6, so that there is no 

limit about the shear span ratio on flexura! perfonnance, and thus only the ratio of a beam width lo a 

beam depth is specified in this section 
(3) Column size should not be less than 40 cm, and the ratto ofthe longer stze toa shorter one 

should not be larger than 3. In the case of a wal\-column structure whtch has big ratio of the column 

depth to eolumn wtdth, it would be neccsc;ary to devise an spccial arrangement of lateral remforce

ment in order to confine the compresswc zonc as shown in Chapter 6, sheilr dcstgn, so therc is no 

limit about the shear span ratio of a column in this scction. 
(4) The cross secttonal shape of shear wal\, as a general rule, a\lowcd in this design gutdeline is 

of 1-shape. The same thickness of a wa\1 panel as the column width, whosc cross sectional shape is 

not of 1-shape, would be allowcd under thc condition thc column width shou\d not be lcss than 40 cm. 

In this case the column dcpth m1ght be rccogmzed as the column width in thc transversc dtrcclton. 

The minimum ratio of a wall thtckness lo a wall panel hctght is larger than that spccificd m thc 

curren! standard, considering that the wall ytelds at its bottom end. 

There is no rcqutrements about the shape and the dimcnstons of an openmg in a shcar walL But 

these are Spec1fied in the current standard, and vertically or horizontally long opening should be 
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av01dcd to ma1ntain thc monoltthK' behavior <lll(lthc 1lcxural C;lpactty of ;¡ wall. 

(5) The nominal Sl/C of longitudmal rctnlurccmcnt in a heam ami a column should not be less 
than 019 lo preventthc compresston rcmforccmcnt from buckling. Assuming that the y.ratio (the 

ratio of the amount of comprcsston stecls lo lhc arnount of !ensile stecls) is equal toO S, and the most 

severe combination of reinforcement and conctctc strength, the tensi\e reinforcement of a beam could 

ytcld up to p1 of3.3%. ilowever, in order to prcvcnt spallmg ofcovcr concrete ora comprcssion yield 

of reinforcemcnt, the tensile remforccmcnt ratto in a bcam, including the tens1le reinforccment of a 

noor slab, should not be more than 2.5% Wl1ere p1 '" given by the rallo of the tcnsilc reinforcement 
arca to the arca of a beam width multiphed by an cllCctivc beam depth. An adequate lateral reinforce

ment same as reqUired in spectal hingc region spccificd in Chapter 9 is recommendcd to be provided 

m the case that Pt ts more than 2% 

A large tensile retnforcement ratio mtght cause not only toa poor nexural ductility but a\so toa 

bond failure, so that the adequate reinforcemcnt is required according to Chapter 6. 

As for the column there is no limit on Pt• because of column is usually 1.0. However, the large 

tenstle reinforcement ratio p1 would result in a bond splitting failure as in the case of a beam. 

Previous researehes show that a bond spltttmg failure would likely occur in the case of p1 of more 

than 1%. Then p1 of a column wtth yield hmgc would be destgned to be less t~an 1%. 

REFERENCES 

5.1} Architectural lnstttute of Japan, "Data for Ulttmate Strength Design of Reinforced Concrete 
Structures," September 1987 (m Japanesc). 

5.2] Amencan Concrete lnstitute, ''BUildmg Code of Requirements for Reinforccd Concrete (ACI 

318-89)." 
53] Park R., Priestley N. and Gill W, "Ductility ofSquare-Confined Columns," Proc, ASCE, Vol. 

108, No. ST4, April 1982. 

5.4] Muguruma H., et al., "Studics on Ductiltties of H1gh Strength Concrete Confined by Lateral 

Reinforcement," Proc. of JCI 6th Confercnce, 1983, pp.317-320 (in Japanese). 

55] Fuchikawa S, et al., "Effect of Stirrup on Dcfonnation Capacity ofT-beams," Summaries of 

Technical Papers of Annual Meeting of AIJ, Structures 11, 1987, pp.20S-206 (in Japanese). 

5.6] Koda S., et al., "Effect of Lateral Reinforcement Detailing on Ductility in T-Reams," 

Summaries ofTechnica\ Papers of Annual Meeting of AIJ, Structures 11, 1987, pp.209-210 (m 

Japanese). 
57] lwakura T., et al, "Experimental Study on Fu\1 Scale R/C T-beams with Large Deformed 

Bars," Summaries ofTechnical Papers of Annual Meeting of AIJ, Structures 11, 1987, pp.211-

212 (in Japanese). 

5 8] Oku K., et al., "Size EfTect on Behavior of Remforced Concrete T-Beam," Proc. of Japan 

Concrete lnstitute, Vol. 10, No. 3, 1988, pp.675 4 680 (in Japanese). 

59] Ohkubo M., ··studies on the SttfTness and Strcngth ofReinforced Concrete T·Oeams Subjccted 

to Earthquakc Forces," Trans of AIJ, No. 201, November 1972, pp.25 4 32 (in Japanesc) 

5.10] Yoshimura M, ct al., "Stud1es on Sct~mtc Performance of Full Scale 7 Story Structurc (Pmt 

2)," Proc. the 6th Japan Symposmm on Earlhquake Engineering (in Japanese) 

-75-



5.11] Standard Assoc1atmn of New Zcaland, '·Cnde of Practice for the Design of Concrete 

Structures," 19R2 
lilraishi JI., "Duct11111cs of Stoncd Shear Walb," Sympoo;ium on Developmcnt of lilgh-rise 

Reinforccd Concrete Buddmgo; and Ultmute Strcngth Des1gn of Shear Walls Depcndmg on 
S 12] 

S. 13] 

S 14] 

S.IS] 

S.l6] 

S.l7] 

S.l8] 

S.l9] 

Duct1lities, Kanto Rranch of AIJ, Dcccmbcr \9R6 (111 Japancse) 
Brit1sh Standards lnstllutc, "Struclural Use of Concrete (BSSI\0-1985), Part t· Codc of 

Practice for Des1gn of Constructum." 
ferguson P.M., "Remforccd Concrete Fundamcntals," Jolm Wilcy & Sons 

Takeda T. and Yoshioka K., "Study on Confmed Concrete in lllgh-nsc Reinforccd Concrete 

Buildings (Part 1 )," Report of the Tcchnical Rcscarch \nstitutc, Obayashi Corporation, No. 35, 

1987 (in Japancsc) 
Kobayasht J, et al, "'Test of Structural Mcmbers in Ta\1 Bu1ldings Utiliztng lhc RC Layercd 

Construction System (Part 3)," Summaries of Tcchmcal Papers of Annual Meetmg of AIJ, 

Structures 11, 1986, pp.\79-180 (in Japancsc). 
Tatsumi Y., et al , "Behavior of Reinforced Concrete Columns undcr Bidirectional Lateral and 

Varying Ax1al Loads," Summarics of Technical Papcrs of Annual Meeting of AIJ, Structures 

11, \989, pp.523-524 (m Japancsc). 
Hiraishi 11 .• et al, "Sc,smlc HchavLor of lligh~Strength RC Columns under lligh Ax1al Stress 

(Part 6)," Summarics of Technical Papers of Annual Mcctmg ~f 'AIJ, Slructurcs 11, 1 Q89, 

pp.765~766 (in Japanese). 
Kabeyas.'lwa T., el aL, "Experimental Study on Strength and Deformation Capac1ty of High~ 
Rise Shear Wa\ls," Proc of JC1 Vol 9, No 2, 1987, pp 379~384 (m Japanesc) 

-76-

CHAI'TER 6: DESIGN FOR SIIEAR AND BOND 

6.1 Scopc 

Thc provis10ns of Chapter 6 shall apply for dcsign of mcmbcrs subjected to shcar as 

follows· 

( 1) des1gn lO ensurc shear strenglh of columns, beams nnd structural walls, 

(2) design to ensure deformation capacuy of yicld hinge reg1ons of the mcmbers subjccted to 

shear, and 

(3) dcsign to preven! a bond sp\¡ttmg fnilure .1long the longitudinal reinforcement in columns 

and beams 

[Commentary] 

The provisions of th1s Chaptcr shou\d apply fOr !he shcar design of the non-hinge rcgions of 

columns, beams and structural shcar walls, and for thc ductility dcsign of th~ir hinge rcgions. de~ign 
for the bond applies for columns and bcams in the yield mechamsm assuring design. 

6.2 Design Method 

6.2.1 Bas1e Principies 

In the shear dcs1gn, the rcliable shear strcngth of all membcrs shal\ be greater than the 

design shear in the yield mechamsm aso;urmg design, and the deformation capncity of p\anned 

yield hinge regions sha\1 be greater than the assuring defonnation of member. In columns and 

beams, the sphtting bond strength of longitud mal reinforcement shall be greater than the bond 

stress associated with design actions in the yield mechanism assuring design. 

6.2 2 Strength ofShear Reinforccment 

The strength of shear reinforcement shall be the material strength for thc reliable strength 

calculation 

6.2.3 Structura1 Requirements 

Lateral remforcement shal\ follow the provisions m Chapter 9 in addition to the provisions 

ofthis chapter. 

{Commentary] 

The slrcngth ()( shcar rcmforccment uo;cd fnr thc :;:hcar design is dctcnnmed by thc material 

strength for thc rchable strength ca\culation. lt ~hould be, however, not greatcr than 25 times the 
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compress1ve strength of concrete an. Thc cquations to evaluate shcar strcngth of mcmhcrs proposed 
hereinafter can give the calculnted rcsults in good agrccmcnt with thc crnptrtcal rcsuhs, whcn substt

tuting the strcngth ofreinforcing bars of25 times O"n for thc material strength ofshcar rctnforccmcnt 

that is greatcr than 4,000kgf/cm2 Wtthin this gllldelincs, when thc material strcngth of shcar rcm

forcement exceCds 25 umes O"n, the strcngth of shcar remforccment uscd for thc shcar dc<;ign shall be 

replaced by thc value of 25 times O"n 
When using such a \11gh strength stccl, it<; bcnding performance <;hould he cxamincd tn accor

dance w1th the JIS-Z 2248 (Test Method for Bendmg Performance of Metalltc Material) lo preven! a 

britt\e failure at the bend corner. And sufficient C)ttenston length bcyond a hook is requtred when thc 

135 degree hooked bar anchorage is used for anchorage of a htgh strength shear rcmforcemcnt 

Either the serial spiral or closcd hoop workcd by weldmg is rccommcndcd to dcvclop thc fui\ capac

ity of a high strength material. In thts case, the welding Joint should be providcd wtth greater 

strength than the specified yield strength of the base matenal 

6 3 Shear Strength of Bcams and Columns 

6 3.1 Strength Equatmn 
Reliable shear strength V u of the bcams and columns shall be cñlculatcd by Eq. (6 1 ). 

When PwO"wy is greater than van12 , p...,a ... y ?hall be rcplaced by vaB/2 

where 
tan9 = ../(I.JD)2+1 -LID 

p = ((1 +Cot2$ )pw<lwy )/(V<JR) 

b: width of the section; 
D. overall depth of the section; 

j.: distance between the top and bottom bars; 

L: c\ear span ofthe member; 

a 8 : compressive strength of concrete; 

awy: strength of the shear reinforcement not greater than 25 <TB; 

p...,: shear reinforcement ratio; 

v: effectiveness factor for the compressive strength of concrete; and 

tP: angle ofthe comprcssive strut in the truss mechanism. 

6.3.2 CoefTicients for Members without Planned Yie\d !tinges 

(6.1) 

(6.2) 

(6.3) 

Effectiveness factor for the compresswe strength of concrete v sha\1 be replaced by V0 

given by Eq.(6.4) for the members without the planned yield hinges. 

V0 = 0.7- O's/2000 (.,;in kgf 1 cm') (6.4) 
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Thc valuc ofcot 1/J:-.hal\ be thc muumum de!tncd m Eq<.: (6.5) through (6 7) 

cotcfJ"" 2 O (6 5) 

cotcfJ =J 1 1 {D tan O) (6 6) 

(6 7) 

'-~~~---------------

{Commentary] 

( 1) Shear strcngth of columns and bcam'> 

The prediction for the shear dc<;¡gn in this scction IS fundamemally based on the lower bound 

theory of plasticity [Rcfs. 6 1-6 4]. Supcrposition of the truss and arch actions is mtroduced in 

modelmg of the shear tesisting mcchani<;m Assumed plasttc condition a~e those; (1) the total diago

nal compres~¡¡ve stress m concrete gcncratcd by the combined truss and arch acttons reaches the 

stress al the ytcld point of concrete, and (2) thc stress in ,-;hear reinforcemcnt.reaches the stress at the 

yield point of shear remforcement 

The effectweness factor, V0 , in Eq. 6 4 proposcd by M P. Nielsen [Ref. 6.1] is used in deter

mimng the stress at the yicld pomt of concrete Th: stress at the yield point of shcar reinforcement is 

given by the material strcngth for the rcl1ablc strcngth calculat1on ofmembers. However, tt should be 

not greater than 25 au, becausc thc cquations to cnkulate thc shear strength describcd in this gutde

lmes correspond wcll to thc test rcsults by usmg 25 limes o-9 for the material strength of shear rein· 
forcement for spccimens whose shcar rcinforcemcnt strcngth ts greater than 25 times a 8 . 

Only the balance betwcen externa\ and mternal shears is considercd. 1t indicates the assump

tion that the flexura\ remforcement has suffícicnt strcngth to as.sure the truss and arch mechanisms. 

The first term 111 right-hand side of Eq 6 1 represents the shear force carried by the truss 

mcchanism as shown m Fig. C6 1, and thc second term indicatcs that carncd by the arch mechanism 

as shown m Fig. C6 2. 
The shear force carried by the truss mechamsm, V11 assuming the yield ofshear reinforcement 

is described by Eq. C6.1 (Refer to Fig C6.1) 

(C6.1) 

Concrete stress m the compres~ion strut of analogous truss, cO"t, is given by Eq. C6.2 from the 

cquillbrium condition of an infinitesimal stnnger elcmcnt shown in Fig.l.(a). 

(C6.2) 

The diffcrencc hclwccn van and cl11, i e, (\'rrn-ci1t), contributes lo the arch mechan1sm whcn 

cO"t rs smaller than WJn Thc difft:rcncc nf .mglc of concrete struts between the arch and tru<;<; mccha

ntstns ts ignorcd hcrcin fot simpl!ficatton !he shcar force carried by the arch mcchanism, V3, 15 
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g•ven by Eq C6.3 bascd on the lowcr hound of the thcory of pl:lsllcity [Rcf 6 1) 

(Cfi3) 

where 

(C6.4i 

The shear strength of membcr, V u• is given by adding strengths in Eq. C6.1 and Eq C6.3. 

(C6.5) 

Replacing {(t+cot2jjt~)pwC1wyl/vcr6 by {J. Eq 6.1 is obta1ned. Angle 41•s thc angle of thc 

concrete compression strut to the axis of member at the tru~s mechanism. The value of cottf¡ should 

take the minimum given by l--.:qs 6.5, 6 6, and 6.7 
Equation 6.5 g1ves the allowablc ma'\1mum valuc of cotjjll to assure appr~priate aggregat~ inter

locking a long a diagonal crack [Re f. 6.5], and Eq 6.6 givcs tP valuc to gel maxtmum ofV11 m I:q 6 1 
Equation 6.7 is denved from thc comhtion that v C1B cquals cC11 The Eqs. ~6.6 ami C6.7 are dcnvcd 

as fol\ows. 

(C6.6) 

(C6 7) 

L 
P.P., 

j 1 cot~ 

a) Analogous truss model 

Stirrup force~~ dx....,.¡ Strut force 
PJ'....., bd:o: ,o1 b sin 4ld:o: 

Required bond force .0¡ "'r-: 
p,..o....., b cot <jl~ '...Z. si~ 

b) Equilibrium of an infLnites1mal stnnger elemenl 

Flg. C6.1 Truss mechanlsm. 
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Fig. C6.2 Arch mcchanism. 

Equations in this scction are cstablishcd by using the value of cotjjll givi.ng the maximum shear 
.strength undcr the condition that cotrp should not be greater than 2, and thc concrete stress of the 

comprcssion strut al thc truss mech::~msm, c01, should not be greatcr than effective compressive 
slrength of concrete, v au. General characte1 istics of thc design cquations in this seclton are illus
tratcd in Fig. C6.3'. 

The limttai!On of shear remforccment to thc shcar strength is gtven for the case that all shear 

forces are carned only by the truss mechanism with the anglc 41 of 45 degrec (cotf/>=1 ), and ,cr1 equals 
vcra. Whcn ,C11 equals V 0 C1u, Eq C6.7 tS obtaincd Substitutmg Eq. C6.7 to Eq C6.1, and taking its 

differential by PwO'wy• the peak value V1.max ts obtamcd as Eq. C6.8, whcre, PwC1wy is 0.5 VO'a and cotfP 
is wi.ity 

(C6.8) 

The effectiveness factor of the compressive strength of concrete, v0 , becomes smaller with 

mercase of the compresstve strength [Ref. 6.1). Equation 6.4 t::~kcs this lendency mto consideration 
Withm this guidclines, two methods of predictton for Calculating the shear strength are 

proposed m the W.G on Shear Design {Ta<;k-commttle orgamzed for works for this chapter); the so

named A- and B-methods [Refs. 6 6-6 9]. Both the A- and B-methods are based upon the plastic 
thcorcm in thc limit analysis, while are dcnved from the d1fferent concepts conceming empincal 
cquattons for shear design introduced in thc previous sections. Through discussions within the 

Committee, the A-method is tentattvcly introduccd as the prediction method proposed within thts 
guidelmcs In the commcntary hcrcm, thc B-mcthod is introduced as wcllthe A-method for a posst

blc and wide use ofthc B-method 
Jl(Jth the A- and B-mcthods are based upon similar concepts with each other supcrpo<;ing thc 

truss and arch mcchanisms. The diffcrencc."i of thc mcthods can be summarized in thc valucs qf tan O, 

col~ ami v0 as listcd in Tablc C6.1. 

-Rl~ 



TAUU: C6.1 <..:OEFFICI EN'l ~ IN Tltt-: A- ANiliJ-M ETIIOUS 

tan O 

cot4! 

A-mcthod 

V (l)D)
2 + 1 -\JD 

1 OS:cotqrS2 O, and ~malles\ 
va\uc amung thc followmg thrcc 

20 
J ¡I(DtanO) 

Jva 
1 

l(p -¡;-¡:¡ 
r "' "~ 

() 7 - O' 11/2000 

----•---------·-··- .. 

M : bcnding moment at thc crittcal -.cctJOn 

V: shear al thc cntical scctton 

D: dimensmn ofthe total scctLOn 

rl-mcthml 

YaMiYD/ + 1 - 2M{YD 

1 o 

(2MIVD + 1)/4 

In the A-method. the valuc of cot¡fl that faUs m the ran~e of one and two is givcn on thc condt

tion that the truss mccharusm as<;oct:ttcd wtth ~omc arnount of shc.tr rcinforccment cou\d carry the 

maxunum shcar force W!Hic, m thc B-m.:thod, thc valuc of cot¡p tS ftxcd to be 1 O on the condHton 

that thc concrete stress of thc comprcsston strut tn thc Ir use; mcchantsm assocmtcd wtlh <>mnc amount 

of shcar reinforcement takes thc minimum stress 
The shear strength predictcd by thc A-method 1s ah.o.."ays greatcr !han that by the B-mcthod if 

thc same stresses at the yte\d point nf m:~tcnals are use't and !he moment distnbution withtn the 

member is has anti-symmctne Ba<>cd upon thc lowest theorcm, the A-mcthod would estunatc a real 

shear strength rather than the B-method · 

Both the A- and B-methods cstimatc greater shcar strcngths than thosc obtained from the test 

results when v is assumed to be umty. Beca use thc comprcssive strength of thc cracked concrete 

might be smaller than that of the concrete wtthout cracks, and concrete does not show an 1dea\ elasto

plastic behavior, tt is neccssary to mtrodw.;e thc conccpt of reduclton factor for the concrete strcngth. 

In both methods, thc shear force carried by the arch mechan1sm, in Üther words, thc contnbu

tion of concrete to the shear strength, is varicd assoctated wtth the amount of PwO'wy• wlulc withtn the 

empinca\ equations for the shear strength introduced in the previous sections it is taken con<>tant. 

This characteristic ev1dcnce that the shc:u force carned by the arch mcchanism decreases in accor

dance with the increase of PwO'wy is repnrtcd in the \1\Crature (Ref 6 2], and also be vcrtfLcd by the 

F.E.M.analysts[Refs 6.10and6.11] 

In the A-method.. v takes the value of (O 7-a¡¡/2000), while m the B-method \' takcs unity in 

general cases, which in sorne cases dcpcnds on thc ratio of 2MIVD a'> listed in Table C6.\ in ordcr to 

take the vanation withtn the test rcsults mto consideratio'l The valuc v in thc B-method takc'i the 

value withm O S and 1.0 
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Gcner,:l char:~etcn<>llcs nfthc A-mcthod .u e iHu-.tl,ltcd in 11~. C6 3' lnthc A-mcthod,thc cot~P 

v<~luc ts kcpt 2 O untt\ thc p.., a"'~ valuc tc,¡chc~ O 2 v"a11 , atHI both thc tnLv; and arch mechamsms exist 

up to tlus pomt. Bcyond thts lmutmg pomt (pmnt ll 111 r1g C:ú 3'), thc a1ch mechani<>m does not 

exist, and al\ shcar fmce!> <>hould he carrted only hy thc \tUS'> mt..·chamsm. The shcar force carried by 

the truss mechanistn can he mctt..'<1c;ed lx.:yond thc poLtH B up 10 its maximum valuc ol O.Sbj1v0 au. 

bccausc of changc of the angle of thc comprc:v.;ton conctcte Sllltl (tfF26.6 to 45 dcgrcc) While, tn 

thc B-method, thc .mgle of ¡pis fixed to be 45 dcgtcc so that both thc truss and arch mcchanisms 

extsl, and V u vct~us p"'awy shows a \mear rclattnn unttl Pw<Jwy rcachcs O 5v0 crn, and at thc maximum 

point of0.5bj1 V 0 0'n thc shear fotcc camcd by the <~rch mcchanism becomes zcro Thc shcar strcngth 

are dtffcrent hctwccn tn !he A- and B-mcthmh beC:ltbc thcy use the different v0 valucs The shcar 

strcngths predicted by thc A- ami B-method~ corrcspond we\1 to cach othcr WLthout largc difference 

within thc rangc ofp..,a"Y emnmonly uscd mthe design. 

ümit o[ sh~ar capacity e 
o.svas 

Only truss action 

l. O 

Fig. C6.3' General charnclcrislics of deslgn equatlon_ 

Undcr a conservative judgmcnt, thc A-mcthod, which gives less prediction of shcar strengths 

than thc B-methnd. 1s adoptcd as the shear dcsign equation in this section. Discussions necessary on 

the validtty of both methods are summamcd m thc followmgs. 

Both the A- ami B-mcthods do not considcr the effcct ofthe axial forces. This is an issue to be 

examined in !he future. 

(2) Va\idtty ofthe equatlOn for the shear !'i\Tcngth 

lCst rc!'iults for thc shear strenglh of cnlumns and beams [Refs. 6.13-6.26} are refcrrcd for ven

fLcatton of thc ,c;hear dcsign cquatton adoptcd lo t\us scction. These test specimens are limitcd to 

thosc wllh dcfonncd b.trs as flexura\ rcinfnrcemcnt, sincc the truss mechanism ncct.l'i sorne bond 
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strength bctwcen remforcing bars and concrete /\nd al"o ,111 ~pccnncn havc not kn..,¡le ;poal fmcc~ 

(N?:O) and cross scctiunal arca are larget than ..)t)(Jcm 2_ Variahlcs in !hose tc~t spccimcns a1c li<;tcd in 

Tablc C6.2 
TARU: C6.l \'ARIAilLES IN 'lilE rt.Sf SPECIMENS 

Comprcssivc '-lrcngth of concrete <J¡1 165 -629 kgf/cm2 

Tenston remfiJrccmcnt ratio.p1 0.39-3 21% 

Shcar rcinforccmcnt ratio.p ... 0-2 44% 
~-- ·-···----- --
Yteld strength of shear reinforccmcnt <Ywy 2530-14700 kgflcm2 

0-191 kgflcm2 

Axial load lcvcl·17o""N/(bDa¡¡) 0-0.7)2 

Correlation betwccn thc test results and calculated ones usmg thc A-mcthod is plottcd m Ftg 

C6.4. Vertical and honrontal axes represen! Vm¡~!Vr and VufVr, rcspcctively Thc valuc Vmu is 
expcrimcntally obtmncJ the shcar strcngth of test specimcns, V r 1s the shcar force at thc calcu1ated 

ncxural strcngth, and V11 is thc calcu\ated she<Jr strcngth by the A-method Thc valuc Vr ts obtained 

bascct on the Bemouiii-Eulcr:<; as~umption (thc assumptton that the plane <;ection rcmams plane afler 

bendmg) and usmg real strength., of stcel ami concrete The reason why the axes "" ~hown 111 Fig 

C6 4 are chosen 1s to confinn the fact that reported shear strength of thc test spccimcns reaches sorne 

hmiting strength, wh1ch is detcrmmed frorn thc ncxural capactty of the spedmcn [Rcf. 6.17]. The 

specnnen plotted m the zonc bctwecn V ma~/V f lcss than 1.0 and V ,iV f grcatcr than 1.0 wcrc reportcd 

to be failed 111 nexurc. TI1crc are few spcctmcns that have less strcngth than the ca\culatcd strcngth in 

the range of V vfV r less than 1.0. Among 77 specimens covcring the rangc of variables listed m Table 

C6.3 whose V m3~/V r are \css !han 1 O with shcar reinforcement, the mean of V ma.IV 11 and its devia

tion are 1 33 and 18 5%, respccttvely These valuc~ are ohtamed excludmg specimcns w\uch have the 

Vm1 x!Vu ratto less than 1.0 ami thosc wlllCh are predicted to reveal bond failure in accordance with 

the sectton 6 5 m thts chapter As for spectmens with high strength stecl [Refs. 6 25 and 6.26], the 

mean of Vmax/Vu ami its dcviatton are 1 41 and 17 .9%, respecttvely. 

TARLE C6.3 VARIABLES OF Tlll-: SPt:C1MF.NS FAILEI> IN SIIEAR 

Shear reinforcement ratio.pw O 12-1 1 3 % 

Yteld strength of shear reinforcemcnt·awy 2550-14220 kgli'cm 2 

p,.,a ... -y 3.16-159 kgf/cm1 
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·¡he pht<;\IC tllcory uscd 111 ti11S dcstgn gu1dclmcs does not cons1dcr thc axtal force efTcct Whcn 

an axml force is .... mal\, tts cffcct is rccngmtcd cxpcrimentnlly, wluch ts constderably significan\ for 

membcrs wtthout shcar rcmforccmcnt. while thc shear strcngths of thc specimcns with some amount 

of shear rcmforccmcnt are recogni.ted not to be afTccted significnntly hy axial forces. As shown in 

F!g C6 4, the safcty margm given to thc shcar strcngth dctcrmined by thc shear dcstgn equation are 

almost constan\ with vanou<; amounts of axial force Thercfore, 11 is conclm!ed that thc effect of axial 

forces IS not mtroduced wtthin the cquatton. 
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Fig. C6.5 Verificatlon of \he deslgn equatlon In lht A-Method. 

(3) In the case o fa mcmber with so lit! circular section 

The shcar dcsign method for mcmbcrs having sol id circular cross section has not becn estab

ltshed yct bascd on a plastic analysis, and fcw test data can be obtained. For the time bcing, thc 

following mcthod is rccommended in this gUidclines. Shear design for a member with sohd circular 

sectton ts pcrfonncd as a membcr wtth square section ofthe same cross sectional arca. Thc rcduction 

ractm ofthc ~hcar reinforcement ratio ofO 785 (n14) is prescribed, since the effect ofshear rcinforcc

mcnt on the circular shapc IS rcported to be lc"s than that on thc rectangular shape [Rcf. () 391. 
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6.3.3 Codftc1cnts for Mcmhcr.., with Pl.mncd Yu:ld llingc~ 

( ¡) For thc yicld hinge rcgmn dcftncd m Scctton 9.2 ), thc ctlCcttvcne<;s !actor , v, shall he 

gtvcn by Eq (6.8) Valuc of cotcf! sh.1ll he the <omalkst v.1luc gtvcn by Eq'> (6 6), (6.7) ami (69). 

llowevcr, the value {J m Eq (6 ]) ~hall c<~kuL!Ietl u'img thc v<~lue ol cot¡J> for a non-yteld htnge 

rcgion and thc valuc ol PwO"'Y for a yicld hm~c rcgion ol thc rncmber 

V"' (1.0-15 Rpl \'n for U< Rr 50.05 

=o 25 V" for O 05 < Hr 
(6 R) 

cotrp ""2 O-· 50 R11 lnr O< R., 50.02 

= 1.0 1or O 02 < Rr 
(6 9) 

wherc Rp denotes the rotattonal angle at lhc ytcltl lungc rcgion associalcd with the assunng 

deformation nfthe mcmbcr. 

(2) Strcngth calculat10n of a rcg10n outstdc of the planncd yteld hinge rcgtons shall use the 

efTccttvc factor g1ven by Eq (6.8) 'lhc valuc of cotrp shali be thc <>malles! value gtven by 

Eqs (6.5) tluough (6 7) Thc valuc of fJ shall be that u~cd for thc y1cld hingi: rcgton. 

[Commentaryj 

The defonnattOn cap.lctly ofy1cld hmge '" gtven by as~unng both the curvature ducttltty at thc 

cnttcal sect10n and the shear mcchamsm. Thc formcr onc is assurcd by ltmtt of axtal force, prevcnt

ing buckling of comprcss10n stccl and appropn.1te conflncmcnt as provtdcd in Chapters S and 9. In 

ordcr lo assurc the shcar mcchanism, tlus dcstgn gutdchnc gives the strcngth ntargtn to concrete 

compression strut and changcs the anglc of ITU"'> rnechanism according lo thc required deformation. 

The larger amount of lateral (confinemcnt) rcmforccmcnt, requtred by mamtainmg either curvature 

ductility or shear mechamsm, are actually arrangcd in members. 

To prevcnt shear failure al yicld !unge rcgwn, thc cffcct1vencss factor of compressive strcngth 

of concrete, v, and compress10n strut angle m truss mechanism, f, are given as the function of 

required rotal tonal angle at hmgc regton, RP, by Eqs. 6.8 and 6.9. Figures C6.5 and C6 f) show the 

rclattonships of cotf and RP, and of v and RP, respcctivcly. Thesc relationshíps are based upon thc 

concept that compresston strut angle in truss mechanism, f, increases up to 45 dcgree dueto thc loss 

of aggregatc mtcr\ockmg in post ytcld range, am1 fmal shear fati u re of mcmber subjectcd to bcnd

mg-shear force<; would occur by erushing the concrete comprcss10n strut (Rcf. 6.46]. In practica! 

design, sorne strcngth margin against thc destgn shcar force of hinge region are ind¡rectly given lo 

shear rcmforccment and concrete compress10n strut according to thc required rotational angle. RP 

Dcs1gn method for duct1le mcmbers desmbcd m this chapter givcs d1fTcrent amOunt of shcar 

remforcemcnt for hmgc region and outstde hingc rcg1on in a memher, rcspcctivcly. As illustmted in 

Ftg C6.11', the angle of concrete strut oftruss mechanism, f, changes gradually in a transitton zonc 

from hmge region to outsidc hinge region (Zone BCGF 111 F•g C6 11 '). llowcver, it should be 
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nottccd that maxmuun cmnprcsstvc stress 111 cottctctc would occur al pomt e m l"tg C6 ¡¡· bccausc 

h1ghcr.lateral stress by shc<~r rcmforcement 111 l11ngc rcgion ami lov.cr inclinalion of conctctc strut 111 

outs1dc hmgc region Thcrcforc, 111 thc calculation of {J 111 Eq 6 3 ({J 1S a cocflictcnt md1caling the 

lcvcl of compress1vc stress m concrete duc lo tru<;s mcchamsm), PwOwy 111 !unge reg1on and cotrp in 

outstdc l11ngc region should be U'>Cd The comhmation~ of cach ~.:ocllktcnt to be used m thc dcs1gn 

are summa1 ized in l~1blc C6.4 

::~>--u .. 
o 001 0.02 0.03 0.04 0.05 

Rp in fadian 

Fig. C6.10 Relatlonshlp between !he guaranteed hlnge rotation RP and cot¡p 

o 0.01 0.02 0.03 o 04 o 05 

RP in radian 

Fig. C6.11 Relationship between the guaranteed hlnge rotalion RP and v. 
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~- un--'1 
Design hinge rcgion 

t'ig. C6.11' '1 ru~s mechani\m ora ductile member. 

TADLE C6.4 VAI.UES OF v, col~ AND fJ USEn• 

IN TIIE llESIC;N OF llUCI'IU: MEMRERS 

--¡-------- -·---··--- - --··. --· -- -----·----
col~ m Eq 6 1 f3 Region V 

Hi~ge O<R SO OS 
reg10n ~( f-!SRp)\'0 

O 05<Rp 

S malle<;! onc of JF(cot2qt+ 1 )PwhO"wy'V<JB 
cotF2--50RP R11:50 02 wherc cot~ is thc smallest one of 

= 1 O 02<Rp cot~2 
colq'r-J 1/(Dtan0) cot~=j¡/(Dtan9) 

v=0.25v0 

col$ =..ÍVa-8/(po··-¡:-¡- col$ =Fvcr 8/(p o ---¡-:1 
w wy w wy 

Outside Smalle<;t one of 
hinge ditto cotifr-2 ditto 
region COI~"'J 1!(Dtan8) 

cot$=~/(p:o ..... y) -1 

-----''-------·~--------------~-------

Pw: shear reinforcement ratio in the hinge region 

Note · Differcnt amount of shear remforccmcnt are arranged m the hinge rcgion and in the 

regton outstde the hmge regton 
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Corrclation hctwccn test data [Rcfs. 6 29-6 34} and prcdictcd rcsults are shown m Fig. C6.12. 

Spccm1cns whkh showcd bond splittmg failurc-. are cxdudcd Vertical axis indicates cxpcrimcntally 

ohscrvcd mernbcr rol<ltion angle at ulttmate statc ami hnri/ontal axts ind1catcs thcorctically predicted 

avallable mcmbcr rotation angle. Ultirnate anglc of spccimcns are dcfmcd as lhe anglc al 80% 

strcngth aftcr peak load on cxpcrimentally ob.scrvcd load-dcformation dmgram. Calculatcd mcmber 

rotation anglc is obtaincd by adding the contribut10n of prcdictcd hinge rotal ion Rp and thc mcmbcr 

rotation angle al ytclding dcfmcd m[Rcf. 6 49]. Duclllrty capactty might be predtclcd by thc method 

dcscribed m tlus scctton except for mcmbcrs subjcctcd to cxtremcly large.axial force. Equattons 6 8 

and 6.9 assu1e the rotal ion at yicld hmgc, so that length of hinge region and dcformation other than 

of hinge region are nccessary lo gct membcr's dnft. From the pomt ofconscrvativc judgement, the 

rotation al yteld hinge, Rp, could be uscd for member'.s drif\. 

" X 

6 

• 
1-

' : 
.. le"' 

[¿ 
V 

V •• 
~ ~ 

~ ;. X 
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I/ 
' • 

Theoret•calty assured member 
rotation angle ( x to-• rad.) 

6 

"• ... ___!:!_ boa. 
o "•'"'0 
t:J. o< n 1 :;;:. 

V -!<no~-+ 
X -t< no 

Flg. C6.12 Verlrication results or ductllity. 

On the other hand, shear design of ducttle member can be conducted by using v and collfl given 

for hinge region m Table C6 4 regardless of hinge and outside hinge region. This gives umform shcar 

reinforcemenl across the member. In this case, the compressive stress in concrete dueto truss mech· 

anism becomes smaller and comprc<>sive stress m concrete due lo arch mechamsm becomes highcr 

lhan those in the design method according lo Table C6.4, and it results smaller amounl of shcar rcin

forcement in hinge region and Jarger amOunt of shear reinforcement in outside hingc rcgion. 
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6.3 4 lnc\incd Shear Rctnforccmcnt 
When the inclincd shcar reinforccmcntts u ... cd.the shcar givcn by Eq.(6 10) may be addcd 

lo 1he shear strength 

where 
A, : sectional arca of inclined rcmforcemcnt; 

axy· yield strcngth ofinclmcd reinforcemcnt; and 

8,: anglc betYJCcn inclincd rcinforccmcnt and member axts. 

(6 10) 

Arca A~ may includc both tcnsLOn and comprcss10n reinforcemcnt if the inclincd rein

forcement is placed diagonally across thc mcmbcr, othcrwisc, !he arca of mclmcd reinforccmcnl 

in tension shall be used 

[Commentary) 

\nclincd shcar rcmforccment in ytcld hinge rcgton shown in Ftg 6 9(a) have bccn uscd as a 

bent reinforccment, and thcy can carry the shcar fOrce by thc shcar componen! of their tcnsion forces. 

Shear force given by Eq 6 10 would be added to the shear s1rength given by Eq. 6 l. Such a inc\incd 

shear remforccmcnt ts cffccttve on thc case thru thc melastic tensile strain of longitudinal reinforce
ment is accumulated dueto rnany cycltc bcndmg action, and then slidmg shcar fadurc occurs duelo 

full crack opcnmg at beam critica\ scction. llle inclmed angle to member axts, howevcr, should be 

ranged from 30 to 45 degrcc. Safety check for bcanng stress of concrete instde the bcnt corncr, and 

the contnbution of inclincd rcmforcement on the ncxural strength at yield hingc should be consid

ered as well as providing enough embcdment length. 
The so-called X-shaped reinforccmcnt arranged dtagonally across thc members as shown in 

Fig.6.9(b) are known lo be effcctive on shear strength, experimentally and thcorcltca\ly {Refs. 

6.35--6 38). Steel arcas of both tenston and compression mighl be countablc as thc slee\ arcas uscd in 

Eq. 6 10 11lis X-shaped reinforcement could contributc lo nexural strength as well asto shear 

strength. And X-shaped remforccmcnt does not need bond mechanism for its shear rcsisting mccha

nism, then check for bond strength mtght be done to the residual paral\el flexura\ reinforcements. lt 

is possible to avoid bond splitting failure usmg thts X-shaped reinforcement. The X- shapcd rein

forcement could change the failure mode of the mcmber w1th itself from shcar failure includmg 

bond splitting failure to tlcxurc failure under any condilions, and make even the membcrs subjcctcd 

to large bending moment and shear very ductile Details are describcd in Rcfs. 6 35 to 6 38 

1l1e membcrs with inclmcd remforcemcnt should be designcd as st1rrups or hoops carry a part 

of shear force. The ratio of shear force carried by s~trrup or hoops should be dctermmed carefully 

according to previous test data and rescarch. and shear force carricd by inclmcd reinforccmcnt 

should not be overestimated. In the New Zcaland code [Re f. 6 48], it is rccommendcd lhat stirrups or 

hoops should carry atleast one-third oftolal shear force. 
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On..ly tension bar is effcctive V 

Fig. C6.14 X-shaped reinforcrmenf in !he hlnge reglon~. 

V 

Ct 
M 

Both tension and compression bars 
can be counted for shear and tlexurc 

M 

t) 
V 

Fig. C6.15 X-shaped reinforcement placed diagonally across a member. 

,------------------------
6.3.5 Minimum Amount ofLatcral Remforccmcnt 

Mínimum shear rcmforcement ratio shall be 0.2 pcrcent m all beams and co\umns. 

6.4 Shear Strength of Walls 

6.4.1 Strcngth Equation 

Reliable shear strength V u al each story of a watl shall he calculated by Eq (6.11 ). When 

PsO"sy is grcater than va1112, PsD"sy shal\ be w¡B/2 

V u= lw lwb Ps a~y COl(/)+ tan8 ( 1 -{3) lw lwa V au/2 (6.11) 

where 
tanO=IYu, ,-)\1-h' 1 w"wa w"v.,1 (6.12) 
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tw: thickness ofthe wall panel: 
hw: height ofthe wall, which muy be takcn as the llllcr-story hc1ght, 
l..,.b· equivalen! width ofthc wall pune\ m thc truss mcchanism (sec Clausc (!4.2), 

J.,....: equivalen! width ofthc wall panel in the arch mcch<Hllsm (scc Clau<;C 6 4 2), 

a0 : compressive strength of concrete, 
a

5
y: stn:ngth of shcar reinforccmcnt withm thc wa\1 panel not greatcr th<ln 4000 kgf/cm2; 

p
5

: shear reinforccmcnt ratio within thc wa\1 panel; 

v: effect1vencss factor for thc comprc<;sivc strength of concrete, and 

r>: angle ofthe compressive the strut in truss mechanism, and cotr>=l O 

[Commentary} 

( 1) Planned y•eld hinge mechanism 
The provisions in tbis scction shou\d apply for thc dc<agn of <;hcar wall that carrics lateral 

force. Failure mode of shear wall shou\d be ncx:ure with y•cld hingc at the bottom cnd, and thc 

dcsign of shear wal\ should follow thc ncx:t prov•s•ons to preven! shcar failurc Failurc modc of hft

ing-up ofa foundation might he allowed ifshear wall has cnough strcngth margin agamst shL'ar fail-

u re. 
The yieldmg mode of llfimg-up of a foundat10n lS thought to be ulso ductdc for a shcJr w,dl as 

well as ncxural y1eldmg of a wa\1 Flexura! yiclding of fount!at1on bcams, instcad of ncxural yidíhng 

at the bottom end of the shcar wall, would be destrable if possiblc, bccause thcrc would he littlc 

damage on shear wa\1. Of course, duclllity of foundat10n bcam and foundat1on Jlsclf are rcqtllrcd 

instead of that of shear wall, especially soil and pi les in comprcss10n sidc should be dcsigncd cnrc

fully to assure enough strength and ductibty. Shcar force ofwa\1 with pi le foundJ.tion has a po<;<;tbility 

to become larger than that ca\culatcd at assurance de$Ígn stagc duc to thc undetermined pullmg out 

strength of pi les In the case that hfhng-up mcchantsm carries a largc part of the hori.ront;:~l <;hcar 
capacity, there is a room to be discussed about the dcsign shear cocfTLclcnt, 1f thc de:-;ign shcar CllCO i

cient is the same as that in the case of ncxural yield, bccausc lifimg-up mcchanism dissipatc fcw 

energy. As for lifting-up mechantsm, !Itere are many problems to be madc c\ear to gct dcstgn entena. 

(2) Design shear 

Design shear would be obtamed, accordmg to Chaptcr 4, based on the shear force at yicld 

mechanism with the overstrength ofyield hinges and magnified by the dynamiC amplificatwn factor. 

In calculation of design shear force for shear wall, fol\owing points should be takcn carc adding on 

the "Commentary" in Chapter 4. 

f: 

i) Static shear is affected by not only the overstrength of shcar wall, bc¡undary beams ami trans

verse beams, but also the overstrength of bcams in other part of a structurc 1t 1s ncccssary to 

analyze the total structure considcring shcar transfer through noor systcm, 1 c., it is not cnnugh lo 

analyzc only a part including shcar wall. 

• 
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11) Whcn ltftmg-up mcchamsm is a<;~uted, thc uppcr ~trcngth of found<Ltion and f(Hindatton bcams 

d1rcctly afl'cct on thc strcngth of thi;. mechanbm, howcvcr, thc ovcrstJcngth of pulling out of pi les 

could not be estunatcd exactly, then 11 JS rcquircd lo sct cnough safcty marginto the1r strength Al 

thc prcsent tune. 11 is conscrvative and dcsirablc to des1gnatc thc force at flexura! y1eldmg of shear 

wall or thc strcngth <1! tenstlc yiclding of vcrttcal rcmforccmcnt in thc pi les as thc destgn shcar. 

i1i) The additional story shcar force duc to thc dynanuc clfcct has a tcndcncy to be earried mostly 

by shcar wall, and thcn it is conscrvat1vc aru\ dcstrablc to assumc all addlllonal story shcar would 

be carricd hy shcar wall Verticnl Md hori.rontal•cmfiltcemcnt m a shcar wa\1 would be arranged 

bas•cally cqually, thcn adcquatc rcinfilrcing arrangcmcnt IS necessary beforc thc ea\culation of 

design shcar force for the <1ssurancc dcsign, hccause nexural strcngth of wall is al so affected by 

verttcal rcinforccment. The dcstgn shcar f()rce for shear wall (exccpl for cantilcvcr typc wall) 1s 
not proporllonal lo llexura\ strcngth. so that a larger amount of vert1cal remforccment than that 

rcqUtrcd 111 thc dcs1gn docs not mattcr al many cases But m thc scvere dcsign case for shear, it is 

necessary to assurc rcasonablc reinforcmg arrangcment accordmg to destgn dcmand. lfstrength of 
shear wall would be short, it ts des1rable to makc wall panel thicker or to use inclined reinforce
mcnt instcad of increasing shear remforccmcnt in wall panel. 

(3) Equation for shear strength 

Equation for shcar strcngth of shear wall is den ved bascd on thc same conccpt {Rcfs. 6.50, 
6 51), plastLc thcory, a~ uscd for shear ~trcngth of bcams and cohnnns, whcrc shcar force IS trans

fcrrcd by truss and arch mechamsms, and the strength of verl1cal stecls is assumcd to be infimte 

Shear design of shear wa\1 might be done by cach story. The d1rTerences from the equations for 
beams and columns are foltowmg: 

i) Strength ofshcar remforcement shou\d not be greatcr than 4,000kgf/cm2, because there are no 
test data using high strength shear rcinforcement for verification ofthis equat¡on 

u) Anglc in truss mechamsm takes bctter one which is determincd in A-method (cotr>52.0) or B
method (cot4"=l O) to get a good correlation with test data. 

iii) E.rTectivcness factor for compressive strength of concrete that assurcs deformahon capacity is 
newly given cons1denng test data. 

1v) Arca of boundary column is taken into account as the equivalentlength of wal\ in arch mecha

msm. 

v) Thc method assuring the shear transfcr between stories •s provided in order to conduct shear 
design of wall by each story 

Nincty-ninc shcar walltest specimens in cight test series sat1sfying next conditions are sclected 

for vcrificat1on (Rcfs 6.52-6 65]: 

( 1) cyclic loading test; 

(2) test in series Wlth sorne particular parameters; 

(3) test specimens wtlh boundary columns, and 

(4) IC$1 spccimcn<; w1th more than onc-thmt offull sca\e 
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Jn thosc tests, comprcsstvc strcngth of concrete ¡md ytcltl .'.lrcngth uf rcinforcmg s.tccl wcrc 
ranged frum 200 to 400 kgf/cm 2 ami 3000 to4SOO kgf/crn 1 , rc-;pcct•vcly Tcc;t srccimcm are Slllllllld

nzed 10 Tab\e C6.5 As fur thc anglc, lf', m truc;<> n•echa111snt, B-mcthod, cot!fJ=\ O conc;talltly, could 

predict test data bctter than A-mcthod. cot4J-:J 0-2 O fhcn cotftr-\.0 LS adoptcd m c;hc.lf dc.'.ign ofa 

shear wa\1. 

----
Test serie 

TABLE C6.5 SELElTI-:Il SI'ECIMENS FOR VERIFICATION 

-------
Rcference Nurnhcr of 

spcctmcn 
--.. --. .. 

CharactcristLc:> nnd paramctcrs Mark 

1 6.52, 6.53 5 Lateral confmcmcnt ofboundJry column O 

2 6 54,6 55 

6 56 

3 6 57 
·---

4 6 58 
----------

5 6 59, 6.60 
---- -----

6 6.61 

7 6 62, 6.63, 6 6 

8 6.65 

6 

4 

34 

16 

5 

7 

20 

2 

Variation of shcar span ratto ami 
wallthickness 

lhgh a'<talload • 
llcavy wall r.cinforccmcnt ratto {] 

1\\.Lalload leve! and Sh~ar ... pan ra\10 • 
Large shcar span ratLO 

Sma\1 ~hcar spa':l rJtto + 

Wall remforccmcnt ratio 

Shc.~r sran ratio ED 

.--------------·--·-.. - .. --------·- -------
6.4.2 Equivalen\ Wall Widths 

Ca\cu\ation of the shear strength for a wall can use thc equivalen! wal\ wtdths includíng 

the effcctive lcngth duc to confincmcnt by thc boundary colurnn as defmcd in Eqs (6.14) and 

(6.15). 

where 

1' w: clear span of the wall panel: 

De: width ofthe boundary column, 

.dJ.....: increment ofthe wa11 width gtvcn by Eq (6 16), and 

~l,.b: increment ofthe wal\ width givcn by Eq (6 17) 
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(6 14) 

(6.15) 

.ó.I..,.J=A,.,jtw for A $t D 
u· "' L 

(6.16) 
=(De +YA-:D¿t-:)/2 for Ate>!)\ 

1\l.,.n=AL,/Iw for Ace$t))t 
(6.17) 

=D., for Ace>1flc 
where 

Acc: cffective arca of thc houndary column givcn by Eq (6 18) not greater than 3tw De. 

(6 18) 

where 

~: sect10nal arca of the comprcssivc side boundary column; and 

Ncc: axml load of the compressivc side boundary column in thc yield mechanism assuring 
design. 

[Commentary] 

1t is madc sure by al so experimcnt that the arca of boundary columns contribute the shear 

strength of a wall. Equation uscd in thc curren! ultimate strength design replaces the total wall arca 

mcluding arca of boundary column by equivalen! rectangular arca, and cou\d predict test results we\1. 

Out the contributton of boundary column to shear strength of wal\ could not be explamed reasonably 
or quantitallvely. Shear dcstgn equalton adopted in this design gmdelinc is derived from thc research 

that cva\uates the contnbution of boundary column to the strength of wall theoretically based on 
equilibrium condition, and ts simplified for a praclical destgn use . 

Therc is a research [Ref. 6.66] in which a virtual increment of wa\1 width due to a existing of 

boundary co\unm, where the angle of arch mechanism ehanges and shear strength of wall increases, 

can be esttmatcd roughly by !he cquilibrium condition with Oexural strength of boundary column. 

As shown m Ftg. C6 16, a width of wa\l for arch mechamsm extended from boundary column {die : 

the distancc from thc ccnter of boundary column) is given by Eq. C6. 13 assuming that the Oexural 

strength of boundary column, Mcu• is equal to the momcnt about centroid of column at it's bottom 

proc!uced by diagonal compression force within a width of die· 

1:~~;; 
cosp 

(Eq. C6.13) 

Flexura] s1rcngth ofhoundary column is simply ohtamcd as Eq. C6.14 ignoring thc axial force 

effccts. 
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(Eq C6 14) 

h A (J dcstgnatc an c!Tccttvc arca of the houndary column givcn by Eq. 6.17 (cxc1udmg 
w ere cc•Pt• y 
concrete arca rcststing lo cnlumn axtal force), lhc lcn-;t\c slec1 ralto lo Acc• and lhe 1enstlc slrcngth of 

steel bars, rcspcctivcly. 
Stalisttcs on anothcr unknown v.1\uc-; are ,ts~urncd to :-.atts!)r Eq. C6.15· 

--~~-~~~Y ____ ~ 
vcrHtl-ll)cos 2e 4 

Equat10n C6 16 w11l be oblaincd 

vA:;~r 
Lll =---·-

' 2 

M.=~"B t. M!cos18(1-Pl 

1 ~ 2M,. 
¡;!/,""' cnsB ;.u~t..(l-P) 

V 
/Lf,.: Fte~ur.ll scrength of houndary coturno 

(Eq C6 15) 

(Eq C6 16) 

Fig. C6.16 lncrement ofthe wa\1 width duelo confinement of a boundary column. 

Thts stmpllficatiOn ts constdcred lo gel Lli,""Dc/2 al A,c==lwDc- Equation C6 16 cou\d gtve 

conservative results beca use thc contnbullon of a:oa\ force lo cohnnn nexura\ strength is tgnorcd tn 

Eq. C6.14. In tcnsion stdc, thc efTcct of boumhny column shou\d not be constdered, and the effectivc 

area for arch mechanism should be up to thc cnd of houndary cnlunm and equattons 6 14 and ó 15 

are obtained. Itere, arca of Ace is hmtted up to 3twl\: con~idcnng many combmatton of wa\1 th!Ck

ness and shape of boundary co\umn And concrete arca rcqutrcd for resisting compresstvc force . N ce• 

induced to boundary column due to wa\1 ax1al load (dcad load-+ live load) and bending moment 
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(carthquakc load) acttng at thc top nf wa\1 in that story should not be mcludcd tn Acc· The compres

stvc force, N ce· at!ding half of wall axtal\oad, N"'/2 , to axtalloads, Mr/1,, duc lo bending moment 

IS dcscribcd as Eq C6 17. Thc v.tluc, N~c· ohtaincd liom Eq C6 17 is not always conscrvative 

(Eq C617) 

whcrc 

N,.: axmlload for thc yteld mecha111sm assuring dcsign; 

M1 : assunng design momcnt at thc top of a wall in cach story; and 

1,. · distance bctween boundary columns, andO 7 lw givcs a conscrvative result 

Ftgurc C6.17 shows the corrclation bctwccn shcar strength predicted by the dcsign equation in 

lhis scction and test results Y axts indicatcs lhc cxpcnmcntal\y obtamed maximum strcngth normal

izcd by thcoretical nexural strcngth of wall. X axts mdicates predicted shear strength and also 

normali7cd by theorctica1 flexura\ slrength Almos! al! test results are higher than predicted results, 

except three specimens (salid trianglcs). Onc of thcsc thrcc specimens v.'3s reported to failed at its 

loading beam. Other two spectmens would be sccmcd to have the same problems. In the calculation 
of flexura! strcngth , the ncxural strcngth are calculalcd on thc distance of on-ccnter in forces defined 

by rectangular concrete stress block in comprcssion side and yie1ding ofall tensile steels in boundary 

column and vertical stec\s in wa\1 prmcl For simp\tf¡calton, compressive concrete stress block is 
assumed to be within a boundary column, ami thc cfTect of compression steelts ignored. 

¡_u 

Prcd1cted strength 
·¡ hemc11C·d tlcwr,,l s1ren~1h 

• 
• 

2.0 

fo'ig. C6.17 Verification of tht dcsi~n equation for • non-hlnge reglon. 
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6 4 ) Cocfflclcnl for Non y•cl<l lllngc Rcg•on<, 

Calculat1on ofthc shcar strcngth m non-y•cld hmgc rcgton<;, dclmcd m Clausc 9 2 3, sh.11l 

use thc e1Tcc11vcncss factor for comprcs•m-c ~lrcngth ol concrete g•vcn by l·.q (b 4) 

{Commcntary] 

Effcct 1vcncss factor. v, for compres~dve stn:ngth of concrete would be givcn by thc samc cqua

twn uscd as hcams and columns As samc in thc dcs1gn for bcams and column, it IS good to reduce 

thc effcct1vcness factor m urder to gct guod prcdtctlolls m thc case of us1ng high strcngth concrete 

6.4 4 Coefficients for Yield lhngc Reg~nns 
Calculation of thc shear strength in y~t:ld hinge regions shal\ use thc cffect\Veness factor v 

for c~mpressive strength of concrete gtvcn ln Eq (6 19) 

\ 

v for Ru <O 005 

V= ( ~.2-40Ru) V0 for 0.005 S Ru < 0 02 

04v0 for 0025Ru 

(6 19) 

where R,. denotes the assuring rotatiunal angle of the wall. 

{Commcntary] 

EfTectiveness factor for comprcssivc strcngth of concrete in yield hinge region specifted 10 

clause 9 2.3 ts given difTerently from 10 non-hmgc region, in arder lo assure thc deformation capacity 

in hinge region more than required deformallon capacity. Thc procedure to determine thc effccttve

ness factor for compresstve strength of concrete tS descnbcd bclow. 
EfTectiveness factor of concrete strcngth, Ym, necessary to gel lhe same calculated shcar 

strength based upon melastic theory as thc ncxural strength is discusscd about the re\attonship with 

defonnation capacity (ultimate defonnation) 'Jlmt is, the concrete stress due to'truss and arch mecha

nism at theoretical flexura! strength of wa\ls, ac, is theorettcally ca\culatcd and thcn vm is obtamed 

by vm=a,ja8 . The relation between the ratio of vm to \'o (cffectiveness factor of concrete compressive 

strength used for non-hinge region) and ullimate dnO of test spectmens, Ru, is shown in Fig. C6.19. 

Good defonnatton capactty is expectcd in thc range of sma\1 of vmtv0 , even tfthe plotted points are 

scattertng The boundary value could be sct as shown in Fig. C6 19. The expected deformation 

capacity can be assured by performing shear destgn by using the lowest cfTcctivcncss factor corre
sponding to that deformation. 
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For thc vcriftcati(m, 49 spccuncns among 99 spccnnens lt"ted 1n Tahlc C 6 5 wcrc sclccted, 
wl11ch showed uhimatc drifl anglc ofmorc than 1% Ultun,¡tc deli1rmation ~~ dcfmcd al> thc point al 

80% of maxtmum strength on thcir cnvc\ope of lo<ld-dcformation dt:tgrmn When ultimate dcforma
tion ts determined under cyclic loadmg path w1thin thc samc drtll, thc cm·clopc of Joad-dcformation 

diagram extrapolatcd by connccting the maximurn strcngth point to thc drifl of \150 are assumcd. As 

for thc test specimcns modeling muhi story shc.."lr wa\1, thc first story drifl is rcferred. ll1c relation 

bctwcen the ratto of Ym to v0 ,cfTcctiveness factor of concrete cnmprcsstve strength uscd in the 

discusston ofshear strength, and ultimate drifl, Ru, is shown in Fig C6.19 Good deforma! ion capac~ 

tty is expccted in thc range ofsmall of v,Jv0, evcn ifthc plottcd pomts are scattcnng. ll1e boundary 

value could be sct as shown m Fig C6.\9. lltc cxpccted dcfonnation capactty can be assurcd by 

performing shear dcstgn by using thc lowcst cfTcctive factor corrcspondmg to that dcformation. 

• 
• 

) t.o 

+ 

• 

• 

v •• [ffecuvcne.~ fJclor 
lo a~~urc !he Oc~ural s\rcnglh of wall 

~.=o. 7- <~a/2 000 

.... 
o • 

o 

. . "' 
• o - • • •• • 

• 
0,~~"--c,~.OMJ~-L~,.~,,,--L~"o~.roo--"~,,~ .•• 

U!tJmalc hmll anglc {rad ) 

Flg. C6.19 Effectlveness factor of concrete, vm, and deformation capaclty, 

In the design of shear wall in a wa\1-framc structurc, thc point is how to assure thc slrcngth and 

ductiltty in \ower stories (hinge regions). Becausc the required shear strength in the upper story (non 

hmge region) may be easily assurcd. The curren! design mcthod does not distinguish the differencc 

between hinge and non-hinge region, howevcr, in this design guideline, design for hinge rcg1ons is 

dominant. In hinge region, effectiveness factor (v--0.7v0) is used for design in order to assurc a defor

matton capacity (Ru:::f/75), and then shear strength (potential shcar strength) in hingc rcgion ca\cu

lated by using the reduced effectivcness factor (0.7v0) against design force is higher tlmn that calcu

\atcd m the discussion of shear strength, whcrc vis cqua\ to v0 Thc ratio of strength calculatcd by 

usmg v=ú.7v0 to test results is shown in Fig. C6 20 'li.:~t rcsuhs always shows highcr valucs than 

ca\culated strength. Thts mcans hmge rcgion has enough safCty margm lo shcar strength 
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• 
• 

1 o 2.0 

l'•rdlcled ~trcngth 
1 hc<>rcl•cdl llcmr.d ~trcngth 

Hg. C6.20 rrediclrd shear slrength u sin¡; the reduced effectivli'nen ractor ( v=0.7Yo) 

for a hi nge region. 

ACI31R-83 codc speciftcs thc uppcr limlt ofshcar strength ofwa\1 to be IO'I'l";bd (psi), that 

is equal to 0.174f'chd=0.217f\h..,lw (d=O.RI.,...) at concrete strcngth f'c= 240kgf/cm1. And thcre is a 

research which recommcnds that nominal shcar strcngth ts less than O 25f'clwlw (lw.on-ccntcr 

dtstance of boundary co\umns) in onlcr to assurc thc ductJlity aftcr ncxural yicld. Thcsc upper hound 

lim1t are determined from C'<pcrimcntal data. 
The upper bound hmit strcngth of shcar wall calculatcd by the strength equation described in 

this sectlon could be defined as thc maximum strength at the time when the diagonal compressive 

stress of concrete in truss mechanism rcachcs thc etTective compressive strength of concrete (al! of 

shear is carricd by truss mechanism) That is, increasing the amount of shear reinforcement makes 

force carried by arch mechamsm dccrcasing to zero (fJ=I), and maximum force carricd by truss 

mechanism bccomes tJwbvcr
8
n. Whcn u 11 1s cqualto 240kgf/cm2, this limit strength is 0.29a0 t ..... l.,.b 

for non-hinge region and 0.20a0 twl .... b for hingc rcgion, and these correspond to the recommendation 

in ACI code. 
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6 4 S lnc\med Shcar Rcmforccmcnt 

Whcn inclined shcar rc¡nfon:cmCnt IS used 111 a wa\1 panel, thc shear V w• gtven hy 

Eq (6.20) may be addcd to thc shcar strcngth of Eq (6 11 ): 

where 

A ..... ,: cross sectional area ofthc inclincd remforcemcnt, 

aw"y· yicld strength ofthe inclincd rcinforccmcnt; and 

8.,..,: angle betwccn the mchned reinforcemcnt nnd wall axis. 

(Commentary) 

(6 20) 

In Eq. 6.20, both tension and comprcss10n side wall remforcement m ay be takc into account. In 

sorne experiments, theoretically ca\culated shear strcngth of w.ills using Eq. ~.20 has lughcr safcty 
margin to experimentally obscrvcd strcngth than that of" walls with shcar reinforccmcnt normally 
arranged, vertically and horizontally. Thcreforc, it ts not ovcrestimatcd that mclined rcinforcemcnt, 

both tension and comprcssion s1dc, are cffcct1VC on o;;hcar strength. There is sorne doubts about the 

quantity of cffectiveness for inclincd rcmforcemcnt, however, thts is good for ducttlity as wel\ as 

strength, then al\ arca of inclincd rcinforccmcnt rnight he countable to thc shcar strcnglh. Thcrc are 

two methods of the arrangemcnt of inclincd rcm fon:crncnt, one is distribuled mcthod llkc as n01 mal 

arrangement of steel in a wall, and thc other is concentrated method hke as diagonal rcinforcement. 

Both methods are acceptable, and have no problerns. Stccl arca used in calculatton, howcvcr, should 

be appropriately defincd as horizontal force components of mclined rcinforcement corresponds to 

increment of shear strength 'Iñe wall spectmen with concentrated inchned reinforcement with 

hoops in wa\1 panel, whose shapc is just ltkc a<; a wall panel with dtagonal column scction, escapes an 

evident compression failure at the wall panel undcr large dcfonnation situation (R= liSO) and small 

shear-span ratio (MIVD~O.S), and shows extremcly excellent deformation capacity. This detail of 

inclined reinforcement is dcsirablc for !tinge regLOn subjected to \argc shcar force. 

6 4 6 Transfer ofShear bctwccn Stories 

Shear carricd by the arch mcchan;sm of a story, cxccpt for ci part of 11 transfcrrcd dircctly 

to the immedmtely lower story by thc arch action, shall be reststed by thc tensllc action in hcams 

or by the truss mechanism in thc immcdht!cly lowcr story 
¡__ _______________ _ 
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[Commcnw.ry] 

MultL~story shcar wall could be dcstgncd by c;1ch stnry by story in this design proccdurc, shcar 

force in a story should be transferrcd to the unrncdiatcly lowcr story sattsfymg thc equilibnurn of 

forces. Shcar carncd by arch mcchamsm of a story, cxccpt for thc part transfcrrcd dircctly to thc 

immedmtcly lowcr story by arch actton, ~hould be rcststcd by tcnston in bcam~ or by trus'l mecha~ 

msm ¡n the tmmcdmtcly lowcr story Practtca 1 dcsign proccdurc is as followmg (scc Ftg. C6 21 ), 

whcre dashed symbul denotes vanables on the uppcr story, and simple symbol on thc lowcr story, for 

example, V' indicatcs dcsign shear for uppcr story wa\1 and V indtcatcs design shcar for lower story 

wall. 
Shear carned by arch mechanism in lowcr story, V 1 : 

v.=tan9( l-~)t).,.dvcrof2 (Eq. C6.1 R) 

and the par! of shear transfcrred dircctly from thc uppcr story tothe lower story by arch action, V 1 ¡, is 

generally presentcd by Eq. C6.19 (transfcrrcd through ovcrlappmg arca of arch struts in uppcr and 

\ower stories). 

V 11 = V 1(1-A tanO- Á'tanO' )/( 1-A tanB) (Eq. C6.19) 

where A=h.,./lwa and A'""'h'.,./l'wa· Jf h ..... ts equal to h'w and lwa is equa\to l'wa• Eq C6 20 will be 

derived. 

V al= V 1 tanO/(tanO + Á) (Eq. C6.20) 

lf the story height is dirfcrent, 11 is safety judgemcnt to use the greater story hetght. 

Equation C6.21 shows shear carned by truss mcchanism in the upper story 

(Eq. C6.21) 

Exceedcd shear that should be reststed by tenston in beam is obtained by Eq. C6.22. 

iiV =V' -(V',+ V ,1) (Eq. C6.22) 

Tensile strength of beam, T(=a
1
ay. a

1
: total area of axial steels, <Ty:strength of steel), should be 

greater !han or equal to tlV 

TO<iiV (Eq. C6.23) 

Tius procedure is assumed that the value of fJ in both lower and upper stones are a\ways the 

same, and this assumption wou\d give conservattve results, because fJ of the lower story is always 

small. The reason why strength equation based on cot""I.O gives good predictton to test results ts 

thought that there are few test specimens wh.ich is good to verify the case of \argc valuc of cotq, The 
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anglc in truss mcchruttsm should be dt~cussed lrom rww, beca use thc as-.umptton ol cot,P of less than 

2.0 at strcngth cquation docs not a\ways gtvc an unsafc rcsult 

' 

' ' ' ' 

v; ,' 
~ 

1 
' 

' ' ' 
V' -<--'.,. 

/.,/2-1 1 

V : dcsrgn J.hcar 
Vu : <ohear strcngth 

{ .. ~ 

va : \hear provrded by thc arch mech;~n¡~m 
V, : shcar prnvtded hy the tru~~ mcr.:hant~m 

l 
~ 

J 

Va, : !thear tramfcred dtrccrly to the lower \lory through the arch ~lrut 

Va2 : Va·- V,,, 

Fig. C6.21 lot(•r<otory ~hl'ar tran~rer. 

·- 103. 



6.4 7 Minimum Amount ofShcar Rcmforccmcnt 
Shear reinforccmcnt ratto m a wall panel shall be not Jcss than 0.0025. Shcar rcmforcc

ment ratto ofthe boundary cohnnn<> shall be not lcss tlmn O 003 111 a yicld hingc rcgion 
'------------------ -·--

(Commentary] 

(1) Confinement ofboundary cohunn 
Bottom end of boundary colunm tn shcar wall dcsigned to yicld m flexurc, no rnnttcr how tall 

wall is, is subjected to largc axial and shcar forces Tlus destgn gutdclinc spcciftcs thc dctails of.stecl 

arrangement ofboundary column according tu it<; axtal stress leve! assuming that thc axtal force duc 

to bending moment al flexura! yic\d strcngth of wall IS rcsistcd by thc confincd boundary column. 

But required amount of thc confincmcnt a\so dcpcnds on destgn shcar leve! of wall, rcquired dcfor

mation, and required setsmic pcrfonnance as a column in another dircctton. Thcre is no reasonable 

way to take al\ these factors at present time. 
Confinement at only the bonom part of boundary column is good, and the amount of steel m 

this part is very sma\1 to that uscd m thc total buildmg. then it ts dcsirablc to rcmforcc the pan 

subjected to Jarge axial force as much as posstblc lt 1s recommcnded, nof bascd on theory but on 
experiment, that volumctnc ratio nf lateral rcinforccment to confmcmcnt :r.onc 1s roughly more than 

0.6%, 1.2%, and 1.8% for thc ratio of axial force lo compresstve strcngth of less than O 3, from O J lo 

0.6, and more than 0.6, respcctwely The eni:ct of confmement depends on a spacmg uf lateral rclll

forcement, then it is recommendcd its spacmg of less than 30cm and lcss than 20cm for thc part 

under high axial force [see Sectton 9.3]. 

(2) Structural requtrements 
Wall thickness should be more than \5cm and more than 1/30 ?f clear hctght of wall panel 

Shear reinforcement ratio in wall panel shou\d be more than O 0025 m each orthogonal dtrcctwn_ 

Shear reinforcemenl should be arranged in doublc in case of wa\1 thickncss of more than 20cm, and 

its nominal size should be more than DIO (JO mm m dtameter deformed bar), and tts spacmg m 

front arca shou\d be less than 30cm, but in case of alternative arrangemcnt of stecl its spacing 111 onc 

side is less than 45cm. 

(3) Openmg position, strength of wa\1 with opcnmg and reinforcement for opcning 

Having a opening in wa\1 at non-hinge region has no problcms if cnough shcar strcngth ts 

provided. E ven at hinge region, wa\1 wllh opemngs, whtch locate at other \han critica\ part ami are 

enough reinforced to preven\ shear failure, cou\d bchave like as a sol id wall. Shcar strength of wa\1 

w1th opening can not be easily estimated because it relates to thc reinforcmg methnd for opcmng 

However, the strength ca\culated by "AIJ Standard for Structural Calculation of Reinforced Concrete 

Structure," m which strength reduction factor conccming on opening ratio, arca of opcmng to are of 

wall panel is introduced, will prcdict safely Whcn the strength equat10n of this section appllcs to the 
wall with opening assuming that the wall consists of 1wo walls divided at thc opcning, height of wa\1 
in the equation is very difficult to be fixe<f. that is clear height of opening gives unsafe prediction and 
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clear hctght of wall panel gtves too nmch safi.:ty prcdictton ·¡he re rs no sunplc and good way for 
this pwblem. 

As for remforcement armngcmcnt around thc opcning, thcre are some spectal cffcctive details 

such as X-shapcd remforccment in walls astde ro opcnsng, but thc.<.c mcthod is verified by only 
cxpcrimcnt and has no\ yet generally establi.<.hcd as dc<;tgn mcthod 

6 5 Destgn for Bond 

6 5 1 Design Bond Stress 

Dcsign bond stress shall be calculatcd by Eq.(6.21 ). For a member wtthout planned yield 

hmges or wtth an planned yield hmge at the onc cnd, thc design bond stress can be given by thc 
smallcr value betwcen those calculatcd by Eqs.(6.21) and (6.22). 

wherc 

db.1a 
rr==---

4 (L-<1) 
(6.21) 

(6.22) 

L1a. stress d1fferencc of a longitudinal remforcement between two ends of a member in the y1eld 

mcchanism assunng destgn, which equals 2ayu for a member with the planned yield 

hinges al both ends, equa\s (D'yu+D'y) for a member wtlh a planned yield hinge at the one 
en d. and equa\s 2oy for a member without the yield hinges at both ends, 

db d•ameter of the longitudinal reinforccment; 

.Etp: total perimeter of the longttudinal rcinforcement; 

L: clcar span; 

b. width ofthe member section, 

d: cffecttve depth ofthe member section; 

Pwt: rcquired shcar reinforcement ratio al the middle part ofmember; 

D'wy· yield strcngth of shcar reinforcemcnt al the middlc par\ of member; and 

~: angle of the compressivc strut of the truss mechanism at !he middle pan ofmember. 

6.5 2 Bond Strength 

Bond strength along the longitudtnal reinforccment of columns and beams shall be calcu

latcd by Eq.(6.23) The bond strcngth for thc top reinforcement of a beam shall be reduced to 

O 8 times the va\ue given by Eq (6.23)· 

(6 23) 

whcrc Pw': shear rcinforcemcnt ratio ofthe penphcral shcar reinforcement ______________ ) 
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[Commentary] 

Much amount of ncxural rcinforcemcnt 111 hcarm and columns mrght cause bond ~plittmg !arl

ure along nexural rc-hars aml lcad to brrttlc Eulurc, that should he prcvcnlcd To assurc thc bond 

aclion for flexurc mech:rnrsm (Refs ó 1 R, 6 40-6 421 and l"or truss mcchanrsrn (Re f. 6 43} .ue 

proposed as the mcthods lo preven\ bond farlurc. lk~rgn mcthoJ m thrs dcsign guidclinc ro:; thc 

combination of abovc two methods, that rs, dc~ign bond strcso:; accordrng to llcxure rncch.umrn or 

truss mechanism should not be grcatcr than bond !.trcngth Bond dcsrgn •~ conductcd for longrtudutal 

nexural re-bars arranged at extreme edgc !ayer<: 
Design for bond provrdcd"in this scction rs sirnplified for practrcal dcsign use ba<:cd on conscr

vative assumption Acciuate desrgn for bond rnrght bc.conductcd as dcscrrhed bclow. 

(\) Design fora member wrthout yicld hrngcs or wirh a yrcld hmgc at onc end 
In orderto preven! bond sphllmg farhrrc, onc ofhond stres<:cs duc lo ncxurc, r,, or dueto truss 

action, T" shou\d be \css than bond strcngth, ft,,1 

Bond stress duc to nexure, rr. ts dcfrncd a<: that produccd by thc stcel stress drffercncc 

betwecn both cnds of a mcmbcr. Thesc steel slrc<:ses v.ould be obtaincd fmrn nexural analysrs at each 

end section. The rr is givcn by Eq. C6 26 con-;idcring rnchned crack or yie\d hingc in ten<:ton si de of 

a member . .10' is a stress dtffcrence bctwccn bu!h end..; of a membcr On a s.ifcly assumption, stresscs 

of both steels in compression and tensron of a mcmher wtthout intcndctl yicltl hinges take therr relr

able slrength, O'y. Thcn .1,atakes 2ay A-; for a mémhcr wrth an rntcndcd ytcld hingc al onc cnd, stcc\ 

stress in tension takcs ils uppcr bound strength, aY'" ami <:lec! stress in comprcssron takes i1s relr
able strength, a~, and .da takes ayu ~ay 1t rs nut sure, howcvcr, that stccl strcs<: in cmnpre~sion always 

reaches O'y, so it is allowed to get and use a workrng comprcssrve slres'> ofstccl, O'e, rnstead of a}' that 

would be oblained by ncxural analysrs usrng plarrr remainrng plam a<:sumption 

(Eq. C6.26) 

A!tematively, if bond stress rcquircd for truss mcchanism defincd in lhts design guidelinc is 

less !han bond strcngth, equdibrium of lru<:s mechanro;;m rs satrsfied ami then bond splrttrng farlure 

might be prevcnted The bond strcs<: requited for tru-;o:; mcchanrsm is ohtarncd from the equrhbrium 

of forccs tllustrated m Fig C6 1 as Eq Có 27 

t~-~hj¡pw¡l:lwyCOI$ )'PwtO"wyCOt$ 

j 1IIJI J1}).p L~.p (Eq C6.27) 

where 

V1 • shear carried by the truss mechanism; 

p..,.: shear rcinforcement ratio al the centra! part of a mcmhcr, which ts not thc actual ratto for thc 

parl but the amount required to rcsist tlw dcstgn shcar; and 
L"P :total perimetcr ofthe tcnsile stecl bars 
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Tbe bond strcngth, rbu• wuuld be obtarnctl as following pruccdurc (Ref 6 44]. Thc bond stress 
for upper stcc\ in a bcarn ~hould be rcduccd by() R 

(Eq C6.28) 

In Eq C6 28, f<o prcscnts a Ctllltnbutron of concrete antl is gtvcn as: 

(Eq. C6.29) 

where b1 represenls the coefTicicnt related to the modc of bond farluie given by the smallcr bctween 

be, and hs1 • 

Values ofbc 1 and 1\, are grvcn as 

(Eq. C6.30) 

(Eq. C6.31) 

where 

be,: coefficient for thc corner splrtting mode [sce.Fig. C6.22]; 

bs1 • coefficienl for thc stde sphtttng modc {see.Frg C6.22] mcluding the face-s1de splitting mode; 
de· depth ofthe cover concrete from thc ccntcr ofthe comer stcel; 
db: drameler of the corner s1ce\; 

Idb: total of diameler of the steel in a \ayer; and 
b: section width ofthe member. 

In Eq. C6.28, T51 presents a contribution of shear reinforcemenl, and each value for comer split

ting mode and for side splitting mode is given by Eqs.C6.32 to C6.34, respectively. 

In case of the comer sp\ittmg (b,""bc,<hs;): 

(Eq. C6.32) 

(Eq. C6.33) 

In case ofthe srde splittLng (b,""b~ 1<bn) with condition N¡2<Nu: 

(l;q. C6.34) 
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where 

5 : spacmg of thl· shear remfnrccmcnt othcr than that in thc hingc reginn, 

Aw: sectional arca ofthe shear reinfnrccmcnt covcring thc corncr "tccls (penphcral hoop or ~tu rup), 

N
5 

: number ofthe flexura! steels dtrcctly hookcd by supplcmentaltics; 

Nu: number ofthe flexura! stecls not hookcd as ahovc, 

N
1 
·total numbcr ofthe flexura! stccl" (=2 ~N~-+ N u). <'~nd 

r'w · shear remforcement ratto othcr than th,lt mthc hingt.: rcg10n, only ~hear rcmfort.:crncnt arrangcd 

at the extreme externa! sidc (pcttpltcral shcar rcmforccmcnt = 2A,./(b s)) can be cnunled. 

Sttle sptuung 

nnrn 
N,=· J 
N~"~ 1 

N 1 o-c4 
N.=2 

f'ig. C6.22 Corn('r splitlingand dd(' splilling modM lncludlng the raCe-Side splittlng. 

where 

Equation C6 33 ts denvcd from Eq-;, C6.35 and C6.36 in Ref 6.44 

22 
7.63Awt'Uft 

sd0 

fu,t : 1'51 for the steel that are dtrcctly hooked by shcar reinforcement, 

'tst.2 . t;;1 for the steel that are not hookcd by shcar reinforcemcnt; and 
1.22 : coefTicient used in the cases for stccl bars other than the upper steel in a beam. 

(Eq C6 35) 

(Eq C6 36) 

Test speCJmens m Rcf. 6.44 have four flexura] stccl in a lmc, and 1\vo of thcm are hookcd by 

periphcral lateral remforcement (N1=4, Nu=2). A.., in Eqs. C6.35 and C6.36 are rcplaced by p'w· and 

then Eqs C6 31 and C6 38 are denved. 

(Eq. C6 37) 

(Eq C6 JR) 
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When supplcment,\1 tic is u"e~l with thc s.nnc scctional arca uf Aw. r~, for intcrmcdiatc bar hooked by 

supplemcntal tic is given as thc summation of Eqs. C6 37 and C6.38. 

(Eq. C6.39) 

Equauon C6.33 takes thc average ofthcse thrcc valucs, Eqs C6.37 through C6 39. 

In checkmg uppcr stecls in a bcam, stccls of a noor slab in orthogonal direction to the axis of 

thc bcam could be countablc as a shear rcmforcement not hookmg them. Thcn r~~· by Eqs. C6.40 or 

C6.41 could be added to Eqs C6 32 or C6.33, respectivcly. 

In case ofthe corner splttting· 

In case ofthe sidc splitting: 

where 

As~o Sst: arca and spacing ofthe top stecl in a slab; and 

Asb. Ssb. arca and spacing ofthc bottom stccl in a slab 

(Eq. C6 40) 

(Eq. C6.41) 

The bond stress, rbu• obtaincd from Eq 6.23 is the worst case of Eq. C6 34 where many flex

ura! steels are arranged in a !ayer and only two of them are hooked at the corner by shear re in force· 

ment. Equation 6 23 will be dcrived as following. Depth of cover concrete measured from the 

surface of a steel and clear distance betwecn flexura! steels are specified not to be less than 1.5 times 

and 1.7 times their diameters, respectively Equation C6.42 is from this minimum requirements for 

stcel arrangement. According to above specifications, minimum required section width is obtained as 

(Eq C6.42) 

Equation.C6.42 could be simplified as bfN1db=b/I.db>2.5, and then b,=b5,2!1.7 is obtained from Eq. 

C6 31 The contnbution of concrete for this worst case is obtained from Eq. C6.29 as 

Cc0~1.18{(J'B =: 1.2'1'09. 

Equatton 6.23 is gtven as the summat10n of thts mmimum assurance value of feo and Eq 

C6 34. This destgn method for bond has aheady been applied at the time of verification for shcar 

strength equation (sec.Ftg C6 5) , that is, in Fig. C6.5 the specimens that may fail in bond splitting 

hnve beco cxcluded 
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'' 

(2) Design for a mcmbcr wlth thc yrdd hmgcs at hnth crHh 
As for a mcmbcr wtth mtcndcd yrcld hingc ,H hnth rncmbcr cnds, two dcsrgrr conditrom are 

provided, and rt is nccessnry for thc dcsrgn fi)t borHI to s.llr-.fy une of thcm Onc, {.1), rs thc condrtron 

10 llmit bond slip wttlun smalt vatuc (les-. than thc bond slrp at peak bond stress on bond strc"s versus 

shp curve), and the other, [b). is thc comhtron ro rcmarn crther ncxural mecham<;m or trus-. mecha· 

msm in large bond slip situation (aftcr peak on bond ~trcss versus slip curve) [Re[ 6 42) 

[a] Bond stress due to nexural aclron givcn by Eq C6 43, r r, should not more than thc bond 

strength, Tbu , given by Eq C6.28. 

where .1a=20'yu 

[b] Smaller bond stress which is grvcn by Eq. C6 44 or Eq C6 45 should not he more than the 

ultimate bond stress {Rcfs 6.42,6 45], rbu'' aner considerable bond slip. Generally, bond 

stress shp curve has a a\most constan! strcs<; region (plateau) rn large slip srttration aficr peak 

if certain amount of lateral rcinforccment is arrangcd The value of fbus gives the bond strcs<; 

in such reg10n._Thts altcmativc method rs rencctmg that a mcmbcr cOuíd resist shear by cxrst

ing ofbond stress necessary for truss mcchanism or flexure mcchanrsm even in such rcgion. 

_ V 1 _ b p...,.¡OwyCOI$ 
r,- --------

j,l:<P l:<¡J 

Ultima te bond stress, !bus• ts givcn as fo\lows 

In case ofthe comer splitting (b,""bc,<b~,)· 
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(Eq C6.44) 

(Eq C6 45) 

(Eq. C6.46) 

(Eq. C6.47) 

(Eq C6.48) 

In Eq C6.45 .1o' is thc dlfTcrcncc of stresses o1 ~tcch bctwccn both ends 111 a mcmbcr, and is 
grvcn by Eq. C6 49 

(Eq C6.49) 

whcrc crc, compressrve stress of stcc\, is obtaincd assuming plurn rcmainrng plain assumption at the 

O\'Crstrength limit destgn and usrng uppcr bound tensilc strength ofstcel cryu· 

Equation C6.47 is derivcd as following. The ul!nnate bond stress in Ref. 6.45, Tbu~· is given by 

Eq C6 50. 

(
23 3p 'b ) r = 1 22 --~-+0.3 .ro

bus Ldb H 
(Eq. C6.50) 

Ultimate bond stress for flexura\ stecl not hooked by shcar reinforcement is given as Eq. C6.5 \, 

neglecting the effect of shear reinforccment m Eq. C6 SO (p' w=O) 

tbu5=1.22(0.3fCiB) (Eq.C651) 

Test specimens in Ref. 6.45 have four ncxural rcinforcement in a !ayer (N1=4, Nu=2), then 'lbsu 
is estimated considering the effect of shear reinforcernent in Eq. C6.50 by two times (see Eqs.C6.35 

and C6.36). 

(Eq. C6.52) 

The ultimate bond stress of Eq. C6.47takes the average ofthe summation ofEq. C6.51 and Eq. 

C6 52. 
Figures C6.23 and C6 24 show the results of vcrifrcation for this design method for bond. 

Figure C6.23 shows the corre\atron of the assurance rotal ion angles obtained by both test and design 

equation without check of bond. Many specimens could not reach expected (calculated) rotation. 

While, the same d1scussion is done in Ftg. C6 24 with check of bond by the method described in this 

section. Figure C6.24 shows the evtdence of the method of design for bond. llorizontal axis in Fig. 

C6.24 denotes the yield dnft for members in which bond failurc is expected, where yield drift was 

calculated according to Ref 6 49. 
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6.6 Dcs1gn for Bcarn w1th Opcmng 

Thc provisions in Clausc 6 2 "Baste Principie," Clause 6 2 2 "Strength uf Shear 

Rt:1r\fi)rcemcnt," and Clausc 6.2 .1 "Structural Rt.·qutremcnts" ~hall apply to thc shcar design for 

a heam with an opcnmg 

(Commentary} 

A bcam with an opcning reinforced transversely by only Sl1rrups as shown in Ftg. C6.25(a) is 

taken for a samplc. Symbols used in thc f1gurc denote· 

11 : dlatnctct of a hale or diamctcr of a cm:umc1rcle (tf opcntng has a rectangular shapc), 

G . spacmg or stirrups as!dC lo ho!e; and 

y0 : distance from the centcr of a holc to thc axts of a bcam. 

In thc bcam with opcning arch mechamsm is difficult to exist, and then shear shall be trans

ferred by truss mechanism as shown in F1gs C6.25(b) and (e) {Ref. 6 68}. The compression strut 

angle of concrete m upper and lower part of a hole is rcpresented by tA, in the_se figures. Symbols of 
horizontal arrows show bond stress, and vertical ones represen\ forces appilcd to concrete from stir

rups. Unshadcd portian shows the zonc whcre diagonal comprcSSIOn stress field is not formcd. 
Diagonal comprcssivc stress of concrete around thc holc bccome.s largcr as thc unshadcd portian is 

extcnding. Effective depth for truss mechanism, J1.,.., is defined as Eq. C6.53. 

j =j- -' 1~ -Gtan$ 
tw 1 cos$~ s 

(Eq. C6.53) 

In Eq. C6.53, (H/costP, + G tantPJ represents the vertical height of the unshadcd portlon [sec 

Fig. C6.25(c)]. Shear reinforcement aside toa hale should be provtded within thc rangc of Otwf2 

+y0)cot~s as shown in Fig. C6.25(a) Comprcsstve stress of concrete m shaded portian is given by 

Eq. C6.54, where stirrup stress is assumed lo be Cfwy· 

whcrc Pws denotes the shear reinforccment ratio aside lo a ho\c. 

On the condition that Cfcw is cqual to vaB at thc shear strength, q,, is gtvcn by Eq C6.55. 

cot$ =-J--vcrn .\ 
s P.,...~owy (Eq C6 55) 

The value of cot4l5 is al\owed lo take more than 2.0, beca use thts ca'>C i'l limitcd m thc vtcinity 
ofhole. Then reliable shear strength of a beam with opcnmg is gtven by Eq C6 56. 

(Eq C6 56) 

whcrc Pw~O"wy == (i/2-ll/j 1)VV<fj\) whcn p.,.,,rr.,.y > ( l/2·11/j!)vf<fij. wh1ch l<i the maximll111 atnount 

of rcinforcement for shear. 
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,+d_{~tlo)·cottl, 
(a) Rcmfurcemeot arrange. 

{h) 1 ru<os aclton 

(e) Truss near a hole. 

1-'lg. C6.25 Beam reinrorced only by stirrups. 

The attainable maximum shear strength ofbeam (reinforced up to its limil) with severa! open

ing ratios , 11/j,, are shown in Fig. C6 26. Itere G is assumed to be equal to 1 211 For examplc when 

H/j1 is equal lo 0.25 (j1=0.80 and H/0'='115), the upper hmit ofVul(bj1vm;) takcs O 24. lt mean" 

the upper limit by reinforcement of stirrups. The verifica! ion for this strength cquallon agamst tc"t 

data {Refs. 6.69-6.73] has done and the results are shown in Ftg. C6.27. Good prediction 1s obtamcd 
by this strength equation. 
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lncl•ncd rcittforccmcnt whtJ<.;c devclttpnlcnt a1c anciHtrcd tHtl\tdc tlf !>ltnups n<;ttle toa holc, 

whcrc comprcssivc <;tn:ss of concrete b nut ..;o ht~h. as shown 111 Ftg C6.28, can work wcll m its 
tcnsion s1dc Thcn thc cnt:ct of inclmcd rcm1orccmcnt gtvcn hy Eq C6 57 could he addcd to thc 

strcngth, V U• or Eq C6.56 

wherc 

01 : ang\c ofmc\incd reinforccmcnt to axis ofumcmbcr, and 
Ax : tenston arca of inclincd reinfurccmcnt. 

'~ 
' 
' 

'""" ""' ---
f".-

' '\ 
' " 

., "- " " ' "'J. 

Fig. C6.26 Effect or the sire or hole on the upper !hear strength. 

. ---------~------------

o 
o 

o 

V,IV¡ 

Fig. C6.27 \'erificatiun of ~trength equatlon. 

-liS-

(Eq. C6.57) 



(a) Rcmforccmcnt .nr,mge 

th) Truss aLilon 

J<'lg. C6.2R Beam reinforced by the indlned reinforcemenl. 

In a bcam wtth top and bottom sub-bcams remforccd longttudlllal!y and laterally, cach sub

beam have a truss mechanism as shown m Ftg C6 29(b) Thcn shcar strength could be nbtallled by 

Eq C6.58 

(Eq C6 58) 

where PsOsy = va6!2 (when PsOsy > \'aB/2), wluch ts thc maxtmum arnount of rcinforccmcnt for 

shear, and in which, 

Eq C6 61 

(Eq. C6 61) 

wherc W denote<> thc length of opcnmg And rcqlllrcd "trcngth of tlcxural remforccment of extreme 

cdgc (oulstdc longitudmal steels in .sub-bcam.s), a1ay, ~hould no! be less than that by Eq C6 62. 

Yu(W+j1,cot$) 

2J[, 

(<i) Re1nforcement <1rrangc 

(Eq C6 62) 

jts: distance between longitud mal rcmforccmcnts m the top and bollorn sub-bemm.; 1 1 1 1 1 1 f 1 1 f 1111 1 1 f 
Ps: shear reinforcement ratio ofthe stirrups mthe top and bottom sub-bcams; and (b) Trus~ action 

Osy: yield strength ofthe sltrrups in the top and bottom sub-beams 

The value of coltfls takes the smaller valuc in Eq. C6.60· 

cotfs = 2 

(Eq C6 60) 

Stirrups in top and bottom sub-beams should be provtded in thc range of j~cot¡p5 from the cdge of 

the openmg as shown in Ftg C6.29(a). lnstde longitudinal rcinforcement m sub-heam-; should he 

anchored at the outside of extended sttrrup arrangement from sub-beams wtth hooks bent instde cf 

beam. Required strength of inside longitudtnal rcmforcement in sub-beams, a~"r· ts obtamed from 
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Fig. C6.29 Ream with a rectangular op"nlng reinforced by the longitudinal 

relnrorcement and stirrups In sub-beams. 

When thc inclined remforcement as shown in Fig. C6 30 are provided, the effect of its tension 

strength would be evaluated by Eq. C6 57, and would be added to Y 11 • lts anchorage should be done at 

the outside of addittonal stmups arranged aside to opcning The posttiOn of openmg in a beam 1s 

destrable to be other than tn yteld hinge region. When a opcnmg in yield hinge region <;hould not · bC 

avotdcd, Eq 6 9 should be considered in a calculation ofcotif', and effectivcness factor, v, sh()uld be 

gtvcn by Eq 6 R 
Shcar strcngth of a porllon without hole should he ohtamed by Eq. Có.63, cons•dc1 mg only 

tru% mechamsm 
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(Eq_ C6.63) 

where Pw denotes the shear rctnfmccment ratio 111 .1 portmn wilhout a holc, and thc value of col~/) 

should be calcul:l!Cd from Eqs 6.5-6.7 ami 6 9 

When 3 spt.'Ctal c;tcel V.'Ould be U.'<Cd <ts ,, reinforccmcnt for a hole, lts c!Tect, that should he 

vcrificd by cxpcnmcnt and cte., r111ght be addcd to <.hc.~r c;trcngth Rdácncc 6.74 ts a resc.nc:h on 

thts topic. In this case aho, shcar :-.tn:ngth o fa p.ut wtlhout hule :;;hould be calculatcd by rq. C6 63. 

1 
1--1 
¡,cnl~. 

(.11 Rc111lom <'lllelll .lfl,tnge 

(hl lru~~ .ldiOfl 

Fig. C6.JO Rram "ith a ..-re! angular oprning reinrorcrd by 

lhe indined ..-einfo..-crment. 
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CIIAPI'FR 7: BEAM-COLUMN JOINT 

7 1 Oesign ObJCCIÍvcs 

Beam-column jmnt shall he dc<:ignct.l to manllain liS integrity to thc nssming dcformat~on 
afler the structure forms a y1eld _mcchanisrn Thc hcam-c:lumn J~mt shall be dcsigncd lo preven! 

a 51gmficant stiiTness dctcr10ra11nn and slip-typc hystcrctJC bchav¡or by load rcvcrsals 
--~-- --~~-----~-- ------- ------------~-

[Commentary} 

( ¡} Structural requiremcnts in bcarn-column conncctLon 
lt should be avmded 111 princ•plc that a structure destgncd lo form the ovcrall yicld mcchanism 

fai\s in beam-column joints Becau<:c the bcam-column JOÍnts would suffer from so large shcar of 

adjacent beams and columns that it IS difficult no\ only to des1gn thcjoints for high ductihty, but also 

to repair their damage Therc are many proposals regardmg the rcststmg mechamsm of a bcam

co\umn joint against shear. This ch<~pter adopts a diagonal comprcssion strut of concrete as the shcar 

resisting mechanism, and thc uppcr limit of dcsign nommal shear stress Ín joint is provtded to preven! 

failures. 
The beam-column JOint has to resist bending moment, shear, al!.ial force and torsional momcnt 

produced by columns and hcams at dcvelopmg a yicld mechanism withoul co11apse, and a\so it is 

desired that the JOIOI is w1thout evidcnt st1fTncss degradation Fatlurcs of a bcam-column JOint due lo 

an anchorage failure of fle:~tural remforcemcnt of bcams or columns and due to compression fa1lure 

of diagonal strut of concrete should he preventcd llowever stifTness degmdation of the joint and slip 

behavtor in a story hysteretic charactcristtc may be resulted from shear cracks m thc JOÍnl, yicld of 

joint lateral reinforcements and bond detenoralton in yield regions of column and beam bars. 

Because it is difficult to avoid the shear cracking and the bond deteriomtion of flel!.ural reinforce

ments in a beam-column joint, the load vs defonnation characterisiLcs w1th slippage may be accepted 

in the guidelines so far as they do not afTect so much on an carthquake response. 

A recen! study {Ref 7.1] indicated that the slipping hysleretLC characteristics, as far as thcy 

were not so excessive, did nol increase structural response in displaccment range considered in thc 

gu¡delines; i.e., an story drift angle of 1/100 radian. In this chapter, mimmum shcar reinforcement m 

a beam-column joint in proportion to joint shcar stress is spccified for preventing the cxcessive slip

ping hysteretic characteristics, and the design for embedment of flexura\ rcinforcement of bcams and 

columns and for anchorage ofhooked remforcement of bcams are al so descnbed. 

Bcam-column joints m a structure designed under lhe conccpt of the guideltnes are surely 

subjected to stresses corresponding to the flel!.ural strength at yicld hinges because the mcmbers adja

cent to the joints are intended to fonn yield hinges The jomts are the key clcments for transfernng 

forces between beams and columns and assuring a overall yicld mcchanism, thercfore the des1gn for 

beam~olumn joints is very importan!. Hawever, the design critcna for joints specified in th1s chapter 

is not so severe than that for beams, columns and shear walls bccause severe design requirements 

would disconne<::t the continuity ofthe design for joints between the previous design method and the 
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guidclincs (thts continuity ts unpnrtnnt in Japan) and nwkc thc scopc ofthts dcstgll guideline narrow. 

(2) Ba<>ic plan ofbeam-columnJOILII 

a) A beam-column JOlnt is a segmcnt whctc 'o\LCS\CS of column:- and bcams are transferred by 

thctr longitudinal reinforcemcnts through thc eme concrete ofJnmt, thctcforc thcjoint LS rcquired to 

have cnough strength and stin"ncss Thc corc concJctc m thc jnint mu~t be confincd by longitudinal 

rcmforcements of columns and lateml remforccmcnts nf the JOLnl, ami it is reasonahlc ami practica\ to 

embcd the longitudinal reinforcements ofbcams mthc eme In ordcr lo arrange the longitudinal rem

forcements of bcams msidc the concrete corc, hcam widths are necessary lo be lcss than thc column 

width This treatment lcads to avoiding largc cccentricity bctween be<nns and columns. For example 

when beam widths are a half of a column width and thc sidc faces of hcams are no! located outside 

!he column si de faces in the jomt rcgion, thc maxumun ecccntricity bctwccn thc heams and columns 

is less than 1/4 ofthe column wtdth 

b) When bcams and columns are eonncctcd with ecccntricity, torsional moments acting on the 

bcam-column joint and on the column in the opposltc dtrection lo each other make torsional cracks in 

the joint and column, and reduce their stiffncss A largc cccentricity reduces a stress transferred to a 

side portian in lhc joinl apart from the beam, then shear capacity of the joint dccreascs due to the 
rcduction of efTective volume rcsisting against shear. 

There 1s no lim11 about thc eccentncity in the dcsign gmdclmes llowever, shear design for a 

bcam-column joint with a large eccentnctty may be done tgnoring a portian outside the effective joint 

arca and torsional design for the column duc lo the eccentricity is necessary. 

e) A deep beam-column joint has a slcndcr shape anda stecp diagonal concrete slrut. An elas

ILC analysis of this kind of joint using a parametcr of "a" (=bearn dcpth/column depth) shows that 

shear stress distnbutions a long the axis of column was e:~tpressed by a p<trabolic curve with its peak 

value al the center for "a"=\.0, by a rectangular with almos! umform value for "a"= 1 5 to 2.0, and by 

a biquadratic curve with two peaks at the upper and lower parts for "a">2.0 [Ref.7.2) According toa 

fcw tests about a deep beam-colurnn joint wtth "a"=2.0, shear failure concentrates to the upper part 

of thc joint and the nominal shear strength IS 60 % to 70% of the joint strength with "a"=\.33 

[Ref.7.3]. The dcpth ratio ofbeam to column has no limit in this gutdclines, but a deep beam-column 

joint should be des1gned with caution [Re( 7 4) 

d) Chapter 10 requires structural slits (gaps) which separate non-structural walls such as span

drel walls from yield hinge regions of struc1ural mcmbcrs. Thc stiffness of beams or columns 

increases due to those non-structural walls, conscquently rotation of the yicld hinges becomes so 

Jargc that yield regions of their longitudmal bars will extcnd toward mstde of the beam-column joint 

and bond deteriora! ion of the bars may take place in thc jmnt. llowevcr, the quantitative evaluatton of 

the bond deterioration is not clear beca use there is few studies on this m alter (for e:~tample, Re f. 7.5] 

7.2 Design for Shear 

7 .2.1. Deign Principies 

In shear dcsign of a hcam-column jotnl, rciLnhlc shcar o:;trength V¡u shall he grcater than 

design shear Vj ofthe yicld mechantsm assuring dc-;tgn. 
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7 2 2 Shear Strcngth of Bc::un-Co\urnn Jomt 
Shcar <>trcngth V1u of bcam-column jmnt shall be gtvcn by Eq (7 1) 

where K : factor dependen! on shape of bcam-column jomt,equalto 0.30 for a cross-shape 

intenor bcam-column joint, andO IR for an invertcd T-shape exterior bcam-column 

JOinl andan L-shape top story ex tenor bcam-column jomt, 

08 : compressive strength of concrete, 

DJ: column dcpth or homontally projectcd length of90 degree hook; and 

bJ: eiTective width ofbcam-column jomt given by Eq. (7 2). 

(7.2) 

where b¡,, t>a 1• b12 denote the beam width, the smaller of one-quarter of column depth and one

half of distance between beam and colunm faces on thc one stde and another side of a beam. 

7.2 3 Lateral Reinforcernent 
Lateral reinforcement ratto P]l'• of beam--column connection shah be not less than O 002, 

and shall sattsfy Eq. (7.3) 

(7.3) 

[Commentary] 

7.2.1 Design pnnciple 
(1) Beam-co\umn joints should be dcsigned against the severest stress combination of bcnding 

moments and shear forces al the yield mcchamsm as.'>uring design. The locatíon of yield hmges in a 
structure have been fixed al the destgn stage for the beam-column jomts, thcn the non-h111ge 

members includmg thc joints should be designed for the stresses which are calculated by using the 

upper bound strengths at yield hmges. Hinge local ion of a beam is in prmciple ata face of column, 

but somettmes it is moved towards a center part of the beam in order to improve anchorage and bond 

ofbeam bars m the joint. In any case the upper bound strengths ofyteld hin'ges should be used for the 

design of joints. 

The upper bound strengths of yield hinges are usual\y different in the loading direclton; i.c., 

direction from right to ten or len to right, then thc joint should be designed against thc severest 
condition. 

The upper bound strcngth of yield hinge is defined as the upper bound flexura! strength in the 

section 5.4. The section describes that the effccts of 1) actual strength of longitudinal bars increasing 
from their nommal strength, and 2) reinforcement in floor slabs whose effective wtdths expand 

according to drift leve\ of the story should be taken into account in calculating the upper bound flex-
1D111 Sllength. 

-·. 7 
•,! 

- 126-

-f'¡ .. _ 

(2) Dcstgn shc,tr fmcc, V1, fot thc hc.un-cnlumn ¡nmt m o "truchuc wtth a stnmg column-weak 
bc:am mcchani<>m is obtamed by Eq C7 1 l ~l'l' Flg C7 11 

(Eq. C7.1) 

In a 1:shapcd exterior beam-column Jmnt, C, '+Ce '=T'=O is assumcd Shcar from columns, V e• 

ts defmed as thc average ofshcar forces 111 thc uppcr and lowcr columns, and is obtained by Eq. C7.2 

using the uppcr bound strengths of hcam htngcs 

whcre Mb. Mb': moments oflen and nght bcams at thc faces ofcolumn; 

lb, lb' : span lengths of lch and nght bcams; 

L , L' : clcar span lengths of left ami right beams; and 

le, le' : he1ghts of uppcr amllowcr columns 

(Eq C7.2) 

The design shear force for thc bcam-column JOint, V1, at the top story ca\cu\ated on the 
assumption that Ve= O givcs safe side result 

Afi for a beam-column JOITlt 111 a structurc wtth yield htngcs m columns, the upper bound 

strengths of co\umn !unges domina te the dcstgn of thc JOint, so thc destgn shear force, V1, is given by 

cxchanging beam forces for co\umn forccs m l"tg C7 l The beam-columnjomt at thc first floor leve\ 

in a building wnh a basemcnt floor should be dcstgncd ustng thc upper bound strength ofbottom end 

of thc ftrst story co\umn and the design stres<> of top cnd of the basement column provided as a non
htnged mcmbcr For T-shaped JOints m thc top story or the bottom story, the dcsign shear force of 

JOml would be givcn by exchangmg bcam forces for column forces in mvcrted 'J~shaped exterior 

bcam-column JOints shown in Ftg C7 l. Axial force of column could be ignmcd because the shear 

force of beam-co\umn jomt ts determined from bcndmg moments and shcar forces of adjacent 

mcmbcrs. The design forces produced by mtermed1ate longitud mal reinforcement in a column with a 
yicld hingc should be added to the forces of T ami C' m Eq C7 1 according to the in tended rotation 

angle al the hinge region. "I he shcar force calculated by above mcthod is the vertical shear force, VJV• 

and thc lateral shear force, Y¡h• could be obtamcd by Eq C7.3 approximately, 1fnecessary. 

..;:,._ 
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V
1
, =Y¡, (1)¡, 1 D) 

where VJ": verttcal shear force; 
Dt¡ : depth of beam; and 

D : dept)1 of column. 

(Eq C7Ji 

(3) All beam-column joints at and abovc the ground floor leve\ of a structurc should be 

designed according to the provisions of thts chaptcr. Stmilarly to thc dcsign for columns. thc dcsign. 

forces are desirable to be determmed constdenng lateral loads acting stmultaneously in two direc

tions. The shear force m a beam-column joint subjectcd to thc lateralloads in two dtrecttons 1s esti

mated by superposing the forccs at yield mechanism in each dtrection, and is larger than that 

obtained from one d•rectlonalload 
On the contrary, there are few rescarch on thc shear strength of bcam-column jomt subJCCted lo 

any. directionallateralloads Espectally there are very few research on the behavior of shcar failure in 
beam-column joint prior lo yielding of the beams or columns As shown in Fig. C7.2, test results on 

three-dimensional interior beam-co\umn joints subjected lo b1directional load reversals show that the 

shear strength of joint in 45 degree dtrection was \arger than that m the main d1rection (beam axial 

direction) under no co\umn axial force, but was not larger than that under largc column ax1al force 

(<1n /a
8

=0.2) [Ref. 7.6]. The bidtrectional shear strength dtagram of co\Ümn ts reprcscntcd asan 

ellipse. lf th1s characterist1c could be applied 10 bcam-column Joints, it would not be ncccssary for 
design of joints to consider the strength reduction due to the cffect of bidiTectiona\ \oads. Thc shear 

strengths and the story dnfi capac1ties of tluce-dimensional beam-column subassemblages aftcr 

yielding at the four beam ends do not show large d1fferences betwcen the beam axial direction and 

the 45 degree direction. Therefore the gmdelmcs a\low to dcstgn a JOint only in cach bcam axial 

direction, when enough shear strength is provided to the JOint. Further rcsearchcs on the shcar 

strength of joint in any direction are nccessary 

: .... ,., 
o 

' . 

22 S' .,. 

Z2 S' 

aúa\ slress ratio ""/ "~ 
Loadmg type 

.o o 5 

Utu-directLOn D • o • 
Bt-dtrectton o • /', ... 

Opcn mark : forward lo.Jdtng 
Solid mark: backward lo3d1ng 

--- squ3rl' !ines and a circui.H are 
mtetpolatl'd betwa:n \hear strenglh 
m two prmcipal dirocuons (ü-degl!:t:) 
cJiculatl'd by Eq 7 1 

Fl&. C 7.2 Bldl.-ectional shen strtngth interaction or Interior joinl. 
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S mee thc joint surroundcd by structuwl walb does not subjcct lo '>O largc shear in the dtrcction 

of wall planc, 11 ts not ncccssary to destgn for such JO In! 11te jomt adpccnt to a structural wal\, such 

as boundary bcam-column joint m a wall, would be dcstgncd a<; a part of a boundary column in a 

wall for h.ueralloads in dtrcctam of the wall planc, and he destgncd for thc cmbcdmcnt of longitudi

nal rcinforcemcnt of the boundary bcam, so that it is allowcd to dcsign such JOints for thc transverse 

lateral load indcpcndently 

7 2.2 Shcar Strength of Bcam-Cohnnn Joint 

Shcar strcngth of bcam-column joint should be bascd on the strcngth multiplying thc upper 

bound shcar strc..<:;s dependen\ on thc shapc of bcmn-column subassemblagc by thc effcctive shear 
reststing arca. 

( 1) Shcar rcsisting mechanism 

Thc shcar resisting mcchantsm in bcam-column joint can be considered lo consist of a diagonal 

concrete strut action anda truss action [Ref 7.7}. 1lus is almos! the same shcar resisting mechanism 

as for beams and columns. The diagonal concrete strut action is the stress transfernng mechanism by 

a diagonal compression strut of concrete connccting a pair of compression ;r.ones at the corners of 

jomt produced by bending moments of beams and columns. The truss action is the stress transferring 

mechamsm by \ensile resistancc nf lateral and vertical reinforc:ements in thc joint and by compressive 

reststancc of uniform diagonal concrete strut ~n the joint panel The truss action depends also on the 
bond stress transfer a long the column and bcam longitudinal remforcements in the JOint, so that bond 

dcterioration reduces thc stress transferred by the truss action Previous test data show that the effect 

of lateral reinforcement in beam-column joints on thc shear strength are not so much and the failure 

of diagonal compression strut of concrete dominates the strength. Therefore the guidelines have the 

limttation of working shear stress of concrete to preven! shcar failure. 

Interior joint test results of68 specimens,tested during the penod of 1966to 1988 in Japan and 

other countries, were compared wtth actual concrete strength m Ftg. C7 .3. Twenty-four specimens 

showcd shear failure in joint prior to the yielding of beams (soild triangle symbols in Fig. C7.3; J
type), and forty-four spec1mens showed shear fatlure in joint afler the ytclding of beams (open circle 

symbols: BJ-type). The vertical axts is the nommal shear stress ofjoint, 'iu· which is the amount of 

maxnnum strength dtvided by the product ofb1 and [)1 defined in the section 7.2.2. The value ofb
1 

in 

J-type takes the average width of column and beam. The horizontal axis is compressive strength of 

concre!e cylinder, <1R· The range of aR for all spcc1mens is from 100 to 550kgf/cm2and that of J-type 

1s from 100 to 400kgf/cm2• Thc lower bound of r¡u could be eslimated to be 0.3 aR· Shear strengths 

of I3J-type are dominated by thc nexura\ strcngth of beams. Though sorne of them were lower than 

0.3 <1A, shcar failure occurred due to the incrcmen! of dcformation. Thc deformations at shear failure 

m BJ-type specimens exccpt for one specimcn with very small shcar span ratio wcre more than 1150 

in story drin which is !he assurance deformation in !he guidelmes Thcrefore shear failure in joint 

could be avoided when the joint shcar stress ts keptlo be less than the JOinl strength of J-type spectmens. 

Although !he shear strengths of beam-column joints plottcd in Fig C7 3 mclude the effect of 

shear rctnforccment in them, thc figure shows that thc she.1.r strcngths incrcase mamly with compres

sivc strcngth of concrete Equations describcd thc rclatton of shear stress and specified concrete 

strcngth wcre proposed prcviously, but most of thcm undcrc~ttmate the shcar strength in the range of 
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htgh compres~tvc strcngth of concrete Equattot1 7 1 15 propo~o.:tlm(ldtfytng thi~ tendcncy, tn v.htch 
the shear strength of beam-column JOI!ll 1~ ptopnriHltMI lo !he comprcs~tvc strength or concrete 

considenng that shear fatlurc ts due lo cntnprcs~wn fatlurc of concrctt: <;\rut lile average r.tl1o of r1u 

to OB is 0.345 and its dcvl:~ltcm 1s O 051 m 1-typc spccmwn-; 1 he valttc ofO 3 Ls propnscd a~ thc cocf

ftcLCIII "/!!'in Eq. 7.1. Cnnscqucntly more than KO'i'o of tntcnnr bcam-column JOtnts dcstgncd by Eq 

7.1 wtll have the shear strength ofmmc than O 3 all 

t1u( k¡¡.f/lm'! 

Fig. C 7.~ A\'erage joint <;hear stres~ vs. compressive strength of concrete 

of interior joint .,.,1th cross-shape subanemblage. 

As for T-shaped ex tenor beam-column JOI!lt<;·as well as Lnlcnor jOLnts, test data on shear 

strength are swnmari7ed tn ftg C7 4 Therc are only five spec¡mens of J-type and seven spectmcns 

of BJ-type Other spccnnens fatled tn anchomgc of beam b<trs or in nexural yteld of bcams The avcr

agerattoofrJu to a9 ts0.\94 and 1\s devmtton ts0013 Proposed valueof ~~:in Eq. 7.1 ts0.18. More 

than 800/o of ex tenor bcam-column Jotnts destgned by Eq 7.1 will hJve the Shear strength of greatcr 

thanO 18 aB. 

The first arder regress10n relationslllp among test data would be descnbed as T¡u = 0.249 

c:Je+l9.2 in kgf/cm2 for the mtenor JOIIll<; andas TJu =O 105 all + 21.9 m kgf/cm2 for thc exterior 

joints. Judging from thcse regression relat10nshtp:;, Eq 7 1 gtves a h1gh shear strcngth m the nmgc of 

high compressive strength of concrete 1 he rcason why thc rcl;ttlon of shcar strcngth and concrete 

compressive strength ts expressed wlth a proporuonal cxprcss1on ts that such type cvaluat10n ts 

simple and practica! for structural dcstgn, thcn tt should be nottccd that thc uppcr bound of thc ~rect
fied design compressive strength of concrete ts 360kgflnn2 The cocfftctent of "should 11()1 be u<;eJ 
in the case that compresstve strength of concrete is more than 360kgf/cm2. 
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Fig. C 7.4 Average joint shear stre~s vo;. compressive o;trength of concrete 

of exterior joint wilh a rotatcd T-shapc subassemblag~-

(2) Effecttve wtdth b1 and cffective <lcpth D
1 

ofbcam-column joint 

The effecttve width ol JOHll, b1• should be obtamed by addmg a beam width to an efTective 

width of column {refcr to Fig. C7 5]. Thc cffcctLvc width of column is defmed as the smaller of a half 

distance from beam side faceto column face and ooe-li.mrth of thc column depth on either side ofthe 

beam. In another words, the cffcctive w¡dth, bJ. is hased on the average wtdth of beam and column, 
and is limited to the sum of beam wtdth aml onc-fourth of column dcpth, assummg that JOint stresses 

are effectively transferred through a 70nc covered by four \mes with their ang\e of 1/2 radian from 

each side facc of beam Thi<; concept considers that when the beam width 1s very narrow against the 

column wtdth or the heam connects eccentncally to the column, sorne part of column volume in 

beam-column JOIIll far from the stdc face of beam does not contnbute lo shear strength. According to 

this definition on thc cffective JOint wtdth, tt takes thc average w1dth of the beam and the column, no 

matter how eccentrically the beam cormccts to the column, when the beam width JS more than a half 

of column w1dth for a square column And a\so ti often takes the sum of the beam width and one

fourth of the column depth, when thc bcam wtdth is \ess than a half of the column wtdth or the beam 

connects to the longest sidc ofthe rectangular column. In thc case that a width ofbeam or co\umn is 

different from a wtdth ofthe oppositc beam or column ofthejoint respectivcly, ora couple ofbeams 

connect to a column with eccentrictttes differcnt from each other, it is necessary to define another 

effecttve widths for those beam-column jomts by undcrstandmg the formal ton of compression strut in 

the Joints. For example, the jomt with two dtfTercnt widths of beams takcs the average width of them 

as bb in Eq 7 2. Further researches on tht<; f1eld are rcqu1red. 

The effective depth for intenor beam-column JOtnt may take column depth, D. In previous 

researches on beam-column JOtnl<;, the eiTectivc jomt depth took conventtonally the moment ann of 

column, Jc• ignoring the ciTect of axtal force on tite ann length Jt 1s seemed to be the same method as 

evaluating shcar strength of bcams or column<; Shcar strength of beam-column joint would depend 
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on the diagonal comprcssLon strut of concrete wh1ch linl<.s both compn:s~ion cdgcs m thc jomt adja

ccnt to thc cnds ofbeams and columns, <;O that liiS rc,¡sonahlc to ta¡._c thc hnritontallcngth ofjmnt as 

the cffcctJve dcpth and also such m.mncr IS Simple lo calcula te thc strcngth Thc ctlCctcvc dcpth for a 

T-shapcd ex tenor beam-column JOint takcs thc horuontally projcctcd lcngth from thc out.;;idc of 90-

dcgrce hook to thc bcam cnd or !he hon.tontal lcngth from !he hcam cnd to !he cnd of stccl anchor 

plate ¡11 case ofusing mcchamcal anchoragc. Th1s LS ba~cd on thc samc conccptta¡._mg thc hon.tontal 

lcngth, of compression strut of concrete ns thc cnCctLvc dcpth for thc mtcmJL hcam-column JOLnt 

¡f ,, 
T 

Fig. C 7.S Defined rffective width of beam-column joint, which is u\ed in case of ('Cceotric joint and/or 

diff('reot wldths between bcam and column. 

(3) The confmement effect of transvcrse beams on beam-column jmnt 
From the bcam-column JOllll tests with non-loaded transverse bcams it is wcll known that the 

transver'>e bcams make the JOÍnt stLff and strong. Figure C7 .6 shows thc test data concenung the rcla

tionship between coverage ratio of a jomt by transversc bcams, A. and shcar strength magmfícation, 

fJ, of a JOÍnt w1th transverse beams toa JOint without them [Ref. 7 8] The sohd parahollc curve shows 

the relationsh1p. 

1 Sr---------------------0 

1.6 

<l>. l. 4 • 

,6=1 HO.JA +O 27)1 

regr~wn equa110n 

P=l+O.JA 
1r4 e 1 41 

F~ C 7.6 .Rclationship between shear strtngth magnlfication and co,erage ratio by lrans,·ersc beams. 

' ., 
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In cxisting buil<lings, howevcr, the bc.1m-column jnlllt with bcmn hingc.s subjcctcd to bidirec

I!Onnl lilrccs during an carthquakc c.m no! be confincd so much by thc transvcrsc bcams, bccause 
thcy also have yicld hingcs and cracks on thc bcam cnds. Thc confincmcnt cffcct by transverse bcams 

on shcar strcngth of a bcam-column joint is not takcn mto account, because the guidc\ines treat a 

structure wnh a beam hingc mcchamsm. llowcver, only if transverse bcam bars are assured not to 

yicld at the column face of thc in tenor bcam-column Jmnt by forming a column yicld mechanism or 

fonning bearn yicld hingcs locatcd far from the column faces, the shcar strength could be increased 

by thc factor fJ expresscd m Eq. C7 4 

P=I+OJÁ (Eq. C7.4) 

whcrc A = I (bu, · D1.b) 1 2 (Db D), m which bLb· D. Db and DLb denote the width of transverse 
bcam and dcpths of column, bcam and transvcrse bcam, respectively. 

For the beam-column joint wnh a transverse bcam in one directmn, strength increment should 

not be allowcd. As shown in Fig. C7 4, Eq. C7 4 gives the lowest prediction lo scattering test data. 

Equation 7.1 docs not cons1der the effect of transversc beams on the shear strength of beam
column JOint, because many beam-co\umn joints in a structure designed by the guidelines have yield 

hmges at beam ends of all d1rections m principie, and the confinement eri'ect of transverse beams 

cannot be cxpected. llowever intcnor beam-column joint test specimens with transverse beams af\er 

subjected to two times cyclic dnft angle of 1175 mdicated a larger strength than that without trans
versc bcams [Ref. 7.9]. And floor slabs also have the effect on confining the beam-column joint. So it 

is poss1ble for transversc beams with yield hingcs to increase a· shear strength under low stress levels 

in the transverse beams The relation betwecn stress leve! of transverse beams and application of 

Eq C7.4 should be discussed in future. The strength increment factor different from Eq. C7 .4 may be 

used when the factor is obtained from an appropriate expenment. 

7 .2.3 Lateral Reinforcement 

( 1) Recent researches show that there is not so large effect of lateral reinforcement in a beam

column joint on its shear strength. Figure C7.7 plots the relationship between the strength ratio of · 

shear strength to concrete strength, 'lju /a8 , and the product of the amount of lateral reinforcement 

and its strength, Pih ay The points linked by a solld line mean the specime~s which were tested by the 

same researcher in a test series vaned only the amount of PJh CJ'I. According to Fig. C7. 7 it is very 
difficult to recognize the effect of lateral reinforcement on the shear strength except for a few cases. 

The guidelines make surc that thc role of lateral reinforcement in a joint is to keep the stiffness and 

ductihty of jomt but not to increase the shCar Strength of joint. Then the minimum amount of lateral 
reinforcement is given in proportion to the· ratio of design shear to shear strength of a beam-column 

jo m t. 

Sorne foreign codcs rcquire more amount of lateral reinforcement than that required in this 

scction, however it is difficult lo arrange large amount of lateral reinforcement more than 0.3% by 

only hoop reinforcement and al so is difficult to add sub-ties to beam<olumn joint against Japanese 

convcntional construct•on method. ThLS is thc rcason "why the mínimum amount of joint lateral rein

forccmcnt 15 O 2%, and thc amount of lateral reinforccment of 0.3% is required for the jmnt whose 

design shear stress is nearly cqual to its shear strength. 1t is desirahle to establish a reasonable design 
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fig. e 7.7 Shear strcngth of interior joint divided by concrete strength ... s. product of 

lateral reinforcemt•ut ratio and ih yield strt'ngth. 

method for lateral remforccmcnt in a bcam-column joint considcring thc cffcct of cohnnn axial force 

and bond strength, thc requircd deforma! ton capactty of yicld tungc adJaccnt to thc JOÍnt, and anchor

age strength of hookcd bars m T-shJpcd exterior joint 

(2) Destgn for vertical reinforccment in a bcam-column JOint is not rcquircd m the gutdclincs, 

because usual columns wou\d have at least a_ mtermcdiate longitud mal bar in cach column face and 

the bar works as the verttcal shear rcmforcemcnt. lhc effcrt ofvertical shear rcinforccmcnt on JOÍnl 

shear strength ts not c\car yet, but test results of T-shaped exterior JOIIlts show that the lateral and 

vert1cal shear rcmforcement arranged with \'-CII balance and a large axial force of column preven! a 

shear failure of JOmts after yielding of thc beams lRcf 7.12]. The intermcdiate column bars of JOmts 

with y1eld hinges m bcams are useful to re<;tSI jomt shear force beca use thc bars are no\ subjectcd to 

so large tensmn by the column end moments, but the bars of joints with yield hinges in column m ay 

not be useful. Therefore it wuuld be nccessary to arrange add1honal lateral shear reinforccmcnt 

mstead of the vertical shear remforcemcnt for the jumts of the \atter 
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7 3 Anchoragc of Beam and Column Reinlou:emcnto.; 

7 .3.1 Anchoragc Mcthod 

Longitudmal rcinforccmcnt of heam with an m tended y1cld hinge, as a general rule, shall 

pass through thc colu!nn core of thc beam-coltllmt J01111 or sha\1 be anchored into colurnn core of 

the bcam-column joint Wtth a 90 degrcc hnok Dcvelopmcnt lcngth of a bar shal\ be counled 

from the critica\ section at the column facc 01 al the top and bottom heam faces 

7 3.2 Anchorage with 90-Degrce llook 

Development length shall conform to rcqlllrcments in Chapter 9. Beam longitudinal rein

forcemenl shall be extended beyond the mid-dcpth of column with a 90-dcgree hook Ex.tension 

of a 90 degrce hook shall be placcd in the bcam-column joml. 

7.3.3 Bars Passing through Joint 

Whcn longitudinal rcinforcemcnl of beam<; or co\umns with intended yicld hmges al both 

faces of joint passcs through the joint, bar sii"C lo mcmber depth ratio shall be detcnnined not lo 

cause s1gnificant stiffness reduction or shp-typc hystercttc bchav10r unde~ load rcvcrsals. 

{Commcntary] 

7 .3.1 Anchorage Mcthod 

(\)Longitudinal reinforccmcnt of bcam normally passes through an interior jmnt and is 

anchored with 90-degree hook in an exterior JOÍnl. lt is desirable to avoid the bond deteriorahon, 

beca use yiclding of the beam longitudinal rcinforcement is liable to penetrate into the joint and to 

dctenorate bond resistance along the reinforcement, consequently 11 causes also deterioration of 

hysteretic energy diss•pation. Thc bond detenoration may be delayed m the intenor joint by passmg 

the bcam reinforcement m the confincd concrete core, and by limiting the bond stress leve\ in design. 

Thc limitation ofbond stress leve! is specified in 7 3.2 and 7.3.3. 

(2) Joint covcr concrete adjacent lo a loadcd beam may spall out or fai\ in punching shear w1th 

cone-shape by tens10n of beam rcmforccment. resultmg in a reduction of development length The 

development length is nccessary to be evaluated al the face of core concrete in joint if such phenome

non would occur from early stage. Anchorage capacity of a bar subjecting lo compress10n force docs 

not reduce so much than that under tensi\e force. 

This guidelines adopts the way as the cntica\ scction for calculatmg the development lcngth of 

a'bar 1s taken at the fáce of column convenlion:.~lly, because spalling of cover concrete or reduction of 

bond res1stance after bar yielding is affcctcd by many factors and these behaviors are not so clear. 

7.3.2 Anchorage with 90-degrce llook 

( 1) According to T-shapcd exterior beam-column jomt tests whcre beam bars wcre am:hored 

wtth 90-dcgree hnoks, local compress10n f~ulure of concrete instde the bar bcnd<> or spltttmg 13tlurc 

of covcr concrete bc.'iit\e lht: bar bcnds wcre repor1et\as !he failure mode of anchoragc, cvcn if thc 

dillCrence of failure molles bctwccn anchoragc r111d JOI!II shcar wcre not clcarly dt<>tmglllshcd 1 he 
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failurc of anchorage should be prcvcntcd, hccau~c 11 causes thc r:1p1d strength rcductton and the poor 

encrgy absorption m hystcrcttc char.tctert"tics 

Thc rcqmred devclopmcnt lcngth is '>PCC'lficd 111 Chaptcr 9. According to rccent studics, 

strength of anchoragc dcpcnds on thc hor ttontal projcction lcngth of a bcam bar includmg thc bcnd 

portian, but 11 does not relate to thc vcrttcal C,\ICilston uf thc bcam bar beyond 12 times bar diametcr, 

db Then it is ·bcttcr to local e a hook as outsidc as possihlc in order to get as long horizontal dcvclop

mcnt length as possiblc and to extcnd thc bcginning ofbcnt at lc:Isl bcyond thc mid-dcpth of column. 

The strcngth of anchoragc with hook ts allC:ctcd by many kinds of factors, such as a radius of 

hook and a tht-ckncss of covcr concrete tn a hcam-cohunn JOÍnt. Some of the proposed equations on 

anchorage strength arC bascd on the sttcngth c~timatcd by thc sum ofbond rcststance along thc hon

zontal devclopment and anchoragc rcststancc atthc bcnt portion. Equatton C7.5, however, evaluatcs a 

local compressive strcngth of concrete, ft.cJ~> at thc instdc of hook as the anchorage strcngth, P, 

assuming that bond dctenoratton ofhon.t.ontal part uf a bar wlll uccur soon after the yiclding ofbeam 

[Ref. 7.13). 

where w= JJ./2 reos (HI 4- 0) 

e =tan-1( ldhiJ) 

I.Jh=l, +r+db 

tJo(r/Jd,)-"., 

f~x:ar = a r 1GB 
a=I61C0 /db 

y= 1 + 30 As/ ( 11 s), 

in which db: dtameterofbar, 

h : distance of hori7ontal suppnrt nf column. 

. radius of hook, 

0'8 : compressive strength of concrete; 

l¡ : developmentlength of straight porllon: 

A5 : scctional arca of lateral rcmforccmcnt; 

s : spacing oflateral reinforcement: 
j · : moment arm of beam; and 

(Eq. C7.5) 

Co : thickness of cover concrete from cnlumn faceto center ofbar. A\1 parameter above are 
measured in kgf and cm 

The average ratio ofexpenmental strengths lo ca1culated strengths by Eq. C7.5 is 0.95 and its 

deviation is 0.18. The test data uscd m this evaluation consist of those of 73 specimcns Equation 

C7 5 is provided only for thc bar at the extreme edge, and fur1her discussion is necessary on thc cval~ 
uation of group effect ofmulti-bars includmg intcrmedtatc bars. 

(2) To prevent congcstton ofbar arrangcmcnt m a bcam-column joint with bent down hooks for 

~op b~rs and bent up hooks for bottom bars of a bcam, U-shaped bar arrangcmcnt is used practically 
m whtch both the ends of the top and bottom bars are connected in the jomt [Re f. 7.15]. Somctimc it 

occurs that an extension of hook is placcd below/above a beam-column Joint or enough horizontal 
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Flg. C 7.8 Dennition of ,·ariables used in Eq. C 7.5 whlch evaluates 
anchorage slrength of 90-degree hooked beam bar. 

projechon length cannol be provided within lhe jomt. In thesc cases, shcar fatlurc or anchorage fail

ure in the JOints is prevented by ways that trarisverse rcmforccmcnt placcd at just inside of the hook 

can resist agamsl the large local compression due to the hook and the lateral reinforcement placed 

bcside the hook can transfer the beam tenston lo thc backstde ofcolumn [Ref. 7.16]. 

Cover concrete on backside of column spalls off so easily that the extcnsion ofhook reduces its 

anchorage strength in case that the extension is placed in the same !ayer as the extreme bars of 

column. There is no requirement aboul thc thicknc!>s of cover concrete behind the extension of hook, 

because of few research on it Sorne experiments showed the punching shear failure at the part 

between the column bars, when the bcam bars subjected to compresston force. Another expenment in 

which spectmens had adequate distance bctwecn the layers of extension and extreme column bar (the 

distance was more than the spacing of co\umn bars) prevented the anchorage failure [Ref 7.17). 

E ven in this case, it is desirable that the column bars ncar by thc extension of hook are confined by 

hoops or sub-ties. 1t had bctter keep thc dcve\opmcnt length ra1hcr than keep the thickness of cover 

concrete behind the extension of hook, whcn it tS difTtcult lo keep enough horizontal projection 
length agamst the column depth. 

7 .3.3 Bars Passing Through A Beam-column Jomt 

Thc average bond stress in a beam-column jmnt, r
3

, of beam longitudinal rcinforccmcnt pass
mg through the joint is dcscnbcd by Eq C? 6 
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whcrc t1a~ 

D 

. stress íhffcrencc of a bar at thc both f<Jccs of a Jmnt; 

dcpth of column; 
as : cross scctwnnl nrca ofbar, and 

~. · pcnmctcr of bar 

(Eq C7.6) 

Using a dLametcr ofthe bar, db, instcad of as or tf!~, Eq C7 6 is mod1ficd to Eq C7. 7. 

(Eq. C7.7) 

Beam \ongitudmal rctnforcemcnt m a bcam-column JOLnt with bcmn yLcld hmgcs at thc ultL

mate strength stnge rcachcs its tcnsi\c y¡e\d strength at the JOmt face, but does not rcach LIS comprcs
sion yield strength undcr thc cond1tion of largc reinforccment ralLO of tension bars to comprc<;o;;ion 

bars. In case both !he tensLon and compreso;;ion bars yLeld, thc stress d1fTcrence ofa bcam bar al both 

the faces of JOint can be presented as 2ayu• using the steel strcngth fur ca\culatmg thc upper bound 
bending strength, ayu Bond strcngth LS assumed to be proportiona\ to the squarc root of the compres

sive strength of concrete, thcn bond strcngth, ! 3 , is descnbcd as Y fa;; Ami substLiuting thesc rela

tions to Eq. C7 7, Eq. C7 8 LS obtamcd as fo\low· 

D/db = Gyu 1 (2 y .fa;) (i'q Cl 8) 

llere assummg that Jl is equa\ to 2 y, Eq C7 9 is drivcn as thc proposed destgn equation. 

(lóq C7 9) 

Therc i<; no recommendatLOn for the value of 11 in the design guLdclines. The New Zcaland 

design code recommends sorne va\ues to preven! the polling out of bars ccrtainly from a joint wtth 

yield hinges al its both faces. 11 tS very dtffícult to prevent be.1m bars from being pullcd out bccausc 

of the conventional combinations of matena\ strength, bar size and column sizc uscd usually in 

Japan, and then sorne bond deterioration is al\ov.ed in the guidelines. 
The bond deterioration and pulling out of beam longitudinal reinforcement from a joint cause 

slip-type hystcretic behavior with poor energy absorpllon capacity, and a\so they are accompanicd 

with the fo!lowing problcms· (1) Jarge response driO; (2) \arge pulling out dcfofmation prior to ncx

ural yielding, (3) early compress•on failure ofconcrcte at beam end duelo largc rotat10n atthe beam 

end; and (4) difftculty to repair the failure ofpulling out. 
However, since the bond deteriora! ion in a joint expands gradual\ y with incrcmcnt of dLsplace

ment, it is expectcd that \arge and sudden strength reduction wi\1 not occur evcn though the bond has 

been lost complctely in the JOint, if beam bars are assured to be anchorcd 111 sorne placcs in thc both 

beams and the compress10n zones ofbeam ends are well confincd to preven! thc comprcssion failurc 

The recent research [Ref. 7.1] led the J1.. va\ue in Eq C7 9 with the followmg proccss· ( 1) lt was 

ascertained by the response analysis with slip-hystercsis modcl that hystcrctic encrgy absorpuon 

capacities do not alTee! so much on earthquake responses; (2) the tndex of al\owahle slip charactcns-
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1AULE C 7.1 MINli\1lJI\1 (OLlJI\1N BEI'\11 WITII BEAI\1 RARS I'ASSING 

111ROUGU A JOINT IN OUJ>ER 10 I'REVEI'O'I 1'1 S IIONU llE'I ERIORATION, 

SATISI-'YING A COi'o'I)IHO~ OF D!dh ~ a1jt0 .¡¡;;; 
----------

SD15 U22 1)25 ])29 ]))2 D3' D3R IJ!dh 

OH"" 210 67 76 8H 97 106 115 30 2 
-----·- ------- ---

240 63 71 R2 91 99 IOR 282 --- ---- ---- ----------
270 59 67 7H "' 94 102 26 6 

-~~---

)00 56 "' 74 " 89 96 252 
------

JJO 53 "' 70 78 R5 92 241 
----- ---- ~---~- - - ---- ----

360 \1 SR (,1 74 81 " 23.\ 
---- ------ ... ______ --------

SD40 ()22 D25 ])2') 0]2 035 

a8 - 210 76 87 101 111 121 
---- --- ---- ------

240 71 81 94 104 113 
--

270 67 77 89 98 107 
----- -- -- - ------- --

300 "' 73 84 93 102 

JJO 61 -:: + ;;- " 97 
--~-~ ----

360 58 R5 93 

[Note] 

Values of co\umn dcpth are roundcd u p. 

Upper bound strcng1h of bcam bars are as follows 

for SD35 bars · a}u"" 1.25 x 3500 = 4375 kgf/cm2; and 

for SD40 bars: O'yu = 1 25 x 4000 = 5000 kgf/cm2. 

038 Dldh 

132 345 

123 32.) 

116 JO 4 ----
110 289 

105 27.5 
---- ----

101 26 4 

tic was defined as the equ1valent dampmg cocfficicnt, hcq· of 0.1 or more al thc drifl angle of 1150; 
(3) the relatlonship bctwcen hcq and bond mdex, •~ (= ayu dt, /20) was investtgated using experimen

tal results; and (4) the factor of JI was proposed to be 10 O 

lt is noticeablc_that the earthquake response dnft ts not so much affectcd by thc hysteretic 
energy absorplion capac¡ty, hut the numbcr of reversals WLth large response drins mercases. 

Applying 10.0 for Jllll Eq C7.9, thc rcqutrcd column depths, D, are listcd 111 Table C7.1 in the 

relatmnship among db, ayu, and a11• In thc table, thc upper bound material strcngth is assumcd for 

ayu, that ts the stress of long•tudtnal beam bar al the yield mcchamsm assuring des•gn 

According to Tab\e C7.1, the column depths have become unrealtty in case ofusing large size 

of beam bars and thc combinations of column dcpth and bcam bar si1.c commonly used in the curren! 

dcsign are strictly restrained. Thcsc are from usmg thc uppcr bound strength of stecl and for assuring 

the yicld mechanism. Howcvcr, it ts a\lowcd for practica\ use tocase this rcstriction Usted in lhblc 

C7 .1 by the following rcasons· ( 1) Dyndmic response of dnft using the uppcr bound strength is 

smal\cr titan that ustng thc rclmblc strcngth, (2) bond dctcnora!Lon docs not lead to scnous problcm<; 

cornparing w1th the strcngth 1cductmn duc lo "hem laLlurc, and (3) sorne connect10ns are allowcd to 

case this rcstrict10n if the rcstnctmn LS <;at1st LCd on thc average in a whole structurc (or at leas! tn 
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every story). For the time bcmg, J1 is allowcd to takc 12.5 for practica\ use Thcn O 8D in Tab!e C7 1 

is allowed to be used. 
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CHAPTER R: FOUNOAriON S rRUCTURE 

8 1 Des¡gn Actions 

Design forces for foundat1on stnJctures ~IMII he detcnnmed from thc dcstgn forccs used 

for the yie\d mechamsm assunng de~tgn of the ~upcr structurc. and vcrttcal and honzontal 

forces actmg on both the ground floor ami underground structurcs Design of a foundat10n 

gt~der shall consider react10ns that act on the bottom facc of the gmler accordmg to liS ngtdtty 

[Commentary] 
Foundatton structures shall safcly transrmt de~tgn vcrttcal and lateral act1ons from the super 

structure to the underground structure Sincc the foundatum structure shall have htgher structural 

perfonnance than the super structure, and m pnnctplc 11 shall not show fa dure mcchanism when the 

super strueture develop a yield htngc mecham~m. de~¡gn loads for a foundatton structure should 

include both the dcstgn verttcal ami latera\ load addcd to the dcstgn forces used for tlie yield mecha

nism assunng destgn of the super structure 
Asan excepttona\ case, a y¡e\d hmge of fnundattnn structure shall he állowed as the total y1eld 

hmge mechanism Load carrymg capactty at thc yteld hmge mcchantsm ~lnlllld be clcarly calculated 

in this case, and the foundat1on structure should be provided wtth suOJctent ducttle roran example, 

in case that a shear wallts dtrectly supportcd by a foottng systcm, thc ultnnatc capactty by upltfimg 

ofthe shear wall is clcarly esttmated [Rcf 8 1], and thcn the total ytcld htngc mcchant~m assoctalmg 
wllh the up\iftmg ofthe shear wall can be allo'.'.cd The foundatton gtrdcrs or bcams, howcvcr, should 

be designed in order to be prov1ded with sufftctent ducttltty 
In case that the foundation gtrdcr is de~tgned as a non-hmged membcr, the moment developed 

atthe pile top in accordance with the boundary cnmiltton nfp1lc and fbundahon gtrder shall be ta.kcn 

into account. 

8 2 Design of Foundation 

Reliable strength shall be used m the de~ign ofstructural membcrs m the foundation 

[Commentary] 

Reliablc strength of the foundation structure ~hould be dcfmcd so that an exce~<>tve deforma

tion sha 11 not develop in the foundatton system The dcstgn crtteria sh<t!l be refcrrcd to the materials 

in the followmg: "Recommendattons for Dcstgn of Butldmg Foundattons (revtsed m 1988)" [Ref. 

8 2] and "Uitimate Strength and Ductihty in the Set~mic Ocsign of BUtldings" [Ref 8 3] pubhshed 
by the A.l J. 

Reliable verttcal strength of a footing founrlatton shall be dcfincd cnnstdenng allowahle dcfor

mation. In case when ltquefaction willts expected, adequate countermeasures shall he taken 
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Rehable :-trength ;,hall n:fcr 10 an ultnn,\lc ~upportmg capactty of ptlcs EvaluatHm uf relmblc 

strength ofpdc~ <>hall be aL~o dcfmcd by mt .Jpplrc,thle .... ettkment ofptlc<> that shall be reasonahle to 

thc super structure P1lcs S!!ppor!mg thc loundatron of shc.¡r wall <,hould be chcckcd their safety 

agamst thc ovcrturnmg morncnt of the shcar waH 1 he total yrcld mccham<,rn by uplifimg of a shear 

wall can be rcganlcd as onc of prl'tl·r,rblc yreltlmcdr<~nt'>m<i In this mcchanrsm, howcver, ifthe pull

out capacrty of prlcs could he tHlt l<•r rcctly cvaluatcd, thc farlurc mcchdnrsm of thc shcar wall cou\d 
change from thc planncd mcchamsm 

for evaluatton ofthc pull-nut rc<;tstancc ofpdcs, the followmg ttcms shall be considcrcd· 

( 1) !ensile longitudinal strcngth of p!!e~. 

(2) capacity of thc pile-foottng Jütn\, 

(3) fnctton capactty between pt!e~ and smls, and 

(4) capactty ofthe footmg when pulllllg out of the p1lc occurs 

Fnct10n of thc foundation ba<>e ~hall he tncluded as the honzontal res1stance of the foundation. 

The passivc soil prcssure nught be countcd for thc resistancc for the buried foundation. 1t is 

commonly known that buildmgs wtlh a bascrnent floor reveal bettcr sctsmtc performance than those 

wtlhout a basement Passtve soll prc~surc and stdc fnclton lo founrlation structure ar~ exammed in 

the rcfcrence [8 4]. Th1s refcrencc, ho\llever, dtscu~scs tssues for the working ~tress design. 

For the design of ptles against homontal forces assuming that pile-cap is ftxed, the piles of 

wh1ch ducttlity capac1ttes are mtenor shal! not yteld in flcxure nor fail in shear. The ptles whose 

duclil1ty capactltcs are superior shall not dcvelop a failure m shear after yieldmg m flexure. 

MaJor honzontal res1stance of p1les w1ll be bascd on both strcngth and rigidity ofthe top of the 

ptlcs. Constdering the damage of p!les obscrved during the earthquakes {Ref. 8.5], thc top zone of 

ptles shall be adequately strcngthened hy both longtludinal and lateral retnforcing bars. 

When the pi le top jomts amlthe footmg are des1gncd under the condition of free rotahon, the 

JOltll ofpilc and footing shall be dcstgned paytng much attcntton to the deta¡J of arrangement of rein· 

forcing bars. There are sorne cases that the footmg-column JOints designed as a pin-connected joint 

sufTered damage during an earthquake on the posstble rcason that they were actua\ly worked as a 
f1xcd jomt in construct10n. 

Both flexura\ and shear capacittes of a piJe shall be calcu\ated by the method introduced in 

Chapters 5 and 6. For the calculation of a stee\ Jackcd pi le, the etTect of corrosion of steel should be 

considered [Refs. 8 6 and 8.7]. 

8.3 Embedment Depth of Foundatwn 

'------------- ----- ---- J Foundation of a structurc shall he placcd wtth a sufftcient embedment. 

[Commentary] 

Deep embedment of a foundatton gtvc~ prcdommancc of structural safcty and reduction of 

horuontal forces to the foundatton 11 ts oftcn recomrncndcd that the embedment depth of n founda

tmn shall be taken l<~rger !han R percent of the toLtl hctght of the buildmg. Further research and 

dcvelopment shall be needcd \or fwther cxamlllatton on thc !heme discussed hereby 
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8 4 Des1gn of Foundat10n G1rdcrs 

Foundation g1rdcrs, as a general rule, shall he dCSib'llCd flg1d ·······~~ 
{Commen1;3ry 1 

A foundation girders shall he, in pnnciplc, dcs1gncd a" a non-hmgc mcmbcrs lt m ay be des¡ r

abie that a y1eld hinge is formcd at thc cml of a foundat1on gmlcr tu dcvclop a bcam s1dcsway yicltl 

mechamsm On the other hand, however, cons1dcring thc fol\owmg two 1tems dcscribed in thc follow

ing, planning of yield hmgcs in the foundat1on girders is not recommendablc: ( 1) The foundat10n 

.girders are cmbcdded-undcr thc ground, and (2) thC foundation structure should support safcly the 

super structure. 
Thereforc, y1eld hinges in the founddlloO girdcr'> are not dcsirable exccpt the end'> of the g•rd

·ers that are connecting lo structural walls. 

8.5 Design of Pi le Cap 

A ptle cap shall he deslgned carcfully not to dctenoratc thc cap<lc.ties of a p•lc and its 

connection to the foundation s\ab and girdcr 

{Commcntary] 
Flexura! moment and !ensile axm\ force of a p1lc cap duelo the honzontalload shall be trans

ferred to the foundat1on slab and girder The p1lc caps shal\ be embeddcd fully into the foundation 

slab anda suffic1ent anchoragc capac1ty shall be ensurcd 1t is considered that the honzontal force 

would be transmitted from the foundation slab to the pile cap by the dowcl action at the cross scction 

of embedment porhon of the pile Structural details and remforcmg arrangement of a pile cap are 

described in the refercnce [8.5] 

Further discuss1on w1\l be required on the theme whether piles sha\1 positJVely share horizontal 

loads or not. One can poml out that the p1les should supportthe verticalloads performing no honzon

tal capacities. In th1s case, less attenllon shall be pa1d for thc damage of p1les. Howevcr, one should 

establish other poss1blc countermeasures to transfcr thc horizontal forces acted on the super structurc 

to the supportmg soil through the foundat1on structurc, and should pay much att'ention on the connec
tion ofthc p1le caps and foundat10n slabs. 

8 6 Liquefaction 

Poss1hillly of hqucfact¡on shall be exammed through mvc~llgation on thc supporting soll, 
and shall be taken mto the des1gn. 
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[Commcntary] 

In ca'\e that sml that '\uppmts thc foundation con:-,Í'\IS of fine sand and rs saturatcd, or 15 under 
the conditum<; cquivalcm mcniHlllCd ahovc, it 1!-. rcqum:d that thc sotl ilqucfaction shall be carefully 
mvcstigatcd Sand laycrs th<Jt lllt'CI thc lollnwing condllions wr11 be subjcctcd to liquefaction with a 
high probahillty 

(1) lcss th<~n 15-20 mctcrs dccp frorn thc ground lcvcl, and the effectwe pressure is less than 
20tonf/m1; 

(2) comparJiivcly homogencous, and of composcd nf mcdium sizc grains with the contamment ratio 
ofsih and clay lcss than \0%, 

(3) is locatcd bclow thc groundwater leve!, and rs saturated with water; and 

(4) rclativc dcnsuy of sand lcss th<~n 75%, amlthc N value obtained from the standard penetration 
test is relatively small. 
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CHAPTER 9. 1\EINFORCI:MI·.NT IJE.I AILIN<i 

9 1 Scopc 

Prnvt~!On'> of th1~ Chdptcr ~hall apply for de'>tgn of lateral rcmfntccrncnt dct:11lmg, anchor

agc and spliclllg Unlc<>s othcrwi'>C spcCLftcd in tlw. Chaptcr, general dctaJilllg rcquncments 

about bar st7CS, bar spacmg, concrete covcr, ami o;;tandard hool.o;; shall confonn to thc ''AIJ 

Standard for Structural CalculdtHHl ol Rc11tfon::cd Concrete Structures," thc "Jap.:lr1csc 

Archttcctural Standard Spccllkatton for Rctnforccd Concrete Work. JASS-5," and the 

"Gtudchncs for Rcuiforccmcnt Dct;ulmg" hy Architcctur,JllnstHutc of Japan 

[C'ommentary] 

In the gu1dcl1nes proposed, onc rc1nfmccmcnt t!ctadmg ts <ipCclfled for thc hmgc cnd, and 

another for thc non-hmgc cnd Thc ctetailmg proposcd hercm will rcq1.mc highcr pcrfonnance than 

that spcc1f1cd m the conventJOnal standard" or gtmkllncs, wh1ch requtrc<> gre<~tcr amount or lateral 

reinforcmg bars or more soph1sttcatcd placcrncnt oflalcral hars. ' 
The detallmg for anchoragc, dcveloprncnt lcngth of longltluhnal h,lr" are, as a general rule, 

exammcd bascd nn an ult1matc strenglh dcstgn proccdurc Unles~ spccif1ed wltl11n this Chaptcr, 

general detailmg shall he c~tahl1shcd m r~ccordance w1th thc Standard", Standr~rd SpcCLftcation, 

Gutdclines and other<; publlshed frmn thc /\IJ {Rcfs 9 1--9 4] 

9 2 rlacement ofLateral Remforcemcnt 

9 2 1 Lateral Reinforcement 
Lateral remforccment 1s placcd as shear remforccment and confmmg reinforcemenl The 

amount, shape and spacing of remforcerncnt are scparately spccifted for the yield hmge and 

non-yteld h1nge regions, respcct1vely Dcfonncd bars of size greater than or cqual to lOmm 

(DIO) or defonncd re bars of nominal dwmcter greatcr than or cqualto 6 4 mm <;hall be uscd as 

lateral rcinforcemenl. 

9 2 2 S ha pe, Arrangement and Spacing 

Latetal retnforcemcnt shall be made tn shape and arrangemcnt cffectJve to confmc 

concrete and longitudinal rctnforcemcnt Ma'<lnllltn <;pacmg shall sat1.~fy the vnlucs llstcd m 

rabie 9 1 
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'IAULF. 9.11\1AXIMlJI\1 SPA('ING Ot LATE!{ \L REINHlH.CEMENT (unit: cm) 

Local ton Type and St/c lllngc Rcgion Non~lungc Rcgwn•t 
-------- ----
Column* 2 

Be a m 

Dcformcd bars f) 1 0"' 1 

Defmmcd bars lmger 
than Dlo+'4 

Dcformed Bars D 1 O*J 

10 

15 and 
6d, 

1 S 

1 S 

20 ami 
R db 

20 
1-----·--·------- -----·-·--·------- --· 

Defonned Bars largcr 
than D 10*4 

20, 8 db 
and D/3 

30, 10 dh 
and D/2 

----+---------·-----·-------
Wall Panel 

Beam-Column 
Connection 

Dcformcd Bars DIO 
and larger 

Deformed Bars DJO•J 

Dcfom1cd Bars largcr 
than Dlo·4 

JO JO 

15 

20 and 
8 db 

_____ L__ ________ ----------------- -

[Note] db·bar diamcter; and D· bcam dcpth. 

"'1 includmg region outstde o fa yicld hmge region 

"'2 includmg boundary columns 

*3 includmg deformcd re bars largc1 than or equalto 6 4 mm and 

less than or equal to 9 2 mm 1n nornmal diameter 

"'4 includmg defonncd re bars larger !han or equal lo 11 mm in 
nommal diameter 

9.2.3 Yteld Hinge Region 

Yield hingc region shall be as follows: 

(1) in beams, region withm 1 5 times beam dcpth from column face toward bcam ccnter, 

(2) in columns, reg10n within 1.5 times column dcpth from beam facetoward column center; and 

(3) m structural walls, region within 1/6 of total height from the wall base or homontal width, 

whichever largcr, but not higher than the bottom of the third noor beams 

(Commentary] 

9.2.1 Lateral Reinforcement 

( 1) Dcfimhon of Lateral Remforcement 

In Japan, the reinforcement arrangcd orthogonally to the longitudi11:1l remforccmcnt ts termed 

as "hoop" m columns, and "stlrrup" m beams. In addttton, auxtliary remforcement providcd for 

longttudmal reinforcement in thc intermediatc part of cross scction is termed as "supplemcntal stir

rup," "sub-tie," "suh-hoop" or "supplcmental hoop" lhe<;c reinforcemcnts are provided rnamly lo 

rc~1~1 !>hear force, and for tlus reason thcy are gcnerally tcrrncd as "shear reinforcemcnt." fhc "waff 

rcmforcement" placed in wal!s is also one form of <;hear reinforcement Various examples of hoops, 
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ties and stirrup.:; are shown in the "(iuidclmc<; for Rcinforccmcnt Dctailtng" puhlt!>hcd by thc 1\IJ 
(Fig C9.1) In thc glll<lclmcs thc tcrm ··J,ttrral rcmfotr.:rmcnt" :ts wcll as "shcJT rcinforcemcnt" is 

used 
The lateral reinforcement placed onhngonally to thc longitudtnal rcinforccmcnt plays the 

fo\lowing four ~olcs· 
i) to rcsist shcar forccs; 

ti) to preven! buckling of the longitudmal rcinl{)rcement; 

iií) to confine the core concrete: and 

iv) to preven! bond splittmg 

However, it is not possible to calculate the amount neccssnry or to des1gn the reinforcemcnt conf¡gu

ralion reqmred for each of thesc roles Thc .:;hcar rcinforcement calculated m accordance w1th 

Chapter 6 of the present gutdelines, can al so be Cllpccted t,o Slmultancnusly perform thc four roles 

above However. thc effcct of roles ii)- iv) on the mcmber's dcflcctton capacity wi\1 vary depending 

on the shape and arrangement of shcar rcinforcement even though thc amount is the same. 
Addittonal\y, it is necessary for membcrs wtth h1gh axial load lo provide a lnrgc amount of lateral 

rcmforccment to preven\ buckhng of longttudinal rcinforcemcnts and to confine the core concrete in 

order to achieve the required dencction capactty. In this case the roles ti) and iu) above become the 

most importan!. 
Tl11s chaptcr mamly spectftes thc shapc, spacing. and arrangemcnt o( rc•nforccment necessary 

to cnsurc 1he assurance denccllon of mcmbcrs In othcr words thc dctailmg for confinmg rcinforce
menl whtch plays the role of shear rcinforcement as well is speciftcd. This type of multt-role rcin

forcement is termcd "lateral reinforcement" 

l)'p1cal ~mrup 

typical 
supplemenlal surrup 

l)'plcal hoop 

·-r-, ' ' ro- --cj 

l__ •. J 
·-o-· ' ' ' ' ' ' ' ' L _1 

·-o~ ' ' ' ' ' ' ' ' ' ' '- _, 

cyp1cal 
.suppkmenlal hoop 

column 

[Nme] ISO' hool mol) be repl.1ccd l:>y 135• hool 

fig. C9.1 Shape and na me ofshear reinforcement. 
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(2) Baste Dcstgn Poltcy t{Jr Lateral Rcmli.nccmcnt 

The basic dcs1gn policy for latcnll rcinlorccmcnt 111 ytt!ld hingc rcgHln ts to dctcrmme thc 

necessary amount. spacmg and arrangcment of TCilll{ncctncnt to cnsurc thc ddlcction capacity Jarger 

than the assurancc dcOection In thc pre!>cnt destgn gUtdclines. thc asstuance dencctton for buildings 

is taken as 1/66 for framc slructurcs ami 1175 for .shenr wall structurcs in lcrms of dcOection anglc 

(sce the Commcntary scction 4.4.5) Refcrring to experimental data. provistons of rcmforeement 

detaihng for hinge rcg10ns are given tn thts chaptcr for ach•eving target denection capacity of 

members gtvcn below corrcsponding to thc valucs abovc: 

i) for columns and general beams · 1/50; 

ii) for boundary bcams connected to shear walls : 1/40; and 

iii) for shear wa\ls: 1/75. 

For columns carrying high axialloads, or sheaf walls with boundary columns subjected to high 

axial loads., specia\ considerat10ns of lateral rciñforccment are necessary so as to provtde sufficient 

confinement effect in order to obtain thc dcncction capaclfy described abovc. In such membcrs the 

hinge regían is constdered be specml, and tt must be dealt in a dtfferent manner from that of normal 

hinges. Also. for boundary beams connected to shear walls, while it is expectcd that these will sustam 
greater deforma! IOn than general beams, this c!Tcct has already bcen takcn into account in the calcu

lation of the required shear reinforcement introduced in Chaptcr 6, and the Provisions of the Chapter 

6 provide adequatc assurance of deflection capacity without any spccial detatls llence, hinges in 

these boundary beams are treated as normallllngcs. Rcgarding thc lateral remforcement in members 
without yicld hinges, or in non-hinge rcgions m mcmbcrs wtth yield hmgcs, it ts suffic1ent to arrange 

the required lateral reinforccment provtded with the Chapter 6 in accordance with the spacing 

provided in the section 9.2.2 

9.2.2 Shape, Arrangement and Spacmg of Lateral Rcinforcement 

(1) Shape and Arrangement of Lateral Reinforcement 

In order to cnsurc the confming effcct of lateral reinforcement provided in !unge regions to 

confme both the \ongttudmal reinforcemcnt and concrete, it is esscntial to arrange the lateral rein· 

forcement in a closed shape around the pcrimeter of the longitudmal bars confmmg comer bars and 

also to arrange lateral reinforcement to confine intermcdiate longitudmal bars withm the section. By 

confining a\1 the longitudinal bars, thc best confimng effcct wil\ be ach1cved. Lateral reinforcement 

in hinge regions shall be anchored to the longitudinal bars by means of a hook with shape sufftciently 

large angular bcnd, or shal\ be in a spiral shape. Alternatively, the ends ofthe bars may be welded to 

g¡ve a closed shape. 

For lateral reinforcement m non-yicld hinge rcgions of membcrs with y¡c\d hinges, ti is desir

able that the shape and arrangcmenl are correspondmg lo thosc used in hinge regtons 

(2) Spacing of Lateral ~einforcement 

In order to achieve the confinmg effcct in yie\d hmge reg10ns with lateral reinforccmcnt, an 

importan! factor 10gcthcr w¡th thc amount, shape, and arrangement is reinforcemcnt spacmg This. 
chapter providcs thc rcquircd spacing of lateral rcinforccment m hinge rcgions ofhcam<; and columns 

(mcluding boundary column!> in shcar wa\1<;) from thc vicwpoint of preventing buckling of longnudi

nal reinforcement The rcquircd spacing<; are givcn 111 lhblc 9.1 corresponding to thc diamctcr of 
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longtludmal rcmforccmcnt In non-hingc t<.'gton-. thcsc provro;ions may be ltghtcned 

The re.;;carch projcct of rctnforccd concrete short columns promotcd by thc Mintstry of 

Constructum 1ecommendcd <;hortcr spacing th,m ctght times thc dmrnctcr of longlludmal rellliUrcc

ment to preven! prematurc buckling ot long1tudmal rcmforccmcnt On thc othcr hand 111 thc "AIJ 

Standard lor Str~ctural Calculatton of Rcinfnrccd Concrete Structurcs" {Rcf. 9 1), thc spacmg of 

hoop of JOmm (DIO) S17e 111 thc end regtons ofcohrmn<; 1:-. gtvcn as IOcm orle<;<;_ Th1s would corrc

spond tothe space lcss than five t1mes the longiludmal bar diametcr of 19mm (D19) JIO\\cver. for 

hoop of thc si;e of IJmm (DIJ) or l:ugcr, the rcqutrcd spacmg IS 20cm or less, and the ratto to thc 

bar dtameter may becomc very largc m some cases 
In this chapter, wh1\c the rccommcnded valucs above have becn takcn m rcfercnce, it was also 

notcd that the prescnt gmdclmes wou\d be applied to columns undcr h1gh axial load which wcrc not 

covered in detatl dunng thc short column rcsearch prOJCCI citcd abovc Takmg the curren! rccommcn

dations of the "AIJ Standard for Structural Ca\culation of Rcinforced Concrete Structures" into 

considera! ton, greater values than !hose m thc abovc references wcre taken, providmg a basic sp.tcmg 

of six t1mes the longitudinal b;u ¡j¡;tmcter or lcss For bcams a distinction is al so madc bctwccn yield 
hmge and non-yteld hmge reg10n\, howcver, a mimmum spacing of etght times the longitud mal bar 

diameter is provided for hinge rcgwns due to the absence of axial load 

9 2.3 Yteld Hmge Reg1ons 

Hmge regtons dealt wtth m lhts Chapter are dcfined as the regtons in which the lateral rcm

forcement IS diffcrcntratcd from that 111 othcr rcgtons and arranged accordmgly Thc length of hmge 

regwn along the mcmhcr-axts is detcrmmcd bascd on various propmals denved from the experimen

tal research descnbed bclow. 
Y1e1dmg of longttudmal rcmforccment tn a mcmbcr in which yic1d hmges are fonneJ not only 

at the cntical sect10n of the cnd of membcr, but al so within a certain length toward thc centcr of the 

member ll1e length ofhmge reg10n 1s mnucnccd by structural factors such as shear-span rat10, axml 

stress leve!, tenstlc remforcemcnt ratio, and amount of lateral remforcement. Proposals havc becn 

made for the quanlt11..:ation of these effects by Yamada, Mattock (Ref 9.7], Yoshtoka. and Par k [Rcf 

9.8) Yamada expresses the length as a funcLion ofthe e!Tectlve depth ofthe member and thc locatum 

of neutral axis, and Mattock pomts out that the !unge length changes with the shcar-span ratio. 

Yosh10ka takes the hinge reg1on as the mtcrval in whtch bendmg-shear cracks are concentrated and 

proposes the functional relationsh1p gtven in thc followtng equat10n assuming the hinge length, 1
11

, 

changes w1th the shear-span ratio, (M!QD) 

1, ~ O.S(M/QD) d 

(0 S:>M/QD:>3 O) 

where d destgnates the effeet1ve depth lt rs noted that the hinge length does not incrcasc proportion

ally to the shear-span ratio m the rangc of large shear-span ratio. 

In Park 's research the hinge length is expres.sed 111 tenns of the shear-span M/Q and thc longitu
dinal reinforccment diameter dp by the followmg equation 

1, ~O 08(M/Q)+6db 
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In lhc srmtc n::scarch 11 ts nnH.'d that the kngth 111 mercase..; wtth ~panldcpth tallo w1thm thc 

maxunum valuc ofabout4, amlthat on avct.lgL'lp'-'0 'i 1> (lJ-=colunm ckpth). rurtlwt, ti is suggcstcd 

that thc 111 valuc may be rcduccd 111 aCl.:ordann: Wllh thc axtal load rdtto to half thc valuc obtaincd · 

from thc above cquat1on for thc ca..,c<> wherc tlu: ,\X tal load ratio ts lcss than or equal to 1/J. llowcvcr. 

thc mnucncc ofax1alload ts not remarkabk. 

/l.s shnwn by thcse rcscarche<>, thc yu:ld hl!lgc rcgion •s at rnost about 1 5 tunes thc cffccttve 

dcpth for columns w¡th shear-sp.m rallo up tn 3.0, .md ti ts cons•dercd that 11 may he possiblc to 

cmploy an cvcn ~horter hingc lcngth corn.::spondmg tn shcar-<;pan .at1o. llowevcr, bccau<;c the experi

mental observattons of hmge length havc shown a wttlc scattcr, and duc lo thc limttcd amount of 

rcscarch on hingc length, 11 was dectdcd lo ft' the hingc lcngth for columns <11 1 5 tunes the nvcrall 

depth (D) regard\ess of shcar-span ratto cons1:-.t1ng wllh thc column hoop proVISIOll'i in the "AIJ 

Standard for Structural Calculation of Rcinforccd Concrete Structurcs" For small shcar-span ratios 

this mcans that a longcr hingc rcg10n ts takcn for safc sidc calculati<m On thc other hand, it is 

expccted that hmge lengths grcater than th.11 spccifu::d above will occur as thc shcar-span ratto 

increases. However, in vicw of the small levcl of tlus mercase, and the fact that the apphcd shcar 
force will not be great for this type of column. 11 wa.;; cmwdcred that there would be no dilficulty m 

achievmg the reqUlrcd deflecllon capactty cvcn though thc rcgton contaimng closcly spaced lateral 

reinforcement may no! be long. 1t wa~ thus Jcctded that a hingc \cngth grca.tcr than that spcctfted 

abovc may not be spectfted cvcn whcrc thc shc.u-<;pan ratto excecds 3.0. 

Beams gcnerally have shcar-span rallO\ grcatcr than !hose of columns. llowcver, it IS consid

ered that vcry slender beams wi\1 not often be Je:-.tgncd beca use of thc requiremcnt lo ensure neccs

sary lateral res1stancc and stiffnc:-.s of a buildmg. In addition, 11 has bcen pointed out that thc hinge 

lcngth reaches a peak al a span/dcpth ratio of ahout 4 (shcar-span ratio ()f 2 at anti-symmetnc bcnd

ing), and that the hinge length may be decrca~cd as axtal load dccrcascs For thcse reasons as wcll as 
the consideration above ofcolumns with largc :-.hcar-~pan ratios, the hmge rcgion for beams is treated 
in the same way as for columns, havmg a length of 1 5 times the bcam dcpth. 

There has not bcen a grcat deal ofrcscmch on hmgc lcngths in shcar walls Jlowcver, accordmg 

to the review of experimental results on multi-story shcar walls, thc diagonal cracking i<; concen

trated, in most cases, m a region cxtendmg from the story at which yieldmg has occurrcd (gcnerally 

the lowcst story) into the wall of thc slory a hove hy a hctght corrcsponding roughly to the honzontal 

length of the wall. lñe hetght of thts regton i~ influcnccd by thc munbcr of stones and the distribu

llon of lateral forces, and also, thcrc are example-; of ytclding of longitudinal remforccmcnt of bound

ary columns extendmg cven to upper stnrtc\ lt is rcportcd in thc samc rcscarch, however, that thc 

region of concentrated plastic deformation ts -;horter 111 walls than !hose ofbcams and columns dueto 

the ex:tstence of beams or !loor slabs, and ti ¡<, unlikcly that !he y1clding <>f long11ud1nal reinforccment 

of boundary co\umn wdl ex:tend higher than two stones Con~idcring these points, thc hmge lcngth 

has been detennined in relation to the hormmtal lcngth ;md height uf thc wall within thc region not 

extending over more than two ~torics 



9.3 Lateral Remforcement in Spccia\ Yicld llmgc Rcgion 

9.3.1 Definition ofSpecml Y1eld Hmge Rcgion 

Special Y•eld hinge region 1s a yield hingc rcgion of columns and structural walls in 

which axial loads m the yteld mechamsm a<;surmg dcsign fall in a range givcn by Eqs (9.1) and 

(9 2). 

where 

(1/l) Ac <19 <N,,;; (2/l) A, "• (9.1) 

(9.2) 

Nc :axial load of column in the yteld mechanism assuring design (positive in 

compression), 
Nw :axial load of wall in the yield mcchantsm assunng design (positive in 

compression ); 

A.:, :area of co\umn hori10ntal section; 

A.:.ore :area of boundary column core on comprcssion s1de of the wall; 
Aws :arca ofvertical remforcement in wall panel, 

os ·compressivc strength of concrete, and 

O"ws :material strength of verttcal remforcemcnt in wal\ panel for upper bound 

strength calcu\ation 

9.3.2 Arrangemem of Lateral Remforcement 

In a specia\ yicld hinge reg1on, all longitudmal reinforcement shall be supportcd by thc 

comer of closed shape lateral reinforcemcnt or supportcd by the hook w1th 135 degree or more 

of lateral reinforcement. A longttudinal reinforccmcnt may not be confined if the bar 1s placed 

within 20 cm distance of supported longitud mal bars. Mínimum spacing of lateral reinforcement 

shall satisfy the value for a yield hinge region in Table 9.1. 

9.3.3 End ofLateral Reinforcement 

End of lateral reinforcement placed on a spcdal y1eld hinge region must confonn to the 
followings: 

( 1) Ends of closed-shape lateral reinforcement shall be anchored with mo·re than 135 dcgree 

hook having more than 8 dw extension. The Cltlension shall be more than 10 dw for lateral 
reinforcement of defonned PC bars 

(2) Ends of lateral reinforcemcnt having other than closcd shape shall be anchored with more 

than 135 degree bend, and 4 d.,. for a 180 dcgree bcnd, where d.,. denotes thc diameter of 
lateral reinforcement. 
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[Cmnmcntary] 

9.3 1 Dcfmttton ofSpccml Yicld ll111gc Rcg1ons 

(1) Rcgions Covercd as Spccialll•ngc Rcgion~ 

Spec.ial hmgc rcgions are lhc hinge rcgtons whcrc special constdcrations as 10 thc design of 

lateral remforccmcnt are requircd lo ach1eve thc rcqu1rcd dcflection c<Jpacity. Such rcgions include 

thosc of exterior columns, for example, which carry htgh axial comprcssion, or those of shcar wa\ls 
with boundary columns subjectcd to htgh axial comprcssmn. 

(2) Thc Leve! of Axial Compression ofColutnns and dcOcction capacity 

llle rcduction in deOection capactty of columns wilh increasc of axial load has been observed 

in many experimental studies In thc test by ltigashi ct al., for example, it is reported that the upper 

limit of axial load ratto to assure thc dcOection capacity of 2/100 or more is about O 3: In addition 

there have been severa! revicw studtes on the relationshtp between axial load and deOection capacity 
usmg availablc test data. On thc other hand, undcr thc provisions for classiftcation of member ductil

tty 111 the prcsent Butlding Standard Law, thc columns wtth axial load ratio greater than O 35 are clas

sificd into thc ranks FB- FD mfcrior to the h1ghest ductduy rank FA . L09king at the results of a 
senes ofshort column tests which were used as thc hack data for the classification ofmember ductil

ity, all the columns of"ductility rank A", having the deflcction capacity of6 or more in terms ofthe 

ductility ratio and presumably corrcspondmg to thc FA rank members, achteved the assurance denec
tion anglc of more than 1/50. Lowcr ducllllty rank columns often sustaincd thc limit deflection angles 

smallcr !han 1/50. 

From thc examplcs above it IS constdered that spccial considemt1ons for lateral reinforcement 

are nccessary to en<;ure assurance dellection for thc cases whcre axial load ratio exceeds 1/3. Thts 

aspect was tnvestigatcd by studymg the tests of ovcr 100 columns subjcctto high axial compression. 
The rangcs of structural parametcrs of the test columns were. 

1) column cross section al lcast 25cm square, 

ii) axial load rallo O 29- O. 78, 

iii) shear-span ratio 1.1 - 3.5; 

iv) concrete strength 206 -558 kgf/cm2; 

v) lateral reinforcement ratio O 44- 1 71 %; and 

vi) yield strcngth oflat~ral reinforcement3000- 14000 kgf/cm2. 

In the majority ofthe test specimens lateral reinforcemcnts are arranged so asto provide the confine

ment for the intcrmediate longiludinal bars as well as comer bars. llowever, other severa! specimens 

do not provide such confming dctatling to the intermcdtate reinforcement. The leve! of shear stress at 

the maximum load was bctwccn 7-27% ofthe concrete strength in terms ofthe nominal stress to the 

total cross-scctional area of the column Lateral force werc applied to form a hinge al each end, using 

the !'iystem of anti-symmetric loading. Many of thc columns had rc\at!Vely short shear-span ratios. 

lhcrc werc hardly any data where hmgcs were formcd only at the column bottoms, as assumed in the 

prcscnt guidclines, and shear-span rattos wcre grcatcr th¡m those obtained from anti-symmetnc bcnd

tng. Spccimcns subjccted to altcrnate tcns1on ami comprcs<;ion altm] loads, as cxpected in cxtenor 
columns, wcrc included. 
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Ftgure C9 2 shows thc rclattonshtp hctwecn l11ntt .ddlcctum :~uglc (Ru~ ami ;~xtal lnad ratto 

(N/ (Ac O"fl)) for the columns m thcsc cxpcruncnt~ Thc ltnut dc1lcctton ang\c ts takcn as thc dcl~LC· 
tion angle whcre 80'% ofthe load carrymg capactty c:~n he mamtamed alter thc maxtnnun ln<1d 1 he 
re\attonship betwecn axial load ratto and lumt dcncctton anglc ts no! wcll corrci,Hcd. howcvcr, ti was 

clear that most thc observed limtl denectton angle'> wcrc <;mallcr tlwt 1150 for the axml load ratto 

greater than 113. In particular, thc dencction capactty wa'> lcss than 1/50 for thc maJonty case<; whcrc 

the intermediate longitudma\ rctnforccmcnt was not confincd (markcd wtth a symbol of 1 tn thc 

figure). In contras!, for axial load nuios lcss than thts, all thc tc<;t culwmt<; shuwcd ddlcction capabil· 

ities \arger than 1150, wnh the exceptton of onc case havutg no mtcnncdtatc bar confincmcnt. 
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Fm the cnlumns, '>uch a~ ex tenor column~. whctc lngh axt.tl compre<;<;ton force<; act durmg an 

carthquake, the axial load rattn can c.t~tly exrccd 1/3 Jlowevct, a<; shown m thc f'ollowing mvesttga· 
ttons, the a~sut<utcc dellcctton can be ctmtrcd ir thc btc1al retnlorcemcnt cvaluated m Chapter 6 is 

appropriatcly arrangcd lhc1efore thc <mal load rattn ovcr l/3 ¡., penmHcd m thc present guidclmes 

Thc upper lmut of thc axial load ratto 1s sct as 213 retCrnng to the data m Fig. C9 2, the results of 

bcndmg analysts of thc colurnn sectton mcntioned tn Chapter 5, and dcstgn cxamplcs of htgh·nse 

rcinforced concrete buildings. 

For shear walls it ts also confmncd from the c.xpenrncnts that the denectton capacity reduces 

wllh increase of axial comprcsston. 1\owevcr. in comparison wtth columns, the data showing this 

em~ct are remarkably few. According to thc analysis bascd on vanous experimental rcsults of nexural 

fatlure typc shear walls, the rclattonship bctwccn nommal al(ial compression ofboundary column and 

thc l11nit dcncctton, is shown as Fig 5 18 Thc nommal value was detennincd assuming that allthe 

compressive axi:ll load on the shear wall undcr the ulttmate strength is carned by the boundary 

column on cotnpression stde Fwm thc f1gure and thc conversion of axml load mito lo that to the 

cross section of core concrete of a boundary cohmm, it was considered be dirficult to ensure the 

dcnection capacity bcyond 1175 for thc cases of nommal axial compression 1arger than 213. Where 

thc nominal valuc was determined to thc scctional arca of core concrete ins~cad of who\e sectional 

arca, of a boundary columns In considerallon of thts, special hinge regions are provided for the cases 
with nominal axial compression tu thc corc concrete beyond 7/3. This is the same boundary condition 

lbr an boundary column where thc ratio of thc scctional arca of core concrete and thc total scctional 

arca is 2/3. Refcrnng 10 the same figure and thc uppcr limit for columns, an upper bound was set at 

1.0 to the corc concrete of a boundary column. 

9 3 2 Arrangemcnt of Lateral Rcinforccmcnt 

·lfthe amount oflateral reinforcement meets that of shcar reinforcement evaluated in Chapter 6, 

basically grcatcr deOection capacity 1n hmge regions than the assurance deOcctions can be assured. 
Thts is confinncd in thc investig<~ttons describcd bclow even for the case of columns subjected to 

high axial load. llowever, it is also notcd in the following investigation that ti is necessary to provide 

rcinforcemcnt to latcrally confine the mtenncdiatc longitudinal bars lo ensure the required deflection 

capacity. For this rcason it is requircd that the latcml reinforcement be arranged in accordance with 

this section in addition to satisfaction of Chapter 6. 

Howcvcr, the deOectton .cnpactty of columns subject to high bcnding and extreme1y high axial 

load has not beco sufftcicntly mvestignted beca use of the scarcity of experimental data 11 ts consid

cred thatthcre may be cases where the amount of remforccment obtained from Chapter 6 does not 

provide sufficicnt confincment, and for thesc cases, thc provisions of this section shall be applied 

appropnately increasing the amount rcquired in Chapter 6 

( 1) Shear Design Equations and dencctton capacity of Columns Subjcct to lligh Axial Load. 

In Ftg. C9.3 the relationship betwecn the ltmtt deflection angle and thc ratto of required 

amount of lateral reinforcement hy thc dc.'>ign eqtmtton (6 1) to the amount ofactually arranged rein· 

forccm(:nt, ¡., <:hown lor !he column spccimcn'> u<.;cd in the invcstigation shown m Ftg C9 2 The 

rcquircd amnttttt of IOLtcral remforccmcnt was ralculatcd a" that to assurc the dencctwn angle of 1150 
'J he input shcar force lor thc equat1on was takcn a~ thl' maxunum shear force obtained dunng the test 
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for each column. 
In the figure, ahhough thcrc are many d,11a whcrc thc amount of rcmforcemcnt is lcss than thc 

value evaluated with Eq (6.1), among them therc are :1 signtficant numhcr which show thc deflection 

angles Jarge than the target value of 1/50 In thc cases whcre more anmunt of reinforcement than that 

requtred by the Cquation '-" prov1dcd, al\ thc cnlumn-; showcd \argcr dcflection capabilitics than the 

target value with the exception of columns whcre thc intcrmcdiate longitudinal bars werc not 

confincd 
As indicated by the a hove companson, if t:q (6 1) IS sattsficd amlthc intcrmediatc \ong•tudinal 

bars are \aterally confined, dcflcction capactty of 1/50 can be cnsurcd Thus, it was decided for 

columns w1th axml load mttos bctwccn 113 and 213 that thc arrangcmcnt of lateral reinforcement 

sha\1 fo\low the provtsions of thts scction in adtlitmn to satisfying Eq (6 1 ), providing confmcmcnt lo 
the intermcdtatc Jongttudmal remforccment In addition, while therc is httlc cxpcnmcntal data show~ 

ing the re\attonship bctwcen axta\ load leve! nf ,, boundary column of shcar wa\1, it was dccidcd that 

the arrangement of rcinforccmcnt shnll follow thc rccommcndations of this scction as wcll as fulfi\1~ 

ing the requtrcments of Chapter 6 

(2) Arrangement of Latera 1 Rclnforccrncnt 
In pnnctp\e, the amount nnd arrangcmcnt of lalcml reinforccrncnt m columns or shcar W<t\1 

boundary co\umns subJCCI to htgh a:oal kmd ~hould he dctcrmined constdcr;ng thc factors such as the 
strength and stiffncss of lateral rclnforccment, thc bucklmg lcngth of lnngitudmal rcinforccmcnt, and 

the effcctive cross secttonal are<\ ofthc concrete core. A\though a <;tudy constdering these factors has 

been tried by Kato, in practice howcver, 11 !S dtfricult lo ma~c quantitativc asscs~mcnts Wnh regard 

to the arrangemcnt or lateral rcinforcemcnt wtthin a section, it is recommcndcd 111 the "Ultimate 

Strength and Deforma\ ton Capacity of Butldmgs m Sci.:;mic Dc~ign" that rectangular or sp1ral hoops 

should be provided al a spacing not more than \Ocm Wlthm thc lcngth at leas\ 1.5 limes the clfective 

column depth away from the connechng f:~ce-; of beilms or othcr mcmbcrs In add!llon, auxiliary 

hoops should be arranged to confine at leas! half thc number of intermedia te longitud mal re m force~ 

ment to confine the concrete and any intermedjatc longitudinal rcinforccmcnt (excluding corncr re in~ 

forcements) lt al so recommends that the intermcdiatc longitudinal rcinforccmcnt be confined at thc 

interva\ about 20cm. Thc rcason for thc rccommcnded spacing of 20cm is not stated. llowcver, it is 

thought that thc value was sct con-;idcring that while closely spaccd lateral reinforcements would 

achieve htgh confining effect, they may ob<;trucl the concrete placing work. 1t can also be considcrcd 

that the spacmg of the intennediate longitudmal bars rcquiring conf¡nement could be changcd 

depending on the cross sectional dtmcnsion of columns. In the NZS standards [Ref. 9.5), it is spcci

fied that all the longitudmal reinforcement shall be confined using lateral reinforccment for the cases 

where lhe spacmg bctween mtermediate longttudtnal bars exccctls 20cm llowever, the numcnca\ 
basis for the use of thts valuc tS not made clcar 

Dueto the absence of any cstabilshed methods for dctcrmimng thc requircd amount and 

attangement ofconfinmg retnforccment, thc pre<.,ent sccl!on spcciftc<; that whcrc thc spacmg bctwcen 

longttudinal bars is 20cm or more, al! such bars shall be conftned ustng lateral rcmforcemcnt 

arranged at the spacings given in Tablc 9. ltaking into account thc rccommcnded valucs such as tho-;e 
a hove. 
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9.4 Anchorage and Spltce of Longitudmal Rctnforcement 

Development length ami sphce lcngth of longLtudinal reinforcemcnt shall be of suiTtc1ent 

value for design aciiOns m the yield mechanism assunng design. Remforccment dctatlmg shall 

conform lo the reqmrements of thc "AIJ Standard for Structural Calculation of Reinforced 

Concrete Structures," the "Japane'ic Archncctural Standard Spcclflcation for Rcinforccd 

Concrete Work. JASS-5" and the "(iuLdehnes for Remforccment Dctailtng" published by 

Architcctural lnst1tute of Japan Lap spltcc sh<1ll not be- used for rcinforcmg bar<; of si?c grcatcr 
th.m or equalto 029. 
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[Cmnmcnt:lry) 

( 1) Dcvcloprncnt Length of Longitmlinal Rcmforccmcnt 

Whcrc longitudinal rcinforccmcnt of bcams or columns ts anchorcd by bcnd wttlun beam

column joint, it is ncccs'iafy to cnsurc an adcquatc lcngth agamst thc strcsscs dcvclopcd at the yield 

mechani'int The rcquired length ts bastcally dependen! on fundamental parametcrs such as diameter 

ami strength of longitudmal reinforccmcnt and thc concrete strcngth. In addillon, tt is al so dependen! 

on other parametcrs such as thickncss of covcr concrete, rcinforcemcnt spacing, and the amount and 

arrangcmcnt of lateral reinforccment. llowevcr, bccausc of the lack of experimental data relating to 

the strcngth and dcvelopment length, and the lack of systcmatic analysis of any data available, it is 

currently difficult to estabhsh a ra!Lonal calcula! ion mcthod for the required dcvelopmcnt length 
taking various factors given abovc into considcration. 

For thts reason this chapter makcs only thc rceommcndations dcscribed below for the minimum 

dcvelopment length referring to the current standards, "AIJ Standard for Structural Calculation of 

Reinforced Concrete Structurcs", "Guidelincs for Reinforcement Detailing" and other standards from 

foreign countries, and experimental results in Japan. 

i ) The overall development length shall be that as shown for normal use length in the "AIJ 

Standard for Structural Calculation of Reinforced Concrete Struetures," the "Guidehnes for 
Remforcemcnt Detailing," and ''JASS-5" 

it) Thc verticallcngth (development taillength) shall be 12 times the reinforccment diameter. 

ui) TI1c homontal projected length ldh shall be determined as follows, taking a Jength of 10 

times the reinforcemcnt diamcter as a base for a combination of SD30 reinforcement and 
Fc360 concrc!e 

whcrc ay is thc minimum specified yield strcngth ofthe reinforcement. 

The mintmum development length a hove is recommended bascd on the following discussions: 

1) The dtfference m the development \cngth calculated in accorditnce with the ultimate 

strength design methods in foreign eountrics and the length specified as the nonnal use 

length bascd on the al\owablc stress dcsign method used in Japan is not remarkable. 

Thcrcforc, it ts considered that thc longitudinal reinforccments will be sufTiciently 

anchorcd against !he stresscs developmcnt during the uppcr bound strength defined in these 

guidelines when this nonnal use \ength is ensured. 

ii) Avatlable experimental data mdicate that thc yicld strcngth of reinforccmcnt can be 

achicved and the deflection capacity largcr than the assurance denectton is obtained when 
thc horizontallength above is ensurcd. 

In J<~pnn, many experimental studtes havc bccn carncd out on the anchoragc strcngth and 

dcvc\opmcnt lcngth of rcmforccrncnt In thts scction !he test ICStilts havc hccn reviewed paying aHen

tton lo thc rclationship betwccn anchoragc strcng!h or dcOection capacity and the horizontal 
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projccted length ofrei,¡forccmenL lnthc \c-.t..,thc loadmg paucrn \\,l" cllhcr ( 1) monoton1c unt-dtrcc

tionallens11c loadmg dircctly on rcinfou:cnH:nt" ,ull'horcd wtthin ;¡ column ll'>mg a 90 tk·grcc bcm~ or 

(2) monotonic or cyclic latera\loatling to a mndcl of e' tenor bcarn-to-column JOint Wtth bcam longi

tudinal remforcement anchorcd within thc colunm u"ing 90 dcgrcc bend. ·¡he range of bar dmmetcrs 

used m the tests was DIO-D25 (mamly ()16 or IJilJ) wtlh a y1eld s1rcng1h of approximately 

3300-4000 kgf/cm2, and the rangc of concrete comprcs:-.ivc strcngth 220-420 kgf/cm 2• Thc Interior 

radius of the bend anchoragc was 2--4 d¡,. Thc d;¡t;¡ nf bcams whcrc the bottom rcinforcemcnt 

anchored by bendmg down was in tcns10n werc omtltcd. 

Figure C9.6 shows the relationship bctwccn anchnr:~gc strcngth and the honzontal projectcd 

length oflongitudmal reinforccment, and Hg. Cq 7 shows thc rclationsh1p bctwccn dcflcctiun capac-

ity (limit dcflection anglc) and homontally projcctcd length of longttudinal remforcement. Figure \,' _ 

C9 6 indicates that the y¡clding can he dcvelnpcd whcn thc honmntal proJCCtcd length is 10 or more 

times the longttudinal bar dtamctcr F1gure C9 7 mdicatc:-.that thc dcncct1on capacity larger than 1/50 

can be attained when the horizontal proJcCted lcngth 1'> 10 ltmcs the \ongttudinal bar dtametcr or 

longer. 
Looking at the distribution of matenal strcngth, it is safe s1dc evaluallon lo consider that the 

above results ind1cate the requircd hori7ontal dcvelopmcnt \ength for a combination of 360kgf/cm2 

concrete, which is the uppcr limit of thc -.cope of thc prc~cnt gUtdclincs, and SD30 or SD35 class 

remforcement. For the combinatmn of concrete and rcmforccmcnt with anclthCr strength, 11 is suffl
ctent to rev¡sc the rcquircd length 111 accordancc wtth Eq. (9.3) of this commentary Regarding thc 

extension, the provisions above wcre made refcrring to the values recommcndcd in the "AIJ Standard 
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for Structural Calculation of Reinforced Concrete Sttuctwc~ ( 19RR)" aiHlto forc1gn standards duc 10 
thc scarcity of quantitative data 

(2) Splice Length ofReinforcement 

Where reinforcements are spllced by lapping, bond splitting is an tmportant problem. The 

rcquired lap length sha\1 be decided after the check of bond spliuing in accordatlCC with the provi

sions of Chaptcr 6. Altematively, the minimum lap lcngth m ay he taken as thc normal use Jength 

specificd in the "AIJ Standard for Structural Calculatum of Rcinforced Concrete", ''JASS-5", or thc 
"Guidehnes for Reinforcement Detailing" 
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NO fES AND II.CKNO\\'LEI)(iEMENlS 

A largc numbcr of rcscarch papers writtcn 111 J.lpancsc, which havc bccn rcfcrrctlto in thc orig

inal Japanesc cdttion, are not compllctl tn tlus Engltsh cdttion lt should be notcd that thc contcnts of 

this chapter cann.ot be cstabhshcd unlcss thc grcat contributions of studies conductcd Oy a largc 

number of Japancse rescarchcrs are utlli/elL 
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CHAPTER 10 NON-STRUCTURAI. ELEMENTS 

10.1 Scopc 

Provts\OnS of Chaptcr 10 shall apply for d~-;ign of <:tructural dctailing of reinforced 
concrete non-structural clemcnts placcd wtthin a bcam-column ftamc. Thc provisions may be 

used for non-structural elements othcr than thc rcmfi.nccd concrete com.tructton. 

[Commentary 1 

The dctails of the jomt hetwecn sttuct~ttal mcmhcrs and rctnforccd concrete non-structural 

elements should be designed by thc provtstom nf tlm chapter, 111 order to plan thc desirablc scismic 

bchavior in frames and to ensurc it Thc provis1ons ol tlw; chapter may he applicd for the jointing 

dcsign of non-structural elements other th:1n c!lst-in-concrete such as thc partitions or ex tenor walls 

constructed by bncks, concrete blocks or prcca~t concrete pancls insidc or outs~de of a frame. 

10 2 Design Prmciples 

Rcinforced concrete non-structural clcments, as a general rule, shall be scparated rrom a 
structure by placing gaps, and shall be dc~tgncd not lo inlcrfcre wtlh the structural behavior 

expectcd in both the yield mechanism dcs1gn and thc yicld mechantsm assuring design. 
'-----------------· -·-- --·----· 

[Commentary] 

Reinforced concrete spandrels or wmg walls are oficn constructcd monolithically with a beam

column frame in bUilding constructton in J:tpan. They are usually de:"igncd as non-structural 

members in the structural design. Damages durmg carthquakcs, howcver, rcvcal the \esson that the 

reinforced concrete spandrels or wing wa\ls which are oficn assumcd as non-structural e\ements have 

disturbed the assumed structural behavtar of the frames 111 thc structural design, and then the bchav

ior ofthe non-structural elements caused thc uncxpcctcd damagc of structura\ members. 

The formation of flexura! yield hmgcs tS gencrally planncd al thc hottom of a column at the 

first story and both the ends of a beam at each <:tory 111 tite structura\ destgn bascd on this guideline 

The reinforced concrete spandrel or wtng walls constructcd monoltthtcally with a column at the first 

story may interfere the formation of yield hinge at the bottom or thc column. Also the spandre\s or 

wing walls may interfere the formatLon or ytcld hmgcs at thc heam cnds of more than the second 

story. The non-structural elements casi concrete simultancously with the structural beams and 

columns shou\d be etTectively separatcd by rlactttg gaps hetwccn thc structural and non-structural 

clcmcnts to cnsure the flexura! y1cld mechanl\111 planm:d rm a frallte The non-structural walls al the 

m1dspan ofa beam also should be separatcd f1o111 thc bc,un hy gaps 



:; 

When the spandre\s or wing w:~lls are dcsigncd as structural mcmhcrs, all thc prov1sions givcn 

in Chapters 5, 6, 7 and 9 shall be rcquircd for thcm l11e dcstgn tcdmtquc lo construct a rcinforccd 

concrete spandrel or wing wall as a non-structural clemcnt wnhout gaps has not bcen dcvelopcd yct 

The failure of non-structural c1cments may cause overturnmg or fallmg of thc non-structural 

element itself, and. also the failurc may alTee! the function of non-structural clcmcnt itsclf cvcn if 11 

may not affect the structural mcmbcrs The small rcmforccd concrete non-structural walls, wluch 

have supported the entranc<: doors of each residcnce in a high nsc rco;.tdcntial butldmg,_ cracked 

widely by thc lateral deformatton of the bcam-co\umn frame during thc 1978 Mtyagiken-oki earth

quake. The failure of the non·structural walls affected opening the doors, and thcn the occupant could 

not get out of their residences immcdiatcly ancr the earthquake 
The design to preven! thc failurc or falltng of non-structural elemcnt itself due lo the mcrtm 

force or deformation caused by a beam-column framc dunng an earthquake should comply with 

another guidelmes issued by the AIJ [Re f. 1 0.1) 

10.3 Separation Between Struclural and Non-structural Elemenls 

(1) lf non-structural elemcnts such a<;; spandrels or wmg walls are to be constructcd al y1eld 

hinge region planned in the y1eld mcchanism design, gaps shall be placcd tx.'twccn lhc structural 

and the non-structural elcments at thc cntical section of beams or columns 
(2) lf non-structural elcments are 10 be placed 10 mid-span, gaps shall be placed a long top or 

bottom edges of the non-structural e\cments to ensure lhc formatton of a yicld mcchanism 

planned in the yield mcchanism dcsign 

[Commentary) 

(1) The localions lo separale spandrels or wmg wa\ls from a framc are recommcndcd m Ftgs 

CIO.I(a) and (b) Gaps should be placed al all thc location belween the columns and lhc spandrcls as 

shown in Fig. CIO.I(a). Also gaps should be placed at al! thc location bctwecn thc bcams and the 

wing walls as shown in Fig. C 10.1 (b). The ne;o;ural yield hinges are generally planncd at thc bcam 

cnds in each noor leve! and the bottom of the columns in the fiist noor leve!. The gap should be 

placed at the same location as a fle;o;ural yield hinge planned. 

(2) The local ion lo separate non-structura\ wall at lhe midspan of a bcan1 is recommendcd m 

Fig. CI0.2. This kind of a non-structural wa\1 which is sometimes constructcd in thc restdcntial 

buildings may induce the unexpected addihona\ shear force in the beam by the truss action of the 

DOn..stnlctural wall, so the wa\1 should be separated from the frame to preven! the shcar fatlure of thc 

beam and to ensure the flexura\ yield mechanism planned 
¡,,.. 

•• ! 
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(a) Spandrcl walls (b) Wing walls. 

Fig. C 10.1 Localion ror ~epnration (type-A). 

Fie. C 10.2 Location for stparatlon (typt-8). 

10.4 Details for Separat10n 

( 1) Available gap shall be either complete scparatton typc or shear failure type. 

(2) Minimum gap wtdth ds sh<Jll be givcn by Eq ( 10.1 ): 

ds = Rs hs 1/L 

where Rs: assuring story drift anglc; 

hs: height ofspandrels or wtdth ofwing walls; 

: span \ength of beams or hcight of columns; and 

L : clear span ofbeams or clear heighl of columns. 

[Commentary) 

(10.1) 

(1) In lhc structural dcsign gul(.lc!mcs for rcmfon::cd concrete structures by thc Japan lhulding 
Ccntcr [Ref 10 2], 11 is requircd that thc tlucknc!-.s at thc JOmt bctwccn a non-,.tructural rcinf(¡rccd 
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concrete spandrel or wing wa\1 and :1 cohunn 01 a bc.nn shou\d be lcss th.ln 10 cm Thc severa\ dct:uls 

about the JOint bctv..ccn structural aml nnn-structural clcrncnts havc bccn dcvclopcd to s:llisfy thc 

requirement in lhe guidchncs, ant! :-.omc detads h:tve bccn lestcd lo mvco;tigatc thc slruclural pcri(Jr

mance in the \aboratoncs. 
The relationships' belwccn thc lalcra\\oad :md dtsplaccmcnt by thc tests of the model with thc 

gaps ofcomplete scparation typt· or thc shear failurc type are shmvn m F1gs. C\0.5(a) nnd (b) \Rcfs. 

10.11 and 10. 12]. Thc test rcsults indiemc that thc gap of shcar failure typc as shown 111 Ftg C 1 O 4 

did not anect the structural bchavtor of thc fmmc destgned as the bcam-yic1dmg typc, and !he gap of 

shear fai\ure type was eflCctJve ns wcll as thc complete scparation typc. 

The shear dcpth 1, should he lcss than 0.5 tunes thc wa\1 th1c\.,ness aml\cc;c; than 5 cm li.Jr thc 

gap o fa shear failurc typc. Any othcr dctat1s w1th thc remammg concrete tlnckness <ll the gap shnuld 

be tested and dtscusscd alxmt the cffcctivencss 

cnlumn 

,e.tp 

EE.Il~IIC\\ 
sp,m.trcl "'•1\l 

(a) Perfcct separation typc. 

d,: gap v.ulth~ 

~ 
1 •. \hc:u dcpth 

g.lp 

1 
column t ....,all thicl..nc\\ 

{h) Shcar fai1urc typc. 

t'ig. Ct0.4 A"ailablt" gaps. 

(a) Test with perfect separation type gaps 
(Re[ 10.11] 

(b) Test with shear failurc typc gaps 

(Ref. 10.12]. 

Fig. e 10.5 Tesis of beam-column sub-assmblages with gaps. 
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(2) Thc cnough gap clcarancc shou1d be provided to prcvent thc c1osing of the gap during an 

carthquake. Equation 10 1 for the reqtmcd minnmnn clcarance is derived from an assumption in 

which a beam or column rotales as a rigid hody at thc membcr's cnd as shown in Fig C\06. The 

validity on Eq. 10.1 is cxamtncd by thc empírica\ rcsults [Refs 10.11 and 10.12). 

R. 1/L spandrel 

co\umn ~;_·d_'_" ____ ~ 
f----1-----1 

w: gap w1dth 

Fig. e 10.6 Assumplions of the requlred gap wldth. 
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GUIA DE ESTUDIO 

l. DESEMPEÑO EN SISMOS RECIENTES 

EL NÚMERO DE CONSTRUCCIONES DAÑADAS HA SIDO ELEVADO, 

PRINCIPALMENTE DEFECTOS DE ESTRUCTURACIÓN, FALTA DE DUCTILIDAD, 

EL SISMO DE 85 EN MÉXICO PUSO EN EVIDENCIA TODA LA GAMA 

DE PROBLEMAS, 

EVIDENCIA DE BUEN COMPORTAMIENTO CUANDO SE HAN SEGUIDO 

LAS PRÁCTICAS ADECUADAS, 

LAS MODIFICACIONES AL REGLAMENTO Y NORMAS TÉCNICAS HAN 

SIDO MUY FUERTES, LAS ESTRUCTURAS HAN CAMBIADO RADICALMENTE 

DESPUÉS DE 85. 

2. COMPORTAMIENTO DEL CONCRETO ANTE CARGAS ALTERNADAS . 

PARA ESTRUCTURAS QUE DEBEN RESISTIR EFECTOS SÍSMICOS SE 

REQUIERE UN COMPORTAMIENTO DÚCTIL ANTE CARGAS LATERALES Y UN 

COMPORTAMIENTO ESTABLE ANTE REPETICIONES DE CARGA ALTERNADAS, 

Los CICLOS DE HISTERESIS DEBEN CONTENER UN ÁREA GRANDE PARA 

QUE LA ESTRUCTURA PUEDA DISIPAR ENERGÍA MEDIANTE AMORTIGUA

MIENTO INELÁSTICO, 

EL CONCRETO SIMPLE ES UN MATERIAL FRÁGIL, TANTO EN TENSIÓN 

COMO EN COMPRESIÓN, 

VARIABLES QUE INFLUYEN EN LA CURVA ESFUERZO-DEFORMACIÓN: 

VELOCIDAD DE CARGA, F~ , 

ESTADO BIAXIAL Y TRIAXIAL DE ESFUERZOS Y EL EFECTO DEL 

COMPORTAMIENTO, 

EL CONFINAMIENTO CON ZUNCHO O CON UNA COMBINACIÓN DE ES

TRIBOS Y BARRAS LONGITUDINALES ES EL ÚNICO MEDIO .DE LOGRAR UN 

COMPORTAMIENTO DÚCTIL, 

EL COMPORTAMINETO DESEABLE SE PUEDE LOGRAR SÓLO CUANDO EL 

MODO DE FALLA QUE DOMINA ES EL DE FLEXIÓN O FLEXO COMPRESIÓN 

CON CARGA AXIAL MUY BAJA. 

LA SECCIÓN DEBE SER AMPLIAMENTE SUBREFORZADA, DOBLEMENTE 

ARMADA. 



2. 

SE REQUIERE CONFINAMIENTO EN LAS ARTICULACIONES PLÁSTICAS 

Y ESPECIALMENTE EVITAR EL PANDEO DEL REFUERZO EN COMPRESIÓN, 

LAS FALLAS -POR FLEXOCOMPRESIÓN, CORTANTE, TORSIÓN, ADHEREN

CIA NO GARANTIZAN COMPORTAMIENTO DÚCTIL, 

3. COMPORTAMIENTO DE ESTRUCTURAS HIPERESTÁTICAS 

Los CRITERIOS DE DISEÑO SÍSMICO ACTUALES SE BASAN EN LA 

CONSIDERACIÓN DE QUE SÓLO PARTE DE LA ENERGÍA DEL SISMO SE DI

SIPA POR TRABAJO DE LA ESTRUCTURA EN SU INTERVALO DE COMPORTA

MIENTO LINEAL, 

PARA SISMOS EXCEPCIONALES SE TENDRÁN DEFORMACIONES IN

ELÁSTICAS Y HAY QUE DAR A LA ESTRUCTURA CAPACIDAD PARA ENTRAR 

EN ESA ETAPA SIN DAÑO GRAVE O COLAPSO, 

EL CONCRETO TIENE COMPORTAMIENTO NO LINEAL DESDE NIVELES 

DE CARGA MODERADOS: AGRIETAMIENTO POR FLEXIÓN, 

EL COMPORTAMIENTO NETAMENTE NO LINEAL SE TIENE CON LA 

FLUENCIA DE SECCIONES POR MOMENTO FLEXIONANTE. 

EL COMPORTAMIENTO NO LINEAL IMPLICA REDISTRIBUCIÓN DE MO

MENTOS, LAS SECCIONES QUE SE AGRIETAN O FLUYEN PIERDEN R~GIDEZ 

O SE ARTICULAN Y AUMENTAN LOS MOMENTOS EN LAS ZONAS QUE PERMA

NECEN MÁS RÍGIDAS, 

LA VIGA CONTINUA REPRESENTA UN EJEMPLO SIMPLE DEL FENÓ

MENO DE REDISTRIBUCIÓN, 

EN CADA SECCIÓN EL MOMENTO ACTUANTE ESTÁ LIMITADO POR EL 

MOMENTO RESISTENTE (POSITIVO Y NEGATIVO) QUE DISPONE LA SEC

CIÓN DE ACUERDO CON EL REFUERZO P~OPORCIONADO, 

Los MOMENTOS SE REDISTRIBUYEN DE ACUERDO A LA RESISTENCIA 

DISPONIBLE HASTA QUE SE FORME UN MECANISMO DE FALLA, 

EL MECANISMO DE FALLA QUE SE PRESENTARÁ PUEDE SER SELEC

CIONADO EN LA ETAPA DE DISEÑO AL DEFINIR LOS MOMENTOS RESISTEN

TES DE LAS DISTINTAS SECCIONES, 



3 . 

Es ACEPTABLE DIMENSIONAR LAS SECCIONES A PARTIR DE LOS 

DIAGRAMAS DE ELEMENTOS MECÁNICOS QUE SE OBTIENE DEL A~ÁLISIS 

ELÁSTICOS LINEALES. IDEALMENTE EN ESA CONDICIÓN SE ALCANZA 

SIMULTÁNEAMENTE LA CAPACIDAD DE TODAS LAS SECCIONES.· 

TAMBIÉN ES FACTIBLE DIMENSIONAR PARA ELEMENTOS MECÁNICOS DI

FERENTES DE LAS ELÁSTICAS Y QUE CUMPLAN CON EL EQUILIBRIO. 

Los CRITERIOS DE DISEÑO DE LAS NORMAS ACTUALES EXIGEN 

DISEÑAR DE MANERA QUE SE PRESENTEN MECANISMOS DE FALLA DÚC

TILES Y TOMAR FACTORES DE SEGURIDAD ADI-CIONALES PARA MODOS -

DE FALLA FRÁGILES O QUE CORRESPONDAN A UN COMPORTAMIENTO CON 

DETERIORO. 

4. CRITERIOS DE DISEÑO SÍSMICO 

ESTO SE BUSCA MEDIANTE EL MANEJO DE FACTORES DE RESISTEN

CIA DIFERENTES O MEDIANTE LA REVISIÓN DE CONDICIONES DE EQUI

LIBRIO LOCAL (DE NUDO, DE ENTREPISO, DE VIGA O DE COLUMNA), 

VER EJEMPLOS, 

PoR ESTAS CONDICIONES EL DIMENSIONAMIENTO SE ALEJA MUCHO 

DE LOS RESULTADOS DEL ANÁLISIS ELÁSTICO, 

Los CÓDIGOS PERMITEN REDUCCIONES A LOS COEFICIENTES SÍS

MICOS DEPENDIENDO DE QUÉ TAN SEVEROS SON LOS REQUISITOS QUE 

SE OBSERVAN PARA GARANTIZAR UN COMPORTAMIENTO DÚCTIL. 

Los CÓDIGOS ESTABLECEN REQUISITOS DE RIGIDEZ Y DE RESIS

TENCIA. Los PRIMEROS (DESPLAZAMIENTOS ADMISIBLES) DEF'INEN 

ESENCIALMENTE LAS DIMENSIONES DE LOS ELEMENTOS ESTRUCTURALES, 

LOS SEGUNDOS EL REFUERZO, LA DISTRIBUCIÓN DEL REFUERZO LONGI

TUDINAL Y TRANSVERSAL OBEDECE LA BÚSQUEDA DE LOS MECANISMOS DE 

FALLA DÚCTILES. 

LAS REDUCCIONES POR DUCTILIDAD DE LOS COEFICIENTES SÍSMI

COS DEBEN LIMITARSE PARA EVITAR DAÑOS FRECUENTES Y REPARACIO

NES COSTOSAS. 



4. 

5. SISTEMAS ESTRUCTURALES 

LA ELECCIÓN DEL SISTEMA ESTRUCTURAL APROPIADO ES EL PASO 

BÁSICO DEL DISEÑO, 

ADEMÁS DEBE EVITAR COMPORTAMIENTOS INDESEABLES POR CONCENTRA

CIÓN DE FUERZAS, AMPLIFICACIONES, VIBRACIONES TORSIONALES, ETC, 

PoR ELLO DEBE BUSCARSE UN SISTEMA REGULAR Y SIMÉTRICO, 

TAMBIÉN SE DEBEN EVITAR CONCENTRACIONES DE FUERZAS EN LA CIMEN

TACIÓN, 

EL MARCO "RÍGIDO" ES UN SISTEMA RELATIVAMENTE FLEXIBLE CON EL 

QUE RESULTA DIFÍCIL LIMITAR LOS DESPLAZAMIENTOS LATERALES A 

LOS VALORES ADMISIBLES EN EDIFICIOS DE CIERTA ALTURA, 

CONVIENE RECURRIR A RIGIDIZAC!ÓN DE LOS MARCOS CON MUROS DE 

CONCRETO DE OTROS ELEMENTOS, 

6. MARCOS DÚCTILES 

LA ESTRUCTURACIÓN A BASE DE MARCOS PERMITE ALCANZAR GRAN

DES DUCTILIDADES, PARA ELLO DEBEN OBEDECERSE REQUISITOS ES

TRICTOS DE DISEÑO Y DETALLADO DE LAS VIGAS, COLUMNAS Y CONEXIO

NES VIGA-COLUMNA, 

Los REQUISITOS DEL RDF87 Y DEL ACJ SON SIMILARES A ESTE 

RESPECTO, Sus OBJETIVOS SON QUE LAS ARTICULACIONES PLÁSTICAS 

SE PRESENTEN EN ZONAS ESPECIALMENTE DETALLADAS PARA ALCANZAR 

GRANDES DUCTILIDADES Y QUE AÚN LAS SECCIONES DONDE SE ESPEREN 

ARTICULACIONES PLÁSTICAS SE PROTEJAN CONTRA FALLA FRÁGIL, 

RESUMEN DE REQUISITOS PARA VIGAS: 

CUANTÍA MÁXIMA DE REFUERZO IGUAL A 50% DE LA BALANCEADA, 

TENER UN REFUERZO MÍNIMO POSITIVO Y NEGATIVO EN TODAS 

LAS SECCIONES (pMIN = 14/Fy); MÍNIMO DOS BARRAS EN CADA 

LECHO, 

COLOCAR EN LOS EXTREMOS REFUERZO POSITIVO QUE PROPORCIONE 

UN MOMENTO RESISTENTE IGUAL POR LO MENOS A LA MITAD DEL 

NEGATIVO, 



PoR LO MENOS UNA TERCERA PARTE DEL REFUERZO NEGATIVO 

DEBE EXTENDERSE HASTA UN CUARTO DEL CLARO Y UNA CUARTA 

PARTE DEBE SER CONTINUA EN TODO EL LECHO SUPERIOR, 

5. 

No CORTAR REFUERZO EN ZONAS DE POSIBLES ARTICULACIONES 

PLÁSTICAS (A 2D DEL APOYO); SI NO PUEDEN EVITARSE TRAS

LAPES DEBERÁN COLOCARSE ESTRIBOS A LO LARGO DE LOS MISMOS, 

EsTRIBOS, MÍNIMO #3, A D/2 EN TODA LA VIGA Y A D/4 EN UNA 

DISTANCIA DE 4 PERALTES A PARTIR DEL APOYO, EN ESTA ZONA 

A, ~ O.l5A; ~ ó 0~15As ~ 
EN LA ZONA DE ARTICULACIÓN PLÁSTICA (2D DEL APOYO) LAS 

BARRAS QUE DEBAN TRABAJAR EN COMPRESIÓN DEBERÁN ESTAR -

CONFINADAS POR ESTRIBOS (MÍNIMO #3) A UNA SEPARACIÓN NO 

MAYOR DE 16 0 NI 30 CM, 

DEBE D!SE~ARSE PARA LA FUERZA CORTANTE QUE SE PRESENTA EN 

LA VIGA CUANDO SE ALCANZAN LOS MOMENTOS ÚLTIMOS EN LOS EX

TREMOS, ESTO ES CON LA FINALIDAD DE QUE PUEDA DESARROLLAR 

SE UN MECANISMO DE FALLA POR FLEXIÓN, 

RESUMEN DE REQUISITOS PARA COLUMNAS: 

CUANTÍA DE REFUERZO ENTRE l Y 6% 

LA SUMA DE LAS CAPACIDADES EN FLEXIÓN DE LAS COLUMNAS QUE 

CONCURREN A UNA UNIÓN DEBE SER MAYOR QUE LA SUMA DE CAPA

CIDADES DE LAS VIGAS QUE CONCURREN A LA MISMA, [STO TIEN

DE A ASEGURAR QUE LAS ARTICULACIONES PLÁSTICAS SE FORMEN 

EN LAS VIGAS. No DICE CUÁNTO DEBEN SOBREDISEÑARSE LAS 

COLUMNAS, 

SI p ~ 0,4 PB (CARGA AXIAL PARA FALLA BALANCEADA) DEBEN -

RESPETARSE EN LA COLUMNA LOS MISMOS REQUISITOS QUE PARA 

VIGAS, 

CUANDO P> 0,4 PB HAY QUE CONFINAR EL NÚCLEO DE LA COLUMNA 

POR MEDIO DE ESPIRAL O ESTRIBOS EN UNA DISTANCIA IGUAL A 

UN PERALTE, l/6 DE LA ALTURA DE LA COLUMNA O 45 CM (EL 

MAYOR DE LOS TRES) A PARTIR DE LA CARGA DE LA VIGA, 
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LA CUANTÍA DE REFUERZO ESPIRAL SERÁ 

es = 0.45 

EL ÁREA DE ESTRIBOS DE CONFINAMIENTO SERÁ POR LO MENOS 

IGUAL A SH NO MAYOR QUE 10 CM, 

PARA REDUCIR LA LONGITUD j PUEDEN EMPLEARSE GANCHOS DEL 
H 

MISMO DIÁMETRO QUE LOS ESTRIBOS CUYA DEFORMACIÓN REQUIERE 

RETRINGIR, 

SEPARACIÓN MÁXIMA DE ESTRIBOS: D/2; DISEÑADOS PARA RESis

TIR EL CORTANTE QUE SE INTRODUCE EN LA COLUMNA AL FORMARSE 

LAS ARTICULACIONES PLÁSTICAS EN LAS VIGAS, 

LAS CONEXIONES VIGA-COLUMNA SON PUNTOS CRÍTICOS DEL COMPO~

TAMIENTO DE.UN MARCO, HA HABIDO FALLAS FRECUENTES SOBRE TODO 

POR ANCLAJE INADECUADAS DEL REFUERZO DE LAS VIGAS. 

LAS CONEXIONES EXTREMAS SON MUCHO MÁS CRÍTICAS QUE LAS IN

TERIORES, 

SE REQUIERE REVISAR LAS CONEXIONES: 

A) PoR CONFINAMIENTO PROLONGANDO EL REFUERZO TRANSVERSAL A 

LOS EXTREMOS DE LA COLUMNA, DENTRO DE LA CONEXIÓN CON LA 

TRABE, 

B) POR CORTANTE, REVISANDO LA CONEXIÓN PARA UNA CONDICIÓN DE 

CORTANTE ÚLTIMA, 

C) POR ANCLAJE; EVITANDO TRASLAPES; DANDO LONGITUD DE ANCLAJE 

SUFICIENTE A LAS BARRAS LONGITUDINALES (ESTO RIGE EL TA

MAÑO DE LA COLUMNA), DANDO UN TAMAÑO SUFICIENTE A LA VIGA 

Y A LA COLUMNA PARA PERMITIR LA INVERSIÓN DE ESFUERZOS, 

7, LOSAS PLANAS 

AL NO TENER VIGAS FRANCAS SE LIMITA EL EFECTO DE MARCO; 

RESULTAN SISTEMAS MUY FLEXIBLES Y CON PROBLEMAS DE CORTANTE EN 

LA CONEXIÓN LOSA-COLUMNA, 
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GRAN NÚMERO DE FALLAS OBSERVADAS EN ESTE SISTEMA, 

Es NECESARIO QUE TENGAN OTROS ELEMENTOS QUE TOMEN CARGAS 

LATERALES (MUROS), 

EL REGLAMENTO DEL DISTRITO FEDERAL DA REQUISITOS DE ANÁ

LISIS (ANCHO EQUIVALENTE DE LOSA) Y DE DIMENSIONAMIENTO DE RE

FUERZO EN LOSA Y EN LA CONEXIÓN, PARA QUE RESISTAN EFECTOS -

SÍSMICOS, LA EFICIENCIA ES LIMITADA, 

EL REFUERZO POR SISMO DEBE CONCENTRARSE EN LAS NERVADU

RAS DE EJE DE COLUMNA Y DEBE PROPORCIONARSE REFUERZO DE COR

TANTE EN UNA VIGA AHOGADA, 

8. MuRos DE CoNCRETO 

MAL LLAMADOS MUROS DE CORTANTE, TRABAJAN PRINCIPALMENTE 

POR FLEXIÓN, 

PUEDEN ALCANZAR GRAN DUCTILIDAD SI SE DETALLAN APROPIADA

MENTE, PoR SU ALTA RIGIDEZ TIENDEN A CONCENTRAR LAS FUERZAS 

SÍSMICAS, 

REQUIEREN REFUERZO VERTICAL Y HORIZONTAL EN EL ALMA Y, 

ESPECIALMENTE, REFUERZO EN SUS EXTREMOS PARA QUE CUANDO TRABA

JEN ESTAS EN COMPRESIÓN NO SE PRODUZCA FALLA FRÁGIL, 

Los ELEMENTOS EXTREMOS DEL MURO DEBEN DETALLARSE COMO CO

LUMNAS DÚCTILES. 

Los HUECOS Y ABERTURAS REQUIEREN DE DETALLADO ESPECIAL, 

REFERENCIAS 

l. PARK R. Y T. PAULAY "REINFORCED CONCRETE STRUCTURES", J. 

WILEY, 1975. 
2. DOWRICK, D.J, "EARTHQUAKE RESISTANT DESIGN", 2A EDICIÓN. 

J. WILEY, 1988. 
3. BAZÁN, E. Y R. MELI "MANUAL DE DisENo SísMico DE EDIFICios", 

LIMUSA, 1985. 
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4. LoERA, S. "MANUAL DE LAS NoRMAS T~CNICAS DE DisEAo v CoNs

TRuccióN DE ESTRUCTURAS DE CONCRETO DEL RDF 87", INSTITUTO DE 

INGENIERÍA, 1991. 



REQUISITOS DE DUCTILIDAD 

PARA ESTRUCTURAS DE CONCRETO 

ROBERTO MELI 
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ESTRUCTURAS DE CONCRETO REFORZADO ( I ) 
Aspectos fundamentales sobre elementos viga y columna, 

comentarios sobre estructuras de cimentación 

l. Introducción. 

Osear López Bátiz 
CENAPRED 

Delfin Madrigal 665, Coyoacán D.F. 

Las estructuras de concreto reforzado son estructuras heterogéneas producto de la combinación o mezcla de m·ateriales 
con caracteristicas diferentes como son el concreto y el acero de refuerzc, los procedimientos de disefto para estas 
estructuras consideran las propiedades de estos materiales en sus planteamientos. El uso del concreto reforzado 
comenzó en la segunda mitad del siglo XIX, desde los inicios de su empleo hasta la actualidad, la calidad de ambos 
materiales se ha incrementado, también las tecnologías de construcción y los procedimientos de disefto han avanzado 
de manera que las estructuras de concreto reforzado son de reconocida imponancia en los ámbitos arquitectónico e 
ingenieril. Principalmente, en las décadas recientes los avances en el conocimiento sobre el componarniento de los 
materiales y las estructuras de concreto refor.zado han sido importantes. 
Entre las propiedades importantes del concreto reforzado se encuentran la gran resistencia al fuego y efectos de 
intemperismo, la estabilidad de su durabilidad, el poco costo que requiere la supervisión durante su construcción, la 
versatilidad para su empleo en formas arquitectónicas caprichosas, propiedades que constituyen la fuerza que genera 

. avances en la tecnologla y conocimientos sobre el concreto reforzado. As!, a partir del inicio del siglo XX, 
prácticamente cada pals cuenta con códigos y manuales propios para disefto y construcción de este tipo de estructuras. 
Para lograr los códigos y manuales actuales para estructuras de concreto reforzado, en su elaboración y modificación 
se han incorporado tanto los materiales y técnicas comlirunente empleados, como aquellos avances logrados sobre 
calidad de los materiales y sobre las tecnologlas de diseño y construcción. Sin embargo, debido a la velocidad con 
que se logran materiales nuevos y de mejor calidad, a la rapidez con que aparecen nuevas tecnologías en procesos 
constructivos y métodos de análisis estructural, surge la necesidad de revisar con mayor frecuencia la normatividad 
de diseño y c.anstrucción para este tipo de estructuras. 
Respecto a procedtmientos o métodos para disei\o estructural de estructuras de concreto reforzado, a partir de 1953 
el Comité Europeo del Concreto (CEB) inició un proceso de revisión de sus códigos y manuales. Durante los años 
1964 y 1970, este comité mtrodujo un procedimiento nuevo, e· ::sistente en el disefto racional basado en la teoría de 
probabilidades y confiabilidad estructural. 
Posterior a una recopilación de información experimental y te ~ca, se le dio forma a la ultima versión del código 
en 1991. Sin embargo, la muestra de información experimenta• todavía no es suficiente, provocando que el código 
CEB-1991 se constituya como una filosofia de disefto a considerar o una opción para desarrollar un diseño estructural 
lógico y razonado. 
Los objetivos del disefto estructural, son proporcionar al dueño un inmueble que cubra las necesidades y con las 
características que desea, generalmente esas necesidades pueden resumirse como: 
1) Asegurar, con una estructura, el proporcionarniento de un espacio vital para un propósito determinado. 
2) Durante el periodo de vida util, dicha estructura deberá satisfacer las condiciones de servicio para las que fue 
creada. 
3) Los costos de construcción y manteninaiento, entre otros que conforman el costo total del inmueble, deberán tender 
a la optimización. 
Respecto al segundo punto, las condiciones y características que deberá cubrir la estructura a diseftar variarán 
dependiendo de la función que se asigne al inmueble. En condiciones de servicio, una estructura deberá mantener su 



estabilidad ante grandes deformaciones y vibraciones. En el caso de ostructuras de concreto reforzado, donde la 
presencia de grietas de gran apertura facilitarla el efecto del,intcmpcrismo en el acero de refuerzo y la consecuente. 
degradación de resistencia y rigidez, es necesario limitar el ancho máximo de grieta dentro· de un valor determinado, 
el cual es considerado al plantear las formulaciones de resisten~ia en los códigos y reglamentos. De igual manera, 
las condiciones de servicio de una estructura deberán mantenerse ante la incidencia de carga cfclica, como son los 
casos del sismo y el viento. 
Ante carga sfsmica o de viento, el diseño de las estructuras se plantea para que mantenga su estabilidad total ante la, . 
incidencia de la carga o efecto máximo esperado durante el período de vida útil del inmueble por efecto de dichos 
fenómenos naturales. 

2. Materiales. 

2.1 Concreto. 
Dentro de las Caracteristicas mecánicas que posee el concreto, la de mayor importancia es la resistencia a la 
compresión axial ( a 8 ). Las resistencias a tensión, flexión, cortante, de adherencia, asf como el módulo de elasticidad 
del concreto, presentan una fuerte relación con la resistencia a la compresión axial, por lo que se considera a esta 
propiedad como la representativa del concreto. 
Cuando al concreto se le sujeta a esfuerzos monotónicamente crecientes, la estructura del mismo va sufriendo de 
fracturamiento en su estructura interna, por lo que la curva esfuerzo-deformación de este material se presenta como 
la mostrada en la Fig.l, en esta figura la curva presenta una pendiente que decrece a mayor esfuerzo y, 
aproximadamente a 0.2% de deformación se alcanza la resistencia máxima a compresión del material, posterior a esta 
deformación los esfuerzos en el concreto decrecen con rapidez alcanzándose el aplastamiento a una deformación 
unitaria de 0.3 a 0.4 %. 
Debido a que la curva esfuerzo-deformación del concreto no es lineal, para determinar el módulo de elasticidad del 
material existen diferentes procedimientos. Un procedimiento comúnmente empleado es defrnir el módulo de 
elasticidad del concreto a panir de la curva esfuerzo-deformación, definiéndose como la pendiente de la secante al 
ongen del punto de la curva para un esfuerzo de 1/3 la resistencia a compresión. También, el módulo de elasticidad 
del concreto se define en la mayoría de los códigos y reglamentos de diseño como función de la resistencia a 
compresión registrada en un ensaye uniaxial, y sin considerar el efecto de creep en el matenal se deftnen las 
siguientes ecuaciones: 

RDF Ec = 14000 x (a8 )
0
·' (kgflcm') 

ACl Ec = y1
' X 0.14 (as)'~ (kgflcm', para valores y= 1440 a 2480 kgflm') 

AIJ Ec = 2.1 X 10' X (y/2.3)'' X (a8 /200)01 (kgflcm') 

donde: RDF: Reglamento del Distrito Federal, México; ACI: Reglamento del Instituto del Concreto de los Estados 
Unidos de Norteamérica; AIJ: Reglamento del Instituto de Arquitectos de Japón; Ec: módulo de elasticidad del 
concreto; y: peso volurnétnco del concreto. 

La resistencia a tensión del concreto tiene estrecha relación con la resistencia a compresión, para resistencias a la 
compresión entre 180 y 240 kgflcm' la resistencia a tensión generalmente se considera como 1110 de la resistencia 
a compresión obtenida de pruebas uniaxiales en cilindros estándar. 
La resistencia a compresión del concreto y su capacidad de deformación varian notoriamente de acuerdo a los 
esfuerzos conftnantes a los que esté· sujeto el-material. Asf, en la Fig.2, se presentan los resultados de pruebas a 
compresión realizadas en cilindros de concreto sujetos a esfuerzos conftnantes proporcionados con liquido dentro de 
una cámara triaxial. Se observa un incremento notable de la resistencia a compresión de los cilindros, sin embargo, 
al considerar el concreto dentro de un elementos estructural donde el confinamiento se lo proporcione el acero de 
refuerzo longitudinal y principalmente transversal, la distribución de esfuerzos confinantes no presenta la misma 

,, 



mecánicos de la misma sección, producto de las cargas a las que se sujete el elemento (mo¡;,cnto flexionante y carga 
axial). · · 
El principio de Bemoulli es una hipótesis razonable en la zona a compresión del concreto, pero no es estrictamente 
aplicable en la vecindad del agrietamiento. Sin embargo, es apli~le a la deformación P''' lensión media de la zona 
agrietada. El principio de Bemoulli no se cumple totalmente en regiones sujetas a alto:· e:.[uerzos de cortante 

3 .1.2 Cálculo de la resistencia por flexión. 
La resistencia ultima de un elemento bajo un estado de esfuerzos producto de flexión se dr.iinc cuando la deformación 
unitaria máxima en el concreto de la fibra extrema a compresión de la sec:'ón transversal analizada alcanza un valor 
especificado, para el cual los reglamentos de disefio gener.almente recomieajan valores que varian de 0.003 a 0.004. 
La mayoria de los reglamentos de construcción hipoteti= la distribución de esfuerzos o compresión en la sección 
transversal como rectangular defmida por dos o tres parámetros, de tal modo que la resl!ltante de esta distribución 
rectangular y la resultante y la posición de la misma, producto de considerar la curva cs!u:rzo - deformación "real" 
uniaxial del concreto, sea la misma. Asl, se presentan distribuciones esfuerzo- deformaciór. ,;implificadas en secciones 
sujetas a flexión corno las presentadas en la Fig.7, donde se muestran aquellas disu ibuciones adoptadas en las 
reglamentos RDF, ACl y AU. Resultando en fórmulas para el cálculo de resistencia úllima como las siguientes: 

RDF M = (A,. - A.J fy (d - a/2) + A,. x fy (d - d') 

ACl 

si, (p1 - pJ ~ ( 4800 1 (6000 - f',) ] X ( (d' X 0.85 a 8) 1 (d X f',) ] 

Cuando no se cumpla, M se determinará con un análisis de la sección basado en las hipótesis 
básicas de análisis por flexión. 

si, (A,- A,J 1 (b X d) ~ 0.85 f3 1 ( (a8 X d') 1 (f', X d)] 6115 1 (6115- f,) 

M = (A. - A,J f', (d - a/2) + A,. X fy (d - d') 

donde, a= (A,- A,) f, 1 (0.85 a, x o) 

si, (A, - A,) 1 (b x d) es menor que el valor indicado, A,. puede no considerarse. 

AU M = cr8 x b x D1 {g 1 (A. x f',Y(cr8 x b x D)) 

donde, AK: área del acero de refuerzo en compresión; b: ancho de la sección transversal del elemento; d: peralte 
efectivo de la sección transversal; p,: cantidad de acero de refue~ longitudinal a tensión; p,: cantidad de acero de 
refuerzo longitudinal a compresión; p,: factor que depende de la resistencia a compresión del concreto (p, = 0.85 para 
o,,; 280 kgf!cm1

, el valor de p, disminuye en 0.05170 kgflcm'); d': dimensión del recubrimiento de concreto; 
g1: distancia entre los centroides de fas barras a tensión y compresión!D; 0: peralte de la sección; A.,: área del acero 
de refuerzo a tensión; f,: esfuerzo de fluencia del acero a tensión. 

3.1.3 Factores que afectan la resistencia, capacidad de deformación y ductilidad de un elemento 
estructural a flexión. 
Como se puede discernir de las fórmulas para calcular la resistencia de elementos de concreto reforzado sujetos a 
flexión, la resistencia a la fluencia por tensión del acera de refuerzo empleado y la resistencia a la compresión del 
concreto . junto con las dimensiones de la sección transversal, determinan básicamente la resistencia de un elemento 
de concreto reforzado ante el agnetamiento, la fluencia y la carga últ'-,..o por flexión. 
Como se aprecia en la Fig.8, donde se muestra una representación t!pic. . " una relación momento-curvatura para una 
sección transversal de un elemento de concreto con una cantidad de acero de refuerzo menor o igual al acero de 
refuerzo para la falla balanceada (falla balanceada es aquella cuando el concreto alcanza su deformación unitaria 
máxima al mismo tiempo que el acero de refuerzo fluye por tensión), otros parámetros importantes que determinan 



la calidad estructural del elemento son la capacidad de deformación (considerada como la ductilidad del elemento) 
y su capacidad para disipar energta incidente ante carga monotónicamente creciente o c!clica. 
La ductilidad o capacidad de deformación post-fluencia, se define como la relación entre la deforn1Roión (curvatura) 
última alcanzada y la deformación (curvatura) al punto de fluencia: 

Asumiendo una relación esfuerzo-deformación, se determina la posición del eje neutro al alcanzar el momento de 
fluencia en la sección (e,). Por relaciones trigonométricas se define la curvatura a la f)uencia como se indica: 

donde, &,: deformación unitaria a la fluencia por tensión en el acero de refuerzo. 

Siguiendo un procedimiento similar se determina la posición del.eje neutro al alcanzar la resistencia última de flexión 
(e,), y se determina la curvatura ultima de la sección transversal: 

oj>,= &~ 1 (e,, x d) 

donde: E~: es la deformación unitaria en la fibra extrema del concreto a compresión en la sección transversal. 

Para secciones transversales rectangulares se pueden definir las expresiones para el calculo de la posición del eje 
neutro medido desde la fibra a compresión, e, y e,, como se muestra: 

. e, = [ (n x p.)' + 2 x n x p, ]" - n x p, 

e,, = (p, - pJ f,. 1 a8 

donde, n = E,IE" E, es el módulo de elasticidad del acero de refuerzo y E, es el módulo de elasticidad del concreto; 
p,: cantidad de acero de refuerzQ a tensión ( = A,. 1 b x d); p,: cantidad de acero de refuerzo a compresión 
(=A~ 1 b X d). 

Analizando la última expresión, se aprecia que la presencia del acero de refuerzo a compresión, contribuye a disminuir 
la localización del eje neutro respecto a la fibra extrema a compresión, provocando un aumento en la curvatura última 
y por tanto mayor capacidad de deformación. La ductilidad de la sección trnÍlsversal se puede definir entonces: 

11 = $, f. 4>, = •~ (l - e,) 1 r., (e,) 

Defmiendo al parámetro "lndice de refuerzo q (= [p, - pJ f,. 1 a 8 )" y, por medio de las expresiones para determinar 
e,, e,, y 1'· se establece una relación entre este lndice de refuerzo q y la ductilidad de la sección transversal analizada 
¡J., se obtienen gráficas como las mostradas en la Fig.9. De la gráfica se entiende lo siguiente: a) a menor valor del 
lndice de refuerzo, la capacidad de ductilidad del elemento aumenta; b) a mayor cantidad de acero de refuerzo en la 
zona a compresión, mayor será la capacidad de deformación post-fluencia del elemento; e) conjugando adecuadamente 
los dos aspectos anteriores, se puede asegurar que un elemento presente falla por flexión con suficiente capacidad de 
deformación post-fluencia (ductilidad). ' · 
La capacidad de absorber energla por medio de deformación se puede cuantificar, de una relación momento-curvatura 
monotónicamente creciente como la·de la Fig.8, como el área comprcnwda bajo dicha curva. 
Considerando un segmento de longitud unitaria del elemento estructural, cuyo comportamiento se asume 
elasto-plástico perfecto, la energ!a absorbida por deformación se puede representar con la siguiente expresión: 

U = a 8 x b x d [&~-c., x r., 1 2 (1 -e,.)) (l - 0.425 c1.) 
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Analizando la expresión anterior se puede concluir que el incremento de las dimensiones de la sección transversal 
y la resistencia a la compresión del concreto, afectan en proporción directa el incremento en la capacidad de absorción 
de cnergla del elemento. Igualmente, incrementado la deformación unitaria última del concreto en la sección 
transversal, lo que se puede lograr con mayor y mejor colocación del acero de refuerzo lateral, se obtiene el efecto 
de incrementar la capacidad de deformación post-fluencia y, por lo-tanto, la capacidad de absorción de energfa es 
mayor. Comparativamente con los parámetros anteriores, incrementos en p, y f, no presentan un efecto directo en la 
capacidad de deformación y de absorción de energfa de los elementos estructurales. De la expresión para el cálculo 
de e,, se concluye que aumentando la cantidad de acero a compresión el valor de e,, disminuye, lo que repercute en 
incrementar la capacidad de absorber energfa del elemento. 
Cabe mencionar que los factores antes citados tienen un efecto similar en elementos sujetos a efectos de flexo
compresión. En el caso de estos últimos, resulta también de gran importancia el confinamiento adecuado del concreto 
del núcleo y el proporcionar limites permisibles de carga axial. 

3.2 Comportamiento de elementos sujetos a flexocompresión. 
En estructuras a base de marco momento resistentes, los elementos columna en la mayorfa de los casos estarán sujetos 
a carga axial y momento flexionante (uniaxial y biaxial). En otros casos, aunque teóricamente la columna este sujeta 
únicamente a carga axial, por problemas de control de calidad en la etapa constructiva se generan desviaciones en 
el dimensionamiento y distribución de las secciones transversales, provocando excentricidad de la carga axial respecto 
al eje del elemento, lo que genera momento flexionante a considerar en el diseflo de dicho elemento. 
Respecto a las hipótesis básicas para análisis de elementos sujetos a flexo-compresión, estas son exactamente las 
mismas que aquellas consideradas para elementos bajo flexión simple. 

3.2.1 Diagrama de interacción. 
La resistencia de la sección tr.m.sversal a una fuerza de compresión. se reduce con la presencia del momento 
flexionante. El diagrama de interacción representa el lugar geométrico de los puntos que indican la carga axial y 
momento flexionante que provocan que un elemento alcance su resis., .:oia última (delormación unitaria última en 
la fibra extrema a compresión de la sección transversal), su representac .. :. gráfica se muestra en la Fig.l O. Asf, para 
una curva de interacción determinada, si la columna esta sujeta a una combinación de momento flexionante y carga 
axial que esté en el interior de dicha curva., el elemento se encuentra del lado de la seguridad. Contrariamente, si la 
combinación está fuera de la curva., la columna estará propensa a la falla 
Como se muestra en la Fig.l O, existen tres puntos imponaotes que definen las caracterfsticas de resistencia en el 
diagrama de interacción de una columna El punto localizado donde el diagrama iotersecta al eje vertical, corresponde 
a una columna sujeta únicamente a compresión axial. ".ero producto de la excentricidad existente por problemas 
intrinsecos aL proceso de construcción, se recomienda :· :n diseno el uso de J.ln valor mínimo de excentricidad de 
disctlo (e.,.), dando como resultado una disminución de la resistencia por compresión hasta alcanzar la curva original 
en el punto A. El punto B representa el estado de falla denominado "falla balanceada", en el cual la deformación 
unitaria última en el concreto a compresión se alcanza al mismo tiempo que el acero de refuerzo fluye a tensión. Al 
momento flexionante y carga axial representativos de este punto se les llama momento y carga balanceada, y a la 
relación entre el momento flexionante y la carga axial correspondiente a esta falla balanceada se le denomina 
cxta~tricidad balanceada (e,). El diagrama de interacción se intersccta con el eje horizontal en el punto que representa 
al elemento en flexión pura, representando obviamente el momento de falla por flexión uniaxial. La parte del 
diagrama de interacción correspondiente al elemento bajo tensión axial y flexión, se calcula de la misma manera que 
para compresión y flexión, sin embargo, es un estado poco común e indeseable en el diseno de estructuras de concreto 
de mediana altur.l. 
La determinación del punto de la falla balanceada es importante desde el punto de vista de los reglamentos para 
disc.tlo estructural, porque para elementos cuya excentricidad sea menor que la excentricidad balanceada (e,), antes 
que el. acero de refue12.0 longitudinal fluya por tensión se presenta la falla por aplastamiento en el concreto sujeto 
a esfuerzos de compresión, denominándose a este rango de "falla.por aplastamiento" (es una falla de tipo poco dúctil). 
Si la excentricidad en el elemento es mayor que la balanceada, se encuentra en el rango de "falla por tensión" (falla 
con taracterfsticas dúctiles). 
En la Fig.ll se muestra., para un diagrama de interacción carga aiial -momento flexionante de una sección transversal 



detenninada, el rorrespondiente diagrama de curvatura última calculada. Se aprecia que para cargas axiales menores 
que la carga axial correspondiente a la falla balanceada, la curvatura correspondiente al momento de falla presenta 
un brusco incremento. Contrariamente, si la carga axial incidente es mayor que la balanceada, la capacidad de 
deformación post-fluencia tiende a ser nula. Es por lo anterior que al diseftar una rolumna ante efectos slsmicos se 

(proponga un límite en la carga axial permisible. · 
En el caso de columnas sujetas a flexión biaxial y compresión existCil dos formas tlpicas de encontrar la resistencia 
última de estos elementos. Una es la solución por tanteos, que consiste en encontrar el valor máximo de la carga axial 
"P" que actúa fuera de dos planos de simetria, a excentricidades e, y e,.. Esta condición es equivalente a considerar 
una carga axial P y dos momentos flexionan tes, M,= P x e, y M,= P x e,.. Para un elemento con geometria y 
excentricidades dadas, aplicando el procedimiento básico para elementos sujetos a flexo-compresión paniendo de 
conocer las caracteristicas esfuerzo-deformación de los materiales, iterativamente se puede obtener el valor máximo 
de la carga P que actúa a las excentricidades dadas. Este proceso predice satisfactoriamente la resistencia del 
elemento, pero es muy laborioso. Sin embargo, para casos particulares comúnmente empleados en la práctica, se han 
desarrollado diagramas de interacción empleando computadora electrónica y se muestran en algunos reglamentos. 
La otra forma de obtener la resistencia última de este tipo de elementos es aproximada, siendo un ejemplo típico la 
llamada "Fórmula de Bresler". Bresler desanolló una expresión simple para calcular los valores máximos de carga 
axial de compresión que actúa a excentricidades e, y c., en secciones rectangulares con distribución simétrica de 
refuerzo longitudinal. La expresión que propone es la siguiente: 

1/P, = 1/P, + IJP,- I/P0 

donde, P~ carga normal máxima que actúa a excentricidades e, y e,; P,: carga normal máxima a una excentricidad 
e,-(e,= O); P,: carga normal máxima a una excentricidad e, (e,- O); P,: carga axial máxima que puede resistir el 
elemento (e,= c.,= 0). • 

Es evidente que el problema se reduce a una combinación de soluciones mas simples, dos de flexo-rompn:sión y una •. 
de compresión axial. 

3 .2.2 Cálculo de resistencia a flexo-compresión. 
De la misma manera que para el caso de flexión, la resistencia última del elemento se determina cuando la 
deformación unitaria máxima en el concreto de la fibra extrema a compresión alcanza un valor especi !icado que varia 
entre 0.003 a 0.004 (según el reglamento empleado). .. 
En el reglamento del AIJ, se plantea una fórmula simplificada para el cálculo de resistencia última de columnas a 
flexo-<:ompresión, que se presenta enseguida: 

AIJ M= a 0 X b X D' (g1 (A,. X f,) 1 (a0 X b X D) + 0.5 X [.N 1 (a0 X b x D) ] x [ 1 -N 1 (o0 X b X D)] } 

expresión con con fiabilidad de± 20% en el 90% de su comparación con resultados experimentales. Expresión vollida 
para: 

p, = A,J (b x D) ; entre 0.4 y 2.8 % 

N 1 (b x D) ,; N, 1 (b x D) 

donde, N: carga axial actuando en el elemento; Nb: Carga axial en la condición de falla balanceada. 

4. Comportamiento de elementos lineales (vigas y columnas) ante fuerza 
cortante. 

La falla por cortante en elementos de concreto reforzado, a diferencia de la falla por flexión, es repentina y 
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generalmente produce un estado de inestabilidad irreparable en el elemento en particular y la estructura en general. 
Por lo que los procedimientos de diseno presentados en los reglamentos tienden a tratar !le eliminar este tipo de falla 
y lograr un factor de seguridad lo mayor posible respecto a estt comportamiento indesealolr rn la estructura. 
Respecto al mecanismo que define la falla por cortante en elementos de concreto reforzado, :ol contrario de la falla 
por flexión, es de mayor complejidad, y aunque se ha realizado mucha investigacion sol·t< el tema permanecen 
muchos puntos sin tener plena explicación. Es por eso que los procedimientos de disc!lo ¡ •OI cortante indicados en 
la mayoría de los reglamentos tienen una fundamentación empírica, apoyada con concepto• teóricos substraldos de 
la teoría de la elasticidad de los materiales y recientemente de la teoría de la plasticidad aplicada al concreto 
reforzado. 

4.1 Modos de falla por cortante. 

4.1.1 Vigas con relación claro a peralte grande (a/d > 2.5, donde "a" es la longitud del claro de corte). 
a) Falla por flexión (Fig.l2.a). Las grietas por efectos de flexión se propagan convirtiéndo•c en agrietamiento por 
efectos flexo-cortantes, extendiéndose a través del elemento causando una falla brusca por tensión diagonal. 
b) Falla por tensión diagonal (Fig.l2.b). En este tipo de falla nc se observa ninguna de las características antes 
citadas, no se presenta tampoco aplastamiento del concreto a compresión, es una falla frágil e inestabl~. 

Incrementando la ca:ntidad de refuerzo lateral se reduce considerablemente la posibilidad ocurrencia de este tipo de 
falla y se logran ductilidades que varian desde 1 hasta 4. 

4.1.2 Vigas con relación claro a peralte pequeño, también llamadas vigas cortas (1 < a!d < 2.5). 
a) Falta de tensión por cortante (Fig.l3.a). EL agrietamiento por problemas de adherencia entre el acero de refuerzo 
y el concreto se propaga a lo largo del refuerzo longitudinal empezando en el extremo de la grieta inclinada de 
cortante. Como mecanismos resisten!.;. importantes ante este tipo de falla se pueden citar el efecto de dovela del 
refuerzo longitudinal, la adherenci" acero-concreto y la resisteilcia a desli2amiento acero-concreto. Reduciendo la 
relación p, 1 P. (donde p, es la cant:::ad de acero de refuerzo longitudinal a tensión y p. es la cantidad de acero de 
refuerzo lateral), se tiende a eliminar este tipo de falla. lgualmentt, para un porcentaje de acero longitudinal dado, 
empleando barras de menor diámetro y distribuidas adecuadamente (sin emplear paquetes de barras) se logran 
comportamientos adecuados, reduciendo la posibilidad de ocurrencia de este tipo de falla. 
b) Falla de compresión por cortante (Fig.l3.b). En este tipo de falla el concreto a compresión en las fibras extremas 
de la sección transversal, en los extremos de las grietas de cortante, sufre aplastamiento y falla. Este problema se 
recrudece cuando el elemento se sujeta a niveles altos de carga axial y cuando se trata de elementos cortos de gran 
peralte. Una forma de evitar o aliviar este tipo de fallas es proporcionando un mayor porcentaje de acero lateral que 
lo proporcione mayor confmamiento al concreto sujeto a esfuerzos de compresión. 

4.1.3 Vigas de gran peralte (a!d < 1). 
En esta clase de elementos se generan esfuerzos significativos de compresión en los estratos de concreto resultantes 
entre las grietas inclinadas provocadas por efecto de cortante, y grandes esfuerzos de tensión a través de dichas 
grietas. Este fenómeno puede provocar: 
a) Fallas de anclaje del acero a tensión, combinada con desprendimiento del concreto de recubrimiento por efecto de 
dovela. 
b) Falla por aplastamiento del concreto en los apoyos. 
e) Falla de flexión debido a la rotura post-fluencia del acero de refuerzo longitudinal, o al aplastamiento del concreto 
en la parte superior del mecanismo de arco. 
d) Falla por aplastamiento en el concreto de los estratos a compresión ubicados en la vecindad del agrietamiento 
diagonal por cortante. 

4.2 Principales mecanismos de resistencia al cortante. 

4.2.1 Equilibrio en el claro de cortante de la viga (sin refuerzo lateral). 



la resistencia a cortante estará determinada por los siguientes meamismos de transferencia de cortante: a) Transmisión 
de fuerza cortante a través del concn:to en la zona a compresión. V.; b) Resistencia por efecto de dovela, transmitida 

Tavés de la grieta por el refuerzo longitudinal, V,; e) Resistencia al cortante producto de la componente venical 
" los esfuerzos cortantes inclinados u~ transmitidos a través de las grietas inclinadas por medio de cortante directo 

o cizalleo entre las paniculas de agregados que se encuentran entre y/o en las superficies de la grieta, V,. 

V= V,+ Y,+ V, 

M= x V= j, { T +V, cota) 

donde, el significado de todaS las variables y parámetros se muesaan en la Fig.l4. 

De trabajos experimentales se ha concluido que el efecto de dovela es pequet\o para elementos sin acero de refuerzo 
lateral; Y, = O, por lo que la expresión anterior se puede representar como sigue 

M= T x j, 

la fuerza de tensión en el refuerzo longitudinal a una distancia ( x - j, cota; ) es determinada por el momento a una 
distancia x desde el apoyo del elemento estructural. El incremento de esfuerzos en el acero, claramente depende de 
la pendiente de la curva diagonal con la que se idealizó al agrietamiento por efecto flexo-ccnante, 

V = dM 1 dx = d( T jJ 1 dx = j, dT 1 dx + T dGJ 1 dx 

donde, j, dT 1 dx : representa el comportamiento de un elemento prismático sujeto a flexión. en el cual la fuerza de 
tensión interna T actúa sobre un brazo de palanca constante j,. A este efecto se le denomina efecto de viga dentro 
de los mecanismos de transmisión de fuerza conante; T dGJ 1 dx : representa el componamiento de un arco tensado, 
en el que la fuerza conante externa ·i:s resistida por el estralo interno de concreto a compresión. A este efecto se le 
conoce como efecto de arco; dT/dx: variación de la fuerza interna de tensión (fuerza de adherencia) 

4.2.2 Acción de viga en el claro de cortante. 

Y0 = j, dT/dx 

En la acción de viga intervienen los siguieñtes tipo de mecanismos de transf~rencia de fuerza cortante: 
a) Fuerza de adherencia, t.T = T1 - T2 

b) Cortante transmitido por cortante directo o cizalleo en el a¡¡n:gado locali:wlo en las caras de la grieta, u,1, u., 
e) Fuerzas por efecto de dovela, V , 1, V dl 

El momento en el cantiléver provocadas por las fuerzas de adherencia t.T, son resistidas por el efecto de dovela y 
las fuerzas generadas en el agregado, a las que se adiciOna la resistencia a flexión M, del concreto mismo en la zona 
de compresión. La representación de estos fenómenos claramente se aprecia en la Fig.l5. 
En vigas con dimensiones normales, un máximo de 20% de las fuerzas por adherencia pueden ser resistidas por 
flexión en el concreto. Sin acero de refuerzo en el alma, la capacidad del efecto de dovela se limita a la resistencia 
a tensión del concreto siendo prácticamente nula. Cuando se cuenta con acero de refuerzo lateral, la contribución del 
efecto de dovela no excede el 25% de la resistencia total del cantiléver. El ancho de la grieta, la rugosidad de su 
superficie, la deformación por cortante y la resistencia del concreto dettrminan la resistencia por cortante directo o 
cizalleo en el agregado, siendo aproximadamente del 50 al 70% de las fuerzas por adherencia las que se resisten por 
este efecto del agregado en la superficie de la grieta. 
El cortante transmitido por la zona de concreto a compresión, arriba de la grieta diagonal, incrementa lentamente 
durante los procesos de carga hasta alcanzar un máximo de 25 a 40% del total de la fuerza conante incidente en la 
sección transversal de la viga. 
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4.2.3 Acción de arco en el claro de cortante. 

V,= T dQJ!dx 

En este mecanismo la fuerza cortante se transmite por compresión diagonal en el concreto de los elementos 
estructurales. La intensidad de los esfuerzos de compresión diagonal dependen de la inclinación del campo de 
esfuerzos principales. La relación entre claro de cortante y peralte de la sección (a/d) defme una medida de esta 
inclinación (Fig.l6). El efecto del mecanismo de arco resulta inefectivo cuando la fuerza de cortante se transmite a 
la zona a tensión. 
El tipo de fallas que se presentan en un elemento estructural por el m=ismo de arco son: 
a) La propagación de las grietas inclinadas de cortante reducen la zona a compresión excesivamente, provocando 
aplastamiento del concreto sujeto a esfuerzos de compresión. 
b) La linea de esfuerzos a compresión puede presentar excentricidad respecto al eje del elemento, y generar una falla 
de tensión por efecto de flexión en la "zona a compresión". 
e) Cuando la relación entre claro de cortante y peralte de la sección es pcquefla (ald < 2), se observa una considerable 
reserva de resistencia producto de mayor eficiencia en el mecanismo de arco. En estos casos se presentará una falla 
por aplastamiento del concreto en el estrato diagonal a compresión, o falla por problema de adherencia y anclaje en 
el refuerzo longitudinal. 

4.2.4 Papel del acero de refuerzo lateral en el comportamiento de un elemento estructural. 
Los estribos o acero de refuerzo lateral contribuyen en los mecanismos de resistencia ante fuerza cortante de la 
siguiente manera: 
a) Contribuye a incrementar la resistencia por el efecto de dovela y disminuir la deformación relativa entre las caras 
de la grieta 
b) Disminuye los esfuerzos de tensión por flexión en los voladizos formados entre los agrietamientos del elemento 
(ver Fig.l5), mediante una fuerza diagonal de compresión producto del efecto de armadura. 
e) Limita la apertura de las grietas diagonales al rango elástico, favoreciendo la transferencia de cortante por cortante 
directo o cizalleo en el agregado localizado en la superficie de la grieta 
d) Proporciona confmamiento al concreto de la zona a compresión, incrementando su resistencia a compresión. 
e) Previene un brusco decremento en la resistencia por adherencia cuando el agrietamiento por problema de 
adherencia y anclaje se desarrolla en zonas de anclaje y/o traslape. 

4.3 Cálculo aproximado de la resistencia por cortante. 
Para determinar la resistencia ante cortante han surgido una serie de investigaciones de gran importancia en el campo 
del concreto reforzado. AsJ, como punto inicial de la teoria de los mecanismos de transmisión y resistencia de fuerza 
cortante está el concepto de "analogla de la armadura" propuesto por Ritter en 1899, pasando por los trabajos de Ritter 
·y Morch de 1903 sobre la transmisión del total de la fuerza cortante por el refuerzo lateral del elemento. También 
de importancia es el trabajo desarrollado por Talbot en 1909 donde plantea que 213 de la fuerza cortante incidente 
la resiste el refuerzo lateral y el 1/3 restante el concreto en la zona a compresión. En los aílos 50's, Walther y 
Morrow seguian haciendo trabajos anal!ticos importantes. Igualmente, Kani en el periodo comprendido entre 1964 
y 1969 realizó trabajos teórico-experimentales encaminados a desglosar cualitativa y cuantitativamente los mecanismos 
que intervienen en la transmisión de la fuerza cortante incidente en un elemento de concreto reforzado, introduciendo 
·el concepto de "acción de viga" (te- 1ién conocido como modelo de diente) del segmento de concreto localizado entre 
dos grietas producto de efecto flexvcortante. Todos estos estudios, básicamente nc ··.en cambiado el concepto primario. 
propuesto por Riner y Morch, y es en base a estos conceptos y resultados que la mayoría de los códigos y 
reglamentos actuales proponen sus fonnulaciones para el cálculo de la resistencia por cortante de elementos de 

· concreto reforzado. 
A continuación se presentan las fórmulas básicas propuestas en los reglaroentos del DDF, ACI y AU: 

RDF para p,,; 0.01 
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V, = b x d ( 0.2 + 30 p,) (a8)'' +A., x f.,. x d (sen9 + cos9) 

para p, ~ 0.01 

V, = 0.5 x b x. d ( a 8)" + A., x t:.., x d (sena + cos9) 

AC! V,= V,+ V,~ 2.12 (a8 )" b x d 

V, = Pw X f,., X b X d 

V,= 0.53 ( l + 0.0071 N 1 (b x d)] (a.)" b X d . 

!AJ Vu = { 0.068Pw,"'(a8 + 180) 1 (M/(Q x d) + 0.12) .¡: 2.7(p.f,.,)" + 0.1 N 1 (b X D)} h Xj 

donde, A.,: área del acero de refuerzo lateral en una vuelta del mismo; f,.,: esfuerzo de fluencia del acero de refuerzo 
lateral; 8: ángulo de inclinación del refuerzo lateral respecto al eje del elemento; N: carga •xial en el elemento; 
b: ancho de la sección transversal; Pw,: porcentaje de refuerzo por flexión, acero de refuerzo a tensión (%); 
M!Q: relación entre momento y fuerza cortante en la sección transversal; p.: cantidad de acero de refuerzo lateral 
(=A., 1 b x s); j: distancia entre las resultantes de esfuerzos a compresión y tensión en la sección tran.sversal (puede 
considerarse como, j = 7d /8 ); s: espaciamiento del acero de refuerzo lateral; D: Peralte total de la sección 
transversal; unidades kgf, cm 

· Normalmente, la contribución de la losa a la resistencia ante fucr7ll cortante en vigas puede considerarse no 
significativa. 
En todos los reglamentos se acepta que la carga axial, dentro de los limites permisibles por flexo-compresión, 
contribuye a incrementar la resistencia por cortante de los elementos columna. Sin embargo, en todos los códigos se 
hace una consideración puramente emplrica sobre dicho efecto, lo que se aprecia claramente en las formulaciones de 
los reglamentos AC! y AU. Respecto al reglamento RDF se plantea el siguiente factor correctivo, que presenta gran 
similitud al considerado en el AC!: · 

P = l + 0.007 (P, 1 AJ 

para, P, ~ 0.7 a 8 + 2000 A. 
si, P, ~ 0.7 a 8 + 2000.A. ,.el valor de P se variarla haSta ser nulo para 

P, = A, x 0.85 a 8 + A, x f, 

donde, P ,: carga axial en el elemento; A,: área de la sección transversal del elemento; A,: área total del acero de 
refuerzo longitudinal en el elemento. 

S. Propiedades de adherencia y anclaje acero - concreto. 

Para que un elemento de concreto reforzado se considere monolltico, o trabaje como tal, es necesario la existencia 
de arlherencia entre los materiales. Cuando el esfuerzo en el acero de refuerzo embebido en el concreto cambia, esa 
diferencia de esfuerzos deberá transferirse al concreto por medio de adherencia y anclaje. Los esfuerzos de arlherencia 
y anclaje son esfuerzos de cortante desarrollados en ·la frontera entre la barra de acero y el concreto que la circunda 
para transmitir la fuerza, producto de la diferencia de esfuer.ws antes mencionada, entre ambos materiales. 
Las caracteristicas de esta adherencia depen.den de m=ismos como la adherencia qulmica entre acero y concreto, 
la fricción generada entre los materiales, asl como procedimientos mecánicos de transferencia de fuerza 
proporcionados por las corrugaciones del acero de refuerzo. Al usar ace;o no corrugado, el único mecanismo es la 
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adherencia qulmica, provocándose un deslizamiento temprano del acero respecto al concreto y la imposibilidad de 
alcanzar mayor ""istencia que la de deslizamiento. La fuerza de adherencia al emplear acero corrugado, como se 
indica en la Fig.l 7, se genera por el mecanismo entre la corrugación y el concreto circundante. Las dimensiones de 
la corrugación en esta clase de acero, determina el tipo de falla eo el elemento si este falla por problema de 
adherencia Así, si la corrugación es de poca altura se podrá generar una falla por aplastamiento en el concreto. Por 
otro lado, si la corrugación tiene gran altura, esta podrá fallar por flexión. Igualmente, si la separación entre las 
corrugaciones tiende a ser grande, la resistencia por adherencia tenden a disminuir. Es por eso que en las normas 
y códigos existe o debe existir una normatividad respecto a alturas máxima y mínima de la corrugación y valores 
máximos y mínimos de separación entre corrugaciones. Dos tipos comunes de falla por adherencia y anclaje, 
dependientes de las características geométricas de las barras de refuerzo corrugadas, se presentan en la Fig.IS. 
Los factores determinantes en la resistencia por adherencia y anclaje de un elemento de concreto reforzado son los 
siguientes: 
a) Resistencia del concreto: Debido al estado de esfuerzos a que se somete el concreto en la vecindad del acero, a 
mayor resistencia a tensión del concreto la resistencia por adherencia será mayor. 
b) Características dimensionales del acero de refuerzo: Como se explicó antes, el uso del acero corrugado, por el 
mecanismo que se genera entre la corrugación y el concreto, provoca aumento en la resistencia por adherencia El 
hecho que en barras de menor diámetro se obtenga mayor resistencia por adhciencia provoca preferencia por el uso 
de barras de diámetros pequei\os. ( 
e) Posición y orientación del acero de réfuerzo: La resistencia por adherencia en aceros colocados venicalmente 
r6ultamayor que para aceros colocados horizontalmente. Tambil!n, por fenómenos de sedimentación de los agregados 
es mas común encontrar formación de burbujas de aire en el concreto de la vecindad del refuerZD superior de una 
viga, provocando que la resistencia por adherencia en el acero de refuerzo inferior sea aproximadamente 20% mayor 
que la obtenida en el acero de refuerZD superior. 
d) Dimensión del recubrimiento: La resistencia por adherencia se,nl mayor a mayor dimensión del recubrimiento. Esto 
es debido a que el peso propio del recubrimieoto y la superficie del concreto que estará sujeto a estado de esfuerZDs 
de tensión son mayores a mayor recubrimiento. 
e) Configuración y distribución del acero de refuerzo lateral: El acero de refuerzo lateral juega un factor imponante 
para evitar el rápido incremento de la abenura del agrietamiento por adherencia (paralelo al acero de -ofucrZD' 
longitudinal), contribuyendo con ello a incrementar la resistencia y capacidad de transmitir fuerza por efecto de 
adherencia El acero de refuerZD lateral no tiene efecto en impedir la aparición del agrietamiento por adherencia o 
efecto de dovela del acero longitudina.!. Sin embargo, posterior al agrietamiento contribuye a que el decaimiento o 
degradación de la resistencia por adherencia sea menor (Fig.l9). 
Las limitaciones presentadas en los códigos y reglamentos respecto al uso de paquetes de barras de refuerzo 
longitudinal. separación mínima entre las mismas y dimensiones mínimas de recubrimiento, entre otras condicionantes, 
están fundamentadas en la necesidad de impedir degradación o decaimiento del a resistencia por adherencia y anclaje, 
para garantizar que se alcanzará la resistencia última del elemento en panicular y la estructura en general, resistencia 
última que fue propuesta en la etapa de dtsei\o. 

6. Comportamiento de elementos viga y columna. 

6.1 Factores que determinan el mecanismo de falla. 
Como factores impo.nantes en la resistencia y capacidad de deformación de elementos estructurales de concreto 
reforzado lineales (vigas y columnas), se pueden proponer los siguientes: 
a) Cantidad y diámetro del acero de refuerZD longttudinal. 
Al colocar la misma cantidad de acero de refuerzo, pero de menor diámetro, se incrementa la superficie de contacto 
acero-concreto y por lo tanto se incrementa la resistencia por adherencia y anclaje. Sin embargo, existen limites en 
el tamai\o mínimo del acero de refuerZD longitudinal debido a que, como resultado de trabajos experimentales, el 
tamado de las corruga.ciones en barras de diámetros menores a 19 mm no resultan lo suficientemente eficientes pMa 
la ttansmisión mecánica de fuerza de adherencia. 
b) Cantidad y distribución del acero de refuerZD lateral. 
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Principalmente, como resultado de trabajos experimentales reeientes, se entiende que el papel del acero de refueno 
lateral en elementos de concreto reforzado, además de contribuir a evitar una falla frágil por cortante en el elemento, 
también tiene efecto sobre las siguientes caracterlsticas de un elementos estructural: 
- Proporciona confinamiento al concreto del micleo en los elementos lineales (principalmente elementos columna). 
Incrementando la resistencia a la compresión del concreto del núcleo y también aumentando el valor de la 
deformación unitaria última, lo que contribuye a mejorar la capacidad de deformación del elemento. 
-Evitar la falla por adherencia y anclaje. Para lo que se recomienda que, para iguales cantidades de acero de refuerzo 
lateral, la separación del mismo sea la menor posible y que, de ser posible, las barras de refuerzo longitudinal estén 
confinadas directamente por una esquina o un gancho de dicho refueno lateral. Esto incrementará la capacidad y 
resistencia del refuerzo longitudinal por adherencia y anclaje notablemente. 
- Proporciona soporte lateral al acero de refuerzo longitudinal, evitando de esta manera el pandeo del mismo. 
Logrando un adecuado soporte lateral en el acero de refuerzo longitudinal, también se está contribuyendo a que este 
participe como confinante del concreto del núcleo del elemento. 
e) Efecto de elementos vecinales, como losa de piso y trabes ortogonales. 
De investigaciones experimentales recientes, se ha concluido que una losa estructural, reforzada y anclada 
adecuadamente al elemento viga correspondiente durante el proceso constructivo, participa totalmente junto con la 
viga en rigidez y resistencia en el trabajo del marco momento resistente. Esto al alcanzar el elemento y/o la estructura 
su resistencia última. 
Igualmente, el efecto de elementos ortogonales es de gran importancia sobre todo al realizar, para el disefto de la 
estructura, análisis planos. Se ha comprobado experimental y anallticamente que tanto en estructuras a base de muros 
estructurales, como en aquellas a base de marcos momento resistentes, la rigidez y resistencia obtenida de un análisis 
plano es notablemente menor que la real. Esto no necesariamente.contribuye a incrementar el factor de seguridad de 
la estructura, ya que puede generar cargas axiales a niveles indeseables en columnas y muros, as! como efectos de 
torsión y cortante en vigas que no fueron contemplados en el análisis plano. 
d) Carga axial. 
Para lograr incrementos en la capaCidad de deformación en elementos sujetos a efectos principales de carga axial y 

·flexión (columnas), como producto de análisis teórico-experimentales se recomiendan contemplar los siguientes 
aspectos: 
- Reducir la carga axial suficientemente bajo la carga axial del estado de esfuerzos "balanceado" 

N 1 (cr8 x b X D) s; 0.3 •.t· .~ 

- Incrementar la cantidad de refuerzo longitudinal a compresión. 
- Incrementar el confinamiento en el concreto del núcleo, con refuerzo lateral (espirales, ganchos, estribos, etc), en 
las secciones é:riticas a flexión (vgr. aquellas donde se prevé la ~ormación de aiticulaciones plásticas, principalmente 
en las todas las vigas y las columnas del primer nivel). En la Fig.20 se presentan algunos ejemplos de refuerzo lateral 
en columnas básicos para lograr comportamientos adecuados de los elementos. 
-Reducir los esfuerzos por cortante al alcanzar la resisiencia por flexión, a l!mites como el indicado: 

'• s; 30 kgflcm' (•, representa al esfueno cortante en la sección transversal) 

e) Carga ciclica. 
El efecto de carga cíclica provoca efectos, a largo plazo, similares a loa provocados por problemas de fatiga en los 
materiales. A mayor el número de ciclos, mayor será la degradación del material (el concreto en este caso), genezando 
disminución de la capacidad de deformación y decaimiento de resistencia en el rango posterior a la fluencia. 

6.2 Misceláneos. 
a) En la mayorla de los reglamentos para la construcción, en cuanto a estructuras de concreto reforzado, se acepta 
el "corte" del acero de refuerzo longitudinal después de asegurar una "longitud de desarrollo" adecuada. Es 
recomendable, en estos casos, emplear doblez en los extremos de las barras, con el propósito de lograr una buena 
transmisión de los esfuerzos de adherencia hacia el concreto (Fig.21) 
b) Por limitaciones de fabricación y/o transporte, el acero se adquiere a longitudes fijas, es por tal motivo que cuando 
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se requiere proporcionar longitudes de acero refuerzo longitu<fi!lal en vigas o columnas de mayor longitud que las 
barras adquiridas en fábrica se hace uso del traslape de acero de refu=. En los reglamentos basados en información 
experimental basta (como es el caso del reglamento del AIJ), se permite el empleo de traslapes mecánicos (soldadura 
a presión y gas, tuercas de alta resistencia, splice con relleno de mortero de alta resistencia, etc., algunos de los cuales 
se presentan en la Fig.22) en la misma sección. Esto debido a que se ha comprobado experimentalmente que si el 
traslape mecánico es de calidad comprobada por pruebas a tensión, es prácticamente improbable la formación de una 
superficie de falla en la sección ·en cuestión. 
Cuando el traslape es convencional, se recomienda seguir la tendencia de no realizarlos en la misma sección del 
elemento estructural. 
e) Finalmente, en las Fig23 y Fig24 se ejemplifican gráficamente fallas típicas en vigas y columnas. En la Fig25 
se muestra una viga con un detalle de refuerzo tfpico para un agujero en el alma propio de requisitos para 
instaiaciones. En la Fig.26 se presentan detalles de refuer7D.adecuados para una viga con desnivel en el interin del 
claro y el detalle de la llegada de una viga secundaria apoyándose en una primaria. 

7. Comentarios sobre el diseño de estructuras de cimentación. 

Para diseñar la estructura de cimentación se deberá considerar todos los posibles estados de carga que pudiera sufrir 
la misma, como el estado de cargas verticales y horizontales generadas por de la formación de mecanismo de falla 
ante el sismo de diseflo, as! como la posible situación de una descarga del inmueble por reparación o remodelación 
que pudiera repercutir en asentamientos diferenciales o emmión de la subestructura. De igual manera, se deberá 
considerar y diseñar adecuadamente la zona de unión entre estructura y subestructura, poner especial atención en los 
anclajes de los elementos verticales (columnas y muros) en las correspondientes estructuras de cimentación. 
Al diseflar una estructura, dependiendo dei reglamento a emplear, se permite la formación de los llamados 
mecanismos de fluencia en la superestructura. Sin embargo, en el caso de las estructuraS de cimentación, como regla 
general, se prohibe la formación de articulaciones plásticas, por lo que todos los elementos de la estructura de 
cimentación deberán diseflarse con la filosofla de diseño elástico. 
Cuando en la superestructura se consideren muros estructurales de cortante, la contratrabe de cimentación deberá 
diseñarse para ser lo suficientemente rig1da y resistente para soportar las rotaciones del muro al trabajar este como 
cantilévec al formarse un mecanismo de fluencia con aparición de articulaciones plásticas en trabes. 
En el caso de zapatas "aisladas", es recomendable el considerar su liga por medio de contratrabes de liga con rigidez 
y resistencia adecuada para soportar y reducir los efectos producto de asentamientos diferenciales. 
Cuando la cimentación es con pilotes (de punta o de fricción), el pilote se diseñará para soportar desde las fuerzas 
generadas por si hincado (como es el impacto axial), fuerzas de tensión prov~cadas por el momento de volteo de la 
estructura global o por fricción negativa, en este tipo de cimentaciones se revisara el anclaje en la junta del pilote 
con el dado de cimentación. Cuando no se use dado de cimentación, se revisara la posibilidad de penetración entre 
pilote y losa de cimentación. Con respecto a cimentación a base de piiotes y dado, se tendrá cuidado en no debilitar 
al pilote en su cabezal o en su llegada al dado, por la diferencia de rigidez y resistencia entre ambos elementos, por 
lo que es recomendable proporciOnar un refuerzo especial en la zona del cabezal del pilote. En este tipo de 
cimentación, también se consideraran todos los posibles elementos mecánicos que surgen a lo largo del pilote para 
el diseño del mismo y de las Juntas entre los segmentos. 
Finalmente, es evidente que para lograr un diseflo confiable de la estructura de cimentación, el disef!ador deberá 
contar con la información precisa y confiable de la mecánica del suelo del sitio de construccion (cuyos niveles de 
precisión y confiabilidad depender.in del tipo de estructura). 
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COMPORTAMIENTO Y DISEÑO DE 
ESTRUCTURAS DE CONCRETO REFORZADO 

MUROS ESTRUCTURALES 

Sergio M. Alcacer 
Centro N aciana! de Prevención de Desastres e 

Instituto de Ingeniería 

l. INTRODUCCION 

Es común que se denomine a los muros de concreto reforzado como "muros tle corte" o "muros de 
conante" porque resisten un alto porcentaje de la fuerza conante lateral total. Sin embargo, estos términos son 
desafortunados y un tanto engañosos puesto que la mayor!a de los muros se pueden diseñar de manera que tengan 
un componanucnto dominado por flexión, y que, por tanto, exhiban un modo de falla dúctil. En este capítulo 
usaremos el término "muros estructurales de concreto• para referirnos a los muros que deberán resistir las fuerzas 
inducidas por las aceleraciones sísmicas. 

Los muros estructurales bien diseñados y detallados ofrecen varias ventajas para su uso en zonas sísmicas: 
l. Poseen una mayor rigidez que la de marcos de concreto reforzado. 
2. Dada su alta rigidez, exhiben un comportamiento adecuado ante sismos moderados. 
3. Poseen una buena capacidad de deformación (ductilidad) que les pemute resistir sismos intensos. 

Los muros estructurales deben diseñarse para resistir la variación del conante en la altura (que es máximo 
en la base), del momento, que produce compresión en un extremo y tensión en el extremo opuesto, así como las 
cargas gravitacionales que producen compresión en el muro (Fig. 1). La cimentación debe diseñarse para resistir 
el conante y el momento máximos que pueden desarrollarse en la base del muro. El refuerzo en la base debe 
detallarse cuidadosamente para que las fuerzas puedan transferirse entre el muro y la cimentaCión; en particular, 
se debe enfat¡zar la unión y el anclaje de varillas. 

Aunque es dificil satisfacer todos [os requisitos de funcionamiento de un edificio. los muros estructurales 
deben colocarse de manera que la distribución de rigidez en planta sea simétrica y que la cc:J.ftguración sea estable 
torsionalmente (Fig. 2). Además se debe observar que la cimentación pueda reSistir el momento de volteo de la 
base. Es preferible la colocación de un mayor número de muros estructurales en el perímetro como sea posible. 
Otro aspecto a considerar es que mtentras mayor sea la carga gravitacional resistida por un muro, menor será la 
demanda por refuerzo de flexión y más facil será la transtnisión de momentos de volteo a la cimentación. Por tanto. 
a menor cantidad de muros. mayores son las fuerzas que deben ser transmitidas a la cimentación. 

2. TIPOS DE MUROS ESTRUCTURALES 

2.1 Según la Forma de su Sección Transversal 

Atendiendo a la sección transversal los muros pueden ser como los presentados en la Fig. 3. En algunas 
ocasiones los muros poseen elementos extremos (Figs. 3b, 3c. 3d) para permitir el anclaje adecuado de vigas 
transversales, para colocar el refuerzo a flexión, para dar' estabilidad a muros con almas angostas y para 
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proporcionar un confmamiento más efectivo del concreto en la zona de aniculación plástica. 

Por lo general, el espesor mínimo de un muro estructural es de 20 cm si se emplean varillas corrugadas 
para su re fuerzo, y de 1 S cm si se usa malla de acero electrosoldada. 

2.2 Según su Forma en Elevación 

La mayor pane de los muros son prismáticos, es decir, que rio sufren cambios de dimensiones en elevación. 
Sin embargo es frecuente que su espesor dismínuya con la alrura. De acuerdo con las variaciones en la altura, los 
muros estructurales se pueden clasiftcar como muros estructurales sin aberturas y muros con aberturas. En el último 
caso las aberturas se dejan para colocar ventanas o puertas o ambas. 

La mayoria de los muros estructurales sin aberturas se puede tratar como una.viga-<:elurnna. Las fuerzas 
laterales son introducidas mediante una serie de cargas puntuales a través de los diafragmas de piso. Dada su 
relación de aspecto altura del muro 1 longitud h.Jl •. se distinguen muros esbeltos con relaciones h/1 mayores que 
dos, y muros robustos para relaciones menores o iguales a dos (Fig. 4). Es importante señalar que los ·muros bajos 
(robustos) poseen una elevada resistencia a la flexión, aun para refuerzo vertical mínimo, por lo que es necesario 
aplicar fuerzas cortantes muy altas para desarrollar dicha resistencia. Esto provoca que el comportamiento de este 
tipo de muros sea dominado por corte. 

Las abertUras de los muros deben colocarse de forma que no disminuyan las resistencias a la flexión y al 
cortante. Un ejemplo de ello es la Fig. Sa. Si las aberturas se colocan de manera alternada en elevación es 
recomendable la colocación de refuerzo diagonal para ayudar en la formación de campos diagonales a compresión 
y a tensión una vez que el muro se ha agrietado diagonalmente (Fig. Sb). Si las abertUras se colocan en forma 

· regular se obttene un tipo de muros llamados acoplados que poseen excelentes caracteristicas de comportamiento 
sísmico (Fig. 6). ., 

2.3 Según su Comportamiento 
,. 

Según su comportamiento, ·los muros estruCturales de concreto se pueden dividir en: 
l. Muros de cortante, en los cuales el corte controla las defle:tioncs y la resistencia; 
2. Muros de flexión, en los que la flexión controla las deflexiones y la resistencia; 
3. Muros dúctiles (muro estructural "especial") que poseen buenas caracteristicas de disipación de 

energía ame cargas cíclicas reversibles. 

Si esperaramos un comportamiento esencialmente elástico, cualquier tipo de muro de los arriba citados seria 
adecuado. Sm embargo, si anticipamos que el muro estará sometido a deformaciones en el intervalo inelástico, 
como ante sismos, es inaceptable el uso de muros de cortante; es preferible un muro dúctil. 

3. MUROS ESTRUCTURALES ESBELTOS 

3.1 Modos de Falla y Criterio de Diseño 

Un prerrequisito para el diseño de muros estructurales dúctiles es que la fluencia del refuerzo de flexión 
en zonas de articulación plástica defmidas controle la resistencia, las deformaciones inelásticas y la capacidad de 
deformación de toda la estructura. De esta manera. la pnncipal .fuente de disipación de energía será la plastificación 
del acero a flexión (Fig. 7b y 7e). Se deben evitar los modos de falla debidos a la fractura del acero a flexión (Fig. 

·~· 
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7f), a tensión diagonal (Figs. 7c y 7g) o a compresión diagonal causados por cortante (Fig. 7b). Asimismo, se 
deben evitar las fallas causadas por inestabilidad del alma del muro o del refuerzo principal a compresión, ·el 
desliz.amiento por cortante a lo largo de juntas de construcCión (Fig. 7d) y la falla por cortante o ahderencia a lo 
largo de uniones de barras o de anclajes. 

En la Fig. 8 se muestra la respuesta histerética de un muro estrucrural controlada por la resistencia al corte. 
Es evidente la continua reducción en la resistencia y en la capacidad de disipación de energía con los ciclos. Por 
el contrario, en la Fig. 9, se presenta la respuesta histerética estable de un muro estrucrural dúctil. Es claro que 
aun para una ductilidad de desplazamiento igual a cuatro, la respuesta exhibe una capacidad de disipación de energía 
muy buena. El comportamiento de muros estructurales dúctiles es comparable con el de columnas; su capacidad 
de rotación plástica es afectada por fuerzas axiales y cortantes. 

Puesto que el área bruta de la sección de un muro estrucrural es muy grande, las cargas axiales que obrarán 
sobre él estarán muy por debajo del punto balanceado; debido a lo anterior, una adecuada ductilidad de curvatura 
se logrará si: 

l. Se coloca el refuerzo por flexión en los extremos del muro; y 
2. Se confman estos extremos mediante estribos con bajas separaciones. El confinamiento aumentará 

la capacidad de deformación útil del concreto y retrasará el pandeo del acero de flexión. 

Para evitar problemas de corte, el diseño de flexión debe garantiz.ar que: 
l. El agnetamiento diagonal del muro no ocurra aun ante los momentos máximos que se pueden 

producir por el muro; 
2. Si ocurriese el agrietamiento diagonal, el cortante seria resistido por el refuerzo del muro, y· 
3. Los esfuerzos nominales de corte deben mantenerse bajos para retrasar la falla por desliz.amiento 

del muro y para prevenir el aplastamiento del concreto en el alma. 

Los criterios de diseño escritos arriba son fácilmente satisfechos en muros esbeltos cuyo comportamiento 
por naturaleza es dominado por flexión. Sin embargo, es prácticamente ir::nosible diseñar los muros robustos para 
que su comportamiento sea dominado por flexión. En esos casos es preferible diseñar los muros para que 
pennanezcan elásticos ante las cargas máximas anticipadas. 

3 .2 Resistencia a la Flexión 

Para diferentes cargas axiales en los muros es factible calcular la relación momento-<:UrVatura empleando 
un programa de computadora. Como se mencionó en el capítulo sobre columnas, este diagrama describe el 
componanucnto del elemento; es similar a un diagra::-.:.: esfucrzÜ-dcfonnación de un material. · Afonunadamcntc, 
los diagramas se pueden obtener en fonna aprox1m.:. ... J empleando métodos simples tales como los usados para 
colurnoas. · 

Suponiendo un bloque equivalente de esfuerzos en el concreto a compresión y que el acero a tensión está 
sometido a un esfuerzo igual o menor que el esfuerzo de fluencia, se puede obtener por equilibrio de fuerzas en la 
sección que la capacidad a flexión de un muro estructural está dada por la Ec. l. 

donde A, es el área de acero a tensión en el muro (refuerur vertical); 
f, es el esfuerzo de flucncia del acero vertical de los muros; 

(1) 



1. es la longitud del muro; 
N, es la carga axial actuante; y 
e es la profundidad del eje neutro medida desde la fibra a compresión máxima. 

Si continuamos con la analogía de muros estructurales esbeltos con columnas, es claro que. 5e puede obtener 
una mayor resistencia a la flexión si concentrarnos el refuerzo vertical (a flexión) en las fibr" extremas de la 
sección transversal. En la Fig. 10 se presenta la comparación del comportamiento de dos muros "-'~citos con misma 
cantidad de refuerzo por flexión, pero en donde en uno de los muros el refuerzo eStá distribuido uuiformemente en 
la longitud del muro y en el otro se ha concentrado en los extremos, manteniendo solamente refuerzo mínimo en 
la porción intermedia. De la gráfica se puede concluir que los muros con refuerzo concentrado en los extremos son, 
en comparación con aquellos con refuerzo distribuido, más resistentes y mucho más dúctiles. Este inc•emento en 
la eficiencia, sin embargo, se puede ver contrarrestada si el acero a flexión alcanza deformaciones dentro del 
intervalo de endurecimiento de deformación ya que la ductilidad disminuye. Es necesario entonces confinar los 
elementos extremos de los muros en donde se concentra el acero (ver sección 3 .4). 

Si colocamos el refuerzo por flexión en el muro en cantidad igual a la requerida por el momento flexionante 
obtenido del análisis de la estructura, es teóricamente posible la formación de la articulación plástica en cualquier 
parte de la altura del muro. Por tanto, si desearnos que la articulación se forme en la base del elemento es necesario 
diseñar por flexión el resto del muro por arriba del momento último (sobrediseñar). Además, el refuerzo por 
flexión debe cortarse de manera que la articulación ocurra en la base. Con base en información experimental, la 
longitud de la articulación plástica sobre la altura del muro varia entre 0.31. y 0.81 •. Fuera de esta región, las 
varillas deberán tener una longitud igual ala longitud de desarrollo. 

3.3 Resistencia al Cortante 

La resistencia al corte en muros estructurales esbeltos está proporcionada por el concreto y el acero 
horizontal. El componente de la resistencia debida al concreto depende de que hayan aparecido grietas diagonales 
en el alma del muro o que el muro exhiba fisuras por flexión-cortante. En el primer caso, las grietas empiezan 
cerca del centro del 'alma y aparecen cuando los esfuerzos principales a tensión exceden a la resistencia a tensión 
del concreto. 

Para fines de diseño, la contribución del concreto a la resistencia se puede tomar de manera conservadora 
igual a la empleada en vigas. En el reglarn~nto para estructuras de concreto ~el Instituto Americano del Concreto, 
se presentan dos expresiones alternas para calcular esta contribución; sin embargo, las Normas Técnicas 
Complementarias para Diseño y Construcción de Estructuras de Concreto para el Distrito Federal (NTC-Concreto) 
sólo consideran la expresión para vigas. 

La contribución del refuerzo horizontal a la resistencia a fuerza cortante es calculada de manera similar 
al caso de vigas. La única diferencia está en el peralte efectivo d que, para el caso los muros se toma igual a 0.81.,. 
Para una longitud de muro dada, el peralte efectivo dependerá de la cuantía y de la distribución del acero vertical. 
Sin embargo,' se puede demostrar que la hipótesis convencional de tomar d=0.8 1.. es razonable. 

Resultados experimentales han indicado que, manteniendo las otras variables iguales, se mejora la respuesta 
histerética de muros cuando el refuerzo en el alma es mediante varillas de diámetro pequeño colocadas ·a 
separaciones pequeñas. 

Con objeto de garantizar la resistencia del muro al.agrietamiento diagonal del concreto, es necesario colocar 
una cuantía mínima de refuerzo horizontal. Para valores normales de resistencia a la compresión del concreto y 
varillas Grado 400 (Grado 400 se refiere a f, = 400 MPa = 4,200 kg/cm2), la cuantía mínima es igual a 0.25%. 
Esta cantidad de refuerzo es adecuada para controlar los cambios volumétricos del concreto. 

.:, 
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De manera similar al caso de vigas y columnas, la resistencia al cortante disminuye en regiones donde fluye 
el refuerzo a flexión. Por tanto, es importante diseñar y detallar refuerzo horizontal por corte adicional para la zona 
de la articulación plástica. 

El deslizamiento por cortante en muros estructUrales esbeltos es menor crítico que en vigas debido a la 
carga axial actuante y a la distribución uniforme del refuerzo vertical. Este último ayuda a controlar el 
agrietamiento horizontal y resiste el cortante mediante la acción de dovela (transversal al eje de la varilla) y cortante
fricción. En planos de deslizamiento potencial es recomendable colocar el acero vertical a una separación igual al 
espesor del muro. Estudios experimentales han demostrado que la falla por deslizamiento puede retrasarse si el 
esfuerzo cortante nominal es menor de 3 v'f",, en kg y cm'. 

3.4 Confinamiento e inestabilidad 

Como se estudió en el capítulo sobre confinamiento. un adecuado confinamiento del concreto incrementa 
su resistencia a la compresión y su capacidad de deformación (ductilidad). Cuando fluye el refuerzo a flexión del 
muro, los esfuerzos a compresión en el concreto aumentan para equilibrar la tensión, pero si el concreto no está 
confinado, puede alcanzar la falla rápidamente. En este caso la falla se caracterizaría por el aplastamiento y 
desconchamiento del concreto en una gran porción de los extremos del muro. El confinamiento debe extenderse 
sobre la zona de la articulación plástica. 

Para evitar una posible falla por inestabilidad de la zona a compresión del muro (Fig. 11) es recomendable 
que el espesor del muro sea mayor o igual a un décimo de la altura de la planta baja del edificio. El pandeo del 
refuerzo principal a compresión se puede retrasar si éste se confina con estribos cerrados separados a seis veces el 
diámetro m;L,imo nominal de la varilla vertical del muro. 

Aun cuando el muro se confme, es probable que pueda fallar por inestabilidad lateral del núcleo confmado. 
Esta falla puede evitarse si se colocan patines en los extremos del muro. En la Fig. 12 se muestran detalles típicos 
del refuerzo transversal en los patines. · 

3.5 Diseño 

Las NTC-Concreto contienen requisitos para el diseño y detallado de muros estructurales sujetos a fuerzas 
horizontales en su plano. No se pretende en este acápite transcribir dichos requerimientos; solamente se comentarán 
algunos de ellos. 

Los edificios, en los cuales los muros resistan la totalidad de las fuerzas laterales, se diseñan con un factor 
de comportamiento sísmico Q=3 (Art. 4.5.2) si se satisfacen los requerimientos para elementos extremos; de otra 
manera se emplea Q=2. El valor Q=3 presupone que la capacidad de disipación de energía y la ductilidad del 
muro estructural son buenas, de aquí que es indispensable una inspección y supervisión estrictas durante la 
construcción. De particular relevancia es la colocación del refuerzo transversal, .traslapes y anclaje según los planos 
estructurales. En el Art. 4.5.2.a se indica la distribución del refuerzo vertical por flexión en la longitud del muro 
y el corte del refuerzo. La razón de colocar el refuerzo vertical distribuido en muros robustos obedece a 
consideraciones de resistencia al cortante. Para muros con relación de aspecto h. /1. mayor que 1.2, el corte del 
refuerzo longttudinal se hará a una altura igual a 1.21.. La razón es la de asegurar un anclaje adecuado del refuerzo 
en la zona de la articulación plástica. 

Para usar Q=3, los elementos extremos de los muros deben confinarse con estribos colocados a pequeilas 
separaciones. Los estribos deberán ser cerrados y de una pieza, ya sea sencillos o sobrepuestos. El diámetro menor 
será varilla del No. 10 (se refiere a 10 mm, es decir, de 3/8 pulg). Los estribos deben rematar en una esquina con 



dobleces de 135 o, seguidos de tramos rectos de no menos de 10 diámetros de largo. La separación máxima no 
debe exceder de 10 cm. El cumplimiento de los requisitos de detallado anteriores es esencial para confmar 
adecuadamente el concreto, evitar pandeo del refuerzo longitudinal y mejorar la capacidad de disipación de energía 
y ductilidad del muro. 

La expresión para calcular la cuantía del refuerzo vertical p., (Art. 4.5.2c, Ec. 4.7) indica que si 11,.11. 
disminuye, la cantidad de acero vertical aumenta, lo cual es consistente con lo discutido para muros estructurales 
robustos (ver sección 4). 

Pv = O • O O 2 5 + O . 5 ( 2 • 5 - (ph-0.0025) 

Las NTC-Concreto indican que la separación máxima del refuerzo será de 35 cm. Esta recomendación 
está basada en criterio y en práctica tradicional, y no en estudios específicos. 

El esfuerzo cortante máximo se limita a 2 Vf*,, en kg y cm2, para evitar el aplastamiento del concreto 
asociado a fallas por compresión diagonal. La sección crítica por corte está a media altura de entrepiso. 

4. MUROS ESTRUCTURALES ROBUSTOS 

4.1 Tipos de Muros 

Se denomina muro estructural robusto a aquél con una relación de aspecto h,./1. menor o igual que dos. 
De acuerdo a su comportamiento se les puede clasificar en tres categorías: 

l. Muros elásticos. Es usual que la resistencia de muros bajos sea tan alta que respondan en el 
intervalo elástico ante sismos intensos. La mayoría de los muros pertenece a este tipo. 

2. Muros que pueden cabecear. Es el caso de muros que resisten la mayor parte de la carga lateral 
aunque soportan una carga vertical relativamente baja. En este caso la capacidad del muro está limitada por la 
resistencia a volteo. Si la cimentación se disefia para este tipo de comportamiento el muro permanece elástico. 

3. . Muros dúctiles. En algunas ocasiones no es posible diseñar la cimentación de manera que los 
muros permanezcan en el intervalo elástico. Entonces es necesario diseñar los muros para que exhiban un 
comportamiento inelástico limitado. 

Es común que la resistencia a flexión de estos muros sea tan alta que es difícil desarrollarla sin que fallen 
por corte antes. Es importante notar que este tipo de falla puede aceptarse si las demandas de ductilidad 
(desplazamiento) son mucho menores que las requeridas para muros esbeltos o acoplados. Estos muros deben 
identificarse como muros con ductilidad restringida. 

4.2 Resistencia a la Flexión 

Para resistir el momento flexiooante, usualmente es suficiente colocar refuerzo vertical mínimo distribuido . . 
uniformemente. El principal problema es cómo resistir la fuerza cortante. Al igual que para los muros esbeltos, 
la distribución uniforme del acero vertical ayuda a resistir el deslizamiento por cortante mediante los mecanismos 
de cortante-fricción y acción de dovela de las varillas. 
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4.3 Resistencia al Cortante 

En los primeros ensayes ante carga lateral realizados en muros bajos, se aplir.6 le fuerza concentrada en 
las esquinas de los tableros. Los muros robustos, cargados de esta manera, pueden resistir cargas importantes 
debido a la formación de un puntal de compresión interno. Sin embargo, los muros robustos son generalmente 
cargados mediante cargas puntuales transmitidas por los diafragmas de piso en cad• JtiYel. En estos casos el 
mecanismo resistente de puntales de compresión no es tan eficiente como en el caso dr. carga concentrada. 

Al igual que en los muros estructurales esbeltos, es indispensable la colocación de refuerzo horizontal para 
resistir parte del conante. Sin embargo, también es necesario colocar refuerzo venical para tomar el conante. Si 
observamos la Fig. 13, es claro que para equilibrar el componente venical del puntal a compresión, es necesario 
un tensor, es decir, refuerzo vertical. Se concluye que el cortante solamente se puede 1c.."istir si se coloca refuerzo 
venical. La cuantía mínima de refuerzo, tanto horizontal como venical, será igual a 0.25% como para el caso de 
muros esbeltos. 

En la Fig. 14 se presentan esquemáticamente los modos de falla por conantr. de muros robustos. Se 
produce una falla por tensión diagonal (Fig. 14a) cuando el refuerzo horizontal es insuficiente para controlar la 
grieta. La resistencia a tensión diagonal depende de cómo se aplica la fuerza conante. Así, si se puede distribuir 
la fuerza a lo largo del muro, el agrietamiento por tensión diagonal no será sinónimo de falla (Fig. 14b). 

Si el esfuerzo cortante es elevado y el refuerzo horizontal es adecuado, el concreto puede aplastarse bajo 
la compresión diagonal (Fig. 14c). Este caso es típico en muros con patines con una resistencia a la flexión elevada. 
A menudo, el aplastamiento puede extenderse sobre la longitud del muro (Fig. 14d). La falla por compresión 
diagonal conduce a una rápida pérdida de resistencia y debe evitarse cuando se diseñen los muros. Los reglamentos 
de construcción (ver sección 3 .5) limitan el esfuerzo conante máximo que se puede aplicar para asegurar que la falla 
por compresión no disminuya la ductilidad disponible. 

Como se mencionó arriba, las fallas por compresión o tensión diagonales se evitan si se lintita el esfuerzo 
cortante nominal y si se coloca refuerzo horizontal. Por tanto las deformaciones inelásticas (fluencia) ocurrirán 
en el refuerzo venical. Después de alguno ciclos de carga, es posible que ocurra un deslizamiento de la base. Este 
fenómeno reduce la resistencia y la rigidez, la última particularmente a bajos niveles de desplazamiento, lo que trae 
como consecuencia una disminución en la energía disipada. Debido a este desplazamiento, la fuerza de compresión 
en la zona a compresión de la flexión, se transmite a través de superficies no uniformes de la grieta. Esto conduce 
a un mayor deterioro que se manifiesta en ~plastarniento y desprendimiento ~el concreto. El daño en el concreto, 
a su vez, reduce la adherencia del acero venical y la rigidez de la acción de dovela. Eventualmente el principal 
mecanismo resistente será el pliegue del refuerzo venical. 

4.4 Control del Deslizamiento por Cortante 

Ensayes en muros han indicado los efectos negativos que desplazamientos por cone excesivos producen 
en la respuesta histerética. También han evidenciado el mejoramiento del comportamiento cuando se coloca refuerzo 
diagonal que cruza el plano de deslizamiento para reducirlo y para resistir el conante de deslizamiento. En las Figs. 
15a y 15b se presentan las respuestas histeréticas de un muro robusto que falló por deslizamiento sobre la base. 
La respuesta de la Fig. 15c corresponde a un muro con refuerzo diagonal (Fig. 16) diseñado para resistir el 30% 
del conante de deslizamiento; es notable el cambio en las curvas. Para controlar el desplazamiento en la base se 
ha propuesto que el 50% del conante sea resistido por acero diagonal y el resto por acción de dovela. Para este 
último se ha propuesto que sea igual a 0.25 veces la resistencia a tensión del refuerzo venical. 



4.5 Control de la Tensión Diagonal 

Para resistir la fuerza de tensión diagonal se debe colocar refuerzo horizontal que equililne el cortante que 
actúa sobre un plano de falla supuesto con una inclinación a 450. Si existe acero diagonal (ver cocción anterior) 
se deberá considerar el componente horizontal de la resistencia. 

4.6 Diseño 

Los comentarios de diseño según NTC-Concreto se presentan en la sección 3 .S. 

5. SISTEMAS MIXTOS MURO - MARCO 

Es común el empleo de muros estructurales esbeltos en combinación con marcos de ac<:ro o de concreto 
reforzado. En estos casos, los muros se construyen entre columnas, tal que los elementos exlwnos del muro sean 
las propias columnas. El sistema mixto marco-muro combina las ventajas de ambos compone.ntes. Así, marcos 
dúctiles pueden disipar energía en los pisos superiores de un edificio. Por otro lado, dada la rigidez de los muros, 
las distorsiones de entrepiso (desplazamiento relativo entre altura) estarán dentro de los límites permisibles. 

Ante cargas laterales, un marco se deforma principalmente en modo de cone (Fig. 17), mientras que un 
muro se compona como un voladizo venical dominado por flexión. Dada la compatibilidad de desplazamientos 
obligada por las losas de piso, el marco y los muros comparten la resistencia en los pisos inferiores pero se oponen 
en los superiores. 

En comparación con un muro aislado ante cargas laterales, la interacción con el marco produce menores 
momentos máximos (en la base),' pero fuerzas cortantes mayores. Esto aumenta la tendencia a una falla por cone. 
Lo anterior es particularmente imponante si estudiamos la vieja práctica de algunos despachos de cálculo estructural 
de diseñar el marco (sin muros) para resistir la carga gravitacional y el (los) muro(s) de manera separada (sin 
marco) para resistir la carga lateral total. Puesto que para un muro conectado a un marco, el momento máximo 
es más bajo que el obtenido del análisis de un muro como voladizo, el diseño por flexión seria conservador. Sin 
embargo, el diseño por cone seria peligrosamente no conservador ya que los cortantes en el muro diseñadÓ.como 
voladizo son menores que los obtenidos en muros conectados a marcos. 

Mientras más flexibles son los muros, mayores serán los cortantes que deben ser resistidos por las columnas 
de los marcos. En realidad la contribución de los muros a tomar cortante es en los pisos inferiores. 

En algurtaS ocasiones, la resistencia y rigidez de la cimentación no son suficientes para evitar el 
levantamiento del muro por cabeceo. Este fenómeno se traduce en cargas axiales mayores sobre el muro que 
aumentan su resistencia a la flexión. Este aumento, extradamente quizá, no es conveniente, ya que aumenta la 
fuerza cortante. Si este incremento no es tomado en cuenta se puede dal1ar al muro por corte prematuramente. 
Además, el levantamiento del muro introduce conantes en vigas transversales para los que generalmente no son 
diseñadas. Estas fuerzas cortantes se traducen en fuerzas axiales a tensión en columnas en el extremo opuesto de 
las vigas. Si esta fuerza de tensión no se consideró en el diseño y detallado de las columnas, es posible que se 
formen articulaciones plásticas en zonas no detalladas para ello. 

Análisis dinámicos más refwados han indicado un buen componamiento de sistemas mixtos bien detallados 
en los cuales los muros se extienden de la base a parte de la altura del edificio. 

>· .. 

-. 



Los comentarios hechos en las secciones anteriores sobre el confinamiento, anclaje y deslizamiento son 
aplicables a este caso. 

6. MUROS ESTRUCTURALES ACOPLADOS 

6.1 Ventajas de los Muros Acoplados 

Una desventaja potencial de los muros estructurales con comportamiento controlado por flexión es que la 
mayor parte de la disipación de energía ocurrirá mediante plastificación del refuerzo a flexión, lo que está asociado 
al peligro de una falla por deslizamiento en la articulación plástica. Este tipo de daño rs dificil de reparar puesto 
que, por lo general, los muros resisten la mayor parte de las cargas gravitacionales del c.dificio. 

Si consideramos el caso de dos muros acoplados, la rigidez del sistema aumentará con el peralte de las 
vigas de acoplamiento. Sin embargo, la principal ventaja de este tipo de sistema c.c.tá en su comportamiento 
inelástico. La deformación de los muros ante cargas laterales causan grandes desplaz:nnientos relativos entre los 
extremos de las vigas de acoplamiento (Fig. 18). Esto provoca la formación de articulaciones en los extremos 
mucho antes de la formación de las articulaciones en los muros mismos. La estructura puede disipar una cantidad 
significativa de energía a través de la sola tluencia de las vigas acopladas. Debido a la respuesta del edificio en el 
segundo y tercer modo de vibración, aun en medio ciclo de desplazamiento del muro, las vigas de acoplamiento son 
sometidas a varias ciclos de momento. 

Una ventaja adicional del sistema es que si las vigas son severamente dañada.o durante un sismo, se pueden 
reparar de manera relativamente fácil sin dejar al edificio fuera de servicio. Aun más, si las vigas son destruidas 
completamente, el edificio tiene la redundancia estructural que le brindan los muros trabajando de manera 
independiente, lo que evita su colapso. 

6. 2 Criterio de Diseño 

Para garantizar un comporarniento adecuado de los muros acoplados se debe satisfacer que: 
l. La formación de articulaciones plásticas en las vigas de acoplamiento debe ocurrir antes que la 

plastificación. de los muros: y 
2. Las vigas de acoplamiento deben ser detalladas para obtener buénas características de disipación 

de energía. 

El primer requisito es satisfecho si se diseñan los muros de manera que la resistencia nominal al cortante 
sea mayor que el cortante consistente cuando se alcanza la capacidad a flexión del muro. Esta capacidad se calcula 
considerando la reducción en la carga axial debido a la formación de articulaciones plásticas en las vigas de 
acoplamiento.· En efecto, al fluir las vigas, las fuerzas cortantes en ellas se traducen en una reducción en las fuerzas 
axiales en los muros. Si la carga axial neta en el muro de sotavento es baja, se reduce la resistencia al corte y se 
favorece la degradación por deslizamiento. 

Respecto a la resistencia de las vigas de acoplamiento, es importante señalar que la relación claro-peralte 
de las vigas de .acoplamiento. es menor de.dos, lo que resulta en elementos vulnerables a fallas por cortante. 



6. 3 Diseño de Vigas de Acoplamiento 

Las primeras vigas de acoplamiento se reforzaron por corte de manera convencional, es decir, aplicando 
conceptos para vigas esbeltas y colocando estribos ortogonales al eje a baja separación. Sin embargo, su respuesta 
ante sismos ha sido deficiente. Las vigas asi reforzadas fallan por tensión diagonal con degradación muy severa 
o por deslizamiento cerca del muro (Figs. 19a y 19b). Las razones de este comportamiento son los altos esfuerzos 
cortantes nominales que aceleran la degradación por corte y la distribución no lineal de esfuerzos. la cual es 
diferente de la supuesta por la teoría convencional de vigas. En efecto, el refuerzo longitudinal de la viga 
permanece a tensión en todo el claro, de manera que el cortante se transmite por medio de un puntal diagonal (Fig. 
19c). 

Puesto que el concreto se degradará ante ciclos de carga, es necesario resistir la compresión diagonal a 
través de varillas diagonales que puedan resistir todo el componente inclinado de la fuerza cortante. El minimo 
número de varillas es cuatro. Se deberán colocar estribos cerrados a 10 cm máximo para evitar el pandeo de dicho 
refuerzo. El refuerzo deberá anclarse en el muro para permitir su fluencia. Según NTC-Concreto el anclaje será 
igual a 1.5 veces la longitud de desarrollo de las varillas. Este incremento pretende disminuir la concentración de 
esfuerzos en el anclaje. En la Fig. 20 se presenta el comportamiento de vigas de acoplamiento reforzadas 
convencionalmente y reforzadas con acero diagonal. Es importante observar las excelentes características de 
disipación de energía de estas últimas. Los detalles del refuerzo de una viga de acoplamiento se ilustran en la Fig. 
21. Para evitar el desprendimiento del concreto agrietado, es necesario colocar refuerzo horizontal y vertical 
núnimo que funcionen como una canasta. Este refuerzo debe cumplir los requisitos para acero por cambio 
volumétricos y se colocará en dos capas, próximas a las caras de la viga, por afuera del refuerzo diagonal. 

7. MUROS DIAFRAGMA DE CONCRETO REFORZADO 

7.1 Características 

El comportamiento sísmico de marcos con muros diafragma (o de relleno) de concreto reforzado depende 
del espesor relativo de los últimos con respecto a las dimensiones de vigas y columnas del marco. En efecto, si 
los muros diafragma son muy delgados, el marco se deformará como un marco sin muros; en este caso la energía 
se disipará en las vigas y columnas. Por el contrario, si el muro tiene un espesor alto, el marco con muros 
responderá como un muro estructural, de manera que la energía se disipa.<á mediante fluencia ~n la base de la 
estructura. Para muros diafragma de espesor intermedio, el marco con muros se comportará como un muro 
estructural para bajos niveles de désplazamiento. Para despl:izamientos elevados, los muros diafragma se 
comportarán como puntales equivalentes de compresión y la estructura responderá como un marco arriostrado. 
Debido a la degradación gradual de los tableros se logrará una significativa cantidad de energía disipada. Aunque 
el comportamiento de este tipo de sistemas no es tan bueno como el de muros acoplados, ofrece un incremento en 
resistencia, rigtdez y disipación de energía comparado con un marco simple, siempre y cuando el marco y los muros 
diafragma se diseñen y detallen adecuadamente. 

7.2 Criterios de Diseño 

Los posibles problemas de diseño en el empleo de muros diafragma y sus soluciones son: 
l. Flexibilidad de los tableros. Puesto que los muros diafragma son mucho más rígidos que el marco, 

es posible que la estructura falle por fluencia en la base. Para este caso, se recomienda que los muros diafragma 
se compongan de tableros separados por juntas verticales, o bien que la carga asociada a la falla por flexión sea 
superior que la que produciría el aplastamiento del puntal de compresión. 

2. El puntal diagonal de compresión introduce en las columnas fuerzas cortantes elevadas. Para evitar 



una falla en la columnas se requiere usar una alta cantidad de refuerzo transversal de manera que resista todo el 
conante transmitido cuando el muro diafragma se agriete. Así, la resistencia al cone en los r.>tremos de la columna. 
deberá ser mayor que la carga de agrietamiento del muro diafragma (por lo general el c>fw,rzo de agrietamiento 
es del orden de l.8Vf',, en kg y cm'). 

3. El muro diafragma puede desprenderse del marco y no disipar energía. Para evitar ello se 
recomienda la colocación de una cuantía mínima de acero vertical y horizontal igual a 0.0025 con una separación . 
máxima de varillas de 30 cm. Este refuerzo deberá estar anclado al marco. 

Lo discutido anteriormente es válido para el caso que se quiera que el muro diafragma contribuya a la· 
resistencia y rigidez ante cargas laterales del edificio. Si el muro es divisorio únicamente, se deberá separar del 

'- marco por medio de una junta elástica. 

8. DETALLADO 

En las secciones anteriores se han hecho varias observaciones respecto a la influencia del detallado en el 
componamiento de los muros estructurales. A continuación se enfatizan los aspectos de juntas de construcción· y' 
anclaje. La imponancia del confinamiento ha sido destacada en otras secciones. 

8.1 Juntas de Construcción 

Los muros estructurales de concreto normalmente se construyen colando por tramos, mismos que quedat¡ . 
separados por jumas de construcción. Estas juntas tienen, a menudo, una resistencia dudosa. En efecto, durante 
la compactación del concreto el material más pesado, los agregados, se precipitan al fondo de la capa de colado·. 
Por tanto, en la pane superior existirá un mayor contenido de pasta con relación agua/cemento más alta (de acuerdo 
a Abrams, a mayor relación agua/cemento, menor es la resistencia). 

Para evitar el deslizamiento a lo largo de juntas horizontales es necesario colocar suficiente refuerzo venieal · 
(acero en el alma) con baja separación o acero diagonal (ver sección 4.4) para resistir el conante mediante el 
mecanismo de fricción-<:onante. Debido al desplazamiento relativo a lo largo de la junta rugosa, la junta se abre 
(un valor típico es del orden de 0.2 mm). Si algunas varillas cruzan la junta, éstas quedarán sometidas a fuerzas 
de tensión que serán equilibradas por la compresión a ambos lados de la junta. La resistencia asociada a este 
mecanismo es proporcional al área tra¡¡sversal del acero que atraviesa la junta y al esfuerzo en las varillas. Para 
desplazamientos relativos pequeños (del orden de 0.2 mm o meno~). el mecanismo de conante-fricción es razonable. 
Por tanto, el conante rasante resistente será función de la fuerza normal a la junta y de la fuerza desarrollada por 
las varillas que la cruzan multiplicados por un coeficiente de fricción. De esto último se desprende la necesidad 
de incrementar la rugosidad de juntas de construcción. Las juntas de construcción deben estar libres de polvo, 
panículas o cualquier otra sustancia que afecte la adherencia con el nuevo concreto. Ensayes de laboratorio han 
indicado que el uso de adiuvos no modifica sustancialmente la resistencia al corte. 

El refuerzo venical mínimo es suficiente para controlar el desplazamiento en la base si el esfuerzo axial 
sobre el muro es igual o mayor de 4.2 kg/cm'. 

8.2 Anclaje 

El refuerzo venical en muros, ya sean esbeltos o robustos, debe anclarse en la base del muro; esto es 
evidente. Pareceria que el anclaje del refuerzo del alma no es tan necesario en la pane superior del muro; sin 
embargo, es de similar imponancia, en panicular en mu'ros bajos en los cuales la mayor pane del conante es 



resistido por el refuerzo vertical después del agrietamiento del ·concreto. Se deberán emplear ganchos en la parte 
superior para garantizar un adecuado anclaje. Un aspecto relevante son las uniones de varillas, en panicular cerca 
de la base del muro. Las NTC-Concreto prohiben traslapes de cualquier tipo en la zona de la articulación plástica. 
En el caso de muros, la colocación de traslapes en zonas con esfuerzos altos es más detrimental que en el caso de 
columnas o vigas debido a la falta de un adecuado confinamiento lateral (hacia fuera del plano del muro) por la 
geometria del elemento. 

El refuerzo horizontal se debera anclar en los extremos y, de preferencia, dentro de los elementos extremos 
confinados. 

En ocasiones no se presta suficiente atención a la separación entre las varillas, particularmente aquellas 
colocadas en los elementos extremos. Es común observar el uso de paquetes de varillas de gran diámetro muy 
próximos entre sí lo que dificulta la adecuada colocación y compactación del concreto. Una mala práctica de colado 
se traduce en hoquedades que reducen la adherencia del refuerzo, lo que a su vez conduce a una disminución en 
la resistencia, rigidez y capacidad de desplazamiento del muro. Se debe tener especial cuidado en supervisar dicha 
condición. 
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Fig. 21 Detalles dd refu~rzo do una viga do acoplamiento 
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COMPORTAMIENTO Y DISEÑO DE 
ESTRUCTURAS DE CONCRETO REFORZADO 
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Instituto de Ingeniería 

l. INTRODUCCION 

El diseño de uniones ha sido un aspecto que no ha recibido la debida atención por parte de investigadores, .• • 
y de profesionales de la construcción y diseño. A menudo se argumenta que la imponancia que se la ha dado 
recientemente a las uniones, en particular la de vigas con columnas, es exagerada ya que no existe evidencia 
abundante de fallas en sismos pasados. Esta idea se basa en que los problemas en marcos de concreto reforzado 
se han presentado por diseños mal concebidos en vigas y, particularmente, por un detallado inadecuado de columnas. 
Sin embargo, sismos recientes, como el de El Asnam en 1980 (Fig. 1), los de México en 1985, San Salvador en 
1986, Lóma Prieta en 1989, y el de Lós Angeles en 1994, han evidenciado fallas por corte y de anclaje en uniones 
viga-columna. 

Es común que los diseñadores olviden el detallado de las uniones. Se deja al constructor la deflnición de 
detalles críticos que influyen en el comportamiento de la estructura. Las uniones son críticas porque aseguran la 
continuidad del ediflcio y porque transmiten fuerzas de un elemento a otro. Así, las cargas y fuerzas deben 
transmitirse del sistema de piso a las trabes, de ellas a las columnas, y de las últimas a la cimentación. La 
transferencia de fuerzas entre los elementos depende del detallado cuidadoso de las uniones y de la supervisión 
minuciosa que asegure que la fabricación y la construcción sigan las instrucciones o intenciones del diseñador. 

2. CRITERIOS DE DISEÑO DE UNIONES VIGA-COLUMNA 

Los criterios de diseño de uniones viga-columna se pueden fonnular como sigue: 
l. La resistencia de la unión debe ser mayor o igual que la máxima demanda que corresponda a la 

fonnación del mecanismo de colapso del marco. Esto eliminará la necesidad de reparar una región inaccesible y 
que sufre deterioros de resistencia y rigidez considerables si se somete a acciones cíclicas en el intervalo inelástico. 

2. La resistencia de la columna no debe afectarse por una posible degradación de resistencia de la 
unión. 

3. Ante sismos moderados, las uniones deben responder en el intervalo elástico. 
4. Las deformaciones de la unión no deben contribuir signiflcativarnente al desplazamiento de 

entrepiso. 
5. El refuerzo en la unión, neCesario para garantizar un comportamiento satisfactorio, no debe 

diflcultar la construcción. Una unión típica conecta elementos provenientes de tres direcciones; se debe evitar la 
interferencia de las varillas que vienen de todas las direcciones. 
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3. C0!\1PORTAMIENTO ESPERADO 

Puesto que la respuesta de uniones viga-columna está controlada por meeaninmos <k cone y adherencia, 
que tiene un componamiento histerético pobre, no es posible .considerar a la unión como 1mr. fuente imponante de 
disipación de energía. Por tanto, la unión debe experimentar oajos niveles de agrietc'lllien!o y plastificación. La 
unión debe detallarse de manera que sus deformaciones no contribuyan signific;.<ivamcutc a la distorsión del 
entrepiso (se enÍiende por distorsión al cociente del desplazamiento relativo entre la altu!a ele entrepiso). Uniones 
bien diseñadas contribuyen en 20% a la distorsión total. 

Como ejemplo, una unión de faehada estará sometida a las fuerzas indicadas en la Fig. 2. En la Fig. 2b 
se presenta la distorsión angular de la unión. El agrietamiento de las vigas en las caras de las columnas, y el 
fisuramiento de las columnas en las panes superior e inferior de las vigas son el resultado del deslizamiento del 
refue¡zo a través de la unión. Es común suponer en el análisis de edificios que los condiciones de apoyo de las 
vigas en las columnas son iguales a un empotramiento. En realidad, el refue!ZO de las vigas se deslizará aun para 
bajos niveles de esfue!Zo, de manera que un empotramiento perfecto no es posible. La Ulli(m se deforma en conante 
por las fuerzas resultantes que obran en la unión (Fig. 2c), las cuales producen temión a Jo largo de una diagonal 
de la unión y compresión a lo largo de la otra. Las primeras grietas diagonales aparecen cuando los esfuelZOs 
principales de tensión exceden la resistencia a tensión del concreto. Puesto que las grietas son similares a las grietas 
por conante en una viga, las primeras recomendaciones de diseño se basaron en ecuaciones adaptadas de 
requerimientos de cone para vigas. Es imponante notar que las magnitudes de las fuerzas a las que se somete una 
unión son varias veces las aplicadas en vigas y columnas. 

Ante sismos, las vigas que llegan a la unión en lados opuestos probablemente estarán sujetas a momentos 
flexionantes de signos opuestos. Los factores más imponantes a considerar en el diseño de uniones viga-columna 
incluyen: "': 

l. Conante. 
2. Anclaje del refue!ZO. 
3. Transmisión de carga axial. 

4. TIPOS DE UNIONES EN MARCOS DE CONCRETO REFORZADO 

4.1 Según su Configuració~ Geométrica 

De acuerdo al tipo de anclaje de las varillas de las vigas,. las uniones se pueden clasificar en interiores (las 
varillas pasan rectas a través de la unión, Fig. 3) y en exteriores (las barras se anclan mediante ganchos, Fig. 4). 
Atendiendo a la configuración de los elementos adyacentes, existen varios tipos de uniones exteriores. Por claridad 
en el dibujo no se muestran las losas de piso (monolíticas con las vigas). 

4.2 Según el Intervalo de Comportamiento 

Aunque es preferible diseñar las uniones para que permanezcan en el intervalo elástico, es muy posible que 
ocurran deformaciones inelásticas en ella si los elementos adyacentes, vigas o columnas, se deforinan plásticamente. 
En este caso las deformaciones inelásticas a lo largo de las varillas penetrarán la junta; esta unión será del tipo 
inelá.stico. Por otro lado, es posible diseñar un marco de manera que se aniculen las vigas lejos de la unión (Fig. 
5), de manera que esta permanezca en el intervalo elástico. Para este tipo de marcos la unión será elástica. 
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5. MECANISMOS DE RESISTENCIA AL CORTE EN UNIONES INTERIORES 

Un mruco de concreto reforzado, diseñado según el Reglamento de Construcciones para el Distrito Federal 
(RDF-87) debe disipar energía ante cargas inducidas por sismos, mediante la formación de articulaciones plásticas 
en las vigas. Cuando éstas desarrollan sus resistencias máximas, las uniones estarán sujetas a fuerzas cortantes 
elevadas. 

Bajos los efectos sísmicos, se generan momentos flexionantes y fuerzas cortantes en vigas y columnas que 
esfuerzan al núcleo de la unión como se ilustra en la Figs. 6a y 6b. En este dibujo las resultantes de los esfuerzos 
de tensión se denotan como T, y las resultantes de esfuerzos de compresión en el concreto y acero se identiflcan 
como C. 

Por equilibrio de fuerzas horizontales tenemos que 

vjh = TB + T' B - ve 

donde V, es el promedio de las fuerzas cortantes de las columnas superior e inferior. El cortante en columnas es 
el correspondiente al desarrollo de los momentos máximos en la vigas. 

Se han identiflcado dos mecanismos de resistencia al corte en uniones interiores. El mecanismo del puntal 
diagonal de compresión (Fig. 6c) se forma a lo largo de la diagonal principal de la unión como resultante de los 
esfuerzos verticales y horizontales de compresión que actúan en las secciones críticas de vigas y columnas. Es 
importante notar que el puntal se desarrolla independientemente de las condiciones de adherencia de varillas dentro 
de la unión. En este mecanismo, el nudo fallará cuando el puntal lo haga por compresión-cortante. En la Fig. 7 
se muestran los lazos histeréticos de una unión que falló por cortante. 

En el segundo mecanismo, llamado de armadura, se forman pequeños puntales diagonales distribuidos en 
la unión (Fig. 6d). Estos puntales deben ser equilibrados por esfuerzos de tensión en el refuerzo vertical y 
horizontal, y por esfuerzos de adherencia a lo largo de las barras de vigas y las varillas externas de la columna. 
Este mecanismo es posible únicamente si se mantiene una buena adherencia a lo largo del refuerzo de vigas y 
columnas. Sin embargo, es dificil mantener una buena adherencia después de la fluencia del acero. Conforme la 
adherencia se deteriora (y, por tanto, las varillas se deslizan dentro de la unión) el mecanismo de la armadura se 
degrada, de manera que el puntal diagonal de compresión tiene que resistir la mayor parte de las fuerza cortantes 
en la unión. 

Las expresiones de diseño de las Normas Técnicas Complementarias de Diseilo y Construcción de 
Estructuras de Concreto (NTC-Concreto) se basan en el mecanismo del puntal diagonal a compresión. 

Ensayes de laboratorio han indicado que la resistencia al corte de uniones aumenta con la resistencia del 
concreto. 

Por otro lado, se ha mostrado que es necesario colocar una cantidad mínima de refuerzo transversal para 
mantener el concreto y la resistencia al corte. También se ha notado que si se incrementa la cantidad de acero 
lateral en la unión, no se obtienen mayores resistencias al corte. 

Los resultados de ensayes indican que la presencia de vigas transversales, sean cargadas o no, mejoran el 
comportamiento de la unión porque contribuyen a preservar la integridad del concreto del núcleo. En forma similar, 
el ancho de las vigas también influye en el comportamiento. 

Se han aplicado diferentes niveles de carga axial en la columna en ensayes de laboratorio. Los resultados 
indican que la carga axial en la columna no influye en la resistencia de la unión. 



La losa de piso ha sido incluida en alguno especimenes. De acuerdo a lo observado, se ha destacado la 
participación de la losa en el confinamiento de la unión y en la capacidad a flexión de las vigas. Se ha encontrado 
que la contribución del refuerzo de la losa sumado a aquélla del acero de la viga, aumenta la resistencia a momento 
negativo (lecho superior a tensión). 

Se ha encontrado que un deficiente componamiento de la adherencia afecta severamente la rigidez y 
capacidad de disipación de energía de la unión. Aun más, el deterioro en la adherencia modifica el mecanismo de 
transmisión de fuerza conante. En la Fig. 8 se presentan las respuestas histeréticas para dos modelos, llamados 
A y O. Para el espécimen A se aprecian lazos con baja disipación de energía (área interna reducida) y deterioro 
de la rigidez debidos a un anclaje inadecuado de las barras rectas, mientras que las curvas para el modelo O exhiben 
una respuesta estable con buena disipación de energía. 

Los parámetros que influyen en la adherencia de las varillas a través de las uniones son: 
l. Confmamiento, que afecta significativamente el componamiento de la adherencia bajo condiciones 

sísmicas. La adherencia de la barras de vigas puede mejorarse si se aumenta el confmarniento, ya sea mediante una 
mayor carga axial o por medio del refuerzo longitudinal interior de la columna. 

2. Diámetro de la varilla. Aunque no afecta significativamente la resistencia a la adherencia: sí limita 
la fuerza máxima que puede ser transferida por este mecanismo. Por tanto, la relación entre el diámetro de las 
varillas con respecto a las dimensiones de la unión debe mantenerse constante (límite superior). Mientras mayor 
es esta razón, aumenta la probabilidad de falla de la adherencia. 

3. Resistencia a la compresión del concreto. No afecta de manera imponante ya que la adherencia 
depende de la resistencia a la tensión del concreto. 

4. Separación entre las varillas. Si la separación es menor de cuatro veces el diámetro de la varilla, 
la resistencia de adherencia disminuye en un 20%. 

5. Tipo de corrugación. La reacción de la corrugación contra el concreto circundante es la fuente 
más irnponante de la adherencia. Debe considerarse la posición de las varillas durante el colado. En efecto, si se 
colocan 30 cm o más de concreto por debajo de la varilla, la resistencia a la adherencia disminuye. 

6. UNIONES EXTERIORES VIGA-COLUMNA 

Puesto que en una unión exterior sólo se conecta un viga a la columna. en la dirección de estudio (Fig. 9), 
la fuerza conante en la unión será menor que la que se aplica en uniones interiores de dimensiones y refuerzo 
iguales. De las resultantes del dibujo, la fuerza conante horizontal en la unión es igual a 

Vjh = T - Vcol 

Análogamente a las uniones interiores, se distinguen dos mecanismos de resistencia al conante: el del puntal 
diagonal de compresión y el de la armadura. 

Con objeto de obtener un componarniento adecuado de uniones exteriores ambos lechos de las varillas de 
las vigas deben doblarse hacia la unión: el gancho debe colocarse lo más cerca de la cara externa de la columna 
como sea posible, a menos que la columna sea muy profunda (ya que seria un muro esbelto). 

De acuerdo a la gráfica, para resistir los momentos flexionantes y las fuerzas conantes sísmicas, se formará 
un puntal diagonal (ver Fig. 9) entre el radio del doblez de la varilla superior y la esquina inferior derecha de la 
uruon. Es imponante destacar que para mantener este mecanismo de transferencia de carga es indispensable 
confinar la unión con refuerzo transversal. 
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En efecto, el acero lateral en uniones exteriores persigue dos objetivos. Primero, conflllllr el concreto a 
compresión para incrementar su capacidad de deformación y mantener su resistencia (quizá aumentarla). Segundo, 
confinar el tramo recto del gancho que tratará de salirse por la cara externa de la columna. 

Los siguientes aspectos deben considerarse en el diseño de uniones exteriores: 
l. Si se espera la fonnación de una articulación·plástica en la cara de la columna, el anclaje de las 

varillas de la viga se debe suponer que inicia dentro de la columna. Las NTC-Concreto suponen que la sección 
crítica, a partir de la cual se mide la longirud de desarrollo, coincide con el paño externo del núcleo de la columna. 

2. Para garantizar un anclaje adecuado de las varillas de la viga en columnas poco profundas se 
recomienda: 

a. Usar varillas de diámetro pequeño. 
b. Emplear placas de anclaje soldadas a las varillas. 
c. Colocar pequeñas varillas en el radio interior del doblez para retrasar el aplastamiento 

o desprendimiento del concreto en ese lugar. 
d. Colocar una cantidad suficiente de estribos horizontales para restringir el movimiento del 

gancho. 
3. Las varillas de las vigas deben doblarse hacia dentro de la unión. El detalle de colocar el doblez 

hacia afuera de la unión, es decir, hacia la columna, no es adecuado en zonas sísmicas. 
4. Colocar el doblez del gancho lo más cercano a la cara externa de la columna. 
5. Cuando la arquitecrura del edificio lo permita, o cuando vigas peraltadas lleguen a columnas 

esbeltas, se recomienda terminar las varillas de las vigas en pequeñas extensiones en la fachada (Fig. 10). Este 
detalle mejora notablemente las condiciones de anclaje de las varillas, lo que se traduce en un comportamiento 
superior de la unión. 

6. Para reducir los esfuerzos de adherencia, siempre es preferible el empleo de varillas con el menor 
diámetro como sea práctico. En uniones exteriores, no es aplicable el requerimiento del diámetro de la varilla en 
función de las dimensiones de la columna. En general, es más fácil cumplir con los requisitos de anclaje en las 
uniones exteriores que en las interiores. 

7. DISEÑO DE UNIONES VIGA-COLUMNA SEGUN NTC-CONCRETO 

Como se mencionó anteriormente, el diseñador debe prestar atención a dos aspectos para lograr que la 
unión viga-columna se comporte adecuadamente: la resistencia de la unión al corte y el anclaje de las varillas de 
la viga. Ambos estados límite son cubiertos por los requisitos para el diseño de uniones viga-columna de NTC
Concreto incluidos en el Art. 5.4. Para revisar la resistencia del nudo a fuerza cortante en cada dirección principal, 
en fonna independiente, se considerará un plano horizontal a media alrura del nudo. Para esta revisión, las NTC
Concreto distinguen dos casOs: 

l. N u do confinado, que es aquél al cual llegan cuatro trabes y en donde el ancho de cada una es al 
menos 0.75 veces el ancho respectivo de la columna. 

2. Otros nudos, que son los que no satisfacen lo anterior. 

Para nudos confmados el esfuerzo máximo nominal es igual a 5.sYf", y para otro tipo de uniones es igual 
a 4.sYf*,. Se supone que un nudo confinado resiste cargas superiores a otros nudos. El esfuerzo nominal obrará 
sobre un área definida por la profundidad de la columna y un ancho efectivo, que es, por lo general, igual al 
promedio de los anchos de la o las vigas y de la columna en la dirección de análisis. Los esfuerzos máximos 
señalados se refieren a la resistencia a compresión-cortante del concreto en el mecanismo del puntal diagonal de 
compresión. 

Para confinar el concreto del nudo, así como los ganchos de las varillas en uniones exteriores, se debe 
colocar refuerzo transversal mínimo como en columnas. Al igual que en columnas, el acero lateral estará formado 



por estribos cerrados de una pieza, sencillos o sobrepuestos. Los estribos deben rematarse con dobleces de 135 
grados, seguidos de tramos rectos de no menos de 10 diámetros de largo. La separación no debe exceder de la 
cuana parte de la menor dimensión transversal del elemento, ni de 10 cm. Los requisitos anteriores ~uscan 
preservar la integridad del concreto de manera que se mantenga el mecanismo de transferencia del puntal diagonal 
de compresión. Es imponante cumplir estrictamente con los requisitos anteriores para evitar daños severos, difíciles 
de reparar, en la unión. Si el nudo está confmado como se indicó arriba, las NTC-Concreto permiten usar la mitad 
del refuerzo transversal mínimo. Esto reconoce que las trabes que llegan a la unión la confman por lo que no se 
requiere la misma cantidad de acero lateral que para nudos no confinados. 

El segundo aspecto imponante en el diseño es el anclaje de las varillas. Para evitar fallas de adherencia 
que, como ya se dijo, afectan la rigidez y capacidad de disipación de energía de la unión, las NTC-Concreto señalan 
que el diámetro de las barras de vigas y columnas que pasen rectas a través de la junta deben seleccionarse de 
manera que la dimensión del elemento en la dirección de la varilla sea cuando menos 20 veces el diámetro de ella. 
Así, por ejemplo, si la columna tiene una profundidad de 50 cm, el diámetro máximo de varilla que puede usarse 
es del No. 25 (la designación esta en milímetros y corresponde a una varilla de 1 pulg de diámetro). Se permite 
que el peralte de la viga sea 15 veces el diámetro cuando más del 50% de la carga lateral es resistida por muros 
estructurales o cuando la carga axial de la columna superior al nudo es alta. 

Para juntas exteriores, como se explicó, las varillas deben terminar en ganchos a 90 grados. La longitud 
de desarrollo se mide desde el plano externo del núcleo de la columna hasta el paño externo de la barra en el 
doblez. La ecuación para calcular la longitud de desarrollo en kg y cm' es 
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donde el, es el diámetro de la varilla. El tramo recto después del doblez no será menor de 12d,. 

Un último aspecto relevante con uniones viga-columna es que las varillas longitudinales de las vigas deben 
pasar por el núcleo de la columna. Esto se debe a que no existe suficiente información experimental que permita 
extrapolar los requisitos de diseño vigentes a casos en los que el refuerzo pase o se ancle afuera de lacolumna. 
El refuerzo de los modelos ensayados que sirvieron de base para la formulación de los requerimientos de las NTC
Concreto se anclaba o pasaba a través del núcleo. 

8. UNIONES DE ESQUINA. 

Las uniones de esquina, o de rodilla, empleadas en marcos planos o en otras estructuras, presentan un 
problema especial de detallado. La esquina puede estar sujeta a fuerzas que la traten de abrir o de cerrar (Fig. 11). 
Una situación similar ocurre cuando dos muros se intersecan. Desafonunadamente no existe suficiente información 
sobre el componamiento de este tipo de uniones y del las del siguiente tipo antes cargas cíclicas. La discusión que 
sigue es válida para cargas monótonas. 

Ensayes de laboratorio han indicado que la falla de este tipo de uniones es el resultado del agrietamiento 
por tensión diagonal, por falla de anclaje (sobre el refuerzo), por fluencia del acero, por daño del anclaje o por 
aplastamiento del concreto. Aunque la tensión diagooal es a menudo ignorada, esta puede ser la causa de ·la· falla 
en esquinas que se abren. El anclaje es el problema más común en esquinas que tratan de cerrarse. El 
agrietamiento diagonal en una unión que se abre se presenta en la Fig. 12. El refuerzo debe colocarse como se 

. ilustra. El refuerzo se debe anclar con ganchos. Para confmar el concreto que resiste compresión se deben colocar 
estribos cerrados. 
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9. UNIONES EN FORMA DE "T" 

Este tipo de uniones se presentan cuando una. losa se conecta con un muro, cuando los muros se conectan 
con zapatas, en vigas que llegan a columnas, o en colu!llru!S que llegan a vigas de techo. Se han conducido ensayes 
de laboratorio (Fig. 13) en los cuales se observó un incremento en la resistencia conforme se usan los detalles de 
las gráficas de la derecha. En efecto, solamente con cambiar la dirección del gancho se incrementó la resistencia 
en 40%. Esto se debe a que el puntal de compresión que se desarrolla a través de la junta produce el 
desconchamiento del concreto abajo del gancho cuando éste se dobla hacia la derecha. Cuando el gancho se coloca 
hacia la izquierda, el puntal de compresión reacciona contra el radio del doblez, como en el caso de uniones 
exteriores viga-columna. 

10. LAS UNIONES EN LOS PLANOS DE CONSTRUCCION 

Para evitar errores o malas interpretaciones durante la construcción de uniones. es necesario que el 
diseñador muestre los detalles de las conexiones en los planos estrucrurales: Al momento de incluir estos detalles, 
el diseñador es forzado a verificar que dicho detalle se pueda construir. Esto se relaciona con la colocación del 
refuerzo, y con la colocación y compactación del concreto. Por ejemplo, una viga del mismo ancho que el de la 
columna causará problemas al obrero de la construcción si durante el diseño no se consideró que un recubrimiento 
igual sobre el acero transversal de la viga y la columna, provocará que los refuerzos longitudinales de la columna 
y la viga coincidan. Si en este caso la sección transversal de la columna se agrandara no habria problema. Las 
NTC-Concreto requieren que se incluyan dibujos acotados y a escala del refuerzo en uniones viga-columna (Art. 
5.4); sin embargo, lo anterior debe ser aplicado en otro tipo de uniones. 

il. BffiLIOGRAFIA 

l. Alcacer, S.M., y Jirsa, J. O., "Reinforeed concrete frame connections rehabilitated by jacketing," 
PMFSEL Report No. 91-1, Phi! M. Ferguson Structural Engineering Laboratory, Universidad de Texas en Austin, 
julio 1991, 221 pp. 

2. American Concrete lnstitute, "Design ofbearn-columnjoints for seismic resistance," ACI SP-123, 
Detroit, Michigan. 1991, 518 pp. 

3. Departamento del Distrito Federal, "Normas técnicas complemem..rias para diseño y construcción 
de estructuras de concreto," Gaceta Oficial del Departamento del D.F., 26 de noviembre de 1987, 73 pp. 

4. Ferguson, P.M., Breen, J.E., y Jirsa, J.O., "Reinforced concrete fundamentals, John Wiley & 
Sons, Nueva York, 5a. ed., 1988, 746 pp. 

5. Jirsa, J.O., "Reinforced concrete structures," notas de clase, Universidad de Texas en Austin, 
1987. 

6. Klingner, R. E., "Reinforced concrete structures," notas de clase, Universidad de Texas en Austin, 
1985. 

7. Paulay, T., y Priestley, M.J .N., "Seismic design of reinforced concrete and masonry buildings," 
John Wiley & Sons, Nueva York, la. ed., 1992, 744 pp. 

8. Zhu, S., y Jirsa, J.O., "A study of bond deterioration in reinforced concrete beam-columnjoints," 
PMFSEL Report No. 83-1, Phi! M. Ferguson Structural Engineering Laboratory, Universidad de Texas en Austin, 
julio 1983, 69 pp. 



. ,.-.....;.. __ _ 

(b) 

(al 
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e 41 (M,P) 
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{bwd)c 

= Actual distance between critical regions where MR 
developed max 

= Nominal clear height of the columns assumed in the 
analysis and design of column 

= Cede strength reduction factor for shear 

= Code strength reduction factor for columns 

= Actual size of columns 

= Assumed size of columns used in code equations for 
estimating v~ 

In eq. 1 , the MR 1 Me max u can be expressed as: 

where: 

( 2) 

fR - Maximum steel stress that can be generated s max -

= Code specified yield strength 

= Actual axial load action on section where MR is max generated 

= Axial load estimated based on code force acting 
on section where Me is computed u 

~
PR & MR -j 

F max can also 
Pe & M e 

Considering that f~ max can be up to twice f~ and 

u 

be considerably larger than one, either because PR is a compression force 
smaller t}lan the P corresponding to the balanced point but larger than the 
assume.d ar estimated pC or because pR can be a tension force decreasino the 
actucl shear resistance, the value of the M~ax /M~ can be larger than two. 
Additionally, because of the actual effects of lap splicing and/or nonstructural 

elements, the value of L~ 1 L~ could be larger than one, the 41~ 1 4/(~:P) is 
0.85/0.70 (ACI 318-71), and (bwd)R 1 (bwd)C can be larger than one. 



is equivalent to only about to 50 psi (0.35 MPa), thus sliding shear distress 
is possible in columns subjected to tension. For a given interstory rela
tive displacement of, say 0.5 in. (13 mm), the compression columns would 
also have to distort the same amount and could undergo damaging sliding 
shear displacements. A slip of less than about 0.05 in. (13 mm) is already 
harmful; such a slip is quite conceivable considering the relative magnitudes 
of approximate sliding shear and column lateral stiffnesses [72]. 

All the available data have been obtained under excitations which pro
duce compressive axial forces, shear, and bending in only one main plane of 
the element. Sine~ columns are usually subjected·to biaxial shear and bend
ing, there is an urgent need for experimental and analytical studies of the 
inelastic behavior of columns under the combined effects of axial force and 
biaxial shear and bending. Also, during extreme earthquakes tension forces 
can be developed due to overturning moments and the vertical component of 
acceleration. Therefore it is of paramount importance to carry out studies 
on columns in which the axial force is varied from compression to tension. To 
the best of the author's knowledge, the only experimental work on the effect 
of varying axial force in columns has been carried out in Japan [142] and 
more recently at the University of Texas. These studies will be discussed 
1 a ter. 

The columns are still the elements most susceptible to failure in destruc
tive seismic ground motions. This has been demonstrated by inspection of 
damage in many recent earthquakes. In Ref. 93 Aoyama discusses the causes of 
shear failure of columns and countermeasures taken in Japan. The causes of 
such failure can be found, the author believes by: (1) Analyzing present 
methods of evaluating column action during severe earthquakes, and estimating 
the range of demands placed on columns; (2) Studying the sensitivity of the 
nominal unit shear stress to the main factors involved in its computation; 
(3) Comparing this sensitivity with the values specified by present seismic 
codes. 

Park [25] and Paulay [47] discuss the problems encountered in estimating 
the column actions and therefore in formulating a design procedure that will 
give an acceptable degree of protection against undesirable behavior. 

To illustrate the sensitivity of the nominal unit shear stress to the · 
main factors involved in its computation the following equation compares the 
probable realistic value of the maximum nominal unit shear shear stress, v~ax 
with the value given by ACI or UBC codes vfi [35, 36]. ' 

where: 

M e 
u 

<Pe 
V -c-

<I>(N,P) 

( 1 ) 

= Maximum moment that can be.developed in the real 
column 

= Ultimate moment capacity computed according to 
e o de pro vis ions 



:olumn philosophy. However, these deformation capacities may be insufficient 
;hen compared to the magnitude and nature of deformation demands that may be 
!xpected in frames designed with soft stories. Furthermore, the above obser
/ations are valid for cases where there is essentially no fluctuation in axial 
force. The change from a ductile shear-compression failure mode in columns 
;ith certain axial compressive force to a brittle diagonal tension mode in 
;imilar columns in which the axial load decreased, suggests the need to in
/estigate the inelastic behavior of short columns in which the axial force 
1a ri es. The axi a 1 force shou 1 d be vari ed wi th shea r reversa 1 from a max i mum 
:ompression to either a tension value or a smaller compression. 

(2) A comparison of analytical and experimental shear strengths indi
:ates that code shear capacities are adequate if actual mechanical character
istics are used. However, if the expected inelastic deformations are higher 
than those used in the tests, these code provisions may be inadequate. The 
:oncrete degradation associated with large inelastic cyclic deformations will 
result in an entirely different state than that on which the code recommenda
tions are based. To develop such large deformation and still maintain shear 
strength, the contribution of concrete should be ignored unless the·core 
concrete can be kept effectively confined, even under the largest deformation. 

(3) Comparison of the behavior of columns subjected to different defor
mation histories demonstrates that cyclic deformation reduces the maximum in
elastic deformation a member can experience in a given direction. This fact 
should be kept in mind when design is controlled by inelastic deformation de
mands. It will be necessary to specify not only the deformation level that 
is expected, but al so the number and type of reversals {partial, full) expect
ed. The magnitude of the nominal shear stresses developed in sorne of the' 
columns tested show that moderate ductile behavior and high shear stresses 
are compatible. However, it is necessary to provide sufficient and properly 
detailed transverse reinforcement. 

{4) A comparison·of the behavior of columns with different types of 
transverse reinforcement indicates that the circular spiral is more·effective 
in maintaining a member's shear strength. Its continuity and relatively clase 
spacing provide excellent confinement for the core concrete and restrain the 
width of inclined shear cracks. However, the clase spacing of the spiral, and 
the fact that it is responsible for significant spalling through the height o 
of·the column, reduces the area of concrete in concrete with the longitudinal 
reinforcement and thus contributes to bond deterioration along this reinforce
ment. 

4.2.4 Analytical Prediction of the Hysteretic Behavior of Columns. Many 
attempts have been made to predict the hysteretic behavior of columns, start
ing from the mechanical characteristics of the materials used and following 
the classical approach of continuous mechanics. In Ref. 88 Zagajeski and 
Bertero discuss different methods and models that have been used, and the dif
ficulties encountered in predicting the hysteretic behavior. Perhaps an 
easier approach is to directly model the load-deformation relationship as was 
done by Atalay and Penzien for flexura] members subjected to high shear'[95, 
96]. This was done also by others [98] using a degrading trilinear model for 
the restoring force-deformation characteristics of reinforced concrete struc
tures failing primarily in flexure. Jirsa in Refs. 28 and 97 reviewed the 
analytical work done in modeling behavior of columns and classified these dif
ferent models in two categories: "conceptual model" and "element or filament 
model". An example of good agreement obtained by using conceptual models is 

.shown in Fig. 17(a). 

,. 



1nererore tne real nom1na1 unn snear stress, vmax' can oe Tour or more tlme> 
than the value obtained using code procedure v·~ ; the value for which the shear 

reinforcement was designed. Thus it is not surprising that many of the frame 
failures observed have been due to shear failure of the columns. Therefore ther 

is a need to conduct statistical studies of the value of v~ax /v~ in existing 
buildings. 

4.2.2 Experimental Research and Development in Japan. Ohmori in Ref. 84 
points out studies in Japan where the behavior of columns was investigated in 
arder to improve the design and construction of real R/C structures. Among 
the important experimental findings of the research, the following deserve 
special mention. 

Newl Develo ed Transverse Reinforcements--The three types of lateral 
reinforcement shown in Fig. 16 a , typical of present construction, were 
tested, considering three levels of reinforcement ratio for each type. The 
results reviewed in Ref. 16 and summarized in Fig. 16{b) show the advantages 
of tied (type A) and spiral (type S) columns when compared with hooped 
columns (type J). However construction of tied columns presents sorne diffi
culties. Therefore, new types of transverse reinforcements that could offer 
good confinement and could be easily fabricated were sought [142]. A combi
nation of spiral and hoop reinforcements was developed which was named the 
KS type. It showed ductile and stable hysteretic behavior similar to that 
observed for tied columns (Fig. 16[b]). Figure 16(c) shows the different 
types studied and Fig .. 16(d) shows the results obtained. It is clear that the 
KS type columns showed the most stable and ductile behavior. The other two 
types which showed good behavior for the same reinforcement ratio, were the 
spirals (S) and the tied (T) arrangements. 

Splices of Large·Size Re-Bars--In the lower story columns of tall 
buildings it becomes necessary to use large size rebars. In this case the use 
of lap splices offers serious difficulties. Various types of welded and 
sleeve joints were tested. Among the most effective in the sleeve category 
were the squeezed joint, and the Caldwell joint [94]. 

Very little information is available on the behavior of lapped splices. 
As pointed out by Gergely [72] impact type tests of splices showed an in
crease in splice capacity and stirrups enhance the toughness and ductility of 
splices. Research is needed on the behavior of lapped splices and mechanical 
splices at high-level load· reversals. 

4.2.3 Concluding Remarks Reoarding Experimental Studies. 
results obtained in different investigations up to date it 
that: 

From analysis of 
can be concluded 

(1) Short R/C columns, if designed and detailed to satisfy code recom
mendations for ductile moment-resisting frames [36] can develop moderate in
elastic deformation prior to either a brittle shear failure or significant 
shear degradation, when subjected to high constant axial loads and to cyclic 
shear reversals. The word moderate should be emphasized. It is felt that 
the inelastic deformation capac1ties found in the investigations {particular
ly in Ref. 88) would preve adequate when compared to the magnitude and nature 
of inelastic deformation demands that may be expected for columns that are 

.components of frame systems designed on the basis of a weak girder-strong 



"20 excitation of single mass systems produces a greater per·ioci shift, 
which in turn can lead to larger displacement response, depending tu sorne · 
extent on the initial system period. Gravity loads acting through the in
creased lateral displacements may cause collapse. Although details of input 
motion and shape of hysteresis curve play a role, they do not appear to de
cisively influence the general trends. The combined effect of correlation of 
the orthogonal components of response and of inelastic interactior, generally 
appears to increase with relative strength of the excitation. 20 ductilities 
about twice as large as 10 ductilities are typical at lO ductilities of about 
5 or more. 

Since the effect of gravity load is consistent, an examination of 
responses without the P-e effect is sufficient to indicate possible problems. 
Two criteria are useful for this prupose: 10 ductility demand and system 
period. The most important indicator is the lO ductility demand ralculated 
from a ene-dimensional inelastic response analysis. If ·the system strength 
is sufficient to restrict the lO ductility demand to about two, no difficul
ties should occur. In conjunction with this, however, the system period 
should be taken into account, since the consequences of a slight underdesign 
are more serious for short period (stiff) systems than for long period (soft) 
systems. 

Frames resisting seismic loads in both horizontal directions should be 
designed so that column deformations do not substantially exceed "yield". 
An important factor not accounted for by response studies of single mass 
systems is the distribution of inelastic deformation between girders and 
columns in space frames, This distribution is different for 20 motion than 
for lO motion, since columns may yield sooner in 2D.motion. The few results 
available for multi-story structures indicate that 20 motion increases 
column response ductility demand and decreases girder response ductility 
demand. While a varying axial load does produce large changes in the lateral 
restoring force-deformation characteristics of a single column, when these 
characteristics are averaged over several columns in a story, the effect on 
the total lateral force-deformation resistance curve for the story appears 
to be slight. The influence of ground motion characteristics should be more 
thoroughly explored. Besides duration and general intensity level of the 
excitation, the relative strength of all components is important. Extensive 
work remains to be done along these lines." 

Jirsa, et al. presents a thorough review not only of analyti.cal work 
in this field but also of the experimental studies that have been conducted 
until 1978 [97]. In reviewing the analytical work, Jirsa, et al., classifi
ed the proposed models in two categories: conceptual; and element or filament 
models. They then summarized the models, applications, advantages, and dis
advantates. One of the main problems in conducting experimental studies is 
the selection of realistic loading histories. The problems discussed for 
10 models are increased considerably because of the many possible combinations 
of the path of the two components. 

4.3.2 Experimental Studies. These studies can be classified as studies of 
flexural behavior and shear behavior [97]. 

4.3.2.1 Flexural Behavior. Takizawa and Aoyama [98] conducted sorne experi
ments and compared their test results with analytically predicted values on 
a conceptual model. Measured and analytically predicted response for unidir
ectional and 20 loading histories are shown in Fig. 17: The measured and 

· analytical responses for the square (or diamond) loading history (Fig. 17[b]) 



In 1977, after reviewing analytical studies, Gergely [72] concluded: 

(1) Many researchers have used various types of idealizations and 
hysteresis rules in nonlinear analyses and have shown that good results can 
be obtained when the idealizations directly correspond to the system being 
modeled. In most cases, however, not all modes of stiffness deterioration 
were included in the analysis and in the corresponding tests. Significant ad
vances have been made in system identification techniques that allow the de
termination of stiffness properties from test results, or enable lineariza
tion of non-linear systems. t1ost nonlinear analyses are too complex for 
design use but they are helpful in identifying the effects of various factors 
as well as in aiding in the planning of test programs. 

(2) Hany factors affecting nonlinear response have not yet been isolated 
or studied sufficiently. Therefore, most analyses are reasonably accurate 
only for the test program for which they were derived. If other factors mod
ify the behavior or if a different type of loading is applied, the agreement 
between analysis and test is generally poor, especially after two or more 
load cycles. 

4.3 Hysteretic Behavior of Columns under Three Dimensional Loading 

An earthquake ground motion at the foundation of a structure has six 
simultaneously acting components: three translational and three rotational. 
Thus, the columns in a space frame are subjected to three dimensional (30) 
loading components, which will vary with time during dynamic response to the 
ground motion. This is particularly true in the case of exterior columns in 
a space frame.· In the case of interior columns the variation of axial force 
during the earthquake might not be important and therefore, although there is 
a state of 30-loading, only the biaxial bending and shear will vary with time. 
It is common to refer to this as a case of.biaxial bending or two dimensional 
(20) behavior, although strictly speaking a 30-state of loading exists even 
for a 20 ground motion. 

In 1972 the author pointed out the lack of data regarding the 30 behavior 
of columns [16]. As a consequence of damage from the 1968 Tokachioki and 1971 
San Fernando Earthquakes, several studies were conducted to see if it was 
possible to analytically predict such damage. Most of these analytical 
studies were based on the conventional planar behavior of the structural ele
ments. Since these studies did not sucessfully justify the observed damage, 
and since there was evidence of biaxial bendings in certain columns, particu
larly in the case of the main buildings of the Olive View Hospital, analytical 
studies of the effects of 20 ground motions were started. 

4.3.1 Analytical Studies on the Effects of 20 Ground r~otions and Biaxial 
Loading on Columns. Japanese and American researchers have conducted a series 
of.analytical studies on the effects of 20 ground motions on columns. The 
analytical work of Takizawa and his associates in Japan [99] and Pecknold and 
his associates in the U.S. [100] deserves special mention. · 

In Ref. 99 Takizawa concludes that "The margin of safety against col
lapse of R/C structures is very small when the effects of biaxial response, 
deteriorating ductility, and gravity are.all combined. In Ref. 100 Pecknold 
and Suharwardy review the analytical work conducted until 1977 and summarize 
the findings as follows: 

''o -~· 
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on the effect of high shear on columns [97, 104]. The primary variable is 
the loading history. The geometry of the specimens is the same for all tests. 
The column is a stiff element (12 in. square, 36 in. long) framing into 
fixed ends representing a stiff floor system. Two series of tests, (one with 
no axial force and the other with varying axial load), have already been car
ried out and reported by Jirsa and his associates [97, 104]. 

20 Behavior - No Axial Load Figures 18(a) and 18(b) compare the lateral force
deformation curves for two tests. In one test, the load history was applied 
in 10, in the other it was applied in 20 following a square deflection path. 
The force-deformation relationships are shown for a principal axis of the 
column. Such a comparison indicates a severe reduction of capacity due to 
prior or simultaneous loadin~ in the orthogonal direction. This is shown by 
the force orbit in Fig. 18{c), for the specimen subjected toa square load 
path. If, under 20 loading, the resultant force (VR = VN + V[wl is plotted 
against the resultant deformation or the radial deformation from the original 
position ( ~ = t¡j5 + t.Ewl, diffe.rences between 10 and 20 response are not as 
large (Fig. 18[d]). Jirsa and his associates [97] pointed out that, while a 
great deal of additional testing will be· needed to qualify the response, re
sults to date indicate that 20 response "may be well correlated to resultant 
force-resul tant deformation behavior regardless of the deformation path". 

Otani, of the University of Toronto, Canada has recently started an 
experimental program to investigate the effects of 20 deformation on columns. 
He has reported the results from tests of two relatively slender columns 
(12 x 12 x 60 in.) [105]. Because of early fracture of the longitudinal re
inforcement at the welding in a critica] region, no data has been obtained 
under cyclic loading requiring large inelastic deformations. From the re
sults obtained, Otani concluded that: 

(a) An effect of biaxial lateral load reversals on the behavior of re
inforced concrete columns was evident prior to the tensile yielding of 
longitudinal reinforcement; 

{b) The effect of biaxial lateral load reversals was relatively small, 
in the specimens tested, after the tensile yielding of longitudinal reinforce
ment; 

3D Behavior with Varying Axial Load As "mentioned above, more research on 
the effects of varying axial load on column behavior is needed." (research 
to date has been reported by Ohmori [84], Kokusho, et al. [106, 107], and 
Jirsa and associates [97]. The experiments in Japan were conducted under 
uniaxial bending; the work done by Jirsa was under biaxial bending. Jirsa 
concluded that while constant compressive loads had a slight influence, con
stant tensile loads had a greater influence on columns subjected to biaxial 
bending in comparison toan axially unloaded column subjected to biaxial 
bending. In particular, under cyclic biaxial bending, compressive loads in
creased the shear capacity slightly and tensile loads substantially reduced 
the stiffness of the column and the shear capacity at low load. Howev'er this 
reduced shear capacity did not deteriorate, even under large lateral deforma
tion. Additional tests were conducted with 20 lateral loadings and axial 
load variation; however, the trends are not significantly different from 
tnose under constant tension or compression. Axial loads appear to have an 
influence on response only while the load is on the· structure and do not in
fluence subsequent response. This is quite different from lateral loading 
where loads in one direction influence subsequent response in the orthogonal 



are shown in Fig. 17(c). Note that the general shape of the measured curves 
is predicted by the analytical procedure. However, the magnitude of forces 
tends to differ, particularly at the largest deformation level, where the 
measured forces were considerably less than the predicted enes. This is 
apparent in the plot of the experimental and analytical force orbits shown 
in Fig. 17(d). The force orbit represents the locus of forces in the princi
pal directions produced by the deflection orbit shown in Fig. 17(b). 

Takiguchi and Kokusho [101], presented a summary of results from 26 
specimens subjected to biaxial bending moments. The specimens were small, 
10 cm. and 15 cm, square cross sections. The experimental results were com
pared with analytically predicted values using a finite filament model, and 
good agreement was found. Takiguchi and Kokusho concluded that ''The influ
ence of bending moment about one axis due to dead load on hysteretic character
istics about the other axis should be taken into consideration when conven
tional seismic resistant design methods (i.e. methods in which latera1 forces 
are applied independently in two directional orthogonal to each other) are 
used for reinforced concrete columns." 

Okada, Seki, and Asai [102] compared experimenta~ results with the analy
tically predicted enes using a finite element model, and concluded that their 
analytical model simulated behavior reasonably well. As the severity of the 
20 loading increased, the measured response clearly indicated the deteriora
tion of strength and deformability of the columns. 

Effect of Axial Load on Flexural Behavior As pointed out by Jirsa [97], the 
effect of axial load in the above studies was not significant. However, in 
the specimens tested the axial load was small or zero and remained constant 
throughout the 20 moment or lateral loading history. 

4.3.2.2 Shear Behavior under 20 Loading. From the point of view of seismic 
resistant design, the ideal frame system would be one of which column hinging 
is prevented. This is not usually economically feasible. However, an 
acceptable degree of protection against preMature yielding and excessive 
hinging should be attempted [20, 25, 47]. This design philosophy implicitly 
requires that shear failure be prevented or delayed so that the column may 
dissipate, by flexure yielding, an energy larger than that demanded by the 
most severe earthquake. This degree of protection against shear is not always 
easily achieved in practice, when columns are loaded in 20. 

As pointed out by Park [25], "The diagonal shear force resulting from 
biaxial bending in two-way frames due to concurrent seismic loading should 
be considered in design". The shear strength of rectangular column sections 
loaded along a diagonal has received little attention in the past. Tests 
have been conducted recently in New Zealand [103] on four reinforced concrete 
members with a 16 in. (406 mm) square section subjected to uniaxial or dia
gonal shear force and flexure with no axial load applied. Two arrangements 
of overlapping hoops were used. The difference between the diagonal shear 
strength and the uniaxial shear strength of identical specimens was zero for 
one pair and 3% for the other pair. The result is not surprising, since, 
although for diagonal shear the component of transverse bar forces in the 
direction of the shear force is smaller, the diagonal tension crack has a 
greater projected length and therefore intercepts more transverse bars: 
these effects compensate each other [25]. 

Jirsa and his associates have started an extensive experimental program 
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5. SEISMIC BEHAVIOR OF BEAM-COLUMN JOINTS 

5.1 General 

Efficient seismic resistant design may be achieved through predictions, 
or at least visualization of the structure's mechanical behavior under the 
excitations which it may be subjected to during its service life. To facili
tate this prediction, the ideal would be to test real structures under such 
excitations. Since such tests are not economically feasible, basic structural 
components have been investigated separately. In the case of momen.t-resisting 
frames, the beams and columns have been investigated. Significant data on 
behavior have been obtained, and analytical methods of prediction have been 
formulated and used. Therefore the questions is: Can the response of the 
whole structure be predicted from the independent behavior of its components? 
Because of the interactions between these members, it is necessary to have 
information regarding the behavior of certain structural subassemblages. The 
author has discussed this problem in detail in Refs. 16 and 26. 

Figure 19 illustrates the basic subassemblages of a moment-resisting 
frame whose behavior is ess·entially planar. Note that the beam-col umn joints 
are included and that there is distinction between the exterior and the inte
rior beam-column joints. As will be discussed later, the actual subassem
blages should be 30 and should consist of at least: a column; beams framing 
into the columns in two orthogonal directions; the joint between these two 
elements; and the floor slab they support. The behavior of these subassem
blages should be studied under 30 loading conditions. 

Because a failure of the joint means a failure of the column, ideally 
the joint should be the strongest and the stiffest element of the basic sub
assemblage. In the past this usually has been so. Surveys of earthquake 
damage usually show no evidence of joint failure, except in cases of very poor 
detailing and construction. However, because of numerous failures in beams, 
and particularly in·columns, recent seismic cedes have much more stringent 
requirements regarding design and detailing of these two elements. Therefore 
the author believes that the joint may become the weakest link in the sub
assemblage. This belief has been corroborated by recent experimental results 
in laboratories and in the field. In many cases, although there is no visible 
sign of distress in the joint, it has failed internally with a loss of the 
required anchorage to the main reinforcing bars of the beams and/or columns. 

Current knowledge of the behavior of joints subjected to forces in 
one principal plane of a space frame is reviewed below. Following this is a 
more general discussion of the problem of joints in a space frame loaded in 
three directions. 

5.2 Beam-Column Joints in Planar Frame System 

In Ref. 16, the author made the following observations: 

(1) Types of specimen: Subassemblages like those indicated in Fig. 
19(a), where part of the floor slab is reproduced and gravity forces are 
applied through this slab, should be tested. 

(2) Method of Testing: All tests must have a standard loading ar
rangement and sequence. The proper loadirig sequence can only be obtained by 
integrating analytical and experimental studies. The usual sequence of 
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direction. It should be noted that since columns were short, the P-o effect 
was negligible. 

4.4 Concluding Remarks 

Although there·have been many advances in understanding column seismic 
behavior most of these have been for columns under uniaxial bending and shear. 
Several analytical methods and models have been suggested for the prediction 
of real behavior of colurnns. However, most of these rnodels are reasonably 
accurate only for the test prograrn for which they were derived. If other 
factors modify the behavior or if a different type of loading is applied, the 
agreement between analysis and test is often poor, especially after two or 
more load cycles beyond yielding of reinforcement. Furthermore, most of the 
models are too cornplex for use in analysis or design practice. However, 
they are needed todo pararnetric and sensitivity studies, thus helping to: 
identify the importance of various factors; and aid in the planning of com
prehensive experimental programs. 

The Building Research lnstitute in Japan recently reported the result of 
140 tests carri ed out during 1973-1976 [1 08]. "Th i s report presents sorne of 
the most comprehensive information available on the behavior of R/C elernents". 
Thorough analyses of this and other data will. permit the irnprovement of 
present seismic design of colurnns. 

Present seismic code provisions regarding detailing of colurnns appears 
to guarantee sufficient ductility to resist rnoderate demand of inelastic 
deformations if these take place in just one of the principal planes. However, 
during an earthquake a colurnn can be subjected not only to biaxial bending 
but also to varying axial force. Although there have been sorne studies of 

.these problems, there are rnany more factors influencing behavior for 3D than 
for lD response. Therefore, it is not surprising that few advances have been 
made and that sorne of the results obtained do not, apparently, agree. It · 
appears that bending and shear reversals in the two lateral directions increase 
the degree of stiffness deterioration under uniaxial bending. There can also 
be a significant decrease in strength and energy dissipation if the axial 
force can be a tensile force when large bending and shear exists. A practi
ca] solution to'minimize the problems that tensile forces can create in 
columns has been developed by the Kajima Corporation [84, 94]. The outer 
columns of the first 5 stories of a modern 18 story building were post
tensioned. 

No analytical model has been developed for predicting the behavior of 
columns under'cyclic 3D loading inducing high shear and variable axial load. 
Sorne experimental programs have been started to gather the data necessary to 
formulate such a model. This rnodel is needed to carry out realistic analysis 
of the actual performance of real reinforced concrete structure> under seismic 
ground motion. 
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capacity of reinforced concrete joints. These problems will be discussed 
la ter. 

Following is a summary of results from the above studies, and appli
cation of these results to seismic resistant design, starting with a suggested 
design criteria for the joints. Exterior joints are distinguished from inte
rior joints. The summary is based on results and discussions in Refs. 25, 28,_ 
39, 47, 119 and 124. 

5.2.1 Design Criteria of Seam-Column Joints. Paulay in Ref. 47 suggested the 
following design criteria for joints in ductile moment-resisting space frames: 

(l) The strength of a joint should not be less than the maximum 
strength of the weakest members it connects. 

(2) The capacity of a column should not be jeopardized by possible 
strength degradation within the joint due to inelastic cyclic displacements 
of a frame. 

(3) A joint should not be a prime source of energy dissipation. 

(4) During moderate seismic disturbances a joint should respond with
in elastic limits so that no repair would be necessary for these inaccessible 
areas of the structure. 

(5) The joint reinforcement that will ensure satisfactory perfor
mance should not present undue construction difficulties. 

Although most researchers and designers· agree with the above design 
criteria, approaches for practical design and detailing of joints vary con
siderably [25,28,47,116,118,124]. 

5.2.2 Exterior Beam-Column Joints. As Park [ 25 ] points out, an analysis of 
the forces act1ng on an external beam-column jóint of a reinforced concrete 
frame (Fig. 20) and of the associated cracking shows that the bond conditions 
for the longitudinal beam and column bars are unfavorable because: (a) large 
steel forces need to be transferred to the concrete over relatively short 
lengths of bar; (b) f.lexural and diagonal tension cracks are present which will 
altennate in direction during cyclic loading; and (e) bond deterioration will 
occur during cyclic loading. For example, if the outer column bars are near 
to yiel'ding in compression above the core and are yielding in tension below the 
core, approximately twice the yield force of the bar needs to be transferred to 
the joint core by bond over the depth of the core. The extremely high bond 
stresses so induced, and the anchorage forces from the beam bars, can result 
in vertical splitting of the concrete along the outer column bars. Thus the 
concrete cover over these bars spalls easily, particularly when heavy horizontal 
ties are used. This spalling may extend beyond the joint area, ;ignificantly 
reducing the flexura] strength of the column, leading te hinging in the column 
rather than in the beam [ 42, 124 ]. Therefore, it has been sugges ted that the 
computation of column strength sh•)uld be based on the strengt~ of the column 
core area only [ 124]. 

If plastic hinging occurs in the beam at the column face, the anchor
age of beam steel should be considered to commence within the joint core at 
one-half the column depth or ten bar diameters, whichever is less, from the 
face of the column where the steel enters. An anchorage block, in the form 
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loading is that of gradually increasing the peak value of the load or deforma
tion (Fig. 5[b]). This method can be conservative or not, depending on what 
element controls the behavior of the subassemblage. If the behavior is con
trolled by the beam or column, this loading sequence will give upper bounds 
for strength and energy absorbed and dissipated. If a lower bound is desired, 
it is best to use a sequence starting with large peak load and deformation 
cycles. However, if a weak panel zone controls the behavior, the gradually 
increasing load sequence will give a lower (conservative) bound. Another im
portant consideration is the magnitude of peak deformations in each cycle and 
the number of cycles to which a specimen should be subjected. The magnitude 
of the peak deformation and number of cycles to which the specimen should be 
subjected depends on the type of construction as well as on the type of earth
quake. Again, only integrated analytical and experimental studies can give 
correct answers. 

(3) Overall behavior: Stiffness degradation observed with reversal 
of loading is considerably larger than that obtained for critical regions 
under pure flexure, or bending and low shear forces. The majar factors con
tributing to this degradation for exterior beam-column connections appear to 
be: diagonal cracking in the joint; crushing of the concrete around the 
curved portian of the anchorage of the beam-column reinforcing bars; and 
grinding of the concrete in these regions and along the diagonal cracking, 
which increases with the number of cycles. No reliable method exists to pre
dict the quantitative effect of these factors on the joint. Thus, there is a 
need for research on the behavior of joints under repeated reversal cycles. 
Behavior of interior beam-column connections also should be more thoroughly 
investigated than it has been to date. 

(4) Seismic design: For exterior beam-column connections, premature 
failure of the joint can be avoided by beams or stubs framing into all four 
faces of this zone. If this is not possiblem it is advisable to: (1) use 
large numbers of small diameter bars for beam reinforcement rather than a 
small number of large-diameter bars; (2) use steel with a low yielding 
strength and a large plastic plateau or low strain-hardening modulus of elas
ticity; (3) use the widest possible column to increase length of anchorage, 
or extend the anchorage of beam bars into a concrete stub added in the outer 
face of the column; (4) design the shear reinforcement of the panel zone, ne
glecting the concrete's contribution in resisting shear and considering the 
maximum actual stress that can be developed in the reinforcing bars, including 
strain-hardening characteristics. 

Some of these· observations are still val id today, and sorne of the pro
blems still remain, although beam-column joints in planar frames have been 
studied in many countries since 1972. Experimental results up to 1977 [25,28, 
39,42,47,84,85,109-116] and their implications have been discussed by Park 
[25], Jirsa [28], Paulay [47], and Ohmori [84] during the workshop held at 
Berkeley [17]. The results of these studies have been incorporated in a se
ries of recommendations [15,16] and even in new seismic code provisions [12, 
14]. Although sorne of these recommendations have been questioned [117·,118], 
there is no doubt that overall they are a step toward more efficient seismic 
resistant joint design. 

Since 1977 new studies have been conducted on beam-column joints; 
sorne of which are reported in Refs. 29, 43, and 119-124. However, all these 
studies have been concerned with joint strength. There has been very little 
improvement in predicting stiffness, stiffness deterioration, and deformation 



subassemblage remained fixed in position, the other three hinges couht be 
displaced horizontally upon appl ication of a horizontal force at the lower 
hinge. At large displacements of the lol'!er hinge, the P-ó effect caused by 
the vertical load in the column \'las signiflcant. 

Eight similar subassenblages have been tested to date. A brief dis
cussion of the majar results follows. One of the cantilever specimens was 
tested under a monotonically increasing load. The lateral load-deformation 
relationship ( H vs ó) is shown in Fig. 21 (e). From this figure, it can be 
seen that the curve is of the softening rather than the strain-hardening type. 
This is as to be expected frmn the results obtained with the beams, Fig. 2l(b) 
together with the added P-8 effect. The significance of the P-ó can be noted 
from the comparison of the tl'lo curves shovm in Fig. 21 (e). Besides the H
curve, there is another one for the equivalent story sheár, Heq• which is re
lated to the measured story shear by the relationsh·ip, Heq ; H + Pó/hcol· 

In Fig. 2l{d), an ana'lytic hysteretic loop is compared with the ex
perimental one of Fig. 2l(c). The agreement for the monotonically increasing 
story shear is excellent. However, large discrepancies can be noted during 
the loading in the reverse sense and these discrepancies become greatly mag
nified during the initial reloading of the second cycle. The following ques
tions therefore arise: 

(1) Why is there such a sharp degradation in strength during the 
first reversal, after just the first loading toa displacement_ductility ratio 
of 4.5? 

(2) Why is there such a pronounced degradation in stiffness during 
the first reloading, after just one cycle of a full reversal? 

Since nominal shear stress developed in the beams was small [on the 
arder of 3/f ~ (psi )(O. 25/f ~ (I~Pa ))] , similar to tha t i nduced in the cant i1 e ver 
beams of Fig. 21 (b), it is clear -chat the observed degradation was not the 
result of shear in the beams. The main reason for this behavior was the 
slippage (pull-out) of the beams' main longitudinal reinforcement along the 
column joint. This is clearly shown in Fig. 2l(e) where the sum of the mea
sured pull-out and push-in of the steel bars is plotted. 

The effect of repeated load reversals can be seen from the results 
presented in Fig; 2l(f). These results were obtained from tests conducted on 
the specimen used in obtaining the results of Fig. 21 (e) after it was re
paired by injecting epoxy into the cracks. Although it was possible to 
achieve the strength attainéd during the first loading of the virgin specimen, 
this strength was achieved at a considerably greater deformation. During the 
second cycle, there was a large drop in strength from the first peak deforma
tion reached during initia'l loading. As the number of cycles increased, both 
resistance a11d stiffness dropped as a result of bond deterioration along the 
embedment length of the bee.m bars. 

Recently, there have been many studies of the interior joint [2'5,47, 
114,117-123]. Many of the points made regarding exterior beam-columns apply 
to interior beam-column joints. In discussing ways to improve seismic behav
ior of interior joints, Park [25] points out that: 

(1) When plastic hinging occurs in the beams at the column faces, it 
is recommended that the maximum diameter of longitudinal beam reinforcing 
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of a beam stub at the far face of the column where the longitudinal beam bars 
can be anchored (Fig. 20[c]) has been shown to improve joint performance and 
is being used by sorne designers in New Zealand. The maximum diameter of l?ngi
tudinal column bars should not exceed l/20th of the beam depth for steel w1th 
fy = 40 ksi = 275 ~1Pa or l/25 of the beam depth for steel with fy = 55 ksi = 
3ll0 t•1Pa. 

It is recommended that the nominal shear stress, Ve_, carried by the 
concrete shear resisting mechanisms in the joint core should only be taken into 
account if the compressive load on the col umn exceeds O.lf(: Ag .. The degrada
ti en of shear carried by the concrete occurs due to repeated open1ng and 
closing of diagonal tension cracks in alternating directions and full depth 
cracks in the beam which results in the beam compression being transferred into 
the joint core by bond. The ACI 318-71 [ 35] assumption at 45° cracking is 
difficult to justify since the cracking will be parallel to the diagonal com
pression strut which runs from cerner to cerner. Hence, the design horizontal 
shear force in Fig. 20(a) is T-V', where T is the force in the beam bars en
hanced for overstrength and V' is the column shear force. This design shear 
force should be resisted by the concrete,if the compresstve load exceeds 
O.lf(., and by the force in the horizontal shear reinforcement which crosses the 
cerner to cerner crack. Vertical shear reinforcement should also exist in 
the form of vertical column bars around the perimeter of the column section 
(spacing not to exceed 6 in. (150 mm), with at least one intermediate bar be
tween the corners. Such vertical bars are necessary to help transfer vertical 
shear forces. That is, four bar columns should not be used. A procedure for 
the design of vertical shear reinforcement has been developed [ 125]. 

The use of all these rules could lead to very conservative joint con
struction, but until new data is available, such requirements should not be 
relaxed. 

5.2.3 Interior-Beam-Column Joints. Until 1972, relatively little attention 
was paid to interior-beam-column joints. This could have been due to the 
philosophy of sorne seismic cedes regarding anchorage of the beam bars in this 
joint. For example, the commentary of ACI 318-71 and even ACI 318-77 [35] 
states, "The cede does not require anchorage calculations for top and bottom 
reinforcement continuous through beam-column connections except for anchorage 
within each flexural member". The argument given is that "reverse loading 
tests of interior connections conforming to ACI 318-71 provisions show that 
the advantages of continuity offset any theoretical deficiencies in embedment 
length within the connections". Bertero and Popov, in Ref. 39, have ques
tioned the soundness of this provision, because the slippage of the longitu
dinal beam reinforcing bars through the joint can lead to deterioration of 
the subassemblage's energy dissipation capacity. The importance of this de
gradation is illustrated in Fig. 21, which shows test results for one specimen 
L39,4l]. 

Using the third-floor framing in a 20-story moment-resisting rein
forced concrete building as a prototype, a half-scale subassemblage with an 
interior joint was designed (Fig. 2l[a]). In this subassemblage, inelastic 
action was to develop in the beams, i.e., the design philosophy of strong 
columns-weak girders was followed. The beams were reinforced in exactly the 
same manner as beam specimens of a half-scale cantilever series of experiments 
(Fig. 2l[b]) [40,69]. The testing arrangement for the cross-shaped specimen 
was such that an axial column force, as well as vertical forces at the ends 
of the beams, could be applied to it. Whereas the top hinge of the 



in beams, to reduce the danger of slippage, may result in the use of an exces
sive number of bars. Sorne designers have found it necessary to increase mem
ber sizes for the sake of steel placement within the joint. In spite of these 
measures, in conventionally reinforced joints a satisfactory safeguard does 
not yet appear to exist against pullout of beam bars from joints. Whenever 
practical, the prime cause of these difficulties, beam.hinges adjacent to col
umn faces, should be eliminated. This may be achieved by curtailing the beam 
reinforcement so that a deliverate weakness in flexural resistance results at 
a more suitable beam section. The relocated potential plastic hinge should 
be as near as practicable to the column face but far enough to ensure that, 
as a consequence of reversed cyclic loading, yield penetration will not extend 
to the column face. In such a beam when well designed, the steel stresses at 
the column face will approach but not exceed ·the level of nominal yield when 
the overstrength capacity at the relocated plastic hinges is simultaneously 
being developed. Therefore, if the joint core is adequately reinforced to 
resist horizontal and vertical joint shear force, it will remain elastic dur
ing cycling loading. This design philosophy, of moving the formation of plas
tic hinges from the face of the column and thereby assuring elastic joint 
behavior, was suggested by Bertero and Popov [38,39,68]. Experimental studies 
[42,119] show this to be a sound and practically feasible philosophy. Figures 
23(a) and 23(b) illustrate one of the techniques used to move the beam inelas
tic regions (plastic hinges) away from the face of the column. (The specimen 
used is similar to that shown in Fig. 2l[a].) The two top interior main bars 
of the beams were bent downward; and the two corresponding bottom bars were 
bent upward, intersecting 16 in. (406 mm) away from the column face. The hys
teretic behavior of the specimen was excellent (see Fig. 23[c]). The hyster
etic loops became pinched only after the first cycle with a full deformation 
reversal at displacement ductility seven. Comparison of test results of Figs. 
23(c) and 2l(f) shows a significant improvement achieved by moving the plas
tic hinge away from the column faces. 

The above results have been confirmed by an experimental study ca~ried 
out by Bull [126], and has been discussed by Paulay [127]. Paulay has also 
made recommendations which have been incorporated in the seismic provisions 
of the Draft New Zealand Code [14]. 

5.2.5 Prediction of Stiffness and Energy Dissipation Capacity of Beam-Column 
Joints. Analysis of results from investigations into the seismic hysteretic 
behavior of beams and beam-column subassemblages indicate that joints of R/C 
frames should not be considered rigid as is usually assumed. Two possible 
sources of deformation that may develop at the joint must be included to ac
curately predict the actual hysteretic behavior of the frame, particularly 
when large displacement ductility demands are expected. These two sources of 
deformation are illustrated in Fig. 24, and will be identified as the shear 
distortion of the joint ,Yj, and the fixed-end rotation at the column face, 
6FE· Often the most important deformation is the one due to eFE· In contrast 
with the amount of research carried out to improve the design of beam-column 
joints for shear strength, very little has been conducted to improve methods 
of predicting stiffness, deformation capacity, and energy dissipation capacity 
of these joints. These mechanical characteristics are controlled by the 6FE• 
which in turn depends on the bond-slippage characteristics of the beam bars 
along its embedment length at the joint. 

Although excellent work has been done by several investigators on bond 
under generalized loading [128],to the best of the author's knowledge none of 
these investigations specifically addressed the problem of bond deterioration 



bars should not exceed l/25th of the column depth for steel with fy = 40 ksi = 
275 MPa or l/35th of the column depth for steel with fy = 55 ksi = 380 MPa. 
The diameters of longitudinal column bars are limited as for exterior joints. 

(2) The degradation of shear strength with cyclic loading occurs in 
the joint core for the same reason as in exterior joints. Repeated opening 
and closing of diagonal tension cracks, and full depth cracking in the beam at 
the column face, lead to a reduction in the effectiveness of the concrete di
agonal compressive strut. Figure 22 illustrates the forces acting on a beam
column joint core. The forces entering the joint core are transferred across 
it by the diagonal compression strut (Fig. 22[b]) and by a truss mechanism 
involving diagonal tension and compression induced by the bond forces of the 
longitudinal bars (Fig. 22[c]). The shear carried by the concrete, Ve, arises 
mainly from the diagonal compression strut. When full depth cracking of the 
beam leaves the longitudinal steel as the only effective beam force transmit
ter, the mechanism involving truss action becomes dominant and this mechanism 
requires the presence of both horizontal and vertical bars to carry the diag
onal tension forces across the joint core. Hence the force to be carried by 
the horizontal shear reinforcement increases as cyclic loading proceeds and 
vertical steel crossing the joint core is needed to carry the vertical forces 
necessary to complete the truss mechanism. 

As noted by Paulay [47] although it is possible to transfer joint 
shear across the joint core with sufficient ties and intermediate vertical 
column bars, providing adequate anchorage for the main beam reinforcement pre
sents a more difficult problem. The bond of the main beam reinforcement, an
chored in the joint in the plane of the frame, can be adversely affected by 
the same mechanisms that are responsible for joint-core shear strength degra
dation: In particular by the transverse tensile strains imposed by the main 
reinforcement of the beams framing at right angles to the plane of the frame, 
and yield penetration into the joint when the inelastic regions (plastic 
hinges) dev.eloped adjacent to the faces of the joint. Generally, ACI 318-71 
[35] development requirements cannot be satisfied for beam bars passing con
tinuously through interior joints that are subjected to severe earthquake 
loadirig. 

Excellent response to reversed cyclic loading (elimination of hyster
etic pinching) was obtained at the University of Auckland [114] in specimens 
in which the steel forces were transferred to the core by welded bond (bear
ing) plates. Although this arrangement cannot be considered as a practica] 
solution to the joint problem, the tests have clearly shown the great signi
ficance of proper anchorage within the joint. 

When plastic hinges may·form adjacent to columns, the diameter of the 
steel beam bars, passing through a joint, should not exceed the limits indi
cated above: l/25th or l/35th (depending on the grade of the steel) of the 
column depth in the relevant direction. If this is done, experimental evi
dence indicates that a large number of excursions with adequate ductility in 
both directions of seismic loading can be made before slippage of the bars 
will reduce the strength of the joint [47]. 

5.2.4 Elastic Joints. Two of the critica] aspects of joint seismic behavior 
discussed above have been found to result in construction difficulties [47]. 
Unless the flexura] tension reinforcement content in beams is kept small (i.e. 
less than 1.5 percent) the horizontal joint stirrup reinforcement may become 
so large that serious congestion of steel results. The limitation of bar size 
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framing into the connection. Even the new recommendations of the ACI-ASCE 
Committed 352 [116] for design of beam-column joints allows an increase in 
the shear stress carried by concrete when the joint is confined by lateral 
members framing into the joint. It is agreed that transverse confinement can 
enhance the shear capacity of the concrete. However, the question is how ef
fective this confinement can be when critical regions (plastic hinges) are 
developed in the beams framing transversely into the joint. 

In Ref. 25 Park has shown that if the beams in the two directions are 
identical and they yield simultaneously, the horizontal shear force acting 
along the diagonal of the joint cross section (Fig. 25) is IZ times the uní
axial shear force. However, the diagonal tension crack intersects the same 
number of reinforcing bars as for uniaxial shear. If these bars are parallel 
to the sides of the section, the diagonal component of the bar force is only 
1/IZ that available to resist uniaxial shear. Hence design for biaxial shear 
for symmetrical two-way frames can lead to approximately double the quantity 
of shear reinforcement required for uniaxial shear design. This can create 
serious practical problems, such as congestion of steel. Experimental studies 
of this problem are needed. Sorne experiments are presently being carried out· 
at the University of Canterbury, New Zealand [121], and at the University of 
Texas, Austin, Texas. 

5.4 Concluding Remarks 

·Research concluded since 1972 has resulted in significant advance in 
understanding the behavior of beam-column joints, leading to development in 
the practica] design and construction of such joints. However there are s9me 
problems that still need further research and development. There is a need to 
study how the strength capacity of the joint can be affected by (a) the slab; 
(b) 3D loading; (e) the eccentricities of the elements framing into the joint; 
(d) the amount and type of both transverse and longitudinal reinforcement. 
The main parameters controlling such strength capacity should be identified. 
There is also an urgent need to study the joint's stiffness, the deterioration 
of this stiffness, and its deformation capacity and energy dissipation capac
ity. It is important to develop simple but reliable mathematical models of 
joint behavior that can be used in computational analysis to study the affect 
of joint behavior on seismic response of ductile moment-resisting space frames. 

Until further information is available, joint design should be based 
on the stringent rules given above or should be based on the philosophy of 
keeping the joint elastic by moving potential critical regions in the beams 
away from the face of the columns. 



·developing at the joint of an interior column. In the case of a joint in an 
interior column, we are dealing with bond-slippage of steel bars which are 
embedded in a well confined reinforced concrete but which can still be ad~ 
versely affected by the mechan1sms d1scussed 1n section 5.2.3. At Berkeley, 
there has been an investigation of the simplified problem of bond-slippage of 
bars embedded in well confined reinforced concrete, which simulates the con
ditions of a beam-column joint in aplane frame loaded laterally in its plane 
[129-133]. From the results of these experimental and analytical studies it 
has been concluded that: 

(l) The assumption that beam-column joints of moment-resisting R/C 
frames are rigid needs to be reexamined. The main reinforcing bars of the 
beams do pull-out, and thereby cause beams to experience fixed-end rotation. 
The consequences of this behavior on the overall structural response must be 
examined. 

(2) In the joints, it is essential to ·distinguish between the bond 
of unconfined concrete in the column cover from that of the confined core. 
The latter is appreciably better. 

(3) Under monotonically increasing loads, when the beam main bar 
reaches yielding the accompanying pull-out can cause a fixed-end rotation in 
the order of 0.001 radians. 

(4) The displacement of a bar due to monotonic loading at the column 
face can be estimated using simple idealizations of bond stress distribution 
[131]. The dependence on concrete strength, type of lugs, embedment length, 
concrete confinement, etc. requires further investigation. 

(5) Significant bond deterioration occurs from cyclically applied 
load reversals, particularly when the applied stresses exceed yield. 

(6) It appears that bond resistance deterioration is gradually sta
bilized at the value of friction between two concrete cylindrical surfaces 
which have a common diameter equal to the outer dimension of the bar, includ
ing the lugs. 

(7) More comprehensive analytical models are required for generalized 
loading of a bar. (A model has been developed by Viwathanatepa [133].) 

(8) The implications of the effect of eFE on the behavior of struc
tural systems should be studied analytically. (A computer program that per
mits inclusion of eFE in nonlinear analysis has been developed by Soleimani 
[120].) 

5.3 Beam-Column Joints of Space Frames Subjected to 30 Loading 

As pointed out in the discussion of columns under 30 loading, the 
moment-resisting frame is usually a space frame having two-way frames in each 
joint, i.e., beams framing into the joint along the two orthogonal main' axes 
of the structures, and subjected to ground motions with components in both 
directions. In spite of this, most seismic codes presently require that the 
joint be designed independently in each direction. Furthermore, sorne codes, 
such as ACI [35] allow the transverse reinforcement in the connection to be 
reduced by one-half if every beam has a width not less than one-half the col
umn width and a depth not less than three-fourths that of the deepest beam 



the éonfinement pressure, fr. 

* The maximum compressive strength f~ max, occurs after sorne strain, 
E0, and can be related to the unconfined compressive strength of the same 
concrete, fe, and the confinement pressure as: 

f~ max = fe+ kofr (3) 
At very lar~e defonnations, E~» -E~ , tlie compressive strength usually de
creases toa value of f~u, and can be related to·these same parameters as: 

* fcu = fe + k f u r ( 4) 

The confinement pressure, fr, depends on the geometric and material 
characteristics of the spiral wire, and can be approximated by: 

= = ( 5) 
De s 

where Ps is the ratio of volume of spiral to total volume of core and fs is the 
stress that had been developed by the spiral wire. Assuming that the ductile 
spiral wire yiilds when the longitudinal.strain in the concrete is in the 
range E~ to Eu, and that the strain-hardening of the spiral is negligible in 
the range of these concrete strains: {a) f5 is equal to fy; (b) fr can 
be calculated for given values of A5 p, De, and s from Eq. 5; {e) values of ka 
and ku can be calculated from Eqs. 3 and 4, using the test results. The values 
for the five different concretes used in this study are shown in Table l. 
Early investigators have shown that the confinement effectiveness coefficient, 
k, varies with lateral pressure intensity and with longitudinal strain. How
ever, in developing the ACI criterion for spiral reinforcement (Section 10.9.2 
of ACI 318-71) [ 35] and similar criteria which are based on the confinement 
of concrete, a constant value of k, usually taken as 4.0 to 4.1, has been 
assumed. 

. 

TABLE 1 .- EFFECT OF CONFINEMENT ON COMPRESSIVE STRENGTH AND 
DEFORMATION OF CONCRETE. 

Type of Confinement Maximum Compression Ult1mate Compression 

Concrete Stress Strain Confinement Strain Confinement 

Ratio Ratio Effectiveness Ratio Effectiveness 

(f ,Jf~) (c;h
0

) •. (t~/c0 ) 'u 

!!2!l'& O, 13 2.a 7.0 1L5 o 
E-5 0.32 7 .a 5,0 11.5 3.1 

L1ghtwe1ght O, 1) L9 4.4 8.7 -o.5 

R-5 0.32 4.0 2.0 6.7 2,0 

B-5 0.13 L35 3.9 10.6 o 
0.32 L85 LO 8.6 0.9 

R-3 0.11 LB 2.7 8.9 -LO 
0.24 5.9 2.5 8.9 2,0 

8·3 0.11 L7 1.35 1L6 o 
0.24 a.a 2 .1 9.0 2.1 
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6.1 Genera 1 

6. SEISMIC BEHAVIOR OF LIGHTWEIGHT CONCRETE 
LINEAR STRUCTURAL ELEt~ENTS ANO THEIR CONNECTIONS 

There are a number of advantages to using lightweight, rather than normal 
weight, aggregate concrete in seismic-resistant reinforced concrete construction. 
One of the basic principles of such construction is to avoid use of unnecessary 
mass. The lower the weight of the reactive masses the lower the seismic forces 
that will develop as a consequence of earthquake ground motions. If one com
pares the standard mechanical characteristics obtained from compression test 
per unit weight of lightweight concrete with those of normal weight concrete 
(Fig. 4) or analyzes results available from experimental studies on individual 
structural elements there is no doubt that it would be advantageous te use 
lightweight aggregate concrete. Therefore, sorne investigators have concluded 
that the use of this type of concrete results in more efficient earthquake 
resistant construction [134, 135]. However, proper assessment of the per
formance of any structural system requires not only analysis of the behavior 
of the individual elements, but also of the assemblage of these elements. As 
already discussed, this is of particular importance in the case of R/C 
structures where connections between elements depend upon transfer of forces 
between the two constituent materials, reinf?rcing steel bars and concrete. 

Current seismic cedes in both the U.S. [35, 36] and Canada [136] permit 
the use of lightweight concrete in the construction of ductile moment-resisting 
space frames. The only precaution is that ''the maximum specified strength for 
lightweight concrete shall be limited to 4000 psi (28 MPa)". Unfortunately, 
because of its lower modulus of elasticity, very high compressive strength 

·concrete mixes have been used to achieve a higher degree of stiffness and this 
has caused sorne problems regarding the use Df these mixes for seismic-resistant 
construction, particularly regarding the effectiveness of confinement, bond, and 
shear transfer of such concrete. 

6.1.1 Confinement. References 20, 23 and 137 discuss the problems of using con
fined lightweight aggregate concrete for seismic construction. A summary of 
the observations made in these references follows. 

Confinement of concrete with all types of aggregate tested was effective 
in developing large deformability. However, the effectiveness of concrete 
confinement in the performance of earthquake-resistant reinforced concrete 
structures should not be based only on the extent te which the deformability is 
increased, but also en the ability of the confined concrete to sustain large 
deformations without loss of strenqth. Therefore, confinement should also in
crease the compressive strength of.the concrete, so that it is possible to off
set the loss of strength due to the reduction of the cross-section resulting 
from crushing and spalling of the concrete cover. · 

Figure 26 shows sorne results of the study in Ref. 23. These results show 
that the conditions of increased deformability and compressive strength are 
satisfied toa verying extent for different concretes, and the effectiveness 
of confinement is highly sensitive to the type of aggregate used. The effect
iveness of confinement can be characterized by two material constants, ka and 
ku, which are defined by relating the increased compressive strength 1?, to 
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earthquake-resistant reinforced concrete structures rely on the beneficia] 
effects of confinement on concrete behavior. Thus it ts important to analyze 
the implications of the results summarized aboye I 23] with·regard to seismic 
behavior of concrete structures. Sorne observations obtained from such analyses 
follow [ 137]. 

l. Confinement of concrete with all types of aggregates is effective 
in developing large .deformability, i .e .. large ultimate strains. This 
characteristic is the majar factor in the improved.performance of elements with 
spirally confined concrete, as it compensates· for sorne of the losses in strength 
and stiffness of concrete under cyclic loading. 

2. The increase in compressive strength due to confinement is about 
twice as great for normal weight concrete as for lightweight concrete. There
fore, ene should be cautious in using equations from tests on normal weight 
aggregate con~rete te predict behavior in lightweight concrete. 

3. The ·low effectiveness of confinement in sorne concretes may lead to 
significant losses'"in compression capac.ity when spa:lling occurs. This is of 
utmost importance in the seismic design of column elements, since these 
elements should be able at all times to resist the effects of gravity loads 
and overturning moments. 

These conclusions have been confirmed in a recent experimental study[l38]. 

6.1.2 The Bond and Shear Transfer Problems. Recent bond tests performed at 
Berkeley [129-133], on specimens simulating the conditions of an interior 
beam-column joint, demonstrated that the deterioration of bond in lightweight 
concrete occurred under smaller steel strains than in normal weight concrete 
[132]. 

In the case of flexura 1 critica l regi ons under h fgh shea r, ene of the 
main factors controlling the degradation of stiffness is shear transfer along 
the cracks. Mattock has conducted a series of studies on the problem of shear 
transfer along cracked concrete[ 78, 79, 139]. Based·on test data obtained in 
these studies, Mattock has concluded that "the shear transfer behavior .of 
initially cracked all lightweight concrete is more brittle than that of 
sanded lightweight or sand and gravel concrete," and that "shear transfer be
havior across a crack becomes more brittle as the concrete strength increases". 

The above studies examined the three·basic problems in the behavior of 
lightweight concrete - the effectiveness of confinement, bond, and shear 
transfer. The studies showed that, for seismic-resistant construction, light
weight concrete has certain deficiencies in addition to its low modulus of 
elasticity. These deficiencies indicate a need for further studies in order 
to properly modify the proportioning and detailing rules obtained from and 
used for members cast of normal weight concrete, so that these rules can be 
applied to lightweight concrete. 

6.2 Behavior of Linear Ele~ents and their Subassemblages. 

6.2. 1 Studies of Beam Behavior. Very few studies have been reported on light
weight concrete beams subjected to seismic action. Mihai, et al. [ 140] have 
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As shown in Table 1, the values of k for normal weight aggregate con
crete vary in the range of O to 7.0. For the two lateral pressures (O. 13 fe 
and 0.32 fe), values of k0 at maximum compression are 7.0 and 5.0 respectively, 
and values of ku at ultimate strength are O and 3.1 respectively. Based on 
these values, and noting from Fig. 26 that concrete behaves in a relatively 
ductile manner throughout a signiftcant range of strains, a constant value of 
k= 4.0 may be justified for normal wetght concretes such as E-5, particularly 
in the case of fr = 0.32(fcllo· 

For lightweight concretes B-3, B-5, R-3, and R-5, the values of k vary 
in the range of -1.0 to 4.4. Negative values of ku indicate that compressive 
failure in the confined concrete may occur at values below the compressive 
strength of •mconffned concrete. For tne two lateral pressures (fr = 0.1 f~ 
and fr = 0.3 f~), values for k0 at maximum compression range from 1.0 to 
4.4 and values for ku at ultimate range from -1.0 to 2. l. Based on these 
results, a value of k in the range of 1.0 to 2.0 should be taken in developing 
design criteria based on the increase in strength due to confinement of light
weight concrete. Therefore, the amount of·spiral steel required in a column 
of lightweight aggregate concrete will be 2 to 4 times greater than that 
currently prescribed by the ACI Code [ 35 ]. Because of the geometric limita
tions introduced by the size of the spiral wire and the minimum spacing, it 
would be virtually impossible to produce a spiral which would also allow 
normal placing of concrete. 

The effect of the variable coefficient, k, is illustrated in Fig. 27. 
In this figure, the loss of the axial load carrying capacity for spirally 
reinforced concrete columns due to spalling is plotted against k, assuming that 
the spiral reinforcement was designed in accordance with the ACI criterion 
[35]. This loss of capacity is expressed as a ratio and derived as: 

Loss = 0.85fc(A9 - Acl - kfrAc ; 

and using Eq.5 

(6) 

According to the ACI criterion, Ps = 0.425 [(Ag/Acl - l](fc/f5 ). By substituting 
this equation into the above, and dividing by O.B5fcA9 , the following ratio 
is obtained 

Loss 
o.s5fc A9 

= (1 -~ ) - 0.25k(l - ¡g ) 
Ag 

(7) 

Typical values of Ac/A (where Ac is the area of core andA ts the· 
gross area) for spirally reigforced square columns vary from appr2ximately 0.4 
to 0.6. For round columns this ratio varies from approximately 0.5 to 0.7. 
The loss ratio for typical values of Ac/Ag is plotted in Fig. 27, which 
illustrates the significant losses that can occur due to k values lower than 4. 

Most of the recent suggestions and requirements· for improved design of 
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Monotonic Loading - From analysis of the curves shown in Fig. 28(a) it 
is clear that the over-all! behayior of the lightwe1ght concrete was very similar 
to that of normal weight concrete. Furthermore, the contribution of the fixed 
end rotation 6FE• due to slippage of the beam main bars along the joint, to the 
lateral displacement, o, was approximately the same for BC4 and BC7. However, 
the initial stiffness, which is highly.dependent on the IDaterial stiffness of the 
concrete, was 52 percent higher in BC4. This was in agreement with the relative 
moduli of elasticity of the two specimens, as BC4 hada 46 percent higher 
modulus of elasticity. This s1gnifies that lightweight R/C·structures will 
have greater nonstructural damage and higher P-o moments for the same displace
ment ductil ity. 

Cyclic Loading- The performance of the normal and lightweight concrete 
specimens under incrementally increasing cyclic loading differed significantly 
as shown in Fig. 28(b). Specimen BC3 reached a peak strength at LP25 (ll.¡ = 3.9) 
and LP26 (ll0 ~ -4.2) while the .strength of specimen BC8 peaked much earl1er; 
at LP17 (llc = 1.45) and LP18 (ll0 = -1.75). At LP22 (ll0 = -2.7) the capacity of 
BCB was already only 70 percent of that of BC3. The d1fference in behavior was 
due to the premature total slippage of the reinforcement in specimen BCB. By 
LP24 (Jl0 = -2. 7), the contribution of the eFE at the column face to 6 was over 
75 percent for BCB while it was less than · 35 percent for BC3. Total 
slippage of the beam bars did not occur in BC3 until LP29 (ll0 = 5.4) when over 
50 percent of 6 was due to eFE· This strikinqly different behavior under cyclic 
loading indicated that the bon·d within the joint deteriorates at 
lower llc in lightweight concrete. Although the cause of this earlier deterior
ation is not completely understood, it is speculated that the lightweight 
aggretate is sheared and crushed by the lugs of the deformed bars at lower 
st res ses , 1 ea di ng to ea rl i er bond deteri orat ion. Propogat ion of era cks formed ,; 
by the action of the lugs might also be affected by the type of aggregate used. 

6.3 Concluding Remarks. From the available information, particularly from 
results of studies carried out at Berkeley, the following observations can be 
made. Because of the relatively meager data available, these observations are 
of a prel iminary nature. 

l. Individual lightweight aggregate members have a similar hysteretic 
behavior to normal weight aggregate members of similar strength. The only 
remarkable difference is the lower stiffness of lightweight concrete, which means 
larger deformation is needed to develop the same displacement ductility. 

2. Beam-column subassemblages subjected to monotonic loading show that 
a displacement ductility (Jl0) in excess of 5 can be achieved without a decrease 
in resistance. Behavior is very similar to that of the normal weight specimen. 
For the same ductility displacement ratio the total displacement and the 
story drift is greater than that of the norma) wéight specimen, causing larger 
P-ó moments. 

3. Under cyclic loading, the behavior of beam-column subassemblages cast 
of lightweight aggregate concrete is drastically different than that under 
monotonic loading, dueto earlier slippage of the beam reinforcement throúgh 
the joint. Yielding of this reinforcement accelerates bond deterioration and 
therefore slippage. 

4. Under cyclic loading, the energy dissipated by beam-column sub
assemblages is smaller than that of similar normal weight subassemblages. The 
main reason for this was that total slippage of the beam reinforcement through 
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carried out sorne tests on lightweight aggregate concrete beams columns and 
their connections and have concluded that: 

"Generally the ductility of bending members of granulite lightweight 
concrete is 15-40% greater in comparison with that of similar members of 
heavy concrete. In the case of members subjected to compression with bending, . 
the ductility factors are clase for the similar members made of heavy concrete, 
and 1 i ghtwei ght concrete·. With a proper deta i1 ing concepti on, the joi nts 
realized with lightweight concrete are more ductile, with 15-25% increases, 
in comparison with heavy concrete enes. The more elastic and also more break
able behayior of lightweight concrete, requires detailed and careful experi
mental and theoretical research for all types of granul ite material". 

Because of insufficient detail it is difficult to.judge what definition 
of ductility the author of Ref. 140 has used. 

6.2.2 Studies of Column Behavior. Experimental studies show it is possible 
to achieve good ductile behavior by properly confining lightweight concrete 
with spiral or closely spaced and carefully detailed rectangular hoops and 
tie~ [140, 141, 142]. However the only comparison available between similar 
specimens cast of lightweight and normal aggregate concrete show better 
strength, stiffness and ductility for the normal aggregate concrete [142]. 
In Section 6.1, sorne drawbacks of the use of lightweight aggregate concrete 
were discussed. In addition, lightweight concrete has a higher rate of creep 
than normal weight concrete. Therefore, serious questions remain regarding 
the use of lightweight concrete in columns, especially in tall frame build
ings. In the lower stories of buildings, high axial loads caused by gravity 
loads can cause : a higher rate of creep and larger P-o effects of light
weight than for normal weight concrete, dueto the lower stiffness of light
weight concrete. Comprehensive experiments are needed to find the role of 
these effects on the hysteretic behavior of lightweight concrete columns. 

6.2.3 Subassemblage Behavior. As discussed in Section 6.1, proper assessment 
of the performance of any structural system requires studying the behavior of 
the system's basic subassemblages. Studies were conducted at Berkeley [29] of 
the behavior of basic subássemblages of a ductile moment-resistant space frame 
(Dr~RSF) built of 1 ightweight aggregate concrete. The completed study had two 
main objectives. The first was to study the behavior of a DMRSF subassem
blage constructed of lightweight aggregate concrete under earthquake-like 
load conditions and to compare such behavior to that observed under monotonic 
loading, paying particular attention to the effects of bond degradation in the 
joint region. The second objective was to compare the performance of light
weight R/C subassemblages to that of previously tested normal weight subassem
blages for both monotonic and cyclic loadings. Figure 2l(a) shows the 
specimens which were used: half-scale models of interior beam-column sub
assemblages from the third floor of a twenty-story office building. A summary 
of the results of these tests follows. 

Figure 28 compares the behavior of lightweight aggregate specimens 
(BC7 and BC8) with that of normal weight subassemblages (BC3 and BC4) of 
similar concrete strength and steel yield strength subjected to similar ap
plied displacement programs. Dueto the greater flexibility of lightweight 
concrete, ductility, ~ 0 • rather than absoluted displacement was used as the 
base of comparison. 

.e-. 



7. SEISMIC BEHAVIOR OF PRESTRESSED AND PRECAST R/C LINEAR 
ELENENTS AND THEIR CONNECTIONS 

7.1 General 

7.1.1 Prestressed Concrete. In 1972, the author reviewed the state-of-the
art in prestressed and partially prestressed concrete structures and their 
elements [16]. He reported the conclusions reached by Blakely and Park in 
their historical review of the seismic resistance of prestressed concrete 
h971) [144], as well as the conclusions of their tests on four full-size, 
precase prestressed concrete beam-column assemblies. A brief summary of these 
conclusions follows: 

From the 1971 review: 

(1) Most structures containin9 prestressed concrete elements which 
have been subjected to earthquakes have performed well. Failures which have 
occurred appear to have been due mainly to failure of the supporting struc
tures or of the joint connections. However, the~ is very little information 
on the behavior of fully framed prestressed concrete structures under strong 
earthquakes. 

(2) Although the energy·absorbed by a prestressed concrete member 
could be the same or even larger thañ a similar reinforced concrete member 
the greater elastic recovery of the prestressed concrete mémber will result 
in a lower energy dissipation for cyclic loading. This lbwer energy is a 
drawback in seismic design. However, little is known of the energy-dissipation 
capacity of prestressed concrete members under high-intensity cyclic loading. 

(3) High intensity cyclic loading tests of prestressed concrete mem
bers and subassemblages including different joint details is needed. 

From the test results: 

(1) Energy•dissipation is relatively small prior to commencement of ~ 
crushing in the concrete, but substantial once crushing has occurred. (2) 
Large post-elastic deformation can be available in prestressed concrete members, 
even where the transverse reinforcement satisfied only normal prestressed
concrete code requirements for shear. (3) Substa·ntial stiffness degradation 
is apparent for prestressed concrete members after high-intensity cyclic load
ing. (4) Mortar joints between precast post-tensioned frame members can be
have satisfactorily under high-intensity load reversal. (5) Prestressed
concrete framed structures can be capable of resisting moderate earthquakes 
without structure damage, and of withstanding severe earthquakes although 
structural damage may occur, with a consequent difficulty of repair back to 
fully prestressed condition. 

In the concluding remarks of Ref. 16, the author enumerated a series 
of problem areas in which research was needed to improve understandtng of the, 
behavior of concrete structures under generalized excitations. The author 
then s ta ted, "A 11 the abo ve requ i red re sea rch a pp 1 i es as we 11 to rei nforced 
concrete as to prestressed concrete. However, in prestressed concrete other 
problems such as questions of the optimum degree of partial prestressing, of 
bonded versus unbonded prestressing tendons, the behavior of prestressed an
chorage under dynamic loading, etc. still remain to be answered." The author 
would like to emphasize that the basic problems encountered in the seismic 



the joints occurred earlier in the lightweight specimen, at ~o= 2.4 as com
pared to ~o = 5.4 for the normal weight specimen, resulting in a more pinched 
hysteretic behavior. 

5. The assumption of a rigid joint appears to be inaccurate not only at 
ldrge ductilities, but even at the yield level, under monotonic and particularly 
cyclic loading. The contribution of the fixed-end rotation to the total story 
drift under monotonic loading is about 13 percent at the yield level, increasing 
to 22 percent at higher ductilities. Under cyclic loading the contribution is 
18 percent at the yield and increases to greater than 90 per cent at higher 
ductilities. 

6.4 Recommended Design Improvements·and Research Needs. 

l. Development of new design and construction methods is needed to pre
vent yielding of the reinforcement at the beam-column interface, which usually 
triggers or accelerates total slippage of the beam reinforcement. One such 
method is to move the regions of the inelastic action away from the joint. This 
can be accomplished by: (i) bending or cutting off at a short distance from 
the joint sorne of the top and bottom beam reinforcing bars, forming a region of 
sufficiently lower moment capacity to be the critical one. Sorne research has 
already been conducted in this area using normal aggregate [ 119, .126]; or by 
(ii) designing haunches which sufficiently increase the moment capacity near 
the joint to prevent yielding of beam reinforcement at the column face. An
other method consists of improving the anchorage of the reinforcement within 
the joint by using special mechanical devices [ 114] or better detailing, such 
as crossing the top and bottom beam reinforcement[l27,143). 

2. The basic causes for more rapid bond deterioration in lightweight 
concretes should be explored further. 

3. Experiments with beam-column subassemblages having floor slabs are 
needed to more accurately simulate the actual conditions found at joints in 
buildings. 

4. Analytical programs need to.be developed, based on a stiffness degra
dation model, which include fixed-end rotations at the joint in arder to study 
the affect of the observed deteriorGtion on the response of framed structures 
to earthquake ground motions. 
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7.2 Seismic Behavior of Prestressed Concrete Beams, Columns, and their 
Subas s emb 1 age 

7.2.1 Beams. As with ordinarily reinforced concrete structures, it is con
venient~lassify prestressed beams according to stresses controlling be
havior of their critical regions: i.e., Flexura] and Flexura] with High Shear. 

7.2.1.1 Flexural Critical Regions. Hawkins [147], after analyzing the ex
perimental results obtained in numerous experiments as well as the performance 
of prestressed concrete beams in real earthquakes, drew a series of conclu
sions. The most important conclusions are summarized below, together with 
sorne conclusions from recent studies carried out in New Zealand [148,152]. 

(1) Most prestressed concrete beams, when designed for loading rever
sals, perform well in earthquakes. Generally, deformed bar reinforcement and 
confinement by stirrups are necessary to provide adequate strength under 
moment reversals. The failures that have occurred have been due mainly to 
failures of the supporting structures or connections. Majar consideration 
must be given to the strength of connections and supporting structures. 

(2) Experimental flexura] strengths of the beams are usually greater 
than theoretical flexural strengths because experimental moments reach their 
maximum at an extreme concrete fibre strain greater than 0.003. This is due 
to. the extra confinement given to the beam concrete by its reinforcement and 
the adjacent column concrete. With stirrups and compression reinforcement, 
ultimate strength can increase by as much as 16 percent. 

(3) Unless the first damaging load exceeds about 80 percent of the 
collapsed load, the capacity in the reverse direction is unaffected. If the 
concrete is not confined, cycling to strains greater than 0.002 induces a 
loss in strength and stiffness due to spalling of the compressed concrete and 
penetration of crushing into the core of the member. That degradation can be 
slowed and the ductility and energy absorption increased by the addition of 
either bonded compression reinforcement or confinement - preferably both. 
Unless confinement is provided there is a marked degradation in the flexural 
capacity for beams reversed cycl ically and loaded to an excess of 90 percent 
of their flexural capacities. Confinement should be achieved. by closed stir
rups with a spacing not exceeding d/4. 

(4) High seismic loading rates can result in strength increases of 
four to seven percent and ductility increases of 10 to 15 percent. It is 
generally appropriate for design computations to be based on static loading 
strengths only. 

(5) Prior to crushing of the concrete or marked inelastic flow of the 
prestressing steel, loading-unloading curves are bilinear with ranges corre
sponding to crack open and crack closed conditions. The loading and unloading 
curves closely parallel each other with small amounts of dissipation of 
energy. 

(6) Prestressed beams show marked elastic recoveries even after con
siderable inelastic deformations, leading to pinching of the hysteretic loops. 
Figure 29 compares beam moment-end deflection relationships for three beam
column.specimens with similar theoretical flexural strengths and with pre
stress levels of 1160, 386 andO psi,\8.1, 2.7 andO MPa,) respectively. 
Energy dissipation for prestressed concrete elements is less than that for 
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behavior of ordinary reinforced concrete are also present in prestressed con
crete, since prestressed concrete is just a special case of reinforced con
crete structure in which an initial, desirable state of compression is intro
duced to the concrete. The only difference is the degree of severity of these 
problems. (For example, one cannot expect good seismic hysteretic behavior 
of prestressed elements whose critical regions have not been properly confined 
with lateral reinforcement. These points - that the basic problems of ordinary 
and prestressed concrete are the same, and that the severity of the problems 
may differ - should be kept in mind in juding results from experiments of pre
stressed concrete elements. 

In .order te obtain a good sense of the state-of-the-art and the state
of-the-practice, up to 1977, of seismic behavior of prestressed concrete 
framed structures and their elements, one can review papers presented at the 
ERCBC Workshop held at Berkeley in 1977 [17]. Particularly appropriate are 
the papers by Lin and associates [145]; Park [146]; Hawkins [147]; and Park 
and Thompson [148]. Hawkins, in Ref. 149, has reviewed and synthesized the 
information presented in this workshop and several other researchers and prac
ticing engineers have discussed it. From this review it is apparent that al
though the advances in knowledge about seismic behavior of prestressed con
crete elements have been not as great as the advances for ordinarily reinforced 
concrete elements, there is sufficient evidence to formulate comprehensive 
seismic design recommendations for prestressed concrete [150,151]. A brief 
summary of sorne of the new information on seismic behavior of prestressed 
concrete elements is presented later in this section. 

It is generally agreed that the response of a prestressed concrete 
structure toa given earthquake will be greater than that of a comparable 
reinforced concrete structure, because of its lower energy dissipation and 
viscous damping properties. However, because the use of higher concrete 
strength results in a smaller neutral axis depth, prestressed concrete mem-
bers may sustain greater curvatures befare crushing than comparable reinforced 
concrete members of the same flexural strength and section size. Alternatively, 
prestressed concrete members may be of smaller section, and therefore less 
mass. These factors may well counteract the effect of the smaller energy 
dissipation capacity under cyclic loading [152]. From the review of all the 
available information, it becomes apparent that proper use of prestressing 
can be an asset te seismic resistant construction of concrete frame structures. 

7.1.2 Precast Elements. In the zones of high seismic risk in the United 
States, precast concrete framing is not widely used as a primary lateral load 

. resisting system: little information exists regarding seismic behavior of 
this type of concrete construction. Hawkins, in Refs. 147 and 149, reviews 
the state-of-the-art in seismic resistance of precase concrete structures, 
although most of the review is devoted to precast panel construction rather 
than to precast concrete frames. Ikeda and associates, in Ref. 153, have re
viewed the state-of-the-art.of precast concrete techniques in Japan, pointing 
out that the main problem is the prediction of strength and deformation capac
ities of beam-column connections. It is clear that there is nothing wr.ong 
with the elements. The problem is in the joints between these elements. lt 
is believed that proper use of prestressing can improve the performance of 
joints between precast elements. There is a tremendous potential for the use 
of lightweight aggregate concrete, precast, prestressed elements in seismic 
resistant construction. 



steel is necessary in prestressed columns (as it is for reinforced concrete 
columns) once the axial load exceeds sorne nominal value such as O. 1 P0 where: 
?0 = strength of columns when load is applied with zero eccentricity. 

Prestressing can improve the behavior of reinforced concrete columns 
[142] and therefore of the whole frame, provided the peculiarities of pre
stressing are considered in the designas well as in the detailing of the col
umns. Figure 30 illustrates an example of post-tension prestressing the outer 
columns of the first 5 stories of an 18 story building (to reduce the possi
bility of tensile cracking strength during severe earthquakes). This applica
tion has been discussed by Ohmori [84], ~luto [94] and Hisada and associates 
[142]. 

There is a need for experimental work on partially prestressed columns 
under severe seismic actions. Among the parameters that need to be studied 
the following deserves special attention: 

optimum degree of prestressing, and optimum location of the pressure 
line; 

• quantity of confining steel necessary to achieve adequate rotation 
ductility, particularly under high compressive loads, and to prevent buckling 
of the bars; 

• the affects of unbonded tendons, particularly when used continuously 
over several column stories. 

7.2.3 Beam-Column Joints: Following design criteria similar to that used 
for ordinarily reinforced concrete structures, the FIP Commission on seismic 
structures [150] recommends: "The connections between members in prestressed 
concrete construction should be carefully designed for effectiveness at all 
earthquake limit states, on the following basis: 

(a) Connections should be checked for both seismic stresses and 
deformations. 

(b) The load-carrying. capacities of connections should not be less 
than those of the adjacent structural members. 

(e) Connections should be capable of failing in a ductile manner. '' 

In their commentary the FIP Commission emphasizes that inelastic loading 
cycles (particularly those involving not only load but also deformation re
versals) can·result in a degradation of the concrete shear-resisting mecha
nism due to breakdown of the joint core, caused by alternating bond force and 
diagonal tension cracking. 

. The above design philosophy is clear and well accepted. However, 
adequate provisions, methods and rules for quantifying and practically apply
ing this philosophy are still lacking despite improvements in understanding 
hysteretic behavior of beam-column joints. Most of the studies have been 
related to the strength of the joint, very little has been done regarding 
prediction of stiffness and its degradation with increasingly severe cycl ic 
loading, or with the prediction of deformation capacity and energy dissipd
tion capacities. 
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reinforced concrete elements because of elastic recovery effects. In general, 
the residual tensile force in the prestressing steel is adequate te clase pre
viously open cracks. Thus, significant energy dissipation does not develop 
until the deformed bar reinforcement yields, the prestressing steel yields, 
or the concrete crushes. Recent test results of beams where flexural behavior 
controls inelastic response have been promising. The use of these beams in 
seismic resistant prestressed concrete frames should be investigated further. 
Most previous tests have primarily involved symmetrical arrangements of pre
stressed and nonprestressed steel: these tests need to be extended to other 
arrangements. Further study is also needed of the spacing of stirrup ties 
that are required te prevent buckling of nonprestressed steel under reversed 
loading. 

7.2.1.2 Flexural Critical Regions with High Shear. As noted by Hawkins [147], 
there is little information available on the behavior of these prestressed 
critical regions. In the tests carried out by Park and his associates [148, 
152, the nominal unit shear stressed developed were very small: less than 
2 fe psi [0.16/fc (MPa)] and less than l/3 of the theoretical computed shear 
strength using ACI 318-71 [35]. Therefore, no adverse shear effects were 
observed. There is an urgent need for systematic studies en the behavior of 
the prestressed elements subjected te high shear stresses. 

There is general agreement that beams should be proportioned and de
tailed so that they will not fail in shear. The FIP Commission [150] recom
mends that in calculating the design shear force the plastic hinge moments 
should be determined considering the possible overstrengths of the material. 
These enhanced plastic hinge moments may be estimated as 1.15 times the flex
ural capacities based en the characteristic strengths of the materials. The 
proposed provisions for the New Zealand Cede [14] contains specific require
ments for designing against shear force, neglecting the concrete's contribu
tion in resisting shear when the design axial compressive force produces an 
average stress smaller than 0.1 fe· 

7.2. 1.3 Bond, Grouting and Anchorage. According te Lin and associates [145], 
seismic safety can be equally obtained by either bonded or unbounded con
struction. However, this is a controversia] issue, on which the FIP Commis
sion en Seismic Structures has prepared a special report [145]. Present FIP 
guidelines [150] recommend grouting the prestressing ducts in flexural mem
bers of a ductile structural frame. The New Zealand Cede has similar require
ments, except for special cases where post-tensional tendons may be ungrouted. 
Bond transfer lengths and performance under cyclic loading are very sensitive 
te surface conditons and to the method of release for the strand. 

Careful consideration must be given to the location of tendon anchor
ages. They should not be placed in regions of high bending or rotation, 
which can adversely affect their capacity. Consideration must also be given 
te the flow of forces from the anchorage. 

7.2.2 Columns. Except for experiments carried out by Hisada and associates 
[142] there has not been much research done en prestressed columns alone. 
Usually, columns have been studied as part of a subassemblage, in which they 
were stronger than the beams and hence were not critica] elements. An excep
tion to this was the joint core regions which will be discussed later. The 
ductil ity of prestressed concrete columns have been studied by Blake1e:. [ 1 S~~. 
As expected, the available curvature ductility of a prestressed concrete c"l· 
umn decreases with increased axial load level. Special transverse c:nf1".1r; 



and fabricators of these precast elements try to locate the connections so 
they can be easily constructed and are not subjected to severe simultaneous 
bending, shear and axial forces. An example of proper location of field cón
nections is shown in Fig. 32. 

7.4 Concluding Remarks 

Prestressed and precast linear concrete elements are not widely used 
to form primary seismic resistant structural systems. The amount of research 
in this area has been relatively small compared with that on ordinarily rein
forced concrete, and sorne fundamental questions remain unanswered.·· Nonethe
less, in the last decade, there have been significant advances in understand
ing problems introduced by these techniques of reinforced concrete 
construction. 

There is tremendous potential in the use of prestressed and precast 
lightweight concrete structural elements. To realize this potential quickly, 
it is necessary to recognize - that prestressed and precast concrete elements 
are just a particular case of R/C structures and practically all drawbacks of 
ordinary R/C elements are also present in prestressed and precast elements. 
Therefore, existing knowledge of seismic behavior of the ordinary R/C elements 
should be used. The problems to concentrate on are those that are peculiar 
to prestressing (i.e. problems of anchorage, bond, transfer, grouting, type 
of steel and level of prestressing); and to the precasting technique (like 
the problems of joint). 



The work of Park and his associates [146,152] has significantly in
creased knowledge of the effects of prestressing on joint behavior. Their 
work showed that serious difficulty in preventing joint core distress during 
seve,re seismic loading can only be minimized by careful proportioning and 
detailing. Their main findings follow: 

(l) The ACI 318-71 Appendix A [36] approach for joint core shear 
strength cannot be regarded as adequate for plane frames subjected to intense 
cycles of seismic loading. It fails to make any provision for vertical shear 
reinforcement in the plane of bending. 

(2) The use of a reasonable level of prestress through a central ten
don improved the hysteretic behavior of the joints. 

(3) The contributi~n of the concrete to shear strength should be 
neglected extept when the mean column compressive stress exceeds to 0.1 fe· 

{4) The inclusion of vertical shear reinforcement within beam-column 
joint cores, in the form on intermediate column bars, and horizontal shear 
reinforcement, in the form of ties, allows the joint core shear force to be 
resisted more effectively than when intermediate column bars are not present 
{Fig. 31 ). 

(5) The draft of the New Zealand Concrete Design Code [14] recommends 
the provision of the vertical shear reinforcement to transmit vertical shear 
forces within.the joint core. The amount of horizontal and vertical shear 
reinforcement required by this draft Code approach was found to be safe but 
rather conservative. 

Although the above results led to improved understanding of the hysteretic 
behavior of prestressed concrete beam column joints, research is needed in 
the following areas: 

(l) The actual contribution of concrete to joint strength, stiffness 
and energy dissipation capacity when subjected to different levels of com
pressive stress. 

(2) Other means of vertical joint shear reinforcement. 

(3) Maximum bar diameters allowable for longitudinal steel to prevent 
total slippage through the joint core. 

{4) The affect of unbounded tendons. 

(5) The potentials of moving the critical regions away from the face 
of the columns. 

7.3 Seismic Behavior Precast Concrete Beam, Column and their Connections 

As discussed in Section 7.1.2, the main problem in using these elements 
is associated with their connections. As noted by Hawkins [147], while many 
types of connections have been developed [155,156] more information is needed 
regarding the behaviór of these connections under severe earthquake loading 
conditions. A comprehensive experimental research program is needed where 
these connections, as well as those already in use, will be studied under 
simulated seismic conditüms. Mean~1hile, it is recommended that designers 



have also been identified. The author considers these advances of paramount 
importance and would like to emphasize the need to present these advances to 
the profession. The author considers this to be more imoortant than developinq 
simple empirical rules for the design of standard elements. If the designer 
knows what the problems and their sources are, he has two possibilities for 
coping with them. First, he can try to avoid them. Since he knows the sources 
of the problems, if he cannot avoid them, he can try· to minimize them by proper 
design, particularly proportioning and detailing. Two tyoical examples follow: 

Most failures of R/C iinear elements are caused by the development of hi9h 
.shear in flexural critical regions. The designer can avoid such problems by 
proper selection of structural form, selectin9 relatively slender members and/or 
using a low percentage of steel reinforcement of low yielding strength and strain 
hardening characteristics. Since such failures are due to sliding shear, designers 
can avoid or sufficiently delay the failure of such members by proper use and 
detailing of special web reinforcement in the flexural critical re9ions. 

Another problem that has been observed in seismic behavior is the degrada
tion in stiffness and strength of beam-column subassemblages with repeated 
cycles of deformation reversals. This problem occurs at the beam-column joints; 
its sources have been identified as high shear and/or high bond stress through 
the joint. The designer can avoid this problem by selecting wider columns, and 
beams wi th a 1 ow percentage of s te e 1 rtith 1 ow yi e 1 di ng s trength and s tra in harden-

. ing characteristics. Or he can avoid the formation of beam plastic regions at 
the faces of the columns. If this cannot be done, prooer detailing of the rein
forcement of the beam, column, and joint can minimize the detrimental consequences 
of stiffness and strength degradation. r 

Following, with the presentation of the conclusions, there is a summary of 
advances in the design and understanding of seismic behavior of normal weight 
R/C elements and their cast-in-place subassemblages under lD loadin9 conditions. 
There has been very little research for 20 or 30 loading. However, sorne para
meters influencing the seismic behavior of frame subassemblages under two dimen
sional-lateral motions have been identified. 

There have been sorne significant advances in understanding behavior of 
lightweight concrete. Sorne of the peculiarities of this type of concrete have 
been identified by comparing its behavior with the behavior of similar normal 
weight concrete. These peculiarities include: a lower gain in strenqth and 
ductility with confinement (particularly with high strength [e.g. greater than 
4,000 psi]); lower bond; and lower shear transfer. More comnrehensive studies 
are needed of the mechanical characteristics of this type of concrete and its 
interaction with reinforcing steel under seismic conditions. 

The amount of research in the area of prestressed and precast linear con
crete elements has been small. However, there have been sorne advances in the 
proper use of prestressing, particularly for improving behavior of beam-column 
joints and columns in tall buildings. The main problem for precast construction 
is connection. Although many types of connections have been suggested, and sorne 
used, there is no available information about their behavior under seismic load
; ng. 

8.2 Conclusions 

The following conclusions emphasize findings which have helped to advance 
the design and construction-of normal wei·ght R/C elements and their cast-in
place subassemblages subjected to 10 loading conditions. General observations 



8.1 Surranary 

8. SUMMARY, CONCLUSIONS, AND RECOMMENDATIONS FOR 
FUTURE RESEARCH AND DEVELOPMENTS 

Significant advances have been made in the last ten years_in understanding 
sei smi e behavi or of s tructura 1 concrete 1 i nea r e 1 ements and thei r connecti ons. 
This improved understanding has had sorne impact in earthquake resistant design 
of R/C structures where these elements are used. However, much of present 
knowledge has not yet been practically applied. There are several problems in 
predicting seismic behavior of these linear elements and their connections. 
Sorne of these problems are of a ~eneral nature and apply to all tyoes of elements, 
regardless of the material used (e.g. problems in predicting demand due to uncer
tainties about the ground motion and the overall response of the structure). 
There are cther problems, inherent to the type of member and associated with the 
peculiar sensitivity of reinforced concrete construction to all those asoects 
which affect structural behavior- design, construction, maintenance, modifica
tion, and repair - which should be considered in arder to obtain efficient 
seismic resistant construction. 

Problems of a general nature have been discussed in section two. The seis
mié behavior of any element of a structure depends upon the interaction of the 
ground motion and the structure; there are many uncertainties in predicting both 
ground motion and structural response. All these uncertainties must be considered 
in arder to judge the reliability of experimental results and to assess the impli
cations of these results for design and construction of seismic resistant struc
tures. To characterize these uncertainties properly, data from field and labora
tory studies must be collected and statistically reviewed. Then studies may be 
carried out on the probability of failure of R/C elements. 

Section two emphasizes the importance of loading history in the behavior of 
elements. The importance of properly selecting a structural layout and choosinq 
the material to be used is also discussed. 

The requirements for suitable seismic resistant structural materials are 
discussed. The relatively low value of strength per unit weight of normal weight 
concrete suggests the desirability of using lightweight concrete. The use of 
precast, partially prestressed lightweight aggregate concrete elements has tre
mendous potential in seismic resistant construction. However, the technology of 
lightweight aggregate; the problems of determining the optimum degree of pre
stressing; and the problems of connections of prefabricated elements, have not 
yet been resolved. Thus the most suitable R/C material for earthquake resistant 
design is still cast-in-place, ordinarily reinforced, normal weight concrete. 

Section two also discusses the importance of studying the seismic behavior 
of basic structural components and their subassemblages, rather than the response 
of a whole structure. 

A review of the inherent problems of linear reinforced concrete members and 
their connections shows that no general theory has been formulated to accurately 
predict the real seismic behavior (stiffness, strength, deformation, and energy 
dissipation capacities and their variation with load) of such structural compon
ents. It is doubtful that such a theory will ever be developed. However, there 
have been significant accomplishments in the understanding of such behavior, par
ticularly of R/C elements that are used in plane moment-resisting frames subjectr" 
to unidirectional (1D) loading conditions in the plane. For these elements not 
only have the problems been determined, but the different sources of the problem~ 



8.2.2 Columns. These elements are still the most suscentible to failure in 
destructive earthquakes, particularly when subjected to high axial and shear 
forces. This is because of the sensitivity of shear stress to variations in 
the values of many of the factors affecting such column stress. 

(1) Short columns designed and constructed according to present U.S. 
seismic cedes can dissipate moderate amounts of energy through inelastic 
deformations. Thi.s can be adequate for ductile moment-resistinq frames which 
are properly designed, constructed, and maintained and in which the short 
columns are not subjected to significant fluctuations of axial force. 

(2) In the case of large flexural ductility demands, the contribution 
of concrete to shear resistance should be ignored. 

(3) Circular spiral is the most effective transverse reinforcement to 
confine concrete and prevent the main reinforcing bars from buckling. 

(4) New types of column reinforcement have been developed in Japan. A 
combination of spiral and square hoops resulted in excellent hysteretic behav
ior. 

(5) Because joint core behavior can lead to sorne damage of"the concrete 
cover of the column, the column strength computation should be based on the 
strength of the core area. only. 
8.2.3 Beam-Column Joints. Design criteria have been forumlated for this type 
of joint. The criteria for the strength of the joint is that the beam-column 
joint should be the strongest and stiffest component of a basic moment-resisting 
frame subassemblage. While this usually has been so in the past, it might not 
be so in future structures, because while more stringent requirements for 
seismic design of beams and columns have recently been included in cedes, no 
changes have been introduced for the design of joints. Research results have 
indicated that: 

(1) The effectiveness of concrete to resist shear should only be consi
dered when there is a compressive load on the column which exceeds O.lf~ Ag. 

(2) Vertical shear reinforcement should be provided to help transfer ver
tical shear force to complete the truss mechanism at the joint core. Vertical 
column bars should be used around the perimeter of the column section with 
spacing not exceeding six in. (150 mm). 

(3) For exterior beam-column joints, if plastic hinging occurs in the 
beam at the column face it is recommedned that the diameter of the lontitudinal 
column bars should not exceed l/25th or l/20th of the beam depth (for 55 and 
40 grade steel, respectively). 

(4) For interior beam column joints, if plastic hinging occurs in the beams 
at the column face it is recommended that the maximum diameter of the longitu
dinal beam reinforcing bars should not exceed l/35th or l/25th of the column 
depth ( for 55 and 40 grade steel, respectively). The diameter of longitudinal 
column bars are limited as for exterior joints. 

(5) If plastic hinging occurs in the beam at the column face, in deter
mining the anchorage length of beam steel it is necessary to distinguish·be
tween the effectiveness of the bond offered by unconfined concrete in the column 
cover (which is small and should be neglected) and that offered by the con
fined concrete core. In exterior joints, the anchorage should be considered 
to begin within the joint ~ore at a distance of either one-half the column 



applying to all members are presented first. Then observations for beams, 
columns and their connections are presented separately. 

Reliable methods are lacking to oredict de~ands, particularly deformation 
and energy dissipation demands, that can be expected during a structure's res
ponse to extreme earthquake shaking. Therefore, it is highly desirable to 
design R/C elements and their subassemblages so that they will be caoable of 
dissipating the largest possible amount of energy through stable·hysteretic 
behavior. Special attention should be paid to proportioning and detailing. 
The following reco~mendations are designed to achieve such stable, tough behavior. 

8.2.1 Beams. Most of the following observations aoply to the design of the 
potential beam critical regions. 

(1) It is essential to provide sufficient shear capacity in potential 
critical (plastic hinge) regions to develop the required flexural deformation 
and energy dissipation capacities. 

(2) Lower tension steel contents, p, are recommended than those presently 
allowed by R/C codes. 

(3) It is recommended that beams be designed so that, at their connection 
with columns, they have a larger positive moment capacity than presently required 
by seismic codes (p'/p ~ 0.75 has been recommended). 

(4) The location of splicing of main reinforcing bars should be carefully 
established. As much as economically feasible, curtailing of the main bars 
should be avoided. 

(5) The effectiveness of different arrangements of transverse steel in 
confining concrete has been studied and constitutive laws for such confined 
concrete have been formulated. 

(6) Present seismic code requirements for beam confinement are not adequate 
when large ductility is demanded. 

(7) To prevent premature buckling of main reinforcing bars, each of these 
bars should be supported laterally by a cerner of a tie and tie soacing should 
not exceed six bar diameters. 

¡s) The use of beams where the nominal unit shear stress, vmax' can exceed 
61fc psi) {0.5/fc (MPa)) should be avoided. 

(9) Present code requirements result in satisfactory hysteretic behavior 
when vmax is $ 3/f~ (psi) (0.25/fc (MPa)). · 

(10) When vmax is in the range of 31fc (psi) to 6/fc (psi) ({0.25/fc (MPa) 
to 0.5/fc (MPa)), it is necessary to use special web re1nforcement. Although 
the use of intermediate longitudinal bars improves hysteretic behavior, the addi
tion of diagonal reinforcement seems to be more effective in controlling 
sliding shear at critical regions. 

(11) Conventional seismic resistant design is inadequate for couolinq beams, 
of coupled shear wall systems, which have Vud/Mu ratios of one or less. The 
energy dissipation capacity (ductility and useful stable strenqth) can be improved 
by placing the main reinforcement diagonally in the beams. 

'(J 



(1) Prestressed beams show marked el as tic recoveries even afte1 (lnsider
able inelastic deformations, leading to pinching of the hysteretic ir.:.ps. 

(2) Energy dissipation of prestressed concrete elements can be increased, 
and degradation of stiffness decreased, by the proper addition of bonded com
pression and transverse (confinement) reinforcements. 

(3) Although high seismic loading rates ot prestressed element.·. can result 
in strength increases of four to seven percent, and ductility increi.~es of 10 
to 15 percent, it is recommended that design computations can be ba•.ed on 
static loading strengths only. 

(4) The use of a reasonable level of prestressing through a cer1tral tendon 
improves hysteretic behavior of joint. 

(5) The use of prestressing can improve behavior of ordinarily reinforced 
concrete exterior columns in tall slender buildings by decreasing tl:e possibil ity 
of cracking dueto tensile forces originated by overturning moment~ .. 

(6) Use of prestressing can improve the behavior of connections between 
.linear elements. 

(7) The use of prestressed and precast lightweight concrete structural 
elements has .great potential for seismic resistant construction. 

8.3 Recommendations for Future Research and Developments. 

Among the different recommendations formulated in this report the following 
deserve special mention: 

(1) Perform integrated analytical and experimental research on the three 
dimensional behavior of actual structures under realistic seismic loading con
ditions to determine the demands on different structural components. In arder 
to carry out more realistic experiments than has been done up to date it is 
important to determine the expected loading or deformation histories that the 
structural elements will undergo. Seismic performance of R/C structures is 
very sensitive, not only to how the structures have been designed and detailed, 
but also to how they are constructed, and to the modifications, maintenance, 
and repair which they can undergo befare an earthquake strikes. All these 
aspects must be considered in establishing design criteria. 

(2) Improve quality control of the R/C materials. Statistical data regard
ing mechanical characteristics of the material from existing structures should 
be collected and studied. 

(3) Perform experiments to improve prediction of the interface shear trans
fer in plasti~ hinge regions of beams and columns subjected to generalized 
loadings. 

(4) Perform experiments under seismic loading conditions, on the contri
bution of the floor slab to: development of beam flexural capacity; behavior 
of the beam-column joint; and overall strength, stiffness, deformation, and 
energy dissipation capacity of basic frame subassemblages. 

(5) Perform experiments to study the behavior of columns and beam-column 
joints subjected to two and three-di!O'.ensional loadings. Emphasis should be 
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depth or ten bar diameters, whichever is closer to the column face where the 
steel enters. 

(6) Performance of exterior joints can be improved by using a beam stub 
at the far column face where the longitudinal beam bars can be anchored. 

(7) Significant bond deterioration occurs at the joint core from load 
reversals cyclically apolied to the beam bars. This results in beam fixed-end 
rotations, particularly when the stress applied to the beam bars entering the 
columns equals or exceeds yield. 

(8) To avoid detrimental beam fixed-end rotations, beam hinges adjacent to 
column faces should be eliminated. Practica] techniques to accomplish this have 
been suggested, tested, and proven to be satisfactory. · 

8.2.4 20 and 30 Loadings. The following observations are of a tentative nature, 
because of insufficient data. 

(l) 20 column displacement ductility demands about twice as large as lO 
ductilities are typical at a lO displacement ductility of about five or more. 

(2) 
designed 
to two. 

To avoid difficulties under 20 it is recommended that frames be 
so that column displacement ductility demands under lO are restricted 

(3) While compressive axial loads have little influence on column behavior 
under 20 loading, tensile axial loads substantially reduce the stiffness and 
shear capacity at low loads. 

(4) Theoretically, for a symmetrical two-way frame, joint design for bi
axial shear leads to approximately twice the shear required for uniaxial shear 
design. Because this can create serious practical problems, it is suggested 
that beam hinges adjacent to column face be eliminated. 

8.2.5 Use of Lightweight Aggregate Concrete. Because of the relatively 
meager data available, the following observations are of a preliminary nature. 

(l) The effectiveness of the confinement,bond and shear transfer of 
lightweight aggregate concrete is inferior to that of normal weight aggregate 
concrete of similar strength. The higher the strength of the concrete the 
larger the difference in confinement effectiveness. Furthermore, lightweight 
aggregate concrete has higher creep. Therefore caution should be used in 
applying equations or seismic code provisions derived for normal weight aggre
gate to lightweight aggregate concrete, particularly in designing columns. 

(2) Under cyclic loading, the energy dissipated by beam-column subassem
blages cast of lightweight aggregate concrete is significantly smaller than 
that of similar normal weight concrete subassemblages. 

(3) The compressive strength of lightweight aggregate concrete used in 
seismic resistance construction should be limited according to the mechanical 
characteristics of the aggregate. 

8.2.6 Use of Prestressed and Precast Technigues. In addition to the problems 
common to any kind of reinforced concrete elements, the main findings of the 
reviewed research are: 
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placed on the effects of high shears and the fluctuation from high compressive 
to high tension axial forces. 

(6) Conduct statistical studies of the variation of v~ax 1 v~ in elements 
of existing buildings. 

(7) 
splices 
rates. 

Perform experimental studies of behavior of lapped and mechanical 
under high intensity load reversals and at different loading (strain) 

(8) Perform experiments to study behavior of construction joints in beams 
and columns. 

(9) Perform experimental studies to establish reliable bond-slippage 
constitutive law for the beam's reinforcing bars along the confined concrete 
of beam-column joints. 

(lO) Conduct analytical studies of how the fixed-end rotations at the 
beam ends of column faces affects seismic response of framed structures. 

(11) Conduct integrated experimental and analytical studies on the seismic 
behavior of reinforced lightweight aggregate concrete elements,with emphasis 
on: the effectiveness of confinement, bond, and shear transfer of such concrete; 
the higher rate of creep for lightweight than for similar normal weight; and 
how that higher creep cah effect the seismic performance of framed structures. 

(12) Conduct coordinated analytical and experimental studies to define: 
the degree of stiffness; damping; abruptness of failure; and hysteretic be
havior of prestressed concrete subassemblages. These subassemblages should 
contain combinations of prestressed tendons and deformed bar reinforcements 
similar to those likely to be found in practice. 

(13) Make generic studies of hysteretic behavior of different types of 
connections between precast elements. These studies should cover non-tensioned 
and post-tensioned connections subjected to loading intensities and histories 
similar to those which would exist during extreme earthquakes. These studies 
should examine precast elements of various types (particularly lightweight 
prestressed) and various cross sections. 

(14) Conduct research programs which examine the applicability of reduced 
ductility and strength requirements for areas other than those of highest 
seismicity. 

It is hoped that this report can serve as a basis for spirited discussions 
at the Symposium, and that these discussions will contribute toward the solu
tion of the many problems and questions that have been raised here. Because 
of the complex nature of these problems, international collaboration is needed 
between practitioners, educators, researchers, and representatives from indus
try and government agencies in the field of earthquake resistant construction. 
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AVANCES EN EL DISEÑO SISMICO DE ESTRUCTURAS DE 
CONCRETO REFORZADO 

Procedimiento de Diseño por Resistencia Ultima en Estructuras de 
Concreto Reforzado 

(Instituto de Arquitectos de Japón) 

Osear López Bátiz* 

INTRODUCCION. 

Como principio básico del diseño antisismico de estructuras arquitectónicas en Japón. se plantea 
la formación de un mecanismo de falla o mecanismo de fluencia, como el formado por aparición de 
articulaciones plásticas en vigas, o el mecanismo de columna fuerte - viga débil. La apanción de 
articulaciones plást1cas en columnas se contempla únicamente en la parte inferior de las columnas del 
primer nivel y en la parte superior de las del último nivel. El mecanismo de articulaciones plásticas en 
v1gas se plantea con el objeto de incrementar la capacidad de disipación de energía en la estructura, así 
como lograr una distribución uniforme de dicha disipación. 

El criterio básico de diseño ant1sísmico se resume en la Tabla-1 Este consta de dos fases, que 
esencialmente corresponden a los dos niveles mostrados en la tabla. La primera fase de diseño tiene por 
objeto proteger las "partes débiles" de la estructura, esto es, procura eliminar la formación de 
articulaciones plásticas (propias del mecanismo propuesto) ante un sismo correspondiente al nivel 1. La 
segunda parte del procedimiento de diseño, tiene por objeto asegurar la formación del mecanismo de 
fluencia planteado ante un sismo correspondiente al nivel 2. La carga de falla o fluenc1a, asociada con 
la formación del mecanismo, se calcula en forma similar a la definición de capacidad por carga última 
estructural def1n1da en el reglamento de construcciones arquitectónicas Japonés. A continuación se 
presenta un resumen a grandes rasgos del criteno de diseño correspondiente al nivel 2 de la Tabla-1. 

Tabla-1 Critenos de diseño antisísmieo (1] · 
N1vel de nesgo sísm1co N1vel 1 
Probabilidad de ocurrencia 
Máximas velocidades de terreno 
Fuerzas en los elementos 

Ductilidad por p1so 
Ductilidad en elementos 
Angula de deformación de p1so 

1. ESTRUCTURACION. 

uno en la v1da ut1l 
25 cm/s 
Agrietamiento en el concreto 
sin fluencia en el acero 
menor que 1 
menor que 1 
menor que 1/200 

1.1 Conceptos base para la estructuración. 

N1vel 2 
max1mo pos1ble 
50 cm/s 
Fluencia en el acero 
sin falla total de la estructura 
menor que 2 
menor que 2 
menor que 1/100 

Definición del mecanismo de fluencia, con el propósito de que se genere el m1smo al alcanzar la 
estructura su resistencia de diseño (la carga de falla o fluencia). Definición de las características de los 
elementos estructurales, con objeto de verificar que los elementos en los que se proyecta la aparición de 
articulaciones plásticas tengan la resistencia y capacidad de deformación adecuadas. Asimismo, que 

·Investigador. Coordinación de Investigación, Centro Nac1onal de Prevención de Desastres. México. 
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aquellos elementos en los que no se proyecta la aparición de articulaciones plásticas, tengan la 
resistencia adecuada Definición de las caracteristicas en plano y elevación de la estructura. Para evitar 
posibles comportamientos no deseados en la estructura, se verifica la uniformidad en la distribución de 
rigideces, resistencias y ductilidades entre otros aspectos. 

1.2 Estructuras a base de marcos momento-resistentes. 
El mecanismo de fiuencia y la ubicación de las articulaciones plásticas se proyecta para que las 

articulaciones plasticas se formen en los extremos de las vigas de todos los niveles y en la parte inferior 
de las columnas del primer nivel, formando un "mecanismo de fluencia por vigas" (Fig.1 ). 

Excepción en los mecamsmos de fiuencia y en la ubicación de las articulaciones plasticas. 
Respecto al mecanismo planteado, se permiten la aparición de articulaciones plasticas como se Indica: 

a) La parte supenor de las columnas del último nivel. 
b) Columnas exteriores cuya carga axial decremente ante la incidencia de fuerzas sism1cas. 
e) Columnas interiores que no intervengan en la transferencia de fuerza sismica incidente. 

1.3 Estructuras con muros estructurales. 
Bas1camente en una estructura con muros estructurales se busca la simetría en su pos1ción, la 

regularidad y uniformidad en el plano del mismo, y la continuidad del muro desde la cimentación en toda 
la altura de la estructura. 

En caso de emplear muros estructurales con aperturas en el plano, el efecto de estas en la rigidez 
y resistencia del mismo debera ser considerado. 

Respecto a la ubicación de articulaciones .plásticas por fiexión en muros estructurales, se proyecta 
su formación en la parte mferior del muro en el primer nivel (Fig.2). Sin embargo, también se perm1te el 
giro del muro y la aparición de art1culación·plastica en la trabe de cimentación (Fig.3). 

La parte de la estructura a base de marcos momento-resistentes, sigue el mismo criterio 
presentado en .la secc1ón 1.2. Sin embargo, si se garantiza que el muro estructural cuenta con una 
resistencia adecuada, se perm1tira la formación de articulaciones plasticas en las columnas. 

1.4 Estructura· de ·cimentación. 
···Como regla· general en la trabe de cimentación no se proyectará la formación ·de articulación 

plast1ca. Sin embargo, cuando· se define un mecanismo de fiuencia que presente g1ro en la base de un 
muro estructural (Fig.3), la trabe de cimentación requerirá ser diseñada para presentar articulación plastica 
en la vec1ndad al muro 

Respecto a la losa de cimentación y a los pilotes o pilas, no se permitirá la formación de 
articulaciones plast1cas en los mismos. Las estructuras de sótanos deberán revisarse a ser 
suficientemente rigidas, y no se permitira la formación de articulaciones plásticas en mngún elemento 
estructural de los m1smos. 

1.5 Elementos no estructurales. 
Las juntas entre la estructura y los elementos no estructurales deberá hacerse de tal manera que 

el comportamiento de estos no afecte a la formación del mecanismo de fluencia definido. Deberán 
diseñarse para evitar falla o caida de los mismos ante sismos de mediana intensidad. 

2. METODO DE DISEÑO. 

2.1 Procedimiento de diseño. 
El diseño estructural tendrá por objeto asegurar que ante carga vertical y sismos de mediana 

intensidad la estructura tenga y mantenga la resistencia y funcionalidad adecuada, y ante sismos de gran 
intensidad asegurar que la estructura tenga la ductilidad o capacidad de deformación necesana para 
desarrollar el mecanismo de fluencia ante la fuerza lateral incidente sin presentar la falla total. 

El diseño ante carga vertical contempla la revisión de resistencia, deformación, desplomes, 
agrietamientos y posibilidad de problemas de vibración no deseada. El diseño ante carga lateral se lleva 
a cabo en dos partes, primero el diseño del mecanismo de fluencia, y segundo el diseño para el 



aseguramiento de la formación del mecanismo de ftuencia. Estos se resumen como sigue: 
a) En el diseño del mecanismo de fluencia, se verificará que la estructura tenga la resistencia 
ante carga lateral adecuada, y que Jos elementos presenten ductilidades dentro de los limites 
requeridos. Para Jo cual ·se hacen análisis elasto-plástico de la estructura considerando la 
resistencia esperada de los elementos estructurales. 
b) Para asegurar la formación del mecanismo de fluencia ante un sismo de gran intensidad, se 
realiza un análisis elasto-plástico que muestre que, en elementos en los que no se proyectó la 
formación de articulaciones plásticas, no se presente falla o formación de articulaciones 
plásticas. Para llevar a cabo este tipo de análisis, se considera la resistencia esperada para Jos 
elementos en los que no se proyectó la formación de articulaciones plásticas, y se considera el 
limite superior de resistencia en aquellos elementos en Jos que se proyectó la formactón de 
articulaciones plásticas para la conformación del mecanismo de fluencia. El significado de cada 
térmtno se ve en la Fig 4. 

2.2 Combinación de estados de carga. 
Las cargas a considerar en diseño son cargas muertas, vivas, por acumulación de nieve, por 

viento y las debidas a sismo. Las condiciones de carga a considerar, así como Jos factores que afectan 
a cada una de ellas varían de acuerdo a la región y país Sin embargo, el mayor número de 
combinactones posibles debe considerarse en el diseño. 

2.3 Diseño del mecanismo de fluencia. 

Fuerzas sísmicas de diseño: 
(a) El coeficiente de fuerza cortante basal de diseño se calcula de la siguiente manera 

... 
e1 = z Rt es ( 1) 

donde, e1: coefictente de fuerza cortante basal; Z. coefictente sísmico zonal; Rt: factor por 
características dinámicas de la estructura; es coeficiente de cortante basal estánda~, El . 
coeficiente de cortante basal estándar se considera igual o mayor a 0.25 para estructuras a base 
de marcos momento-resistentes, y se constdera igual o mayor a 0.30 para estructuras a base 
de muros estructurales. 
(b) Para calcular las fuerzas sísmicas de diseño, se parte de la hipótesis de que el 
comportamtento de los ejes principales ortogonales de la estructura es independiente. La fuerza 
sísmica horizontal a aplicarse en cada nivel se puede calcular como se indica (salvo 
investigación especiftca) 

Fi = p, + Pt 
= p, 

(para i = n) 
(para 1,; n-1) (2) 

donde, Pt: fuerza lateral concentrada en el último nivef, que se calcula con la expresión (3) Para 
estructuras con menos de 6 niveles Pt = O. 

Pt =a T 01 

El valor de p, se calcula como se indica 

Pi = ( 01 - Pt ) w, Hi 1 ( I: w, H1 ) 

donde, F, : Fuerza horizontal concentrada en la losa del nivel (i + 1) 
01 : Fuerza cortante de entrepiso para diseño del primer nivel, 01 = e1 I: Wi 
a : eoeftctente de la carga concentrada en el último nivel, igual a 0.1 O 
T : Periodo fundamental de la estructura (s), T = 0.02 Hn 
H, . Altura respecto al ntvel de suelo de la losa del nivel ( i + 1 ) 

(3) 

(4) 

~· .. 
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Análisis lineal. 

Hn : Altura de la estructura (m) 
w, : Suma de carga muerta y carga viva (para sismo) en el nivel ( i + 1 ) 
n : Número de niveles de la estructura (siendo 1 el nivel de suelo) 

El estado de esfuerzos a emplear para el diseño del mecanismo de fluencia se calcula 
considerando la rigidez de los elementos estructurales componentes y haciendo un análisis lineal de la 
estructura con las siguientes hipótesis· 

(a) Elementos en los que se proyecta la formación de articulaciones plásticas, la rigidez se 
considerará igual a la rigidez secante al punto de fluencia. Elementos en los que no se proyecta 
la formación de articulaciones plásticas, al calcular su rigidez se considerarán los efectos de 
agnetamiento por flexión. 
(b) En el caso de muros estructurales o elementos con relación claro/peralte pequeña, los 
efectos de deformación por cortante deberán ser considerados. 
(e) Las losas de cada nivel se considerarán como elementos rígidos. 

Redistribución de esfuerzos 
Para definir el estado de esfuerzos a emplear en el diseño del mecan1smo de fluencia, el estado 

de esfuerzos obtenido del análisis lineal puede ser redistribuido con las condiciones sigUientes: 
(a) Posterior a la redistribución de esfuerzos, deberán satisfacerse las condiciones de equilibrio. 

· (b) La vanac1ón del valor de los momentos por la redistribución respecto a los valores obtenidos 
por el análisis lineal, no será mayor que el 20% para estructuras a base de marcos y 25% para 
estructuras a base de muros. 
(e) La variación por la red1stnbución de la suma·de momentos de entrepiso, no deberá ser mayor 
a 5% de la suma de momentos de entrepiso producto del análisis lineal en la estructura a base 
de marcos, y no mayor que 15% en estructuras a base de muros. 

Limites de deformación. 
La deformación angular de entrepiso de una estructura ante un análisis sísmico lineal deberá 

limitarse a ser menor que 1/200 rad 

2.4 Diseño para aseguramiento de la formación del mecanismo de fluencia. 

Estado de esfuerzos para diseño. 
El estado de esfuerzos para asegurar la formación del mecanismo de fluencia se obtendrá 

empleando el limite superior de resistencia en los elementos que se proyecta la formación de articulación 
plástica. Se lleva a cabo un análisis pseudo-estático no-lineal, incrementando la fuerza lateral hasta la 
formación del mecanismo de fluencia El estado de esfuerzos obtenido de este análisis se modificará 
considerando los s1gu1entes efectos. 

(a) Efecto del comportamiento dinámico 
(b) Efecto de incidencia de fuerza sísmica en dos direcciones 

Análisis no-lineal. 
Tomando en cuenta las características de comportamiento elásto-plástico de los elementos 

estructurales, se realiza el análisis pseudo-estático no-lineal para determinar el estado de esfuerzos a la 
formación del mecanismo de Jluencia. Adicionalmente, se considerarán las siguientes hipótesis: 

(a) La distribución de la fuerza sismca lateral será en forma de triángulo invertido. Por medio 
de métodos paso a paso o de trabajo virtual, se resolverá la ecuación de equilibrio. 
(b) En el cálculo del limite superior de resistencia de los elementos donde se proyecta la 
formación de articulaciones plásticas, se empleará el acero de refuerzo propuesto en el 
pred1seño. 
(e) Las losas de cada nivel se considerarán como elementos rígidos. 
(d) La rigidez no-lineal del elemento se calculará en base a la rigidez elástica y al refuerzo del 
m1smo. Para materiales comúnmente empleados se puede emplear la ecuación propuesta por 
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Sugano-Aoyama[2) 

Ky =ay Ko 
ay = ( 0.043 + 1.64 f/ pt + 0.043 a 1 D + 0.33 f/o )( d 1 D )2 

f/O = N 1 b D u 6 (5) 

donde, Ky· rigidez secante al punto de fiuencia por fiexión del elemento; Ko: rigidez elastica del 
elemento; f/: Es/Ec, Es y Ec son los módulos de Young del acero y concreto respectivamente; 
pt: Porcentaje de acero de refuerzo en la sección; d: peralte efectivo del elemento; D: peralte 
total de la sección, a/D: Relación entre claro de cortante y peralte, N: fuerza axial de compresión 
en el elemento; u 6 : Resistencia a la compresión del concreto 

Amplificación de esfuerzos por efecto del comportamiento dinámico. 
El coeficiente de incremento de momento y fuerza cortante por efecto del comportamiento 

dinamico en columnas y muros estructurales, a excepción de que se determine por medio de una 
investigación espec1al, se calcularan de la siguiente manera: 

wc1 = 1.0 + ( l1w1 1 f/>o )( Pch1 1 Pci ) 
WWI = 1.0 + ( f1Wi / f/>0 ){ /1whl / /3w1 ) 

(6) 
(7) 

l1w1 es el parametro con que se considera el efecto de modos superiores en el nivel i, y se calcula 

f1W1 = 0.25 
= 0.20 
= 0.20 + O 1 O ( i - n/2 ) 

( para i = 1 ) 
( para 2 ,; i ,; n/2 ) 
( para i > n/2 ) (8) 

donde, wci, ww1: factores de amplificación de esfuerzos en columnas y/o muros del nivel i; f/>o: factor de 
incremento de resistencia estructural por el limite superior de resistencia de los elementos (=C1 o/0.25); 
C1o: Coeficiente de cortante basal al momento de formación del mecanismo de fluencia, al emplear •. el 
limite superior de resistencia en los elementos; Pci , /3w1: porcentaje de fuerza cortante a resistir por efecto 
del modo fundamental en columnas y/o muros del nivel i; Pchi , Pwhi. porcentaje de fuerza cortante a 
resistir por efecto de modos supertores en columnas y/o muros del nivel i. 

Amplificación por efecto de mc1dencia sísmica b1axial. 
En el caso de columnas, el momento y/o el cortante de diseño se afectará por el factor de 

amplificación por comportamiento dinamico wc1, y este a su vez se afectará por el factor de seguridad ante 
efecto sísmico biax1al 1¡12. El factor de seguridad ante efecto sísmico biax1al 1¡12 se tratará 
Independientemente para cada eje de anál1s1s, y por regla se considera igual a O 1 O. La carga axial de 
d1seño en columnas y muros se calculara considerando el 100% de los resultados del análisis plano en 
una dirección, adicionando el 50% de los resultados del análisis plano en la dirección ortogonal. 

Deformación de seguridad estructural. 
Los elementos estructurales en los que se proyecta la formación de articulaciones plásticas 

deberán diseñarse de modo que la capacidad de deformación plást1ca supere la deformación de seguridad 
estructural. La deformación de seguridad estructural de los elementos tiene relación directa con la 
deformación por seguridad estructural de la estructura en su conJunto, por lo tanto se obtendrá del análisis 
pseudo-estático no-lineal. 

3. DISEÑO DE ELEMENTOS A FLEXION Y CARGA AXIAL 

3.1 Determinación de las secciones transversales. 

Hipótesis básicas para la determinación de la resistencia últ1ma a flexión. 
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+ Las deformaciones en el concreto y el acero en cualquier punto de la sección transversal serán 
proporcionales a la distancia de dicho punto al eje neutro. 
+ La relación esfuerzo-deformación del acero de refuerzo, tanto a tensión como a compresión, se 
considerará elástica para valores menores que los ilustrados en la Tabla-2. Para deformaciones mayores 
que las correspondientes a los esfuerzos ilustrados en la Tabla-2, el esfuerzo en el acero de refuerzo se 
tomará igual a la resistencia a la fluenc1a del material. 
+ La relación esfuerzo-deformación del concreto se obtendrá empleando modelos adecuados (vrg. el 
modelo de Kent - Park [3], Fig.5) · 

3.2 Resistencia esperada a la flexión. 
La resistencia esperada a la flexión se calculará en base a las hipótesis que se indican: 
(a) La deformación del concreto en la fibra exterior a compresión de la sección transversal se 
considerará como 0.003. Para la resistencia del acero de refuerzo se considerarán los valores 
mostrados en la Tabla.2 · 

Tabla.2 Resistencia del acero de refuerzo 
Tipo de acero Res1stencia del matenal 
de refuerzo (a) Resistencia esperada (b) Lim1te superior de resistencia 
corrugado 3000 1.0 uy 1.30 uy 
corrugado 3500 1.0 uy 1.25 uy 
corrugado 4000 1.0 uy 1.25 uy 
corrugado alta 1 O uy 

uy: limite infenor de fluencia probado del acero de refuerzo 

(b) El acero de refuerzo de losa que tenga la longitud de anclaje requerida y se encuentre en 
el ancho efectivo a considerar de la losa, podrá tomarse como parte del acero a tensión en su 
caso. 
(e) Podrá considerarse el acero de refuerzo colocado en varias capas. 

3.3 Limite superior de resistencia a flexión. 
El limite superior de la resistencia a flexión se calculará en base a las siguientes hipótesis: 
(a) La deformación del concreto en la fibra exterior a compresión de la sección transversal se 
tomará como O 003 (un ejemplo en vigas se ilustra en la Fig.6). El limite superior de resistencia 
del acero de refuerzo se considerará conforme se Indica en la Tabla.2 
(b) Cuando se traten secc1ones T o 1, el ancho efectivo correspondiente a los patines se tomará 
como dos veces el considerado para el cálculo de la resistencia esperada. Igualmente, el acero 
de refuerzo de Josa o muro se considerará en el cálculo. 
(e) El acero de refuerzo colocado en capas, o bien cualquier refuerzo que contribuya a resistir 
esfuerzos por flexión, deberán considerarse en el cálculo. 

3.4 Limite de la carga axial permisible en elementos con posible formación de articulación plástica. 
En elementos en los que por diseño se proyecta la formación de articulación plástica en el mecanismo 
de fluenc1a, deberán satisfacerse los sigUientes limites requeridos para la carga axial. 

(a) La carga axial en columnas deberá satisfacer la ecuación (9) 

- k2 Ag uy ,; Nc ,; k1 Ac u 6 (9) 

donde, Nc: carga axial de compresión en la columna, obtenida del diseño para aseguramiento 
de la formación del mecanismo de fluenc1a; Ac: Area de la secc1ón transversal de la columna; 
Ag· area total del acero de refuerzo longitudinal a tensión efectivo en la columna; uy: resistencia 
esperada del acero de refuerzo longitudinal; k1 coeficiente por carga axial de compresión (=1/3). 



En caso de cumplir los requisitos para confinamiento del acero lateral, k1 puede considerarse 
como 2 1 3 ); k2: coef1c1ente por carga axial de tensión ( = 3/4 ). 
(b) La carga axial en muros, por lo general deberá satisfacer la ecuación (10) 

Nw .:$; k3 Acere u 8 - Aws uwyu (1 O) 

donde, Nw. carga ax1al de compresión en el muro obtenida del diseño para aseguramiento de 
la formación del mecanismo de fiuencia; Acore: area de la sección transversal de la columna 

· ubicada en el extremo a compresión del muro; Aws, uwyu: area y limite superior de resistencia 
del acero vertical colocado en la parte del muro; k3 = 2/3 (en caso de cumplir los requisitos de 
confinamiento para el acero lateral, el valor de k3 se puede considerar igual a la umdad). 

3.5 Regulación sobre la estructuración. 

El ancho de la viga será mayor a 25 cm. Para v1gas en las que se proyectó la formación de 
articulaciones plásticas, el ancho de las mismas será mayor a 1/4 veces su peralte. 

El acero de refuerzo longitudinal será acero corrugado con diámetro mayor a 19 mm. 
En vigas con articulaciones plást1cas, el porcentaje de acero de tensión pt, incluyendo la 

contnbución del acero de la losa, será menor a 0.025. El area total del acero de refuerzo a compresión 
será mayor a 0.5 veces el area total del acero de refuerzo a tensión. ( pt = At 1 b d, At: area total del acero 
de refuerzo a tensión, b: ancho de la viga, d: peralte efectivo de la viga). 

La colocación del acero de refuerzo podrá hacerse en dos capas máximo. 
,, 

Columnas. 
Cualquier de los lados o diámetro de columna deberá ser mayor a 40 cm. Para columna con 

formación de articulación plástica proyectada, el lado corto de columna será mayor a 1/3 veces el lado ., ,_ 
largo de la misma. 

El acero de refuerzo longitudinal será acero corrugado con diámetro mayor a 19 mm. 

Muros. 
La geometría transversal del muro estructural será en forma de 1 con columnas en los extremos. 

El ancho del muro será el valor mayor entre 15 cm y 1 1 20 de la altura de entrepiso. 
El acero de refuerzo a emplear en el muro será corrugado con diámetro mayor a 1 O mm, se 

requiere que las cantidades de acero horizontal y vert1cal sean iguales. En zona de articulación plástica 
el acero de refuerzo deberá colocarse doble (en dos capas). 

En el caso de proyectar una abertura en zona de articulación plástica, la abertura deberá hacerse 
al· centro del muro lo más posible. La dimensión del hueco será tal que no provoque pérdida de 
monol1tic1dad en el muro. 

4. DISEÑO ANTE FUERZA CORTANTE. 

4.1 Método -de diseño. 
4.1.1 Fundamentos básicos del procedimiento de diseño. 

El procedimiento de d1seño ante fuerza cortante tiene por finalidad que la resistencia esperada 
de los elementos ante cortante, sea mayor que la fuerza cortante considerada en el diseño para 
aseguramiento de la formación del mecanismo de fiuencia. También, para que los elementos donde se 
proyecta la formación de articulaciones plásticas tengan una capacidad de deformación plástica que 
supere al limite de deformación estructural para el mecanismo de fluenc1a. En el caso de columnas y 
vigas, se corrobora que la resistencia por adherencia del acero de refuerzo longitudinal sea mayor que 
el estado de esfuerzos de adherencia en el mismo, obtenido en el diseño para aseguramiento de la 
formación del mecanismo de fluencia. 
4.1.2 Resistencia del acero de refuerzo por cortante. 
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En el calculo de la resistencia por cortante, la resistencia del acero de refuerzo lateral deberá 
considerarse igual a la resistencia esperada del mismo. 

4.2 Resistencia ante cortante de columnas y vigas. 
La expresión para calcular la resistencia esperada ante cortante en columnas y vigas es como sigue 

donde, 

V u = b JI pw awy cotrp + tan8 ( 1 - p ) b D u u 8 1 2 

pw awy ,;; u u 8 1 2 

tan8 = [ ( L 1 D )2 + 1 ] 1 ~ - L 1 D 

p = ( 1 + cofrp ) pw awy 1 ( u u 8 ) 

awy :5 25 u 8 

( 11) 

awy: resistencia del acero de refuerzo por cortante; b, jt, D, L: son el ancho del elemento, distancia entre 
el centroide de los aceros de refuerzo a tensión y compresión, peralte total, y claro libre del elemento, 
respectivamente; pw: porcentaje del acero de refuerzo por cortante. u es el coeficiente de resistencia a 
la compresión efectiva del concreto. rp representa el ángulo de inclinación de la zona de concreto a 
compresión componente del mecanismo de armadura (F1g.4.a). 8 representa la inclinación del mecanismo 
de arco (Fig.4.b). Los valores de u y rp se determina como se indica: 

(a) Elementos estructurales en los que no se proyecta la formación de articulación plastica 

u = O. 7 - u 8 1 2000 

cotrp = min { 2.0, jt 1 ( D tan8 ), [u u 8 1 ( pw awy ) - 1 ]112 
} 

(12) 

(13) 

(b) Para elementos en los que se proyecta la formación de articulación plástica al formarse el 
mecanismo de fluencia, el coeficiente de resistencia a la compresión efectiva del concreto u, se 
calculara conforme a la ecuac1ón (14). El valor de cotrp se obtendrá como el menor valor de los 
calculados empleando las ecuaciones (13) y (15). Sin embargo, en estas expresiones el valor 
de p sera calculado empleando el valor de cotrp correspondiente a la zona exterior a la 
articulación plástica, y el valor de pw uwy correspondiente a la zona de articulación plástica. 

u= (1.0-15Rp)(0.7-u8 /2000) o~Rp,;; 0.05 
= 0.25 ( 0.7- u 8 1 2000) 0.05 ~ Rp 

cotrp = 2 o - 50 Rp 
= 1.0 

O ~ Rp :,; 0.02 
0.02 ~ Rp 

(14) 

(15) 

donde, Rp deformación angular de la articulación plástica del elemento correspondiente a la deformación 
por segundad estructural del elemento en todo su conJunto. 

En la zona que tendrá comportamiento en el rango elástico, para elementos donde se proyecta 
la formación de articulación plástica, el cálculo de la resistencia al cortante se hará empleando el 
coeficiente de resistencia a la compresión efectivo del concreto calculado conforme la expresión (14). El 
valor de cotrp se tomará como el menor de los calculados conforma las ecuaciones (13). Sin embargo, 
el valor de p se tomara igual al empleado para la zona de articulación plástica 

La conf1abilidad del procedimiento de diseño presentado, se aprecia en la Fig.8, donde se 
comparan resistencias calculadas con resultados experimentales. 

4.3 Resistencia ante cortante en muros estructurales. 
La resistencia esperada a cortante de un muro estructural se puede calcular con la expresión (16) 
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donde, 

V u = tw lwb ps usy COttP + tan8 ( 1 - P ) tw lwa u u 8 1 2 

ps usy ,;; u u 8 1 2 
tan8 = { [ ( hw /lwa )2 + 1 ]112 

- hw 1 lwa } 
P = ( 1 + coftP ) ps usy 1 ( u u 8 ) 

(16) 

usy: resistencia del acero de refuerzo por cortante del muro (usy ,;; 4000 kgf/cm'); tw: ancho del muro; 
ps: porcentaje de refuerzo por cortante del muro, hw: altura de diseño del muro (puede considerarse igual 
a la altura de entrepiso); tiJ: ángulo de inclinación de la zona de concreto a compresión en el mecanismo 
de armadura del muro (cottP = 1.0); lwb, lwa: longitudes equivalentes del muro a considerar en los 
mecanismos de armadura y arco respectivamente. 

En el cálculo de las longitudes equivalentes de muro para ambos mecanismos, la contribución de 
las columnas laterales puede considerarse, y se calculan como se indica: 

lwa = lw' + De + .61wa 
lwb = lw' + De + .6lwb 

(17) 
( 18) 

donde, lw': longitud del muro comprendido entre las columnas laterales; De. Peralte de las columnas 
laterales; .61wa, .61wb: incremento de la longitud efectiva de muro que se valúa conforme las expresiones 
(19) y (20) 

.61wa = Ace 1 tw 
= [ De+ ( Ace De 1 tw )112 

]/ 2 
.6lwb = Ace 1 tw 

= De 

Ace ,;; tw De 
Ace > tw De 
Ace ,;; tw De 
Ace > tw De 

Ace: Area de la sección transversal de la columna lateral, a calcular según la expresión (21). 

Ace = Ac - N ce 1 u 8 Ace ,;; 3 tw De 

(19) 

(20) 

(21) . 
'• 

Ac: area de la secc1ón transversal de la columna lateral sujeta a compresión; Ncc: carga axial en la 
columna lateral del n1ve1 supenor a diseñar, obtenida del análisis de esfuerzos para el d1seño por 
aseguramiento de formación del mecanismo de fluencia. 

Para cuantificar el coeficiente de resistencia a la compresión efectiva del concreto para diseño 
ante fuerza cortante en muros estructurales, se plantea el siguiente procedimiento: 

En la zona donde no se prevé comportamiento plástico del concreto en el muro, u se valuará 
conforme la expresión (12). Para la reg1ón o el elemento donde se proyecta la formación de articulación 
plástica, el valor de u para el cálculo de resistencia al cortante se tomará como s1gue: 

u = O. 7 - u 8 1 2000 
= ( 1.2 - 40 Ru ) ( 0.7 u 8 1 2000 ) 
= 0.4 ( O 7 - u 8 1 2000 ) 

donde, Ru. deformación de seguridad estructural del muro 

Ru < 0.005 
0.005 ,;; Ru < 0.02 
0.02 ,;; Ru (22) 

En muros estructurales, el.porcentaje mínimo de refuerzo ante fuerza cortante no será meno\ a 
O 0025. Para las columnas laterales, en elementos donde se proyecta la formación de articulación plástica, 
el porcentaje de acero de refuerzo ante cortante no será menor a 0.003. 

5. DISEÑO POR ADHERENCIA ENTRE ACERO DE REFUERZO Y CONCRETO. 

5.1 Esfuerzos de adherencia empleados para diseño. 
Los esfuerzos de d1seño por adherencia entre el acero de refuerzo y el concreto circundante, se calculan 
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empleando la expresión (23). Sin embargo, para elementos donde se proyecta la formación de articulación 
plástica en un solo extremo, o no se proyecta la formación de ninguna, los esfuerzos por adherencia serán 
el valor menor proporcionado por las expresiones (23) y (24). 

1f = db llu 1 [ 4 ( L - d ) ) 
1f = b pwt uwy COttl> / ¡:_tp 

(23) 
(24) 

donde, llu es la diferencia del estado de esfuerzos en ambos extremos del acero de refuerzo 
longitudinal obtenido durante el diseño para aseguramiento de formación del mecanismo de fluencia. 
Cuando en ambos extremos se presente articulación plástica au = 2 cryu, cuando solo en un extremo se 
presente articulación plástica llu = cryu + cry, finalmente, en el caso de no presentarse articulación plástica 
au = 2 cry. Aqui, oyu y cry son ellim1te superior de resistencia y la resistencia esperada, respectivamente, 
del acero de refuerzo longitudinal. También, db : diámetro del acero de refuerzo; ¡:tp : sumatoria del 
perimetro de todo el acero de refuerzo. L, b, d : long1tud o claro libre del elemento, ancho y peralte 
efectivo del elemento, respectivamente; pwt, uwy, ti> : porcentaje de acero de refuerzo empleado para el 
diseño ante cortante en el centro del claro del elemento, resistencia del acero de refuerzo de cortante, 
ángulo de incl1nac1ón del concreto a compresión componente del mecanismo de armadura en el elemento, 
respectivamente. 

5.2 Resistencia de adherencia. 
La resistencia ante problemas de adherencia en columnas y/o v1gas estructurales se puede cuantificar 
empleando la expresión (30). Sin embargo, para el refuerzo longitudinal colocado en la parte superior de 
v1gas, el valor calculado con la expresión (30) será penalizado 0.80 veces. 

rnu = ( 1 2 + 5 pw' b 1 db ) ( u 6 ) '~ (30) 

donde, pw ·porcentaje de acero de refuerzo lateral colocado en la perímetro exterior de la sección 
transversal. 

6. UNION VIGA - COLUMNA. 

6.1 Objetivo del procedimiento de diseño.· 
La unión viga - columna se diseñará con el propósito de no presentar falla durante la formación 

del mecamsmo de fluenc1a hasta alcanzar la deformación de seguridad estructural. Igualmente, ante la 
incidencia de carga cíclica no se deberá presentar degradación notable de la rigidez o adelgazamiento 
de la curva histerética de respuesta (pinching). 

6.2 Procedimiento de diseño ante fuerza cortante. 
Por normatividad de diseño, la resistencia esperada ante cortante de la unión VJu, deberá ser 

mayor que la fuerza cortante obtenida del estado de esfuerzos empleado en el diseño para aseguramiento 
de la formac1ón del mecanismo de fluencia VJ. 

La resistencia a cortante de la unión se obtiene con la expresión (31) 

V¡u = K u 6 bJ Di (31) 

donde, K. coeficiente que depende de la configuración de la unión según la dirección de la carga incidente 
considerada, para umón interna con forma de+ se toma 0.30, para unión exterior con forma de T o L se 
toma 0.18, DJ: peralte de la columna, o b1en la distancia entre el paño de columna y el punto de doblez 
del acero de refuerzo longitudinal de la viga; bJ ancho efectivo de la unión a calcular con la expresión (32) 

bJ = bb + ba1 + ba2 (32) 

donde, bb: ancho de la v1ga; ba;· el menor valor de bJ2 y D/4; b1: distancia entre las caras laterales de 



viga y las caras laterales de la columna; O: peralte de la columna (para mayor claridad de la simbología 
consultar la F1g.8). 

El refuerzo lateral p¡h en la unión deberá cumplir con los siguientes aspectos: el porcentaje de 
acero de refuerzo lateral deberá ser mayor a 0.002, exceptuando que se cumpla con la expresión (33) 

pjh ;;,: 0.003 V¡ 1 V1u (33) 

6.3 Anclaje del acero de refuerzo de columna y/o viga. 
En extremos de vigas donde se proyecta la formación de articulaciones plásticas, se propone que 

el acero de refuerzo longitud mal de las mismas pase a través del núcleo de la columna, o en su defecto 
se ancle en el núcleo mismo. Para valuar la longitud de anclaje de los aceros de refuerzo tanto de vigas, 
como de columnas, en la un1ón, se considerará que dicha long1tud inicia en las caras de cada elemento. 
El anclaje del refuerzo de viga en el núcleo de la columna se hará con un doblez de 90 grados, ubicando 
este doblez postenor al eje de columna 

7. COMENTARIO FINAL 

El trabajo presentado aquí consiste en una traducción resumida de la "Guia para Diseño 
Antisismico de Estructuras de Concreto Reforzado Empleando el Concepto de Resistencia Ultima"(4 }, que 
como su nombre lo indica no son normativas, n1 reglamentarias, pero que contribuyen a disipar dudas y 
mostrar caminos para lograr diseños lógicos, razonados y económicos. 

Es claro que aún permanecen muchos aspectos inconclusos, como son entre otros la 
determinación del s1smo de diseño, la relación entre la cantidad de deformación plástica y las 
características del sismo de diseño, la cuantificación del factor de seguridad ante la incidencia de un 
sismo dado, la posibilidad de extender una guia o cntenos de diseño como lo aquí presentado a 
estructuras irregulares o especiales. Sin embargo, es loable y de mucha utilidad la publicación de 
documentación como la mostrada en la referencia (4], ya que es producto de años de intensa 
investigación en el área de concreto reforzado 
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LECCIONES DE SISMOS RECIENTES 

- Enrique del Valle C,t 

Introducción 

La ocurrencia de un movimiento sísmico intenso despierta siempre la atención de gran número de 
ingenieros, sismólogos y autoridades gubernamentales, pues mucho es aún lo que debemos aprender para poder 
reducir cada vez más los daños y pérdidas de vidas que producen dichos movimientos. 

Las deficiencias de los reglamentos de construcción, que tienen siempre un cierto atraso en 
relación con los avances logrados en el campo de la ingeniería sísmica, las deficiencias en cálculo, en parte también 
por falta de actualización de los ingenieros; los defectos constructivos o el comportamiento indeseable de ciertos 
materiales de construcción; mala conservación o la acumulación de daños ocultos a traves de varios temblores, son 
espectacularmente expuestos a raíz de un sismo intenso. Dentro de ciertos intervalos, entre más antigua sea una 
construcción mayor será la probabilidad de que algunos de los conceptos antes mencionados se manifieste_ 

Unos de los problemas que suelen presentarse es la falta de costumbre de la gente o su 
incredulidad, cuando se dice que en un cierto lugar de la tierra el riesgo sísmico es elevado. Como es sabido, los 
períodos de recm;rencia de los sismos intensos son, afortunadamente, largos, lo que hace que muchas veces las 
personas se olviden del riesgo que corren y empiecen a relajarse incluso los reglamentos o bien, no se preocupe 
nadie por establecerlos en caso de que no existan. Sólo cuando se presenta un movimiento intenso y provoca 
muchos daños, surge la necesidad de componer la situacion, pero esta efervescencia por desgracia es pasajera y al 
cabo de unos meses, todo se olvida y decae el interés. 

Otras personas consideran tambien que sismos de mediana intensidad son suficientes para probar 
las bondades de ciertas prácticas de cálculo o constructivas, y animados por la ausencia de daños ante estos 
movimientos leves, insisten en su práctica, no siempre sana, a pesar de que temblores intensos han demostrado, 
quizá en otra parte del mundo, que no debe seguirse y estas experiencias son de su conocimiento 

Poco a poco, a través de errores y fracasos, el hombre ha ido logrando el perfeccionamiento de los 
siStemas constructivos, así como el mejor conocimiento del comportamiento de los materiales al ser sometidos a los 
efectos de sismos intensos; sin embargo, aún falta mucho por hacer, sobre todo al nivel vivienda popular, en países 
poco desarrollados o en vias de desarrollo, donde la intervención.del ingeniero no existe y siguen repitiéndose los 
errores, como por ejemplo, del uso de mampostería de adobe, sin reforzar, combinada con sistemas de techos 
pesados y que no contribuyen a la resistencia. 

Sistemas estructurales 

Para resistir fuerzas laterales provocadas por los sismos se disponen, básicamente, de sistemas 
estructurales a base de muros, sistemas estructurales a base de marcos rígidos constituidos por trabes y columnas 
unidas adecuadamente y sistemas estructurales constituidos por combinaciones de muros y marcos rígidos (ref 1 ) .. 

Los muros pueden ser de carga o rigidez y estar hechos de adobe, piedra, tabique hueco o macizo 
o bloques huecos de concreto o bien ser de concreto reforzado. En general son bastante eficientes para resistir 
fuerzas elevadas en su plano si se toman precauciones especiales para evitar problemas de falla frágil. La ductilidad 
que pueden alcanzar estos sistemas es variable, pero en general, es menor que la que se alcanza con otros sistemas. 
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En o:as10nes se usan grupos Cé muros ur.idos entre si para formar rubos verticales, que pueden 
comportarse de manera muy eficiente para res!St:r los efectos sismicos, con ductilidad adecuada 

En muohos casos los muros r.o son constderados como elementos resistentes al momento de 
calcular la estruorura: sin embargo, la falta de wjjcación de ésto en los planos constructivos, aunada a prácticas 
constructivas defictentes. muchas veces de buena !é, pero ignorantes del problema que puede ocasionarse, hace que 
se integren a los elementos que reS!Stirán los efe.."tos sisiDJcos, provocando serios problemas, como se verá más 
adelante 

Los s!Slemas estructurales a base de marcos rígidos son bastante empleados eri la construcción de 
edificios de uso general. en los que se desconoce la distnbución de los espacios, durante la etapa de cálculo y se 
desea dar amplia libenad de uso. Se conocen también como estrueturas esqueléticas y se construyen principalmente 
de concreto reforzado o de acero estructural aunque también suele usarse la madera en ciertos casos. 

Este upo de estructura puede desarrollar una buena ductilidad bajo la acción de los efectos 
sísmicos . Su ele\·ada luperestaticidad y el comportamiento más allá del limite elástico, permiten la redistribución 
de efectos sísmicos y los hace espectalmente ade..-uados para resistir fuerzas laterales en edificios altos; sin embargo, 
es frecuente que su comportamiento se vea obstaculuado por elementos no estructurales, lo que conduce a 
problemas de mayor o menor importancia. 

Las deformaciones laterales de este upo de estructuras son mayores, en general, que las de 
sistemas a base de muros, y deben dejarse las holguras constructivas necesarias para que esas deformaciones puedan 
tener lugar, pre\lendo las conexiones adecuadas de instalaciones, fachadas, muros divisorios, etc. En algunas 
ocasiones se emplean contravientos diagonales o muros de ngidez con objeto de reducir las deformaciones. 

El empleo cada vez mas fre.."Uonte de computadoras digitales para el análtsis de este tipo de 
SJstemas ha ido elinunando los problemas asonados a subestimaciones o sobre esumaciones de sus propiedades 
elástico-geoméU1cas por el empleo de métodos aproximados de análisis, SlD verificar si se cumplen las restricciones 
de dichos métodos. Puede citarse como ejemplo la determinación de rig¡deces de entrepiso, y por consiguiente, de 
las deformaciones laterales que sufrirá la estructura, en marcos construidos por columnas relativamente robustas en 
comparación con las trabes (ref 2). 

Es bastante frecuente en nuesuos dias la combinactón de sistemas a base de muros y a base de 
marcos. El problema fundamental de esta combtnación es la determinación eje la compatibilidad de deformaciones 
de ambos sistemas al estar sometidos a fuerzas honzontales, ya que su comportamiento aislado es completamente 
diferente. Puede ser muy eficiente esta comblllllción en edificios de gran altura. El empleo de computadoras 
digitales en el análiSis es tmprescindible para lograr una predicción adecuada del comportamiento de la estructura. 

La estructuración que se adopte es fundamental en el éXlto o fracaso de un edificio. El ingeniero 
estructuri;ta no puede lograr que una forma estructUral pobre, tal vez por causa de un capricho arquitectónico, se 
comporte sausfactoriamente en un temblor. EXlste una sene de recomendaciones de tipo general (ref 3), que es 
conveniente seguir para lograr buenos resultados Aún cuando no existe una forma universal para un tipo particular 
de estruetura, esta debe ser, siempre que sea posible: simple; simétrica.no demasiado alargada ni en planta ni en 
elevación; ·ser unifonne y tener su resistencia dtstribuida en forma unifonne, sin cambios bruscos; tener miembros 
horizontales en los que se formen articulaciones plásticas, antes que en los miembros verticales y tener su rigidez en 
relación con las proptedades del subsuelo. 

Esta última condtción no se ha respetado en muchas ocasiones y ha sido causa de problemas 
importantes. En general, se sabe que una estructura flexible se compona mejor cuando está desplantada en un suelo 
rígido y una rígida cuando lo está en suelo blando. Aunque en esta definktón quedan demasiado vagos los termines 
de rigidez de estructuras y suelos, lo importante es que haya basntnte dúerencia, de ser posible entre los períodos 
dominantes prop1os del terreno y de la estructura. Esto fue claramente demostrado en los sismos de Septiembre de 
1985 en la Ciudad de México,(ref 18). 
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Elementos no estructurales 

Se consideran como elementos "no estructurales" aquellos que no contribuyen, teóricamente, a la 
resistencia de la estructura al ser sometida a los efectos sísmicos, tales como muros divisorios o de colindancias , 
fachadas, plafones, instalaciones hidráulicas, eléctricas, o de otro tipo, tanques, antenas, etc. 

Los principales problemas son causados por la unión inadecuada de estos elementos a la 
estructura, provocando que, al deformarse ésta, se recargue con mayor o menor intensidad en aquellos. que al no 
estar diseñados para resistir los efectos del sismo, pueden sufrir daños considerables. 

En muchos temblores recientes, las mayores pérdidas económicas han ocurrido en elementos no 
estructurales, sobre todo en muros divisorios, de colindancia o de fachadas, debido a su elevada rigidez (no siempre 
compatible con su resistencia) que impide la deformación de la estructura si no hay holguras constructivas 
adecuadas. 

Es frecuente que la estructura también resienta daños im¡iortantes, pues no está diseñada para 
tomar los esfuerzos que le transmiten los muros. 

Resulta pues sumamente importante definir claramente en los planos constructivos cuales son los 
elementos que forman parte integrante de la estructura y cuales son "no estructurales", indicando la forma en que 
deben colocarse, las holguras constructivas que deben dejarse, incluyendo los acabados y otras precauciones que se 
juzguen peninentes. '• 

Daños observados 

A continuación se discutirán los principales tipos de daños en temblores recientes, tomando en cuenta los 
comentarios hechos con anterioridad. 

Es necesario definir si los dailos pueden poner en peligro la estabilidad de la estructura o son· en 
elementos no estructurales, sin peligro de colapso, pero con costos de reposición elevados. 

Los daños pueden consistir en: 

- agrietamientos ligeros de acabados y muros no estructurales 
- agrietamientos fuenes de acabados y muros no estructurales 
- agrietamientos ligeros de muros estructurales 
- agrietamientos severos de muros estructurales 
- formación de articulaciones plásucas en columnas o trabes o fracturas importantes 
- colapsos parciales de elementos no estructurales 
- colapsos parciales de elementos estructurales 
- colapsos totales 
- pérdida de verticalidad de la estructura 
- fallas de anclaje del refuerzo 
- desconcharniento del recubrimiento 
- pandeo local o generalizado 
- rupturas de tuberias o duetos de instalaciones 
- colapso de plafones 
- golpeo contra construcciones vecinas por flexibilidad excesiva 
- fractura de losas o escaleras. 
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Los informes del Instituto de Ingeniería No. 313 y 324 elaborados por el suscrito sobre los 
temblores de Managua el 23 de diciembre de 1972 y del ocurrido en una ampha región de México el 28 de agosto 
de 1973, ilustran la mayoría de los dafios antes menciOnados. 

Se puede encontrar información adicional en numerosas publicaciones, algunas del mismo 
Instituto de Ingeniería de la UNAM, por ejemplo las referencias 4 a 6, o bien, descripciones de dafios por temblor 
que han sido presentadas en los distintos congresos mundiales de ingeniería sísmica, referencias 7 a 16. El capítulo 
9 de la referencia 17 ilustra el comportamiento de estructuras en los Estados Urudos a través de diversos temblores. 
Sobre el temblor de 1985 en la Ciudad de México se escribieron numerosos informes, ver por ejemplo la ref 18. 

Muchos de los dafios que se han presentado podrían haberse evitado tomando precauciones 
mínimas durante la construcción. En otros casos, la mtensidad del movimiento rebasó las predicciones que tenían, o 
superó la capacidad estimada para las estructuras, obligadas en ambos casos a modificar los reglamentos de 
construcción. 

Actualmente se han refinado bastante las técnicas para estimar la sísmicidad de un lugar. La 
determinación de la resistencia de las estructuras sometidas a sismos es también motivo de numerosas 
investigaciones. 

Algunos comentarios sobre la reparación de estructuras dañadas 

Después de cada temblor mtenso, un buen número de estructuras quedan con dafios estructurales 
más o menos severos y es necesario decidir si se reparan o se demuelen. En caso de repararlas, es preciso definir 
como debe llevarse a cabo la reparación. 

No es fácil, de la simple observación de los dafios, apreciar que tan afectada puede estar una 
estructura. Es poco también lo que se conoce en relación con la acumulación de dafios por temblor a través de 
varios movimientos intensos. 

La reparación de una estructura debe hacerse a partir de un análisis muy detallado de la misma, 
teniendo especial cuidado de no alterar localmente sus propiedades resistentes, pues temblores futuros se 
encargarán de poner en evidencia las fallas que han s1do inadecuadamente reparadas. La reparación local de 
elementos resistentes, bastante frecuente, puede conducir a un aumento en la rigidez del elemento reparado por lo 
que, en otro· sismo, tomará mayor fuerza 5Ísmica y puede volver a fallar, quizá con resultados peores que en la 
primera ocasión. Es muy frecuente que sea necesario reforzar elementos sanos con objeto de repartir las cargas 
sísmicas en una forma más adecuada. En ocasiones es conveniente poner una nueva estructura, quizá metálica, 
adosada a la dafiada, más rígida que ésta, para absorber los efectos sísmicos en su totalidad cuidando que los 
sistemas de piso sean capaces de transmitir las fuerzas sísmicas adecuadamente. 

En muchas construcciones de mampostería, el simple resane de los agrietamientos, sin estudiar 
por qué se agrietaron y qué puede pasar en temblores futuros, es muy peligroso, pues la estructura puede haber 
perdido gran parte de su capacidad a fuerzas laterales y sufrir colapsos importantes en temblores futuros. En 
ocasiones es mejor sustituir el elemento de mampostería dafiado o reforzarlo adecuadamente. Se ha visto que un 
aplanado reforzado con malla puede restitun eficientemente la resistencia; sin embargo, será necesario estudiar el 
comportamiento de conjunto de la estructura, para decidir si sólo se refuerzan los elementos dafiados o también se 
refuerzan otros elementos, aparentemente sanos, pero que requieren ser reforzados para lograr un trabajo de 
conjunto eficiente. 

Es muy frecuente que ciertas deficiencias en sistemas constructivos o estructurales hayan sido 
puestas en evidencia en un lugru;.y que esos mismos defectos sean comunes en otro lugar con sismicidad semejante, 
pero en el cual, hace tiempo que no han ocurrido temblores. 
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Lo normal es, que a pesar de saber que puede haber serios daños en el segundo lugar cuando 
ocurra un sismo, no se haga nada para prevenirlos. Ciertamente es dificil, como ya se dijo antes, convencer a la 
gente del riesgo en que se encuentra, y tal vez haya que esperar a que ocurran los daños, para que se tomen cartas 
en el asunto. Evidentemente, la divulgación de este problema a nivel de autoridades gubernamentales, compail.ías 
de seguros, ingenieros estructuristas, arquitectos, etc. ayudará en la solución de este dilema. 
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EFECTO DE LOS SISMOS EN LAS CONSTRUCCIONES 

Enrique del Valle C.t 

Características dinámicas. 

El efecto de los sismos sobre las estructuras depende de las características dinámicas tanto de la estructura como del 
movimiento. El problema es sumamente complejo, pues las características dinámicas del movimiento son variables 
tanto durante un mismo temblor, como de uno a otro temblor, dependiendo de la distancia eptcentral, profundidad 
focal y magnitud del sismo, así como del tipo de terreno en que estén desplantadas las estructuras. 

Las características de interés del movimiento son la duración, la amplitud y la frecuencia, refiriéndose la amplitud a 
los máximos valores que se alcanzan durante el sismo, ya sea de desplazamiento, velocidad o aceleración del suelo 
y la frecuencia al número de ciclos de oscilación del movimiento por unidad de tiempo. En general, en terrenos 
firmes la frecuencia es más alta que en terrenos blandos, lo que indica que el número de ciclos de oscilación del 
terreno por unidad de tiempo es mayor, sintiéndose el movimiento mucho más violento y rápido que en los terrenos 
blandos, donde es más lento; los desplazamientos y la duración total suelen ser mucho mayores en el terreno 
blando. 

Por otro lado, las características dinámicas de las estructuras no son fáciles de estimar correctamente, debido a las 
incertidumbres existentes en la determinación de las propiedades elástico-geométricas de los elementos que 
conforman las estructuras, a la variación de las propiedades al presentarse comportamiento inelástico, así como a 
incertidumbres en cuanto a la colaboración a la resistencia y rigidez de elementos no estructurales, que suelen 
participar en la respuesta sísmica debido a que es dificil desligarlos adecuadamente de la estructura, también es 
poco frecuente mcluir la participación de la cimentación y del suelo circundante en la determinación de las 
propiedades dinámicas de un edificio. 

Se define como rigidez lateral o de entrepiso a la oposición de la estructura a ser deformada entre un nivel y otro 
por las cargas horizontales aplicadas en cada nivel. Puede hablarse también de rigidez angular, que será la 
oposición de un nudo de una estructura o del extremo de un elemento estructural '! girar al ser sometido a un 
momento flexionante; o de rigidez lineal, que será la oposición al desplazamiento relativo de un extremo de un 
miembro estructural con respecto a su otro extremo (fig. 1). 

La rigidez, tanto de entrepiso como angular o lineal, depende del tamafto de la sección transversal de los elementos 
estructurales, con lo que se calculan las propiedades geométricas:' áreas y momentos de inercia, de su longitud, de la 
forma en que están conectados a otros elementos y del material con que están hechos, lo que define las propiedades 
elásticas como módulo de elasticidad, módulo de Poisson y módulo de cortante. 

Es una propiedad diferente a la resistencia, aunque a veces se confunde con ella. Hay elementos estructurales en que 
existe compatibilidad entre resistencia y rigidez, pero hay otros en que la rigidez es mucho mayor que la resistencia, 
como es el caso de los muros de mampostería, lo que complica el problema de análisis de las estructuras en que 
existen elementos de este tipo. Asimismo, las propiedades elásticas del acero están más definidas que las del 
concreto reforzado o de la mampostería. 

Cuando el nivel de esfuerzos a que están trabajando los materiales es bajo, su comportamiento puede ser cercano al 
elástico, esto es, habrá proporcionalidad entre esfuerzos y deformaciones, correspondiendo una deformación del 
doble para esfuerzos dos veces mayores; pero, a medida que los esfuerzos crecen, el comportamiento deja de ser 
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elástico, alcanzándose lo que se conoce como ,;omportanuento no lineal o inelástico, en el cual, al duplicar el 
esfuerzo, la deformación es mucho mayor que el doble a que se hizo mención antes (fig.2). 

Debido a lo anterior, en general se elaboran modelos matemáticos elásticos muy simplificados de las estructuras, 
pues, aún con ayuda de las computadoras, el problema dista de ser manejable. Entre las características más 
importantes que pueden obtenerse de los modelos están los periodos de oscilación de cada uno de los distintos 
modos en que pueden vibrar y las formas de estos modos, entendiéndose por periodo el tiempo que tarda en ocurrir 
una oscilación completa (fig.3). 

Otras características importantes de las que depende la respuesta de la estructura son el amortiguamiento y la 
ductilidad que pueden desarrollarse El amortiguamiento es una propiedad intrínseca de los materiales empleados, 
pero depende también de la forma en que se conecten los ntiembros estructurales y los no estructurales: Valores de 
amortiguamiento relativamente pequeños reducen considerablemente la respuesta sísntica de las estructuras. 

Se conoce como amortiguamiento crítico el que tiene una estructura cuando, al separarla de su posición y soltarla 
no oscila sino que regresa a la posición de equilibrio; las estructuras suelen tener amortiguamiento del orden de 3 a 
10% del critico, siendo menor el de las estructuras metálicas, soldadas y sin recubrir, y mayor el de las estructuras 
de mampostería, con gran número de juntas. Puede aumentar algo al someter a las estructuras a grandes 
deformaciones. También puede aumentarse colocando amortiguadores de diseño especial, que están empezando a 
desarrollarse. 

La ductilidad de las estructuras es la propiedad de soportar grandes deformaciones inelásticas sin fallar ni reduéir 
su capacidad de carga. Depende en gran medida de los materiales empleados y de los cuidados que se tienen ál 
diseñarlas. Es una propiedad muy deseable en las estructuras situadas en zonas sísnticas, pues por lo general no 'es 
aconsejable diseñar las estructuras sometidas a estas acciones sobre la base de un comportamiento elástico, ya que 
sería antieconóntico debido a la escasa probabilidad de que ocurra el sismo de diseño durante la vida útil de la 
estructura, además de que es muy diflcil saber cuál será la mayor excitación sísntica que puede ocurrir, pues la 
historia con que se cuenta aún en países habttados hace muchos siglos no es suficiente para ello. 

-~-

Espectros de respuesta. 

Conocidos los acelerogramas de temblores intensos es posible estimar la respuesta de modelos simples en función 
del tiempo y, por consiguiente, la respuesta máxima que puede ocurrir en un instante dado. Esto puede hacerse 
considerando que el comportamiento de la estructura será elástico en todo el evento o bien que se incursionará en el 
intervalo de comportamiento inelástico a partH de un cierto vaJor·de respuesta. 

La gráfica que relaciona las respuestas máximas de distintas estructuras sometidas a una ntisma excitación con sus 
periodos de oscilación recibe el nombre de espectro de respuesta (fig. 4). Según el tipo de comportamiento que se 
haya considerado se tendrán espectros de respuesta elásucos o espectros de respuesta inelásticos. 

Normalmente estos espectros se obtienen suponiendo que las estructuras tienen distintos valores del porcentaje de 
amortiguamiento crítico, pues, como se dijo antes, un pequeño valor de éste es suficiente para reducir 
considerablemente la respuesta. Los valores empleados normalmente en cálculos de este tipo son O, 2, s; 10 y 20% 
del amortiguamiento crítico (fig. 5). 

El tipo de terreno en que se haya obtenido el acelerograma es muy importante, pues las características dinámicas de 
la excitación varían en función de esto. Como ya se indicó, en suelos firmes las vibraciones son rápidas, ntientras 
que en suelos blandos las oscilaciones son de menor frecuencia , esto es, su periodo es relativamente más largo. 
Esto modifica la forma de los espectros de respuesta. 
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Las respuestas que suelen calcularse son desplazamientos, velocidades o aceleraciones, pues a partir de ellas se 
puede calcular cualquier efecto que se desee conocer en la estructura, como por ejemplo momentos de volteo en la 
base, fuerzas cortantes en cualquier nivel, esfuerzos en alguna sección, etc. 

Normalmente los acelerograrnas tienen periodos que varían dentro de una banda de valores relativamente ancha; 
sin embargo, en cieno tipo de suelo y bajo condiciones especiales puede haber algún periodo dominante en 
particular, como ocurrió en el sismo del 19 de septiembre de 1985, en el acelerograrna obtenido en el centro SCOP, 
en el que se observa un periodo muy definido de dos segundos de duración. Esta situación conduce al problema 
dinámico conocido como resonancia, que consiste en una amplificación excesiva de la respuestra de aquellas 
estructuras que tienen algún periodo de oscilación muy parecido al de la excitación, lo que puede llevarlas al 
colapso total, sobre todo cuando la duración del evento es grande. 

Es muy fácil demostrar por medio de una mesa vibratoria, en la que se coloquen modelos de las estructuras con 
diferentes periodos de oscilación, que la respuesta de uno de ellos se puede amplificar considerablemente moviendo 

-la mesa con un periodo igual al de ese modelo, observándose que los otros no sufren mayores oscilaciones. Al 
cambiar el periodo de la oscilación, se exciwá algún otro modelo, y así sucesivamente (fig. 6). 

Criterios de Diseño Sísmico. 

Los criterios de disei\o por sismo (filosofia del disetlo sísmico) adoptados por la mayor parte de los reglamentos de 
construcción de los países que tienen problemas sísmicos establecen la necesidad de disei\ar las estructuras para 
resistir, sin dai\os, sismos de baja intensidad, de ocurrencia relativamente frecuente, prevenir dai\os estructurales y 
minimizar dai\os no estructurales que pudieran ocurrir en sacudidas ocasionales de intensidad media y evitar el 

· colapso o dai\os serios en caso de sacudidas del terreno de intensidad extrema, pero de probabilidad de ocurrencia 
muy baja, permitiendo dai\os no estructurales y aún estructurales en este caso (ref. 1 ). Esto obedece, como se indico 
anteriormente, a motivos económicos, considerando muy baja la probabilidad de que se presente un sismo muy 
intenso, igual o mayor que el propuesto para disei\o, durante la vida útil de la estructura. 

Sin embargo, se reconoce que los datos estadisticos actuales no permiten desarrollar correctamente estos criterios de 
disetlo, lo cual fue claramente demostrado con el sismo de septiembre de 1985 que rebasó ampliamente las 
previsiones que se tenian para disei\o. 

En los criterios en vigor se aprovecha la propiedad de ductilidad de las estructuras, la que también es útil para 
compensar la subestimación del máximo -sismo que puede presentarse en un lugar, por falta de información 
adecuada, como ocurrió en el sismo de septiembre de 1985. 

En los reglamentos se proponen usualmente valores.máximos para diseilo, estimados con base en la información 
estadística de que se disponga, considerando que las estructuras tienen comportamiento elástico. Suelen proponerse 
espectros para diseño obtenidos como una envolvente de espectros de respuesta de distintos temblores, escalados a 
una cierta intensidad. Para el cálculo de las fuerzas equivalentes al sismo se permite reducir por ductilidad los 
valores máximos antes mencionados, dependiendo del tipo de estructura, ya sea de marcos rigidos, muros de carga 
y rigidez, o combinación de estos sistemas, de la regularidad de la estructura, de los materiales con que está hecha y 
de los cuidados que se tengan en el detallado y construcción. 

Recomendaciones sobre estructuración. 

Con base en la experiencia obtenida en muchos temblores ocurridos en distintas partes del mundo se ha elaborado 
una serie de recomendaciones sobre estructuración, para lograr un mejor comportamiento sísmico, entre las más 
importantes están las siguientes (refs. 2, 3, 4, 5). 
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A) Poco peso. 

B) Sencillez, simetría y regularidad tanto en planta como en elevación. 

C) Plantas poco alargadas. 

D) Uniformidad en la distribución de resistencia, rigidez y ductilidad. 

E) Hlperesta!lCidad y líneas escalonadas de defensa estructural. 

F) Formación de articulaciones plásticas en elementos horizontales antes que en los verticales. 

G) Propiedades dinámicas adecuadas al terreno en que se desplantará la estructura. 

H) Congruencia entre lo proyectado y lo construido. 

Se recomienda que las estructuras sean ligeras pues las fuerzas debidas al sismo surgen como consecuencia de la 
inercia de las masas a desplazarse, por lo que, entre menos pesen, menores serán los efectos de los sismos en ellas. 
Conviene también que sean sencillas, para que los modelos matemáticos sean realistas, pues una estructura muy 
compleja, mezclando distintos tipos de sistemas estructurales y materiales, no es fácil de modelar; que sean 
simétricas para reducir efectos de torsión, por lo que se debe evitar las plantas en forma de L, T, C, y triangulares 
(fig 7); que no sean muy alargadas ni en planta, ni en elevación: en planta, para reducir la posibilidad de que el 
movimiento de un extremo del edificio sea diferente al del otro extremo, lo que causaría efectos usualmente no 
previstos; en elevación, para reducir los efectos de volteo, que encarecen considerablemente las cimentaciones. Se 
deben evitar remetimientos en elevación (fig. 8), pues los cambios bruscos en masa o rigidez propician 
amplificaciones dinámicas importantes, que suelen provocar daños graves. Lo mismo puede decirse con respecto a 
cambios en la forma de la.planta, debiendo limitarse la extensión de apéndices que sobresalgan, como en el caso de 
formas simétricas en cruz~ en H. . 

Conviene que la resistencia y la rigidez de la estructura estén repartidas urtiformemente, sin concentrarse en unos 
cuantos elementos resistentes, o con variaciones grandes en los claros entre columnas o en las dimensiones de las 
trabes y de las columnas. Entre mayor hipercstatic1dad tiene una estructura, es mayor el número de secciones 
estructurales que deben fallar antes de que la estructura colapse, asimismo, si se planea que haya elementos que 
fallen antes que otros, se puede dar la posibilidad de evitar daños grandes a toda la estructura. Estos elementos 
deben colocarse adecuadamente para que su reparación sea sencilla. El problema de satisfacer esta condición es que 
se requiere analizar varias etapas del comportamiento, para verificar que los elementos estructurales que van 
quedando son capaces de soportar el sismo sin colapsar, lo que encarece y complica el cálculo de la estructura. 

Se debe buscar una estructuración a base de columnas fuertes-vigas débiles, para propiciar la formación de 
articulaciones plásticas en las vigas al excederse la resistencia suministrada, ya sea porque se está aprovechando la 
ductilidad o porque, además de eso, el sismo excede las previsiones de diseño. Al proceder así se logran 
mecanismos que pueden evitar más fácilmente el colapso de la estructura, pues la demanda de ductilidad local en 
las trabes de todos los entrepisos reparte mejor los efectos del sismo que cuando la demanda de ductilidad se 
concentra en las columnas de un sólo entrepiso (fig. 9). Por otro lado, el comportamiento dúctil de elementos 
estructurales sujetos a flexión pura, como en el caso de las trabes, es mucho mejor que el de elementos a 
flexocompresión, que es el caso de columnas (figs. 10 y 11). 

Se recomienda también que se busque que las propiedades dinámicas de la estructura sean congruentes con las del 
suelo en que está desplantada; en general se dice que en suelos firmes se comportan mejor las estructuras flexibles y 
en suelos blandos las estructuras rígidas. Lo que trata de evitarse con esta recomendación es la posible resonancia 
por coincidencia de las propiedades dinámicas de la estructura y del suelo, como la observada el 19 de septiembre. 
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Finalmente, es recomendable también que lo que se construye sea congruente con lo que proyecta; en muchas 
ocasiones, al proyectar una estructura se decide no aprovechar la colaboración de muros de relleno, debido a la 
posibilidad de que sean eliminados para dejar libertad en la distribución de.espacios en el proyecto arquitectóruco 
de los distintos niveles; sin embargo, suele no detallarse adecuadamente la forma en que estos muros deben 
construirse, desligados de la estructura, para permitir que ésta se deforme sin recargarse en ellos, pues si lo hace les 
transmitirá buena pane de la fuerza sísmica que debía absorber, debido a que los muros, sobre todo cuando son de 
mampostería, tienen una rigidez intrínseca bastante alta en su plano, aunque su resistencia no sea compatible con 
esa rigidez, como se mencionó antes. Si los muros de relleno colaboran con la estructura para resisur los efectos 
sísmicos sin haber sido calculados para absorber la fuerza que les corresponde en función de su rigidez, el 
comportamiento de la estructura será muy distinto al supuesto en el proyecto estructural, pudiendo presentarse 
muchos dafios. 

En algunos casos la colaboración de los muros no estructurales evita el colapso de estructuras subdiseñadas, si su 
colocación es relativamente simétrica y tiene continuidad de un piso a otro. Pero cuando su colocación es 
asimétrica, como ocurre en los muros de colindancia de edificios en esquina o cuando son discontinuos, como 
ocurre en edificios de departamentos en que la planta baja o algunos otros niveles no tienen muros porque se 
destinan a estacionamiento o comercios, la colaboración de los muros de relleno pueden ser causa de daños muy 
graves o aún de colapso total de la estructura, al propiciar efectos torsionantes importantes en el primer caso o una 
condición de piso "suave" en el segundo. · 

El cambio de cargas con respecto al proyecto suele ser también causa de dafios imponantes en las estructuras. 
Usualmente un edificio diseñado para resistir el efecto combinado de cargas verticales y cargas de sismo puede 
soponar sm problemas sobrecargas venicales imponantes mientras no tiemble, pero, si existe sobrecarga al 
momento de un sismo, los efectos de éste se verán doblemente amplificados, por lo que pueden ocurrir dafios 
imponantes o colapsos parciales o totales. 

Ingeniería Sísmica. Métodos de Análisis por Sismo. 

La ingeniería sísmica empezó a desarrollarse y a proponer recomendaciones para diseño sísmico hace unos setenta 
años, después del temblor de 1923 en Japón, donde se vió que algunas estructuras diseñadas con cienos pnncipios 
habían resistido el sismo satisfactoriamente. Al principio los avances fueron relativamente lentos pero poco a poco 
se ha logrado mejorar los criterios de diseño a nivel internacional, sobre todo a raíz de la creación de la Asociación 
Internacional de Ingeniería Sísmica, que organiza cada cuatro años aproximadamente, a partir de 1956, congresos 
mundiales de ingeniería sísmica, donde los ingenieros de todo el mundo tienen oportunidad de intercambiar ideas y 
experiencias. Esos congresos mundiales se han celebrado en Estados Unidos de América en 1956, Japón en 1960, 
Nueva Zelanda en 1965, Chile en 1969, Italia en 1973, la India en 1977, Turquía en 1980 y nuevamente en los 
Estados Unidos de América en 1984, en Japón en 1988 y en Madrid, España en 1992, cada vez con mayor cantidad 
de ponencias y participantes. Además de la memorias de los distintos congresos, la Asociación ha editado también 
una publicación que resume los distintos reglamentos de diseño sísmico de los países miembros, México entre ellos, 
donde se puede ver el grado de desarrollo alcarizado en cada país (ref. 6. ). 

En nuestro país el interés por la mgeniería sísmica se desarrolló de manera importante después del temblor del 28 
de julio de 1957, que causó grandes destrozos en la Ciudad de MéXIco, dando lugar a la revisión del reglamento de 
construcción existente y propiciando la mvestrgación e instrumentación sísmica. 

En general, como se dijo antes, el problema dinámico que originan los temblores en estructuras es sumamente 
complejo y dificil de representar analíticamente, por lo que en los reglamentos se recomiendan usualmente métodos 
de análisis relativamente simples, que tratan de representar los efectos del sismo a través de fuerzas horizontales 
aplícadas en los distmtos niveles de un edificio, evaluadas ya sea por un método estático o bien por métodos 
dinámicos, que tratan de ser más precisos. 
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Mctodos estáticos. Los métodos más comunmente empleados en el análisis sfsmico son los llamados estáticos, 
fuert.as equivalentes al efecto sísmico se valúan considerando una aceleración en el nivel inferior (coeficiente 

~nuco) reducida por ductilidad, que, al multiplicar por el peso total del edificio, da como resultado una fuerza 
'¡Ullte en la base del mismo. Esa fuerza total se repane en los distintos niveles en función de su ¡ieso y ubicación 

co respecto al nivel inferior, tratando de obtener una envolvente del comportamiento de la estructura a la 
conilJICIÓn en su base. En estos métodos sólo se requiere conocer la ubicación y destino de la estructura para 
"'~narle un coeficiente sfsmico adecuado, que tome en cuenta el tipo de terreno en que se desplantará y el tipo de 
:Upac•ón que tendrá; el sistema estructural y los materiales que se emplearán, para estimar la ductilidad que podrá 
~rrollarse y reducir las fuerzas en función de ella; los pesos de los distintos niveles, la ubicación de su centroide 
y sus a!luras respecto a la base, para evaluar el cortante basal, repartirlo a los distintos niveles y obtener momentos 
de ,·alteo y efectos torsionales. Se requiere también conocer las rigideces de los distintos elementos resistentes, para 
calcular Jos desplazamientos máximos probables y estimar los efectos que el sismo ocasionará en cada elemento 
estructural: trabes, column.as, losas y muros. 

Para las estructuras más comunes, que son construcciones de muros de carga de m.amposterla de uno a tres niveles, 
existen métodos estáticos simplificados, que pueden emplearse si se cumple con una serie de requisitos; con estos 
métodos sólo se necesita revisar si la capacidad resistente de la m.amposteria a fuerz.a cortante es suficiente, sin 
tener que calcular desplazamientos laterales, momentos de volteo y efectos torsionales. 

Métodos Dinámicos. Los métodos dinámicos se aplican en la determinación de los efectos sísmicos en edificios 
altos, cuya respuesta puede complicarse por la participación de modos superiores de vibrar, así como por las 
posibles variaciones de m.asa y rigidez en elevación. Es necesario elaborar modelos matemáticos más o menos· 
refinados de la estructura, tomando en cuenta en ocasiones su carácter tridimensional, para calcular las formas en· 
que puede oscilar y los periodos correspondientes, empleando computadoras. Con estos datos se estima, mediante 
un espectro de diseño, la máxima respuesta de cada uno de los modos de vibrar y se combinan para obtener fuerzas 
máximas probables que actuarán sobre la estructura, debido al sismo de diseño. 

Cabe mencionar que, para el cálculo de desplazamientos, no se permite reducir las fuerzas, pues se estima que los 
desplazamientos elásUcos bajo "las fuerzas máximas son aproximadamente iguales a los calculados con las fuerzas 
reducidas, multiplicados por el factor de reducción por ductilidad, ya que al reducir las fuerzas se está permitiendo 
que la estructura se deforme inelásticamente. 
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DAilOS POR S 1 SMO EN ELEMENTOS "NO ESTRUCTURALES"''' 

Enrique del Valle Calderón.+ 

Los muros divisorios y exteriores hechos a base de mampostería y conside 

radas como elementos ••no estructurales 11 por el ingeniero estructurista al di

señar la estructura, pueden modificar considerablemente la respuesta de los -

edificios al ser sometidos a temblores si son construidos sin holguras adecua 

das entre estos elementos y la estructura. Es necesario llevar a cabo estu-

·dios experimentales con objeto de establecer el mejor método para eliminar-

este efecto y la forma en que deben ser soportados estos muros. 

INTRODUCCION 

Para los fines de este artículo se definirá como elementos no estructura 

les a todas aquellas partes arquitectónicas de un edificio tales como muros, 

fachadas, plafones, duetos, tuberías y otros, que no contribuyen 11 teóricamen

te" a la resistencia y rigidez necesarias para absorber las cargas a que pue

de estar. sometido, por haberlo decidido así el ingeniero e5tructurista, ya-

que al iniciarse el proyecto de la estructura el ingeniero debe definir que

partes del edificio van a contribuir a resistir las cargas y que partes no lo 

harán, y elaborar modelos matemáticos acordes con esas hipótesis; en ·algunas 

ocasiones los muros, fachadas y duetos verticales pueden ser considerados pa~ 

te de la estructura y su contribución a la resistencia y rigidez deben incluír 

se en el analisis. 

En un sentido más amplio algunos autores consideran también como elemen

tos no estructurales a los equipos mecánicos y eléctricos y otros dispositivos 

fijos a la estructura. Sin embargo, los considerados en este trabajo pueden 

cambiar considerablemente la respuesta de los edificios durante temblores - -

cuando se construyen violando las hipótesis hechas por el ingeniero con respe~ 

to a su contribución a la resistencia y rigidez. 

En la arquitectura moderna se ha general izado el empleo de estructuras -

* Ponencia ~resentada en el VIl 1 Congreso Mundial de Ingeniería Sísmica, 
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esqueléticas que usan columnas como elementos verticales de apoyo, ya que 

permiten mayor 1 ibertad en la distribución de los espacios de cada piso de 

los edificios, modificando el sistema constructivo tradicional que utiliza 

algunos muros divisorios y de fachada, contínuos en toda la altura del edi 

ficio, para soportar una buena parte de las cargas verticales y horizonta

les a que se verá sometido éste durante su vida útil; el empleo de muros -

conduce en general a estructuras más rigidas, que reducen Jos movimientos 

debidos a fuerzas laterales producidas por viento o sismo, en comparación

con los que se presentan en las estructuras esqueléticas. 

En los edificios modernos la mayoría de los muros divisorios son fabri 

cados con materiales 1 igeros (como tabla roca, por ejemplo) pero los muros 

exteriores y aquellos permanentes alrededor de las zonas de escaleras y ele 

vadores son hechos normalmente de mampostería o de concreto. Cuando se con 

sideran como elementos 11 no estructurales 11 , usualmente se especifica que de

ben construirse de tal modo que no interfieran con el movimiento de la es-

tructura causado por las fuerzas laterales, con objeto de evitarles daños y -

que colaboren a la rigi'dez del edif1ci'o. Frecuentemente la junta entre la 

estructura y el muro es pequeña por lo que la separación no es eficiente -

para evitar la participación en la rigidez y el daño a esos elementos duran 

te temblores medios o fuertes, Una gran proporción de los daños en temblo

res recientes ha ocurri·do en muros divisorios, fachadas y plafones "no es-

tructurales", con costos elevados de reparación o reposición (Ref. 1-4). 

RIGIDEZ LATERAL DE ESTRUCTURAS ESQUELETICAS. 

La determinación de la rigidez lateral de estructuras esqueléticas, o 

estructuras de marcos, es relativamente simple empleando alguno de los dis

tintos programas de computadora disponibles. El modelo matemático puede-

simplificarse a una serie de marcos planos o bien considerar el trabajo de 

toda la estructura en tres dimensiones. 

La rigidez lateral depende principalmente de las propiedades elásticas 

de los materiales empleados y de las dimensiones de las vigas y columnas -

que constituyen los marcos, tanto para edificios de concreto reforzado como 

de acero estructural; sin embargo, hay algunás incertidumbres en relación -
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con la contribución a la rigidez. Por ejemplo, no es muy clara la contribu

ción efectiva de losas de concreto reforzado coladas monolíticamente contra 

bes de concreto o 1 igadas por medio de conectores de cortante a trabes de -

acero. También hay ocasiones en que es necesario tomar en cuenta los efectos 

en la rigidez asociados a las dimensiones de la intersección de trabes y co-

lumnas en los nudos de los marcos, ya que pueden cometerse errores importanc

tes al suponer que las trabes y columnas tienen propiedades constantes a lo -

largo de sus ejes, despreciando la modificación de estas propiedades en la -

intersección; este efecto es importante por ejemplo en marcos de fachada con 

trabes muy peraltadas, (ref. 5). Otros factores que pueden modificar conside 

rablemente el comportamiento de las estructuras son: la consideración del mo

mento de inercia efectivo de secciones agrietadas a lo largo de las trabes o 

columnas (zonas de esfuerzos elevados); la relación entre la altura y el an-

cho efectivo del marco (sin tomar en cuenta voladizos), que puede conducir a 

fuerzas axiales i'mportantes en las columnas extremas, que al producir deform~ 

cienes verticales importantes reducen la rigi·dez lateral de los marcos; las

deformaciones por fuerza cortante en los miembros o en los nudos deben ser to 

madas también en cuenta en algunas ocasiones, así como el efecto de fuerzas -

axiales en la rigidez angular de las columnas. 

Hay programas para tomar en cuenta todos o algunos de los efectos ante

riores que proporcionan una Buena estimación de la rigidez lateral de una es 

tructura sometida a un conjunto de fuerzas laterales especificas. 

Cuando las trabes son rigidas en comparación con las columnas la rigidez 

lateral tiende a ser independiente de las fuerzas aplicadas, pero a medida 

que disminuye la rigidez relativa de las trabes la rigidez lateral cambia co~ 

siderablemente para diferentes conjuntos de fuerzas aplicadas. Blume (ref. 6) 

propone el uso de un índice de rotación nodal para estimar el tipo de marco -

de que se trata, esto es, un marco bien definido con las columnas flexionadas 

en doble curvatura y una articulación virtual en cada entrepiso o "un voladi

zo disfrazado de marco" con las columnas flexionadas en curvatura simple y -

sin articulación virtual en cada entrepiso; es bastante común que las vigas -

sean más flexibles que las columnas, Hay algunos sistemas estructurales en 



los que la flexibilidad del sistema de piso puede ser crítica; por ejemplo, 

las losas planas aligeradas soportadas únicamente por columnas, formando-

marcos rígidos 11 equiv_alentes 11 para resistir las cargas verticales y horizo!_l_ 

tales. Algunos reglamentos no permiten esto y requieren el empleo de muros 

de cortante para mejorar el comportamiento del sistema; sin embargó, otros, 

como el de la Ciudad de México, si lo permiten. Esto conduce a estructuras 

muy flexibles lateralmente, que rebasan las deformaciones permitidas por -

los reglamentos o quedan cerca del límite superior. 

Las estructuras esqueléticas tienen aplicación ·limitada debido a las-

grandes deformaciones laterales que pueden producir las fuerzas sísmicas; -

sin embargo, se han empleado con éxito en edificios con más de 40 pisos, -

como la Torre Latino Americana en la Ciudad de México, lref. 7). Deben cui 

da.rse especialmente las holguras entre la estructura y los elementos " no

estructurales " para evitar que éstos se dañen con temblores medianos y fue.!:_ 

tes así como para que se satisfagan las hipótesis hechas por el estructuris

ta con respecto al comportamiento de la estructura. 

RIGIDEZ LATERAL DE ESTRUCTURAS CON MARCOS RELLENOS DE MUROS 

4 

Se han hecho varios estudios para estimar la modificación en la rigidez 

lateral de estructuras de marcos en los que algunos tableros se rellenan con 

muros de mampostería o de concreto. En general se ha observado que la rigi

dez lateral se incrementa considerablemente, ya que Jos muros son muy rígidos 

en su plano y su rigidez puede ser del orden de diez veces la del marco que 

lo rodea, Hay además un cambio definitivo en la forma en que el marco resis 

te las fuerzas laterales, disminuyendo sustancialmente los efectos de flexión. 

Un muro en un tablero puede ideal izarse como un puntal diagonal que se opone 

a la defor01ación lateral del marco; hay fórmulas que permiten estimar las di

mensiones que deben considerarse para este miembro diagonal 11 equivalente11
, -

lref. 8). 

Puede hacerse el análisis por medio de computadora, tomando en cuenta-



estos miembros adicionales que transforman al marco rígido en un marco con

traventeado. La figura 1, tomada de la referencia 8, muestra claramente 

Jos drásticos cambios que ocurren en los momentos flexionantes y fuerzas 

axiales, así como en las rigideces de entrepiso cuando se incluye la colaba 

ración de un muro de mampostería en €.J análisis de un marco o cuando se des 

precia. Obviamente el diseño de los miembros del marco con los momentos y 

fuerzas obtenidos sin el muro es inadecuado cuando el muro se construye li

gado al marco, por Jo que puede esperarse algún daño, en Jos muros o en el 

marco, cuando la estructura sea sometida a un sismo, como se ilustra en las 

figuras 2 y 3. El daño puede ocurrir no solo en la mampostería, que es ríg~ 

da pero débil, sino también en las columnas o vigas del marco que la rodea, 

debido, usualmente a las fuerzas cortantes adicionales que se desarrol Jan -

en la zona de intersección. 

ANALISIS Y CONSTRUCCION 

El diseño de los edificios debe hacerse tomando en cuenta diferentes

estados limite que toman en cuenta aspectos de resistencia y de deformación. 

Generalmente los requisitos de resistencia permiten el empleo de factores·

de reducción por ductilidad para calcular las fuerzas sísmicas de diseño, -

para tomar en cuenta las excursiones en el intervalo de comportamiento ine

Jástico de algunas zonas de la estructura y la formación de articulaciones 

plásticas en el la debidos al temBlor de diseño, Sin embargo, para el cálc~ 

lo de los desplaza~ientos que experimentará la estructura durante dicho tem 

blor, se considera que Jos desplazamientos producidos por las fuerzas redu

cidas deben incrementarse en función del factor de reducción por ductilidad 

empleado, para obtener Jos desplazamientos elásticos que se obtendrían con 

las fuerzas elásticas sin reducir, ref, 9, ya que al excursionar en el inter 

valo inelástico la estructura perderá rigidez, aumentándose los desplaza- -

mientas, Usualmente los reglamentos especifican el máximo desplazamiento

que puede tolerarse como una fracción de la altura de entrepiso. Todos los 

elementos que contribuyen a la rigidez deben incluirse en estos cálculos -

con objeto de distribuir la fuerza total calculada para cada piso del edifi 

cio entre todos los elementos resistentes proporcionalmente a sus rigideces. 

Por consiguiente, cuando el ingeniero estructurista considera que los 
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muros divisorios y exteriores de mampostería son 11 no estructurales 11 y no -

los toma en cuenta en sus cálculos de resistencia y rigidez su análisis pu~ 

de estar muy equivocado si el constructor construye esos muros integrados a 

la estructura haciéndolos también estructurales. 

Esto ocurre frecuentemente debido a falta de comunicación adecuada en

tre el estructurista y el constructor, Los planos para construcción deben 

incluir detalles muy claros de como deben construirse los elementos no es-

tructurales, ya que de otro modo, el constructor, que no conoce las hipóte

sis que se hicieron durante la etapa de diseHo, puede construir esos elemen

tos inadecuadamente, modificando completamente el comportamiento de la es-

tructura. 

Puede también ocurrir que los muros no estructurales se construyan co

rrectamente desligados de la estructura, pero que las holguras que se dejen 

sean rellenadas con materiales incompresibles o que estos materiales absor

ban lechada de cemento durante la construcción y se endurezcan o que los -

acabados del muro, aplanados o recubrimientos con losetas o marmol, pasen -

sobre la holgura y la nul ifiquen, 

El estado del arte reflejado en las especificaciones de los reglamen-

tos puede ser también causa del comportamiento inadecuado de estas holguras . 

6 

. Por ejemplo, el reglamento de Construcciones para el Distrito Federal espe

cificaba en su versión de 1966 fuerzas sísmicas reducidas por efectos de com 

portamiento inelástico de la estructura, con las que se calculaban sus des-

plazamientos, sin ampl ificarlos, como se mencionó anteriormente; las holgu-

ras entre la estructura y los muros no estructurales se dejaban en función de 

estos desplazamientos, los que eran tolerables si no excedían 0.002 veces la 

altura de entrepiso. La versión de 1976 del mismo reglamento, aún en vigor 

especifica fuerzas sísmicas elásticas que pueden reducirse empleando un fac

tor de reducción por ductilidad que varía entre 1 y 6, dependiendo del tipo 

de estructura y de los materiales 

dado que se tenga al detallarla. 

con que se construye ésta así como del cui 

En esta versión del Reglamento los despla-

zamientcs totales se deben calcular multiplicando Jos obtenidos con las fuer

zas reducidas por el factor de reducción por ductilidad; estos desplazamien-



tos totales se comparan con dezplazamientos permisibles, iguales a 0.008 ve

ces la altura de entrepiso. Las fuerzas reducidas actuales son aproximada

mente las mismas especificadas por la verst6n de 1966 para el caso de edifi 

cios de marcos rlgidos; por consiguiente, las holguras que se dejaron antes 

de 1976 son insuficientes para este tipo de edificio de acuerdo con la ver

si6n 1976 y las fallas están esperando el temblor que las producirá. 

En los últimos quince años se han construido en la ciudad de México mu 

chos edificios de mediana y gran altura empleando los sistemas estructurales 

a base de losas planas aligeradas apoyadas sobre columnas, formando marcos -

rigidos "equivalentes" para resistir las cargas verticales y laterales a que 

hizo menci6n anteriormente, como estructura.s muy flexibles. 

Durante el temblor del 14 de marzo de 1979 muchos de estos edificios -

sufrieron daños considerables en muros divisorios y de fachada, ref. 4. Al

gunos de ellos f~eron rigidizados para reducir daños en temblores futuros. 

pero la mayoria fueron solo reparados superficialmente y probablemente serán 

dañados otra vez en temblores futuros, 

Por lo tanto, el hecho de que la estructura se comporte de manera com-

pletamente distinta a lo supuesto por el ingeniero estructurista debido a-

falta de congruencia entre los-modelos matemáticos usados en el análisis y -

el edificio real, puede ser peligroso, 

Hay casos especiales en que esto se agudiza; uno de ellos es el de edi

f i e io en esqui na con muros de e o 1 i ndanc i a no es t ruc tu ra 1 es formando un ángu

lo, en los que los efectos torsionales por sismo pueden dañar a todo el edi

.ficio, si estos muros se hacen estructurales durante la construcción. Otro 

caso frecuente es el que se presenta en edificios escolares que tienen dos 

marcos longitudinales, con muros de altura parcial 1 igados a la estructura

en uno de ellos y sin muros en el otro, donde la rigidez de las columnas de 

menor longitud efectiva se incrementa por un factor importante (su rigidez -

varia aproximadamente con el cubo de la longitud efectiva, por lo que si - -

ésta es de un tercio de la longitud considerada en el análisis, el aumento -

en rÍ'gidez es del orden de 27 veces), lo que causa su falla por cortante, -

fig. 4, y efectos torsionantes en todo el edificio. 
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Considero que se necesita investigar las mejores maneras de evitar las 

situaciones antes mencionadas para recomendar detalles prácticos de como-

construir los muros, tomando en cuenta los puntos de vista del estructuris

ta, del arquitecto y del constructor, ya que aunque se han propuesto algu-

nos detalles, refs. 8-9, en ocasi'ones son costosos y difici les de construir. 
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Fig. 1 Morco con muro de mampostería 
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Fig 2 Daños en fachados "no estructurales" 
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Fig 3 Daños o muros no estructurales así como o elementos estructurales 
( Nótese el ancho de lo diogonol"equivolente" ) 



Fig 4 Daños debidos a muros de altura parcial 
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SOMPORTA~IENTO Y DI6E~O SISMO-RESISTENTE DE ESTRUCTURAS 
O~ CONCRETO PREFAB~I:~DO Y PRESFORZADC 

R E S U M E N.-

EETPUCTUR~S PRE~ABRICAOS Y PRESFDRZADAS 

COLS. - CIMENTACION 
COLE. -TRABE 
TR">BES - LOSP.S 

PR[IS 

CDNTRAS 

4.- CJJiEOS.- PUENTES Y ESTRUCTURAS RETICULARES Y MUROS DE [A~G~-

5.- CONCLUSIONES.-

1. ENTE::NOIENOO POR "ESTRUCTURAS PREFABRICADAS''. 
AQUELLAS QUE SE REALIZAN EN UN LUGAR DIFERENTE A SU POSIClON 
FINAL. Y E~ UN TIEMPO ANTES DE QUE SE NECESITEN, Y PRESFORZADO 
AQUEL ELEMENTO AL QUE SE LE INDUCEN ESFUERZOS CONTRARIOS A LOS 
QUE OESERA ~O~ORTAR EN SU CONDICION FINAL DE TRABAJO, PODEMOS 
DECIR QUE COMO TODA SOLUCION TIENE SUS PROS Y SUS CONTRAS 
A PF;lMERI" 'v'ISTI' SALTA QUE LOS PRINCIPALES "CONTRAS" SON QUE EL 
PREFABRICADO DEBERA, ADEMAS DE SU FABRICACION, QUE CASI SIEMPRE 
REQUIERE. AOEMAS DE UN ANALIS!S Y DISE~O MAS CUIDADOSO. SEA 
TRANSPORTADO. MONTADO Y CONECTADO PARA ASl INTEGRAR UN!' 
~STRUC:TURA. 

LO ANTERIOR AUMENTA EL COSTO EN COMPARACION A LA ESTRUCTURA 
COLADA IN SITU. Y!' QUE ESTA NO REQUIERE DE LOS PASOS ANTERIORMENTE 
DESCRITOS, POR LO TANTO DE NO SER LAS VENTAJAS QUE PRESENTA, 
APARENTEMENTE NJ TENDRIA SENTIDO PREFABRICAR ESTRUCTURAS DE 
CC~CRETO PRESFORZADO. 
LAS VENTAJAS PRINCIPALES DE LA PREFABRICACION Y EL PRESFUERZO, 
SON SIN DUDA LAS SIGUIENTES: 

1.- MEJOR CALIDAD.- EN LAS PLANTAS SE CUENTA CON LABORATORIOS 
PARA CONTROLAR LA CALIDAD DE LOS MATERIALES INTEGRANTES DEL 
CONCPETC. PARA AL FIN DETERMINAR LA +'e DEL MISMO. EL ACERO DE 
PRESFUERZO, ADEMAS DEL CERTIFICADO DE CALIDAD DEL FABRICANTE, AL 
TENSARLO COMPROBAMOS SU RESISTENCIA Y SU MODULA DE ELASTICIDAD. 
AL PRES~ORZAR, UTILIZAMOS CONCRETO CON UNA f'c MINIMA DE 300 
KG./CM:, LLEGANDO ACTUALMENTE HASTA 450 KG./CM2 SIN GRANDES 
PROBLEMAS. 



:. -- :·1~1~0~ DESO V MAYOR E~ICIENCIA.- CON SECC!ON~S 
~JM~NTOS FLEXIO~A~TES Y CORTANTES ELEVAJOS. 
~~~~A~~:c~UO~ v PRESFO~ZADOS EN TR~BES Y 

ADECUA8AS PARA 
LOS ELEMENTOS 
LDS~S. PUEJE~ 

;~:,·ECT~~SE =~~~ RELACION DE CLARO A PERALTE ( L/P . ~~ 1/2(1 G 
~~''OR~~. :a3~ QUE f~C SE PUEDE HACE; CON CONC~ETO REFC~:~OG COL~~~O 
. ' 

~~ ~30 ~~=E-!00 DE LOS MISMOS MOLD~S. HACE MUV ~CO~O~liCO E~ 

:I!J:~;~J~ J~ ~AE ~IE:AS. EN COMPARASIOI~ ~ L~ CIMSR~ Y OS~A F~~S~ 

~ECU~ 0 ~06 E~ LAS OBRAS. 

~-- LP SUPERV!SION DEL TRABAJO REALIZADO EN PLANTP A NIVEL DE 
PiSO. ES MEJOR QUE LA QUE SE REALIZA EN OBRAS, A MEDIDA DE QUE 
~~AN MAS A~TA~. 

5.- "TI EMPC".- DE ACUERDO P E X PE.R 1 ENC 1 AS MUY COMPROBADAS, UNP 
OBRA PREFABRICADA. PUENTE O ESTRUCTURA RETICULAR O CON MUROS DE 
CARGA v CORTANTE. SE REALIZA CUANDO ESTA BIEN PLANEADA. EN UNOS 
CUANTOS OlAS, EN COMPARACION AL NECESARIO CUANDO LA MISMA OBRA SE 
CUE~A IN SIIU. 

"' ¡ EMPO ES D PJERO , .. - CUANDO SE RECONOZCA QUE UNA OBRI:> REAL! Z AQr, 
EN MENOR TIEMPO, SU COSTO FINANCIERO Y SU PUESTA EN MARCHA Y 
PRJDUCC!ON, AMPLIAMENTE COMPENSA EL GASTO EXTRA EN TRANSPORTE. 
M0N7AJE V CONEXIO~. 

~--SEGURiDAD.- CON LOS AVANCES ACTUALES. EL PROBLEMA DE CONEXlON 
SE HA RESUELTO PARA QUE TODA OBRA PREFABRICADA, .DEBIDAMENTE 
CONECTADA, TENGA UN COMPORTAMIENTO EXCELENTE ANTE CARGAS 
GRAVITACIONALES Y HORIZONTALES TALES COMO SISMOS Y VIENTOS. 

.., - FRODUCCJON INDUSTRIALIZADA.- A MEDIDA QUE SE REQUIERAN GRAN 
CANTIDAD DE PIEZAS DE MOLDES EXISTENTES Y FACIL~CNTE ADAPTABLES, 
LO~ PROCESOS INDUSTRIALIZADOS MEJORAN LOS TIEMPOS Y COSTOS, AS! 
COMO LA CALIDAD DE LOS PRODUCTOS. 
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c>t:RNOS AHOGADOS 
VAINAS Y EPOX!C02 
EaRBAE EN COLU~N~ 
Pt_ACAS SOLDADf4S 
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RESUMEN 

Éste trabajo se centra en las conexiones entre elementos prefabricados que es uno de lo; aspectos mas importantes 
para el buen funciOnamiento de este tipo de estructuras. Se propone un tipo de conexión U01L'I'i>doro que e>t~ exent.l 
de placas de acero y soldadura, lo que nos pennite evitar los cambws bruscos de 'eccwn.:, y materi,Jes. además de 
que es mas agradable a la vista al simular a una estructura monolitica. Se ¡lfe'"nta la apbcucJón de la conex10n 
propuesta en dos obras diferentes, en donde se obtuvieron excelentes resultado> en cuanto a los nempos de 
ejecución, comportamiento y economia. 

SUMMARY 

1ñis work meant about to the connection between precast concrete elements that is e>ne of the me>>t 1mportant 
aspects m the development of precast concrete structures. A new connection th .• t does JWt need 10 be welded ¡; 

proposed without changes on precast elements sections neither materials. 1ñis corutccoon ai'Olds fragile f.ulures Aho 
its appearance as a monolithic structure connection seems pleasant. The propo,e comtecnon is ,howed m two 
different buildmgs where excellent results were obtained in tenns oftime, performance anct economy 

INTRODUCCIÓ~ 
Él ingeniero mvolucrado en el análisis, diseño, prefabricación, transporte y m<'ntaje de un.; estmctura reticular 
prefabricada de concreto tiene como un gran reto el conectar las piezas prcfabncad." que b uttcgran, espocta.lment< la 
tm.ión columna-trabe, ya que en algunas ocasiones concurren hasta cuatro tral.h.:!) eJt diferenl..! du~ccwn ~n und IIUSilld 

columna en cada nivel de la estructura. 

Uno de los mayores problemas que se presentan en una estructura prefabric,,da. no e; '"' .m:disl> ckfic1ente de la 
estructura, sino la poco importancia que se le ha dado al diseño de las conex10nes entre lu' dikrente, elementos que 
la forman. Debemos tomar en cuenta que la conexión recibirá las descargas de cact .. elemen1o que se cNlecte a ella y 
deberil ser capaz de soportalas y transferirlas a los demás elementos ( Arthur H. Nil,,m, 19Xc l 

En lo:, pncipws d.: la pr~fabricación en M¿XlCO, únicamente se prefabricaban stst.:mas d~ pbo como -,on VIgueti;1 y 
bovedilla, losa doble te y losas extruidas, los cuales se colocan simplement< apoyados sohte trabes de <opone por lo 
que no se tenia la necesidad de diseñar sistemas de conexión entre elementos. Su1 c·mbargo. con d P"'" del ttempo se 
fueron demostrando las ventajas de las estructuras prefabricada; sobr" la> trac!J, ionale> Pc•r ejemplo' Un menor 
nempo de ejecución de la obra y por lo tanto una recuperación más rápida de la ut~•ersion. d"ros m.c. grandes con 
elementos esbeltos y obras mas hmpias durante su ejecución. Estas vent3jas han heril» que, hny en día, las 
estructuras sean casi totalmente prefabricadas y sea de suma 1mportancia la.' conexion~' entre los chferentes 
elementos que las forman. 
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CONEXIONES PREFABRICADAS 

Caracterímcas Generales 

El diseño correcto de W!a conexión es indispensable para que la estructura trabaje de acuerdo al modelo fisico y 
matemático con el cual se realizó el análisis estructural A través de los años se ha resuelto e> te problema dé coneX!Ón 
usando el inge~úo y llegando a diferentes soluciones, tales como, ménsulas de concreto o acero las cuales pueden ser 
v1sibles por debajo de la trabe o se pueden disimular con éstas; las trabes pueden estar simplemente apoyadas o se les 
puede dar contmwdad por medio de pernos, soldadura o postensado (figura 1). 

Fig. 1 .• Diferentes tipos de conexión columna-trabe empleadas. 

Pocas coneXIones han resuelto el problema. de W!a forma totalmente satisfactona, ya que en cualqwer tipo de 
conexión se busca simplificar las diferentes etapas de una obra, como son: 

Fabricación: 
-Que sea sencilla, es decir, que la fabricación de los diferentes elementos que la t"vnnan, como son trabes 
y columnas, no se complique con accesorios soldados a su acero pnncipal como placas de acero, 
elementos de anclaje para postensado, etc. 

-Que no aumente la tipificación de columnas, es decir, que las columna, no >ean muy ruferentes 
geométricamente entre si, ya que esto representa un mayor trabaJO de gabmete además de que 
complica la coord!nación entre la fabricación y el montaje de las p1ezas. 

·Que no requiera del uso de muchos planos en obra para poder re:.lizarso. y¡¡ que e>tO, :o demás de 
requerir un mayor trabajo de gabinete es poco práctico de realizar en la planta y posteriormente en obra. 

-La fabricación de los moldes debe ser sencilla para eVllar retrasos en su elaboracion y que no sean muy 
costosos. Además no se debe requerir una gran cantidad de ellos ni deben requenr muchos cambios 
entre cada colado. 

!5 
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Transporte: 
-Debe poder realizarse de una forma eficiente, es decir, que se puedan transp,>r1:.r el m;,yor número de 
piezas por viaje, ya que esto reducirá el número total de fletes que se ucnen que realizar y por 
consecuencia bajará el costo por este concepto. 

-No se deben requerir de accesorios especiales para sujetar las p1ezas a las pl.lt"!0rmas. ,·a que éstos son 
costosos y dificultan la carga y descarga de las piezas. 

Montaje· 
-La maniobra de montaje de las d!ferentes piezas se debe poder realizar en u:1o·fonna r.1p1da y sencilla, 
ésto evllará tiempos muertos de equipo, maquinaria y personal, lo que 1"" permmá un sustancral 
ahorro en el tiempo de ejecución de la obra. 

-Se debe evitar el uso de equipo y mano de obra especralizada como ,oldadore, y personal de 
postensado, ya que esto eleva el costo de la obra y puede afectar elllempo de e_1ecucwn en caso de no 
tener suficiente personal capacitado 

-E\itar o minmuzar el uso de soldadura de campo, ya que, requiere de un est!k't0 control de cahdad, se 
lleva más tiempo en su ejecución y además su costo es muy elevado 

-Que reqwera poco o nulo soporte temporal de los elementos, ya que est<' retrasa los nempos de 
eJecución. 

-La apanencia ünal de la coneXIÓn debe ser agradable a la \1Sta, es dem, dckmo> trdtJr de ocultar los 
elementos de 'UJeción, como son placas de acero, soldaduras. etc 

'f. Principales tipos 

A través de los años las conexiones en las estructuras prefabricadas se han resuelto, en tótma global . en cuatro 
grandes grupos (IMCYC, 1 Q6ó,l97ó,l981; PCI, 1988). 

Con ménsula corla.-Est.a I.!S tm.a conexión cercana al paño de la colwnna.1 

Uno de los principies problemas constructivos que se presentan es al! 
momento de colar las coh:mnas. cuando se requiere ménsulas en las cuatro\ 
clireccwnes, ya que deb1du a. la gran concentración de acero en esa zona se1 
require de soldadura tanto dentro de las p¡ezas a conectar como la wlión entrel 
ellas t soldadura de campo L lo que hace que sea una conexión poco dúcti!l 
(Cuevas y Robles, 198ó 1 Como normalmente en una obra las columnas 
tienen diferente número \ posición de l.ts m¿nsul&~, t!S nece~ario cortar los 
cost&dos y el fondo de Ío, moldes y t>~parlos cuando no se reqweran. Lo¡ 
antenor provoca que los t1~mpos de co),,do se retrasen y obliga a tener w1i 
mayor número de molde, Jumentando el costo de la obra El transporte sel 
vueh-e menos eficiente ¡wa la, colu11mas debido a que la> ménsula,! 
aumentan el ancho de Ja, pieza:;, por k' que el número de pie= que por! 
geometria se pueden tran ... portar por viuJe es menor, awnentando el precto 

··--.. --

fl·:, "" _]._IJMN .. P.OE:--~;;.¡,:,:.r_.:. 

e~-. e:...-- <.·<.·.;u_.:.:; e::-·-~ 

por este concepto En la maniobra de montaje también se tienen algunos problemas adJc1n~.de' cu:,ndo no se tienen 
ménsulas en fonna a>unétrica, ya que .U momento de izar la. colwnna:. para u~>en"'l." en su po,¡e¡on en la 
cirnentacion estas se mclinan un poco por el desequilibrio de peso fuera de su eje long¡tuchnJI t ligur.! 21. 

Con ménsula larga.-Ésta os una conexión alejada del paño de la columna! f({(-~ .. 
que busca llevar la wtión ;1 wm zona donde el momento es menor. Presc:nta ~ ~ 
los mismos problemas que la anterior <.ménsula corta) aunque algunos en ~ 
forma más severa. Cu:,ndo se llenen ménsulas largas en las cuatro .' 
d!recciones se presenta un grave problema al momento de realizar el colado /./ 
de la colunma, ya que las "1énsulas que quechu1 hacia el fondo y hacia amba A -r' 
son difíciles de realizar, lu> problemas d" transporte y montaje son tamb1én f--..../·>
mayores, debido a que la geomenia de las columnas las hace poco -~ · 
manejables. Todo lo anteriór hace que lo> precios de fabricación, transporte y 
montaje de las piezas se mcrementen aún más (ligur" 3). 

\ 
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Con pos1e11Sado. -Este tipo de conexiones no tiene problemas de ductilidad, 
'as columnas pueden o no estar provistas de mónsulas. Cuando tienen 

.énsulas presentan los problemas que anteriormente mencionamos, sin 
embargo cuando las columnas no cuentan con ménsulas de apoyo, las trabes 
tendrán que soportarse temporalmente por medio de apunt&lamiento. Se debe 
tener mucho cuidado con la posición de los duetos y anclajes paro el 
postensado durante el diseño y fabricación de las trabes y columnas, ya que 
éstos deben coinc1dir perfectamente al momento de montar las piezas para 
que permitan el paso de los cables y se realice el postensado sin causar 
momentos adictonales a la estructura Todo lo anterior aunado al alto costo¡ 
del postensado incrementa el tiempo y costo final de la obra (figura 4). 

1 
r1c. "-: .: .. ·~e •1=' .. Tlh.&~-:cu.,. .. • 

~:,o; .. :.:~ 

Soblción propuesta.-Este tlpo de conexión proporciona un nodo que es el más parecido a los nodüs mono~ncos de 
las estructuras tradicionales. La fabricación de las columnas se simplifica en gran medida. ya que al no contar con 
ménsulas no es necesario cortar el fondo ni los costados de los moldes. Ésto nos permite disminuir d niunero total de 
moldes necesarios al poder darles un mayor número de usos sin grandes cambws No>·.' Iccpaere d<jill ohügados en 
columnas m trabes anclajes especiales ni elementos soldados al acero de refuerzo El transporte se optllmza al Uevar 
una mayor cantidad de ptezas por cada viaje, bajando los costos por este concepto. El mollt.lje de las columnas se 
fa~ta al comcidir su eje longitudinal con el centro de gravedad., lo que evita inclinacionc> de \as piezas al momento 
de iLarlas No es ncceS"ario el empleo de personal especializado para el annado y colac\,, de los nc•dos. pudi¿ndose 
utiliz.tr el nusmo personal que se emplea en las construcciones tradicionales (figuras 5 y '' 1 Todo lo antenor pelTilÍte 
obtener una mayor economía de tiempo y costo además de una mejor apanenc10 tina! a un bd¡O costo con rospecto a 
los otros tipos de conexiones (fotos 5 y 6). 

nc. ~¡g !1 • ca..u•""" ,Kfll·l'l'•,_ 
C0t1 "V(Ioll ANA' 

rte.~. 4- ~D>.C:IIO" 1",.111-r., 
PP~U('iU 

Existen una u¡finidad de tipos de conexiOnes, pero las anteriores son las mas comúnmente usadas on el medio. En la 
Tabla \ podemos apreciar una comparativa de las principales caracteristicas de \as C<'!\cXJones Sm embargo, la 
necesidad de ~ncontrar una con~xión más eficiente sobretodo ante los ¿fectos sism1co=- r~o..., ... llevó a d~sarrol1ar W\a 

conexión diferente, que nos perm¡te tomar la eficiencia de Wla estrucrura prefubnc",¡" >U\ perder b bondades 
estructurales de una colada "in situ'. No debemos olvidar que el Reglamento de ConsU1Ic'Ohlnes dei D~;uito Federal 
considera que las estrucruras prefabricadas deben tener desplazamientos menores que las estrucmra> coladas 'in 
situ', y ésto se debe en parte a las conexiones. Todos los tipos de conexiones que hasta .. hNu se h<•n estado usando 
son a base de pernos o soldadura y presentan un tipo de falla frágil, que es algo que se qu: :1 e cntar. 

't .• ~ 
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Tabla 1 .- ComparaCión de grupos de conexiones. 

TIPO DE 
CONEXION FABRICACION TRANSPORTE !.IONTAJE REQUERIMIENTOS APARIENCIA 

M!NSUt..A. CORTA Cetnpiu:a!Ja, lOtlft toóO Poco eaaernt, so reouoe., Se c;nmphc. un poct~ POI' LJn rr.a:,or nu'· .,.r" oo. ~v~,;.c,,,_Jiil~ ><:.<O~Itflll Pll\1 

Wll'l® u lenen mtniUIU ncltntro oe Q)IIJIMas tlCJ lllljt Nll'laoonu 11 tnomtnt:l l'llOIOOII. cortar"''' :rr,.r,.n: •. ,nr .. ,,~, c.. ras rtDII, P•IC81 

en 111 we1ro oncacne& oe a:trre• COIUmnu perltiiOimotoor: ;:;,¡.Quo .. r~ (lO l<'r'~ r S::.IOIOUfl \115l~ll 

IOIOIOUII pera arrr.o.:, ,J .. 

fiOU y ct~o.Jmna~ la~t·;.~. 

&OIOIOU<I O~ ~IT'f' 

~!NSU'-A. LA~GA. Muy comphe«<l, ltlDitl040 CCtnplroeoo u mrrurr\21 111 Ccmpl&taOO OtDKIO 1 ll un ma-nr nom'"':O Ot "'' ,,., ... _1 •·•<~ .. ..,~.~ ,.,u.,•':!~ onn 

OJanco ~• ~•nen monsut:n namor o QQ roiiJmnas por gaoma1rra o o las mrurnna: y ctlf13110: er ,J,1Q<IH1' ', l'"l:,,- :~.:::lc.:ra, ~:a~: 

tn 18t <vatrC. (llltCOCf'HII 'ollftt y u n,;;oo.s¡tan son pooo mano.¡aOits part•~ R,.qu,-.r., ~;..:;,, :. · "'~~·.s 

ICOiloCII(¡¡ WSO•o"::Oióld par 1 vn trm...Jút y u~"""''.,. 

ll.l uansoat.. 

POSTENSADO Se CDmphca tlltCIU~N'Ie Enauooequwr• En tu cotumnu " 11mpld'a P~Wsorer esoe•l .. IIU<Jc : J a ,.l.J". ~. -'~ :.,,.¡ ti'IIJI'II01' ~· 

gran pttCI&I~I"' Pllll n¡ar IOl CDiumras no ruen1•n ec:n wanoo no UoiiYin mensulat. nao.r los ut.olOa¡c.: _. '\. "- -.,_) \f,¡:~. 

ouaos 'n e+arma<Jo Oe manwlu w ¡¡mplrfl011 pero w reQUiert gr3r1 pcs:o~n.:.ao:. Er. ea:: -
raon y c:olurnntt -- p~tacl6n Ptrl n.ctr conCIOll «1ntar con mWniiJia, .~ -

tos OYdes o. traoes y ltCIUIOII' J0Un!lla1'1•-'·'·· 

COIUI'Tl~s.lo ouaj retrasa tct rempc·a· 

•empo& o• e¡twaon 

CONEXIÓN Se DIT\P~ftao. u pueoe Cal S • COIIfllltl á pooer Se smpJrflaa rnuc:no t-tl u HO ;.e ntCiióftOl PW'Iót ',' Ccr•.: :..- • ..... ,:. ..,:-,;:¡ ;:o:-.o.'<l6r. 

PROPUESTA un mi'JOI namero oe ucos a Un:.portar una mr,o¡ pre&ertan ptobtemas oe espe01altZIOü n• :.;.kJ¡¡, :;. ·'~ rr .. :.r.~:~ •. ~ HC· au&-car. 

101 motees 11 no len• que número Oa COivmniS PO' lr'ldiOiaOn IIIZ81 liS 5{, PUIOfi'nemP•ear 6.,rrwrr ... ~SIC'.-~ r. "l'Jif, ~PIJ Ot Jl..rf'lltl 

oortiiiO&,por 10 QIA M ••• «11umnas. w COirmtZa 106 y •oal'llres <Juo< iioSI-

reQUiere IJ1 mtnc:t numero OtmPOI Cle e¡eo..raon lltPIJII'l_,o en ra am.n• · ,e,•. 

i'IO e¡ l"'tOiS;J'IO Ijar nrngiJn 

apo Ot ICOii50riO 11 •m•oo 

oe 111 .- aou y coll.lmnls 
-·-
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DESCRIPCIÓ~ DE CONEXIÓ~ PROPUESTA 

En una estructura prefabricada es deseable la continuidad de los elementos y que no ten~an cambios bruscos de 
secciones y materiaJes, razón por la cual desarrollamos una con~xión que se asemejíJ lo m ... '.JOr po .... ibk ~ú colado "in 
situ". La con~xión propuesta es una vanante en el SIStema de construcción y fabric.oc10n ck los elem~ntos 
prefabricados. .,(. 

Las preparaciones de los elementos se hacen en la planta de producción, las trabes estan pr01istas del acero positivo 
necesario de acuerdo al diseño y pueden contar, si se d~sea, con el acero negaDvo. iruuocliatamout< después del 
montaje de las trabes una cuadrilla de fierreros com1enza con el armado, cimbrado y coladc> ele la coneXJón en obra, 
mientras se continúa con las maniobras de montaJe 

Se deben tomar en cuenta ciertas consideraciones estructurales al utilizar este tipo de cone~1unes, ya qu~ las primeras 
condiciones de apoyo y empotramiento de los elementos no son iguales a las conchcoJOe> fin<Je, Las columnas 
tienen una parte hueca donde su rigidez, antes de colaise la conexión, es considerablemente menor que el resto de su 
sección; las trabes deben diseñarse para dos condiciones de apoyo,la primera simpl~mente apoyada y la segunda con 
continuidad en la que fonnarán marcos ortogonales con las colWtmas. 

Si se tiene una estructura de varios niveles se debe revisar la primera etapa de montaje, cuando las columnas estan 
empotradas en la cimentación y las trabes que están montadas se encuentran simplemente apoyadas, ante cargas 



accidentales tales como sismo, v¡ento e incluso posibles golpes de otras piezas al momento de montarlas. ya que en 
ésta etapa las colwnnus trabajan en cantiliver y puede ser muy peligroso pan. la estut>illdad de b estmcnuo st se 
presentan desplazamientos grandes También se recomienda en éstos casos, en la medida de lo pc'Stbk colar los 
nodos de los niveles inferiores antes de contllluar con el montaje de los ruveles supenores 

Fabricación 

Una de las princ1pales ventajas, es la sencillez de los moldes para fabricar las columnas y el poco trabajo que 
. requieren para su habilitado entre cada colado, lo que hace que se optimicen sus usos <•'n un con>~der"ble ahorro. 

Por otro lado el no necesitar fijar mngU.n tipo de acccesorio adic¡onal, como son placa:- de ~~-=-=ro o deme.ntos para 
anclaJe de postensado en los armados de trabes y columnas, agiliza la producctón. 

El colado de las colwnnas se realiza dejando zonas sin colar (huecus) en los diferentes ruvele, donde se conectarán 
las trabes, lus que en lo futuro denominaremos "ventanas", en las cuales úrucamente continuaru el acero pnncipal y si 
es necesano se colocá.I'án varillas en forma de contraventeo en cada cara. El extremo interior de las \'t!ntanas de:: las 
columnas, donde apoyarán las trabes, debe tener una superficie lisa y nivelada para eVItar concentracwn de esfuerzos 
al apoyar las trabes correspondientes, y se debe dejar un pequeño hueco rectangul<ir en el ceJ.tJO de 1" c-ühUTillO que 
haga las veces de dentellón. El otro extremo de las ventanas debe teiTilinar en foiTila de pwna tpuamide un-erudatcon 
una mclinactón de 30° para facilitar el colado del nodo y evitar que no queden burbuJaS de rure atrap"do. además de 
no presentar Wla superficie horizontal de contacto entre concretos de diferentes edades y e\~t<•r pwblemas de 
con<:nte. 

b 

También se reconuenda deJar ahogado un dueto que vaya desde l..t pwlta ~ta Wl cost~•do supenor de h1 coltunna~ 
para permitu la sahda de aire cuando se efectue el colado del nodo correspondJente El t¡l!nañc' de la ,.e~< tona esta en. 
func1ón del peralte de las trabes que se insertarán, tomáridose dos veces d mayor de k•> per.,ltes medtdo, do:sde ia 
superficie lisa infenor hasta la ptÜlla de la parte supenor. 

La fabricaCión de las trabes portantes y de ngidez también se facilita ya que tampoc0 reqllleren ningun npc de 
accesorio especial, lo que agiliza el habilitado de los alTI\ados dentro de los moldes En coso ele que el "''"he• de l...; 
trabes lo requiera se les fabricará en sus extremos una "nanz" ( reduccion de su seccion), en este pwno debemo>' 
tener especial cuidado ya que el éX!to de la conexión depende en gran parte del espacio con d que se cuente para· 
montarlas y conectarlas. En ambos extremos de las trabes, o en la nariz s1 es el caso. se deJaran duetos transversiiles 
de!/::!" de diámetro a 1ma separac¡(m de 15 cms. entre cada uno aproxiJnadarnente, éstos duetos Uenenl" fmol!dad de 
que una vez montadas las trabes nos peiTilltan colocar unas varillas en foiTila de ganchos, que abr.J.Za1an al acero 
pnncipal de la columna y funcionarán como estribos de ésta, se recomienda dejar dos line.~> de duetos P"'" asegurar 
que una de las dos quede fuera del acero principal previruendo posibles diferenctas ele long¡tudes al nwntar las 
colwnnas. J\o se recomienda dejar más de dos lineas de duetos para no debilitar la tr;,bes Jl•'r cc>riante 

Transport• 

La principal ventaja de la conexión propuesta en ésta etapa se tiene en las columnas El transporte de l,,s columnas se 
optuniza de una manera muy eficiente, ya que, al no contar con runguna mensula se pueden coloca1 Juntas sobre la 
platafoiTila. además de que no se necesita fabric•r ningún l!po de accesorio especial p"ra li.tarlos sobre el 
tractocamión. de ésta manera se pueden transportar \ma mayor cantidad de estas pieza..:. por c~da \1J_1~ y se reduce 
notoníilllenh! ~~número total de fl~tes que se tienen 'que realizar para tmnsportarl,-,s. COit el CL""~IlSel'uente .:tJwrro de 
tiempo y costo. 

Mont;üe 

La maniobnt de montaje de las diferentes piezas que folTI\an la estructura es bastante agtl al emplear CSI" coneXJon 
Al no tener que emplear una gran cantidad de planos explicativos para colocar las dJferentes ptezas pre!:.tbncadas. se 
simplifican los trabajos tanto en la elaboración del proyecto como en el campo. No es necesano el empko de eqwpo 
Y personal especializado, como sucede én las coneX!ones postensadas, tan1poco se tequiere el uso de 
apw1talamientos o sopones temporales de las trabes y/o colwnnas y, lo que es más unponante, no necesitamos 
utilizar soldadura de campo que además de presentar un tipo de falla frágil requiere de Wla estricta supemción.. es 
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7 
costosa y necesita de más tiempo para realizarse, ya que normalmente se tienen que sold.11 Jos trabes a las columnas 
antes de poder montar las losas o sistemas de piso, lo que hace que el tiempo total ,;, \" m;uu,•br" de montaje 
aumente. -·--' .! ' ;¡:: 

. ¡ 
~--·~~ 

~ 1 _;'----' 
'\"-· : 1' ~ 

+ 
t" ' -<..-· 

Primeramente se insertan las columnas en los candeleros (huecos) preVIamente 
dejados en la cunientdción y se fijan temporalmente con cuñas de madera, 
posteriorm<nte se empotran por medio del colado de la junta entre columna y 
candelero con un mortero con estabilizador de volúmen, una vez que el colado de 
empotramiento ha alcanzado la resistencia de diselio se procede a cortar las 
varillas de contraventeo de las "ventanas", si e, que existieran. Ahora las 
columnas se encuentran liStas para recibir a las trabes portantes y de rigidez, estas 
se msertan mclmandolas lo que sea necesario hast" colocarlas en su lugar. ésta 
mamobra puede parecer complicada de realizar sin embargo no lo es y en la 

r • ..: .; 

pracnca es bastante rápida de realizar (fotos 1, 2 y 3,. 

Una vez colocadas en su lugar las columnas y las tr,bes se procede al armado d9 
los nodos correspondientes (foto 4), ésta actiVIdad se traslapa con la maruobra dÍ 
montaje de los demas elementos de las estructura p.l!a eVItar l:lempos muertos, el 
armado de los nodos coru;ISte en lo s¡gu¡ente: Conectar el acero pos1tivo de las¡ 
trabes por medio de estribos mtenores, habilitar el acero negauvo 
correspond!ente de cada trabe, ésto representa una ventaja ya que este acero e~ 
continuo y se sujeta por medio de estribos abierto previamente ahogados en la5 
trabes, finalmente se colocan los ganchos que pasando através de los dueto~ 
dejados en las trabes abrazan al acero principal de las columnas. haciendo la 
función de estnbos (fotos 3 y 4). Una vez termmado el armado de los nodos s~ 
procede a su cimbrado y colado, si la geometrio de las trabes lo pennite s~ . . . e - ~--:" ~= De 
pueden fabncar cimbras metálicas para agilizar el proceso y bajar costos, parad •.: =-·oP•::: '= 
colado se utiliza concreto de la misma resistenc¡a que las columnas con estabilizador de v •.• ,unen (figuras 7 y 81. 

El montaje de lw; losas prefabricadas o el sistema de piSo que se este empleando se pueJ. 1 ""Lzar ;1!-.tes o depués del 
colado de lós nodos, dependiendo del diseño de las trabes, únicamente se recomienda e, .• r Jo, nodos de los mveles 
mferiores antes de montdr las losas de los niveles supenores por segundad de la estrucrur .• 

COJ\"CLUSIONES 

La utllizacion de la conexión columna-trabe para elementos prefabricados propue,ta er: ·c<!e trabn.J''· nene muchas 
vent:JJd::> Súl1rc 1;.::;. wiJi.z.ldiJ~ h.:tstu ahora en el merc{tdo, vent&jas en liJ ff.lbriciJción. IJ.tn:-.J" ·:: ...:. 11 1ünt.~_¡<:. til..'n,po, costo 
y sogund"d é>tructural, que resulta en una herramienta muy poderosa pura el de,"rroUc• 1cpunte de ¡", <>trucruras 
prethbncad~ en el futuro 
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FOTO No. 1.- INSERCION DE TRABES EN "VENTANAS" DE 
COLUMNAS PREFABRICADAS (CONEXION 

PROPUESTA) 
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FOTO No. 2.- VISTA DE TRABES INSERTADAS EN "VENTANAS" DE 
COLUMNAS (CONEXION PROPUESTA) 
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FOTO No. :.3.- DETALLE DE MONTAJE DE TRABES (CONEXION 
PROPUESTA) 
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FOTO No. 4.- DETALLE DE ARMADO DE NODO 
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FOTO No. 5.- DETALLE DE CONEXION PROPUESTA OBRA: 
HIPERMERCADO AUCHAN - TLATELOLCO, CD. DE 
MEXICO 
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FOTO No. 6.- VISTA INTERIOR DE HIPERMERCADO AUCHAN
TLATELOLCO, CD. DE MEXICO 
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ya que en esta etapa las colwnnas trabajan como péndulos invertidos y puede ser muy peligroso para la estabilidad 
de la estructura si se tienen desplazamientos grandes. También se recomienda en estos casos, en la medida de lo 
posible, colar los nodos de los niveles inferiores antes de continuar con el montaje de los niveles superiores. 

Tabla No. 1 .- Comparativa de grupo de conexiones mas usadas : 

TIPO OE 
COHEXlOH FABRICACIÓN TRANSPORTE IAONTAJE REOUERIIAIENTOS APARIENCIA 

1\I~NSULA CORTA Cornpllcaaa, ll»lt bOa Po([! lf101tnt1, se rtOUOt '' se cotn?llcs un poca pa 1..1'1~/'ll/MI'Ode U4of\uii\'!Sitlltl en 11 owte 

cuandO • ltnan m ..-.uu nOnetO o. coluMnpor VIII• ~~llmornet'lkl mo!Oel. ecn• en Olf8ltntu ii'Ho'IOI Clt185 fabeli, pjaoH 

4H'I 1a1 ~ro (jjfeoc~t:~nrH ~ IZaf LIIS a:!lUITV'IIII p.-ttiiO.Ift'ICIION F\eQ;J- 01 tOit/0 YIOICIIQJfl Vl$tloltl 

lllldadurl ~:~•• arma<IO o. 
r~t>t~a y CII)UMI¡s, twnl:ll to 

COIOaOUrt oo campo 

AA~NSULA L..A.RGA UUyeanpl~o»<~a, ltlb'M)Oa ~-ll'lf'imllll-' ~00 oebtdO 1111 U'l mty01 nomero 0.~1 .1JI'1tl .,. Slblt en !.hOr> oon 

a..tan<Jo w llt'l.n mrJw.n t'(mero o. CIOIL.mn81 por oeom•"• ae '"001umnu y<Otta/101 en ort~erces f!Eitl. 10108dl.61 y Pll~l 
en 1u a..«ro CltiOCIDnl& ,._.Y .. n.cemn IIOo'l paco man~lel P ... l RIQulei'IIOfoaQ.Jfl loiQbill 

k'ONIJ'IDIIIP"CIIIM part an atl'l'laOOS y Ot campe 

.,,..,_,. 

POSTENSAOO S. OOmtlb 111 ~~~~- EncasoOiq.,eiM EniiiCJlli.JITINSIIIII~ Per10n11 u~otelll.OO para ~1111Sibllii&1101'1LM'IIÓ('ldt 

gr.-. PfMIIOr\ l*lflt.r !CM ootwMn no ou.nlen c:0t1 cuaooo no ,......n m*'•ullll. n.::.r IOif.WOIIOS 01 COIUmt'lllyUOU, 

Cll::lblln .t 11m lOO o. mtnkllu n lllrlllllkll o•o •• rtql.lltit gr.n pc:i111nad0 Encecoa. ,, 
tl&tS yooiUrnnal. pcaaiiOn par 1 hacer 1Xlf'IC$;Jir CDnlllt con m•n•u as h 

lo& duelos o.• atMil y reQUiera~ 

c:ok.nriU. 10 ~ IOUt:IIOI '-cnpotll 

•~' !M •1aeuaon 

CONEXiÓN s. ~ .. p.»0a o• S. ot*Pib ., pooet sa ,kr'lpi/IOI muctlo Ha • P«>" neoa.:aa ~ Come " lJvfll ..... (l)lltli50n 
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REPARACION DE EDIFICIOS DANADOS POR EL TERREMOTO DE 1985 EN MEXICO 

Resumen 

Se discuten los criterios empleados en la reparación de algunos edificios 
dañados por el terremoto del 19 de septiembre de 1985 en la Ciudad de Mexi 
co, y se presentan dos ejemplos de aplicación. 

Se presentan también los resultados obtenidos en las pruebas de vibración 
forzada efectuadas en dos edificios· reparados antes de dicho sismo y que 
se comportaron satisfactoriamente en 1985, explicando las razones de ese 
buen comportamiento. 

Introducción 

Después de un temblor intenso un número importante de edificios queda -
con daños importantes; en muchos casos estos daños pueden considerarse acep 
tables de acuerdo con la filosofía de diseño sísmico vigente en la mayorí~ 
de los reglamentos de diseño por sisMo, que recomiendan el uso de fuerzas 
reducidas en términos de la ductilidad esperada en la estructura, con res 
pecto a la respuesta elástica que presentaría la misma estructura si fue 
ra sometida a un sismo similar al empleado para diseñarla. 

La base de esta filosofía es el comportamiento inelástico de la estructura 
cuando los esfuerzos en algunas secciones críticas son mayores que. los de 
diseño, desarrollándose articulaciones plásticas que modifican el comporta 
miento de la estructura, reduciendo su rigidez original. Se recomienda -
que las articulaciones plásticas se formen en las vigas y no en las colum
nas u otros elementos resistentes verticales (refs. 1, 2) con objeto de evi 
tar demandas de ductilidad local excesivas que puedan conducir a colapsos 
indeseables. Es conveniente también un buen detallado de los armados para 
garantizar que no ocurrirán fallas prematuras de tipo frágil. Se recomien 
da asimismo que el período de la estructura sea distinto de los períodos d~ 
minantes en el movimiento del suelo, {ref. 1) para evitar problemas de reso 
nancia. Esto implica que estructuras rígidas, con períodos cortos pueden
ser más vulnerables en terrenos firmes que tienen períodos dominantes peque 
ños (de menos de 0.5 seg.) durante movimientos sísmicos, y que laS estruct~ 
ras de altura media con períodos de. vibración entre 1 y 2 seg., son más su; 
ceptibles a sufrir daños cuando se desplantan sobre terrenos blandos en los 
que los períodos dominanteS durante los movimientos sísmicos pueden ser de 
ese orden. 

Considero que esa filosofía de diseño sísmico es satisfactoria únicamente -
para ciertos tipos de estructura construídos en determinado tipo de terre
no. Si se observan los espectros de respuesta ·tÍpicos para terrenos bla~ 
do y duro (fig. 1) puede concluirse que la ductilidad de la estructura es 
benéfica en el caso de terrenos duros, porque cuando la estruCtura pierde 
rigidez debido a la formación de articulaciones plásticas y su período se 
alarga, ref. 3, la respuesta será menos severa; sin embargo, en el caso de 
terrenos blandos, que tienden a produc1.r movimientos casi armónicos con un 
gran pico de respuesta para estructuras cuyos períodos son cercanos al p~ 
ríodo dominante en el movimiento del suelo, puede haber dos situaciones: 
la respuesta de' la estructura disminuirá cuando su período fundamental de 
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vibración se alargue si el período original .es mayor que el período domi 
nante en el movimiento del suelo, pero dicha respuesta se incrementará al 
alargarse el período, si su valor original es menor que el dominante en el 
suelo, aunque este incremento puede ser menor que el correspondiente al com 
portamiento perfectamente elástico porque las ordenadas espectrales de res
puesta se reducirán en función del amortiguamiento adicional debido al corn 
portannento inelástico. · 

Lo anterior fue claramente demostrado en el sismo del 19 de septiembre de 
1985 en la zona de terreno blando de la ciudad de México, donde muchos edi 
ficios de altura media, entre 6 y 15 pisos, ref~ 4, fueron severarnente'atec 
tados o colapsaron, mientras que edificios simjlares en terrenos duros o de 
transición no fueron afectados. 

Un buen número de edificios lncluídos en ese lntervalo de alturas 6stán 
siendo reparados actualmente. En este trabajo se descrjbe el tipo de daño 
que sufrieron y los criterjos de reparación empleados en varios casos en -
que el autor ha sido consultor. 

Criter.ios de reparación 

Todo edificio dañado que quede en pie después de un temblor intenso puede 
ser reparado, pero esto debe decidirse en función de la extensión de los da 
ños, la posible inclusión de una estructura adicional, la confianza del prO 
pietario en el ingeniero estructurista y el costo de la reparación compara~ 
do con el costo de r~posición del edificio, incluyendo la demolición. 

Se han empleado disti'ntos métodos para reparar estructuras e incrementar su 
resistencia y rigidez, refs. 5 y 6; los más usuales son el encamisado de co 
lumnas y vigas y/o la adición de muros de cortante o de diagonales de con-~ 
traventeo en varias crujías. La eficiencia de estas soluciones es varia
ble; sin embargo, en mi opinión se debe dar atención especial a las caracte 
rísticas dinámicas de la estructura resultante, ya que en muchos casos loS 
daños pueden atribuirse a c,ondiciones cercanas a la resonancia en la estruc 
tura original, como en el caso de las estructuras antes citadas en que el -
período original es un poco menor que el período dominante en el movimiento 
del suelo, ya que si el criterio de reparación empleado no toma en cuenta 
las características de la estructura resultante puede quedar en peligro de 
sufrir daños más severos en movimientos futuros. En consecuencia, es im
po~tante tener una explicación razonable de las causas de las fallas. 

Por eiemplo, después del sismo de l98S el encamisado de columnas ha sido am 
pliarnente u$ado en la ciudad de México pura la reparación de edificios con 
sistemas de piso a base de losas planas aligeradas formando marcos equiva
lentes con las columnas. Esta solución no incrementa la rigidez ante fueE 
zas lat:erules de maner.a importante, porque dicha rigjdez depende fundamen
talment:e de la rigidez relativa del sistema de p.iso, que suele ser muy baja 
comparada con la de las columnas en este caso; sin embargo, agrega en oca
siones masas considerables a la estructura original, por lo que el período 
fundamental de vibrar después de la reparación puede ser semejante al perí~ 
do original y si la estructura fue dañada por estar en condiciones cercanas 
a la resonancia la situación no se cambiÓ y la resistencia adicional puede 
no ser suficiente para evitar daños futuros. Considero que es muy impor
tante modificar las características dinámicas de la estructura si se sosp~ 



cha que los daños pueden atribuirse a cond~ciones cercanas a la resonancia~ 
En este caso se logran soluciones más adecuadas agregando muros de rigidez 
o contravientos diagonales, los que usualmente proporcionan rigidez a fuer
zas laterales suficiente para cambiar de manera importante las característi 
cas dinámicas de la estructura~ 

Ejemplos de aplicación 

Corno se mencionó anteriormente, en este trabajo se presentan los criterios 
de reparación empleados en algunos edificios dañados, ubicados en la zona -
de terreno blando de la ciudad de México. Se discutirán dos casos. 

El primero es un edificio de hospital localizado en una zona de máximos da
ños, con vario~ colapso~ totales en un rad1o de 100m. El edificio tiene -
ocho pisos y sótano {figs~ ¿, 3, 4). La estructura original era a base de 
marcos de concreto reforzado y muros de concreto en algunas crujías, por -
lo que era relativamente rígido comparado con las propiedades del suelo; 
sin embargo, hubo fallas importantes en las columnas del sótano causadas -
por golpes contra la losa del piso de un estacionamiento anexo cuyo nivel 
era aproximadamente SOcrn abajo del nivel de piso dentro del edificio (fig~ 

5); la cimentación tiene p.ilotes de control, fue necesario cambiar la mayo
ría de los puentes que transmiten la carga a los pilotes, pues se dañaron a 
causa del golpeteo~ ·En el resto del ed1ficio los daños fueron menores, 
con algunas losas de piso agrietadas, lo que se atribuyó a efectos d~ fuerza 
cortante. 

Las normas de emergencia publicadas el 18 de octubre de 1985, que se emplea 
ron para la reparación, pedían la reestructuración de cualquier edificio -
que hubiera sufrido daños mayores. El nuevo coeficiente sísmico era 67% -
mayor que el del reglamento en vigor antes del sismo, por lo que, para lo
grar que la estructura cumpliera con las nuevas normas fue necesario refor 
zar también los niveles superiores del edificio. Las columnas del sótanO 
fueron encamisadas y algunos tramos del muro de retención, que no llegabún 
hasta el nivel de planta baja para dar jluminación al sótano, fueron cerra 
dos para tener mayor capacidad resist-ente. Se agregaron también varios ffiu 
ros de concreto reforzado en los pisoS superiores para satisfacer las dema~ 
das de resistencia de las normas de emergencia, estos muros se anclaron a -
los marcos empleando tramos de varillas que se alojaban en taladros y se re 
llenaban con resinas epoxy (fig. 6)~ 

Las grietas de las losas de niveles superiores fueron rellenadas con resi
nas epoxy, y para aumentar su resiste"ncia al corte se aplicó presfuerzo a 
las losas en la dirección longitudinal del edificio (fig. 7). No fue nece 
sario incrementar el número de pilotes de la cimentación. La losa de esta 
cionamiento que causó el problema se demolió a lo largo de su contacto con 
el edificio, dejando una trinchera para absorber movimientos futuros. 

Se midieron los períodos de vibración en condiciones ambientales después de 
la reparación, obteniendo valores de 0.62 seg. en dirección transversal y 
0.53 seg. en dirección longitudinal. Estos valores concuerdan razonable
mente bien con los calculados. Se considera que estos períodos garantizan 
que el edificio tendrá una respuesta baja en movimientos futuros ya que es
tán suficientemente lejos de los períodos dominantes del movimiento del sue 
lo en ese lugar; as1mismo, la causa principal del daño (la losa del estacio 



namiento) fue eliminada 

El segundo caso corresponde a un edjficio del servicio postal, el cual tie 
ne dos cuerpos separados por una junta constructiva, uno de cinco niveles 
(con sótano) y el otro con diez niveles (incluyendo dos sótanos); la alt~ 
ra de ambos cuerpos es igual, ya que los entrepisos del primero tienen 7.20 
m de alto, mientras que los del segundo cuerpo tienen sólo 3.60m. La sep~ 
ración entre los cuerpos es del nivel de planta baja a azotea (fig. 8), 
pues están unidos en planta baja y sótano. El primer cuerpo tiene planta 
rectangular de 90m por 40m, con dos claros de Sm y ocho de 10m en la dire~ 
ción larga y dos claros de Srn y dos de 12m en dirección corta, (fig. 9). La 
estructura es de concreto reforzado, con losas planas aligeradas de SOcm de 
espesor total, formando marcos equivalentes con las columnas. 

El problema fundamental en este cuerpo fue provocado por una gran marquesi
na en voladizo alojada a la mitad de la altura del segundo entrepiso en el 
marco longitudinal norte, la que estaba apoyada en una viga de torsión que 
reducía a la mitad la altura de las columnas de este marco (fig. 10) incre
mentando notablemente su rigidez comparada con la de los otros marcos longi 
tudinales. Esto atrajo cortantes muy elevados hacia el marco norte duran
te el sismo de 1985 y provocó efectos torsionantes importantes. Cabe señ~ 
lar que aparentemente la marquesina no estaba incluída en el proyecto origi 
nal, habiendo sido añadida tal vez corno modificación durante la construc-
ción, pero sin tornar en cuenta los efectos desfavorables que provocaría en 
la respuesta sísmica del edificio. Casi todas las columnas del segundo p~ 
so en el marco norte fallaron durante el sismo de 1985 (fig. 11). 

El otro cuerpo tiene planta más pequeña pero es irregular en los primeros 
niveles y tiene un· atrio de planta baja a azotea en otra zona, lo que. prov~ 
có problemas importantes por asimetría. Este cuerpo había sido dañado 

.por un sismo previo y se habían adicionado dos muros de rigidez de concre
to; sin embargo, este refuerzo no fue suficiente y el sismo de 1985 provoc~ 
daños importantes, con fallas en vigas y columnas en la zona del atrio y da 
ño en muros no estructurales. Hubo golpeteo entre ambos cuerpos. 

Se decidió reestructurar ambos cuerpos, usando elementos diagonales de ace
ro. Las figs. 12 a 14 muestran la planta y elevación de la solución pro
puesta para el cuerpo grande. Se recomendó eliminar la marquesina y la v~ 
ga de torsión que la soportaba. Esto ya se llevó a cabo eliminando la cau 
sa principal de los problemas de asimetría en este cuerpo. (fig. 15). 

Se contraventearon ocho crujías de 10m en la dirección longitudinal, acopl~ 
das en parejas, en los marcos de fachada norte y sur y en la dirección cor
ta se contraventearon doce crujías de Bm en marcos interiores. La rigidez 
se incrementó notablemente en ambas direcciones. Los períodos del modo 
fundamental calculados para la estructura original son 2.86 seg y 3.13 seg. 
en las direcciones longitudinal y transversal respectivamente; con los con
travientos se reducen a 0.79 y 0.97 seg. Se considera que los problemas
en este edificio no pueden atribuirse a condiciones cercanas a la resonan
cia ya que los períodos originales eran suficientemente largos y estaban en 
la rama descendente del espectro de respuesta. Los per]odos garantizan 
una respu.esta moderada. 

Si la rigidización hubiera sido menor se correría el riesgo de dejar al edi 
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ficio e~ situación peligrosa, pues sus períodos serían más cercanos a los 
del movimiento del terreno en el sitio y la respuesta se incrementaría. 

Las columnas que enmarcan las cruj]as contraventeadas se reforzaron con án 
gulas de acero y celosías, ya que las cargas axiales que deben soportar 
son mayores que las que 'actuaban en ellas antes de la rigidización. Las -
conexiones entre la estructura original y los elementos de contraventeo son 
a base de placas y pernos de anclaje. No se requirió reforzar la cimenta
ción con pilotes adicionales ya que el d~seño original fue hecho para car
gas vivas elevadas (del orden de 1 ton/m ) y el nuevo proyecto considera 
cargas vivas para oficina Únlcamente. 

Los trabajos de rigidización no se han iniciado aún por problemas económi 
cos. No se dan detalles de la reparación propuesta para el otro cuerpo 
por falta de espacio. Es similar a la descrita. 

Comentarios adicionales 

Una innovación en ingeniería sísmica es la 
no a las estructuras para absorber energía 

'demostrado en numerosos artículos técnicos 

adición de amortiguamiento exte~ 
y reducir su respuesta. Se ha 

los efectos benéficos del amorti 
guamiento para reducir la amplificación de los movimientos del terreno; la 
ventaja fundamental de estos nuevos sistemas es que no es necesaria la for 
mación de articulaciones plásticas para que se reduzca la respuesta, ya qu€ 
los amortiguadores pueden diseñarse de tal manera que empiecen a actuar an 
tes que la estructura llegue al comportamiento inelástico. 

Recientemente se hari propuesto dos tipos de amortiguador diferentes, (refs. 
7, 8), uno emplea capas de material v.iscoelástico en contacto con placas de 
acero para absorber la energía por deformación; el otro usa balatas de fre 
no para disipar energía por fricción contra placas de acero. Ambos pue
den introducirse en crujías contraventeadas. 

La empresa Pall Dynamics, de Canadá¡ de común acuerdo con el suscrito, ha 
presentado una propuesta para emplear sus dispositivos friccionantes en el 
edificio postal lo que conduce a ahorros lmportantes en las cantidades de 
acero necesarias para reparar la estructura, ya que las diagonales se dis~ 
ñan Para trabajar a 'tensión únicamente y los refuerzos de las columnas son 
más ligeros debido a que las c~rgas en ellas se reducen en virtud del amor 
tiguamiento adicional. Esto hace que también en ocasiones no sea necesa
rio reforzar las cimentaciones. El costo de los amortiguadores se cubre -
con las reducciones de acero de refuerzo, quedando una solución más económl 
ca y con un mejor comportamiento ante slsmos futuros. La posibilidad de -
resonancia se reduce considerablemente con esta solución, pues el período 
cambia al ceder los amortiguador~s. 

La Universidad de California en Berkeley ensayó recientemente un modelo de 
edificio de acero de nueve niveles equipado con amortiguadores de fricción 
(fig. 16) en la mesa vibradora instalada en Richmond, con excelentes resul 
tados. El informe, por Kelly, será publicado próximamente. 

También Hanson, en la Universidad de Michigan ha estudiado los efectos de 
amortiguamiento suplementario en los edific1os (ref. 9), con resultados muy 
promi~orios. 
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Pruebas en edificios reparados 

El excelente comportamiento de edificios rigidizados con diagonales de con
traventeo durante el sismo de septiembre de 1985 en la Ciudad de México, p~ 
do apreciarse en tres edificios de mediana altura que fueron reparados em-
pleando este sistema tras·haber sido dañados por temblores anteriores a 
1985, (refs. 10 y 11), y que se comportaron muy satisfactoriamente en esta 
ocasión, (figs. 17 y 18). Con el patrocinio de la Fundación Nacional de -
Ciencias de los Estados Unidos, dos de estos edlficios fueron estudiados 
dentro de un proyecto de investigación encabezado por Douglas Foutch_de la 
Universidad de Illinois y yo mismo. En enero de 1987 llevamos a cabo pru~ 
bas de vibración forzada en ambos edificios empleando los vibradores de m~ 

sas excéntrlcas propiedad del Instituto Tecnológico de California, y varios 
alumnos realizaron el an5lisis el~stico e inel§stico paso a paso de distin
tos modelos matemáticos de los edificios. La interpretación de los resul
tados de las pruebas de vibración forzada y su reconciliación con los de 
los modelos matemáticos se resumen en las figuras 19 y 20, (ref. 12). 

Como puede verse en dichas figuras, una parte importante de los desplaza-
mientos laterales se debe a rotación de la base, debido a las característi
cas del subsuelo blando de la Ciudad de Héxico. Esto disminuyó un poco la 
eficiencia del sistema de contraventeo, pues, por ejemplo, en el edificio -
de Durango el período con base empotrada sería de 0.90 seg. mientras que el 
período con interacción es de 1.26 seg.; sin embargo, la solución funcioñó 
bastante bien como se indicó anteriormente, ya que cambió radicalmente el -~ 
perfodo que tenfa la estructura antes de la r1gid:ización, de 1.86 seg., sa: 
cándola de una condición cercana a la resonanc:ia, que fue la que le provocó 
los daños en un temblor mucho menos intenso que el de 1985. Para el edifi 

. cio de Parque España la situación es similar. Se puede afirmar que si n:? 
se hubieran rigidi:.zado y reforzado estos edificios hubieran colapsado en _, 
1985. 

Concluslones y recomendaciones 

La reestructuración de edificios puede ser exitosa si se toman en cuenta 
una serie de detalles, como verificar que las propiedades dinámicas de la -
estructura resultante sean adecuadas con respecto a las características del 
movimiento del terreno; el flujo de fuerzas entre la estructura original y 
los refuerzos debe estudiarse culdadosamente para conectarlos correctamente 
Con frecuencia es necesario reforzar las columnas que enmarcan las crujías 
contraventeadas debido a las fuerzas adicionales que atraen, en virtud de 
la redistribución de efectos sísmicos causados por la mayor rigidez de es 
tas crujías. Es necesario verificar también que la cimentación tenga la ~ 
resistencia y rigidez suficientes para absorber adecuadamente la nueva dis
tribución de fuerzas. También es muy importante asegurarse de que los di~ 
fragmas horizontales tengan la rlgidez y reSlStencla suficientes para trans 
rnitir las fuerzas a los nuevos elementos; si no es así, es necesario refor
zarlos. 

El empleo de amortiguadores para reducir la respuesta durante temblores in
tensos constituye una técnica muy promisoria que probablemente sea empleada 

·pronto en la reestructuración de edificios dañados y en la construcción de 
edificios nuevos. 
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Fig 5 Losa de estacionamiento que causó los daños 
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RESUMEN 

Se presentan las estadisticas de los daños causados por el sismo del 19 de Septiembre de 1985 en la Ciudad de 
México. Se comenta sobre la necesidad de hacer una evaluación antes de reparar un edificio. sobre las distintas 
técmcas de reforzamiento empleadas y se ilustran éstas con algunos ejemplos. Se hacen también comentarios sobre 
el comportamiento de algunas estructuras reforzadas antes del sismo y de la adición de dispositivos para absorber 
energía. Al final se presentan conclusiones y recomendaciones. 

ABSTRACT 

StatJstics of damages caused of the September 19, 1985 earthquake are presented. Commentaries are made 
concerning the need of evaluation befare making the repair project. as well as regarding the different techniques 
employed. Sorne examples are illustrated. Commentaries about the behavior of repaired structures and the addition 
of energy absorbing devices are made. Finally conclussions and recommendations are presented. 

JNTRODUCCJON 

El sismo del 19 de Septiembre de 1985 ha sido el mas destructivo en la historia rie la Ciudad de México. La 
magnitud del movimiento fue de 8.1 en la escala de Richter. el epicentro se ubicó a 400 km de la Ciudad. Al día 
siguiente se tuvo una réplica de magnitud 7.5 que afortunadamente ya no produjo muchos daños adicionales 

Las intensidades en la Ciudad. en la escala de Mercalli modificada. variaron de VI en la perifena a valores de VIII, 
IX y X en algunas zonas de terrenos blandos. que es donde los efectos de los sismos se amplifican y causan los 
daños más importantes. En la zona de máx1mos daños colapsaron totalmente 133 edificios, 353 sufrieron colapsos 
parciales y 271 tuvieron daños graves. una buena parte de los cuales tenía de 6 a 15 niveles, lo que es reflejo de 
problemas dinámicos asocmdos a Jos penodos dominantes del terreno, que en esa zona de máximos daños varían 
entre 1.5 y 2.5 segundos, periodos que son cercanos a Jos de edificios flexibles, de mediana altura. quizá dañados por 
los primeros ciclos intensos del movimiento. 

Esta situación puso en evidencia que la filosofía de diseño sísmico empleada en la mayoría de los Reglamentos de 
Diseño. que se basa en la reducción de los efectos sísmicos debido al comportamiento inelástico de las estrUcturas, 
empleando factores de reducción por ductilidad. puede no ser lo más adecuado para edificios de altura media 
desplantados en terrenos blandos 

Si se observan los espectros de respuesta tip1cos para terrenos blando y duro (fig. 1) puede concluirse que la 
ductilidad de la estructura es benéfica en el caso de terrenos duros, por que cuando la estructura pierde rigidez 
debido a la formación de articulaciones plásticas y su penado se alarga. la respuesta será menos severa; sin embargo, 
en el caso de terrenos blandos. que tienden a producir movimientos casi armónicos con un gran p1co de respuesta 
para estructuras cuyos penados son cercanos al periodo dommante en el movimiento del suelo. puede haber dos 
situaciones: la respuesta de la estructura dismmuirá cuando su periodo fundamental de vibraciÓn se alargue si el 
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periodo original es mayor que el periodo dominante en el movimiento del suelo (edificios altos). pero dicha 
respuesta se incrementará al alargarse el periodo, si su valor original es menor que el dominante en el suelo. aunque 
éste m cremento será menor que el correspondiente al comportamiento perfectamente elástico por que las ordenadas 
espectrales de respuesta se reducirán en función del amortiguamiento adicional debido al comportamiento inelástico. 

En éste último caso, emplear factores de reducción por ductilidad elevados puede conducir a la estructura a daños 
graves o colapso. por lo que es deseable usar valores baJOS y, de preferencia, disipar la energía· sísmica empleando 
dispositivos especiales para este fin. 

CUANTIFICACION DE LOS DAÑOS EN LA CIUDAD DE MEXICO 

La Tabla 1 compara el número de construcciones dañadas con el número de existentes en la zona más dañada de la 
Ciudad. tomando como variable el número de niveles. Para construcciOnes de uno a cinco niveles. el porcentaje de 
estructuras dañadas en relación con las existentes es del orden del 1.3%. debido en general a que son construcciones 
con periodos cortos alejados de los dominantes en la vibración del suelo; sin embargo, el aumentar el número de 
niveles, aumenta sensiblemente el porcentaje de daños, ya que para edificios de seis a ocho niveles se dañó, en la 
zona estudiada, el 8.4% de los edificios existentes, de nueve a doce niveles el 13.5% y de trece a quince niveles el 
13.7%. bajando notablemente los daños para edificios más altos. cuyos periodos ya son mayores. en general, que los 
dominantes en la vibración del suelo 

Cabe aclarar que si la estadística se toma considerando solo el número de construcciones dañadas. comparando los 
de una cierta cantidad de niveles con el total de dañadas, los porcentajes cambian radicalmente. pues en números 
absolutos hubo más daños en las de uno a dos niveles. que corresponden al 46% de las dañadas. sigtucndo las de tres 
a cmco niveles con el 24% del total y las de seis a ocho niveles con el 18%, por lo que resultó necesano comparar 
con el número de construcciones existentes de cada tipo, para revelar el problema dinámico en toda su extensión. 

Tabla 1.- Daños en edificios en función del número de niveles 

No. de niveles Edificios dañados %del total de EdHicios existentes en Edificios dañados 
gravemente dañados la zona estudiada entre edificios 

.... .. .. ·existentes_ 

Ja2 346 45.7 37484 1.07% 

3 a 5 179 23.6 13498 1.3% 
6 a 8 136 18.0 1616 8.4% 
9 a 12 72 9.5 531 13.5% 
13 a 15 22 2.9 160 13.7% 

16 a 18 o o 22 0% 
mas de 18 2 0.3 47 4.3% 

... Sumas 757 !00.0 53358 . ].4% 

Al considerar los daños en cada uno de los sectores en que se subdividió la zona de máximos daiios. se encontró que 
hubo sectores donde el porcentaJe de daños en estructuras de seis a ocho niveles fue de 34% de las existentes, otros 
donde las más afectadas resultaron las de nueve a doce niveles, con 67% de las existentes y otros donde para 
estructuras de trece a quince niveles se afectaron el 60% y hasta el 75% de las existentes. lo cual seguramente fue 
causado por la variación de los penados dommantes del suelo antes mencionada. ref. l. Se pudo ver también que 
edificios idénticos a los dañados senarnente en una zona. no presentaban ningún daño cuando estaban construidos 
sobre terrenos más finnes. con características de vibración diferentes. 

Cabe menciOnar que el número total aprox1mado de construcciones en el área metropolitana era cercana a 1.9 
millones y que según datos oficiales de fines de 1985, el número total de construcciones con daños graves en la 
Ciudad fue de 1628 y, si se incluyen otras construcciones que solo requieren reparación parcial, el total sube a 3382 
edificaciones dañadas. En referencias posteriores, y después de haber hecho un levantamiento más completo (rcf. 2) 
se menciOnan 3820 estructuras hasta cuatro niveles y 1105 de más de cuatro niveles con algún tipo de daño. lo que 
da un total de 5025 edificaciones dañadas en toda la cmdad. 



Como puede verse, con respecto al total de edificaciones. las dañadas representan un porcentaje muy bajo. lo que 
indica que a pesar de la gran intensidad del sismo, la ciudad en su conjunto tuvo un comportamiento muy aceptable: 
pero como se mencionó, hubo una gran selectividad en las estructuras afectadas, principalmente en cuanto al :número 
de niveles y terreno en que están desplantadas. La zona de mayor destrucción estaba ubtcada en su totalidad en 
terrenos compresibles y abarcó un área de 43 km 2

, de un total de 1110 km 2 de área metropolitana en esa época. 

EVALUACION DE EDIFICIOS DAÑADOS 

Todo edificio dañado que quede en pie después de un temblor intenso puede ser reparado. pero esto debe decidirse 
en funCión de la extensión de los daños. la posible inclusión de una estructura adiciOnal, la confianZa del propietano 
en el ingemero estructunsta y el costo de la reparación comparado con el costo de reposición del edificiO. mcluyendo 
la demoltción. 

Antes de hacer el proyecto de reparación es necesario llevar a cabo una evaluación detallada para establecer la · 
importancta de los daños y sobre todo. la causa de éstos; para ello es necesario un conocimiento sólido acerca del 
comportamiento de los materiales y de Jos sistemas estructurales. Es necesario recopilar la mayor información 
posible sobre el edificio, tal como: 

• Estudios del subsuelo 
• Planos arquitectónicos y estructurales 
• Memoria de cálculo de la estructura 
• Características de los materiales empleados. Pruebas de control de calidad 
• Bitácora de obra 
• Cambios de ocupación o modificaciones realizadas durante la construcción o postenormente 
• Efectos de sismos an!.eriores. Información sobre posibles reparaciones que se le hayan hecho ",.. 
• Control periódico de nivelaciones y desplomes (especmlmente para edificios construidos sobre suelos blandos). 
• Medición de periodos de vibración 
• Otra información que se tenga. 

Es común que no se disponga de toda la información o que aún existiendo no coincida con la realidad. por !á que es 
necesario verificarla en el lugar haciendo levantamientos de campo: en muchas ocasiones los aCabados 
arquitectónicos: plafones, revestimientos. etc., cubren los elementos estructurales dificultando su observacióniOirecta 
y habrá que retirarlos parcialmente. 

Para conocer las características de los materiales empleados es recomendable usar métodos no destructivos; por 
ejemplo, en estructuras de concreto reforzado usar esclerómetros o aparatos similares para definir la resistencia y la 
uniformidad del concreto (complementado con el ensaye de algunos corazones de concreto extraídos de zonas donde 
no se debilite a la estructura) y el uso de profómetros. que permiten conocer la'ubicación, recubrimiento y diámetro 
del refuerzo sin tener que hacer calas. En ocasiones al hacer calas a una estructura para conocer su refuerzo se 
debilita notablemente y st al término de la evaluación se concluye que no necesitaba reforzarse. de todos modos es 
necesano repararla por Jos daños causados al hacer las calas. 

Cabe aclarar que en todo edificio se tienen elementos estructurales coll)O columnas, muros. trabes. y losas que serán 
los que absorberán los efectos de las cargas de peso propio y acabados, así como las cargas vivas y accidentales, pero 
además existen los llamados elementos "no estructurales'' que como el nombre indica no tienen asignada ninguna 
función de ttpo estructural para colaborar en la rigidez y resistencia de la construcción; entre los elementos no 
estructurales están los plafones, las ventanas y las instalaciones eléctricas. sanitarias o de otro tipo, así como las 
fachadas y los muros de colindancia o mteriores, cuya función no sea estructural por falta de continuidad en 
elevación y por su posición asimétrica en planta. 

La construcción inadecuada de aquellos elementos no estructurales que por sus caracteríscas intrínsecas pueden 
colaborar de manera importante a la rigidez de la estructura impidiendo el movimiento de ésta cuando tiembla, ha 
sido causa ~e numerosas fallas, sobre todo en aquellos casos en que la resistencia a fuerzas laterales depende solo de 
columnas y trabes o losas, sin la colaboración de muros estructurales. 
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Los elementos no estructurales que causan más problemas en este sentido son los muros de mampostería de 
colindancias o interiores, así como los pretiles en fachadas. Estos elementos tienen una gran rigidez en su plano, en 
otasiones mayor que la de la estructura y suelen construirse ligados perfectamente a ésta, sin holguras que pcnnitan 
su movimiento al ocurnr un sismo. Es obv10 que los cálculos hechos sin tomar en cuenta esos elementos no serán 
representativos de la realidad, y que lo que ocurra durante un sismo intenso en esas condiciones es impredecible 

Durante los sismos de septiembre de 1985 pudieron observarse muchos casos en los que la falla del edificio se debió 
a la construcción inadecuada de los elementos no estructurales, especialmente en aquellos casos en que la ubicación 
de esos elementos provocó problemas importantes de torsión en planta, o falla frágil de columnas por fuerza cortante 
debido a su mayor rigidez al estar atiesadas parcialmente por algún pretil de fachada o muro bajo, ref. 1 

De acuerdo con la ref. 3, 42% de los edificios gravemente afectados por estos temblores estaban ubicados en 
esquina: esto se explica por las grandes torsiOnes en planta generadas por la colaboración, completamente asimétrica, 
de los muros de colindancia ligados a la estructura, lo que hubiera podido evitarse con una construcción adecuada de 
esos elementos no estructurales. 

También, en varios casos, los daños se hubieran podido evitar o reducir si se hubiera hecho una evaluación adecuada 
de los efectos de temblores previos menos intensos, como por ejemplo el ocurrido en la Ciudad de México el 14 de 
marzo de 1979, que produjo muchos daños en elementos no estructurales, que se resanaron sin estudiar las causas, lo 
que habría revelado problemas asociados a la construcción inadecuada de dichos elementos no estructurales que 
deberían corregirse, ref. 4. 

Desde luego hay que reconocer que en algunos casos el colapso total del edificio fue evitado por la colaboración de 
muros no estructurales colocados simétricamente en planta y sin discontinuidades en elevación. 

Cuando la construcción dispone de muros estructurales bien ubicados en planta y suficientemente rígidos y 
resistentes para absorber una buena parte de los efectos de fuerzas laterales debidas a sismo, la contribuCión de 
elementos no estructurales se minimiza. 

Entre otros aspectos importantes que hay que considerar al hacer la evaluación de edificios existentes. además del 
menciOnado en relación con los elementos no estructurales, se encuentran la distribución de cargas, la regularidad de 
la planta arquitectónica así como de la elevación correspondiente y la disposición y tipo de elementos estructurales 
utilizados: Arnold y Reitherman, ref. 5. engloban todo lo anterior en el concepto de configuración del edificio y 
analizan las diferencias en la respuesta de las estructuras a los sismos en función de esto. 

Un parámetro muy importante en la evaluación de edificios existentes, sobre todo de los desplantados· en suelos 
blandos, es su periodo de oscilación, el cual se puede medir empleando aparatos especiales, que captan el 
movimiento del edificio provocando por viento y tránsito de vehículos en su vecindad: también puede provocarse 
mayor excitación empleando vibradores especiales. lo que resulta costoso, o jalando al edificio con cables de acero y 
liberándolo. La comparación de los penodos de vibración del edificio con los periodos dominantes en la vibración 
del suelo permitirá detectar' condiciOnes cercanas a la resonancia. que provocan grandes amplificaciones en la 
respuesta del edificio a un sismo. 

REPARACION DE EDIFICIOS DAÑADOS 

Se han empleado distintos métodos para reparar estructuras o incrementar su resistencia y rigidez, refs. 6 'y 7. Los 
más usuales son: 

• Encamisado de columnas y/o vigas 
• Adición de muros de rigidez de concreto reforzado 
• Adición de d¡agonales de contraventeo metálicas. en varias crujías 
• Refuerzo de muros de mampostería con aplanados de concreto reforzados con malla electrosoldada 

La eficiencia de estas soluciones es variable y debe decidirse cual usar en cada caso particular dependiendo de las 
circunstancias que se tengan. 
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En ocasiones, para no reparar o reducir al mínimo las necesidades de reparación, se han demolido uno o varios 
niveles de la construcción. confiando en que al bajar el peso bajará la respuesta de la estructura y la resistencia 
original será suficiente para evitar nuevos daños. 

En mi opmión se debe dar atención especial a las características dinámicas de la estructura resultante, ya que en 
muchos casos los daños pueden atribuirse a condiciones cercanas a la resonancia en la estructura original. como se 
discutió anteriormente y si no se cuida este aspecto la estructura modificada puede quedar en peligro de sufrir daños 
mas severos en movimientos futuros. Por ello es importante, antes de iniciar el proceso de reparación. el tener una 
explicación razonable de las causas de las fallas. 

Con la adición de muros de rigidez o diagonales de contraventeo o con la eliminación de varios niveles. es posible 
modificar significativamente las características dinámicas de las estructuras para alejarlas de situaciones de respuesta 
peligrosas. aunque debe cuidarse que al modificarla no se lleve a la estructura a una zona del espectro en que sea 
más vulnerable, de acuerdo con lo mencionado en la introducción. lo cual dependerá del periodo original de la 
estructura comparado con el dominante en la vibración del suelo. En algunas ocasiones tal vez la mejor opción sea 
suministrar amortiguamiento adicional a la estructura (ref. 8), para evitar grandes amplificaciones de la respuesta. 

Con el encamisado en columnas únicamente o con el encamisado de trabes y columnas no se logra modificar las 
características dinámicas de manera apreciable, por lo que pueden quedar en Condiciones peligrosas en caso de un 
nuevo sismo intenso. 

La adición de muros o diagonales de contraventeo modifica también de manera importante la forma en que se 
transmiten a la cimentación los efectos de las cargas de sismo, requiriéndose refuerzo local que es complicado de 
realizar. Por ésto es conveniente que se empleen muros o tableros contraventeados de la mayor longitud posible, o 
amortiguamiento adicional, para reducir las concentraciones de carga en cimentación. También se modifica en este 
caso la distribución de 1fuerzas sísmicas que deben transmitirse a través de los sistemas de piso a los distmtos 
elementoS resistentes. por lo que debe verificarse que esos diafragmas horizontales tienen la rigidez y reSistencia 
suficiente para transmitir las fuerzas a los nuevos elementos, y si no es así deberán reforzarse. 

Debe reconocer que la detenninación de las características dinámicas de las estructuras no es siempre confiable, por 
la dificultad de modelar adecuadamente al edificio origmal dañado más los elementos de refuerzo. En suelos blandos 
el efecto de interacción suelo-estructura puede aumentar apreciablemente el valor del periodo de vibración calculado 
con la hipótesis de base rígida (entre más rígida sea la estructura mayor será el efecto de interacción). C6nv1ene 
verificar experimentalmente las modificaciones que sufran las características dinámicas de la estructura midiendo los 
penados antes y después de la rigidizac1ón o reparación. con aparatos especiales. Esto pennitirá también verificar si 
el modelo matemático fue satisfactorio. 

Los conceptos anteriores fueron plenamente comprobados durante los sismos de septiembre de 1985 en la Ciudad de 
México en dos edificios que fueron reparados empleando diagonales de contraventeo metálicas por haber sido 
dañados por el sismo del 14 de marzo de 1979 (ref. 4). Mas adelante se hacen comentarios sobre estos edificios. 

EJEMPLOS DE APLICACION 

a) Centrales telefónicas.- La Compañia Teléfonos de México fue de las más afectadas por el sismo de 1985 pues 
varios de sus edificios sufrieron colapso total. parcial o daños graves, con la suspensión del servicio durante varias 
semanas, por Jo que decidieron emprender una campaña de reestructuración y refuerzo de todas sus centrales 
telefónicas ubicadas en zonas sísmicas del país aún cuando no tuvieran daños. Bajo mi dirección se han elaborado 
más de treinta proyectos de refuerzo de centrales telefónicas de distintos tipos y número de niveles. Una de la 
características principales de estos proyectos era la necesidad de que las actividades normales de la central no se 
mterrumpieran durante la ejecución de los trabajos, por lo que en general los refuerzos se colocaron en la periferia de 
los edifictos Siempre que era posible se colocaban por el exterior, para no afectar el servicio. Prácticamente en 
nmguna de las centr~les se encontraron problemas asociados a condiciones cercanas a la resonancia, pues en general, 
a pesar de que las estructuras eran relativamente flexibles por tener entrepisos muy altos, de más de 5 m, el número 
de niveles no llegó a causar problemas por cercanía de periodos de las estructuras comparados con los del suelo en 
que estaban desplantadas. En general el problema era de resistencia, sobre todo en el suelo blando de la Ciudad de 
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~v1éxico. pues los coeficientes sísmicos se incrementaron a valores cuando menos del orden de 2.4 veces los del 
dtseño original. ya que el coeficiente sísmico base subió de 0.24 a 0.40. pero además, para estructuras del grupo A, 
el factor de incremento cambió a 1.3 a 1.5, y además, en casi todos los casos las estructuras no satisfacen las nuevas 
condiciones de regularidad establecidas en el nuevo Reglamento, lo que implica un incremento adicional de 25% en 
las fuerzas de diseño. Además, en muchos casos tampoco se satisfacen los requisitos para usar factores de 
comportamiento sísmico de 4 ó 3. ya que los nuevos requisitos para marcos dúctiles son muy severos. por lo que el 
factor de comportamiento que debe usarse en la mayoría de los casos es 2. lo que puede incrementar un 100% 
adicional las fuerzas de diseño o'riginales; si se diseñaron con factores de comportamiento mayores que 2. 

Para subsanar la falta de resistencia se emplearon marcos de acero con diagonales de contraventeo robustas, 
adosados a la estructura original o aplanados de concreto de 5 a 1 O cm de espesor reforiadoS con malla 
electrosoldada a lo largo de los muros de fachada. haciendo trabajar estructuralmente a estos muros que en el 
proyecto angina! eran no estructurales. 

La figura 2 muestra una planta y elevación típica. indicando donde se colocaron marcos contra venteados adicionales. 
En las figs. 3 a 5 se muestran detalles de recimentación para recibir los marcos y distintos aspectos de la colocación 
de éstos. 

b) Otro caso en que los daños no pueden atribuirse a las condiciones dinámicas, es el de un edificio de hospital 
localizado en una zona de máximos daños, con varios colapsos totales en un radio de 100 m. El edificio tiene ocho 
pisos y sótano (figs. 6 y 7). La estructura original era a base de marcos de concreto reforzado y muros de concreto en 
algunas crujías por lo que era relativamente rígido comparado con las propiedades de suelo; sin embargo. hubo fallas 
Importantes en las columnas del sótano causadas por golpes contra la losa del piso de un estacionamiento anexo 
cuyo nivel era aproximadamente 50 cm abajo del nivel de piso dentro del edificio: la cimentación tiene pilotes de 
controL fue necesario cambiar la mayoría de los puentes que transmiten la carga a los pilotes, pues se dañaron a 
causa del golpeteo. En el resto del edificio los daños fueron menores. con algunas losas de piso agrietadas, lo que se 
atribuyó a efectos de fuerza cortante ' 

Las normas de emergencia publicadas el 18 de octubre de 1985, que se emplearon para la reparación, pedían la 
reestructuración de cualquier edificio que hubiera sufrido daños mayores. El nuevo coeficiente sísmico era 67% 
mayor que el del reglamento en vigor antes del sismo, por lo que, para lograr que la estructura cumpliera con las 
nuevas normas fue necesario reforzar también los niveles superiores del edificio. Las columnas del sótano fueron 
encamisadas y algunos tramos del muro de retención, que no llegaban hasta el nivel de planta baja para dar 
iluminación al sótano. fueron cerrados para tener mayor capacidad resistente. Se agregaron también varios muros de 
concreto reforzado en los pisos supenores para satisfacer las demandas de resistencia de las normas de emergencia, 
estos muros se anclaron a los marcos empleando tramos de varillas que se alojaban en taladros y se rellenaban con 
resinas epoxy. 

Las grietas de las losas de niveles superiores fueron rellenadas con resinas epoxy, y para aumentar su resistencia al 
corte se apltcó presfuerzo a las losas en la dirección longitudinal del edificio (fig. 8). No fue necesario incrementar el 
número de pilotes de la cimentación. La losa de estacionamiento que causó el problema se demolió a lo largo de su 
contacto con el edificio. dejando una trinchera para absorber movimientos futuros. 

Se midieron los periodos de vibración en condiciones ambientales después de la reparación. obteniendo valores de 
0.62 seg. en dirección transversal y 0.53 seg. en la dirección longitudinal Estos valores concuerdan razonablemente 
bien con los calculados. Se considera que estos periodos garantizan que el edificio tendrá un respuesta baja en 
movumentos futuros ya que están suficientemente lejos de los periodos dominantes del movimiento del suelo en ese 
lugar: asimismo la causa princtpal del daño (la losa del estacionamiento) fue eliminada. 

e) Las figuras 9 a 14 ilustran los refuerzos a base de marcos contraventeo adicionales en dos edificios cuyas 
condiciones dmámicas los hacían muy vulnerables a los efectos sísmicos, aunque su periodo era mayor que el 
dominante en el suelo. La rigidez de los marcos adicionales pennitió que se lograra una reducción importante de Jos 
periodos. para que la respuesta sea adecuada. 
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COMENTARIOS ADICIONALES 

Pruebas en edificios reparados 

El excelente comportamiento de edificios ngidizados con diagonales de contraventeo durante el sismo de septiembre 
de 1985 en la Ciudad de México, pudo apreciarse en tres edificios de mediana altura que fueron reparados 
empleando este sistema tras haber sido dañados por temblores anteriores a 1985, (refs. 4 y 9), y que se comportaron 
muy satlsfactonamente en esta ocasión. Con el patrocinio de la Fundación Nacional de Ciencias de los Estados 
Unidos. dos de estos edificios fueron estudiados dentro de un proyecto de investigación encabezado por Douglas 
Foutch de la Universidad de 1\hnois y yo mtsmo. En enero de 1987 IJevamos a cabo pruebas de vibración forzada en 
ambos edificios empleando los vibradores de masas excéntricas propiedad del Instituto Tecnológico de California. y 
varios alumnos realizaron el análisis elástico e inelástico paso a paso de distintos modelos matemáticos de los 
edificios. La interpretación de Jos resultados de las pruebas de vibración forzada y su reconciliación con los de los 
modelos matemáticos se resume en las figuras 15 y 16, (ref. 12). 

Como puede verse en dichas figuras. una parte importante de los desplazamientos laterales se debe a la rotación de la 
base. debido a las características del subsuelo blando de la Ciudad de México, Esto disminuyó un poco la eficiencia 
del sistema de contraventeo, pues por ejemplo, en el edificio de Durango el periodo con base empotrada sería de 
0.90 seg. mientras que el periodo con interacción es de 1.26 seg.; sin embargo, la solución. funcionó bastante bien 
como se indicó anteriormente, ya que cambió radicalmente el periodo que tenía la estructura antes de la rigidización, 
de 1.86 seg .. sacándola de una condición cercana a la resonancia, que fue la que le provocó los daños en un temblor 
mucho menos intenso que el de 1985. Para el edificio de Parque España la situación es similar. Se puede afirmar que 
si no se hubieran ngid1zado o reforzado estos edificios hubieran colapsado en 1985. 

Adición de dispositivos para absorber energía 

Una mnovación en ingeniería sísmica es la adición de amortiguamiento externo a las ·estructuras para absorber 
energía y reducir su respuesta. Se ha demostrado en numerosos artículos técnicos los efectos benéficos del 
amortiguamiento para reducir la amplificación de los movimientos del terreno; la ventaJa fundamental de estos -·:-
nuevos sistemas es que no es necesaria la formación de articulaciones plásticas para que se redazca la respuesta, ya 1· 
que los amortiguadores! pueden diseñarse de tal manera que empiecen a actuar antes que la estructura llegue al .~1 

comportamiento inelástico. 11 

Se han propuesto varios tipos·· de amortiguador diferentes, (refs. 8. lO y ll ), uno emplea capas de material 
v1scoelástico en contacto con placas de acero para absorber la energía por deformación; el otro usa balatas de freno 
para disipar energía por fncción contra placas de acero, otro más emplea placas que fluyen plásticamente. Todos 
pueden introducirse en crujías contraventeadas. 

La Universidad de California en Berkeley ensayó un modelo de edificio de acero de nueve niveles equipado con 
distmtos tipos de disipadores. en la mesa vibradora instalada en R1chmond, con excelentes resultados. 

También Hanson. en la Universidad de Michigan. ha estudiado los efectos de amortiguamiento suplementario en los 
edificios (ref. 8), con resultados muy prornisorios. Los dispositivos de Hanson han sido empleados en la 
reestructuración de tres edificios de la Ciudad de México, (ref. 12). 

CONCLUSIONES Y RECOMENDACIONES 

La reestructuración de los edificios puede ser exitosa si se tornan en cuenta una serie de detalles; debe verificarse que 
las propiedades dmám1cas de la estructura resultante sean adecuadas con respecto a las características del 
movimiento del terreno; el flujo de fuerzas entre la estructura original y los refuerzos debe estudiarse 
cuidadosamente para conectarlos correctamente. Con frecuencia es necesario reforzar las columnas que enmarcan las 
crujías contra venteadas debido a las fuerzas adicionales que atraen, en virtud de la redistribución de efectos sísmicos 
causados por la mayor ngidez de estns crujias. Es necesario verificar también que la cimentación tenga la resistencia 
y rigidez sufic.ientes para absorber adecuadamente la nueva distnbución de fuerzas. También es muy Importante 
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asegurarse de que los diafragmas horizontales tengan la rigidez y resistencia suficientes para transmitir las fuerzas a 
los nuevos elementos; si no es así, es necesario reforzarlos. 

El empleo de amortiguadores para reducir la respuesta durante temblores intensos constituye una técnica muy 
promisona que ya se ha empleado en la reestructuración de edificios dañados y está en proceso en la construcción de . 
edificios nuevos. 
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1.- RESUMEN. 

Se descnben los daños causados en un edificio de 
la c1udad de Méx1co por el sismo del 14 de marzo de 1979, 
los critcnos empleados para la reparación de los daños, el 
comportamiento del edificio ante el sismo del 19 de 
sepl!embre de 1985 y los estudios que se hicieron en él 
después de dicho temblor para explicar su buen 
comportamiento 

2.- INTRODUCCIÓN. 

El sismo del 14 de marzo de 1979, de magnitud 7.6 
' con ep1centro en las costas de Guerrero, fue el más 
Intenso sentldo en la Ciudad de México después del 
ocurrido el 28 de julio de 1957, que fue el que sirvió de 
base para los reglamentos de diseño por sismo de la c1udad 
de Méx1co El sismo de 1979 afectó un número importante 
de edifiCIOS. provocando varios colapsos totales Entre los 
edifiCIOS afectados se encontraba un condomimo de 
consultorios médicos ubicado en la Colonia Roma, el cual 
se analiza en este trabajo, ver ref. l. 

3.- DESCRIPCIÓN DEL EDIFICIO. 

El edificiO tiene 12 m veles y caseta de elevadores 
La estructura es de concreto reforzado, su planta mide 
1 1 9 m por 21 3m, con una altura de 36.4 m sobre elmvel 
de desplante. excluyendo la caseta de elevadores ,. 
escaleras La figura 1 muestra la planta tip1ca. 

Las fuerzas laterales en la estructura original eran 
resiStidas por los marcos 1 a 5 en la dirección este - oeste 
(transversal) y por los marcos A y C en dirección norte -
sur (longitudinal) Los marcos 1 y 5 tienen sólo dos 
columnas cada uno, figura 2, y son idénticos salvo por que 
la trabe de planta baja se omitió en el marco 1 para perm1t1r 
el acceso de vehículos al sótano. En ambos marcos se 

emplearon trabes peraltadas ( 1 35 m) como parte de las 
fachadas Estas trabes acortan la longitud efectiva de las 
columnas de estos marcos v los hacen mucho más rig1dos 
que los marcos 2 a 4, así como más rig1dos de lo supuesto 
en el análisis ongmal. ya que cuando el edifiCIO fue 
diseñado no se empleaban aún computadoras para análisis 
estructural, y éstas se analizaban con métodos aproximados 
que en general no tomaban en cuenta la rigidez adicional 
producida por la intersección de trabes peraltadas ,. 
columnas (efecto de nudo) subestimando por tanto la 
rig1dez de entrepiso, lo que propiciaba la posible falla de 
las columnas al absorber esos marcos fuerzas mavores a las 
calculadas En la figura 2 se muestran los daños causados 
en 1979. 

Los marcos 2 a 4 son idént1cos. con 3 columna 
trabes acarteladas como muestra la f¡gura 3. El SIStema ~
piso esta constituido por una losa de 5 cm de espesor 
reforzada con nervaduras en la dlrecc1ón norte - sur a cada 
60 cm 

Los marcos A y C son idénticos, el marco B no está 
conectado con la losa por lo que no forma parte del sistema 
resistente a fuerzas laterales. Los marcos A y C tienen 
muros de colindancia no estructurales, de mampostería de 
tab1que roJO recocido. desligados de los marcos por mediO 
de una holgura rellena con celotex a los lados y extremo 
superior en cada crujía. Se consideró que estos muros no 
colaboraban con los marcos para resistir las fuerzas 
sísmicas. 

La cimentación consiste en un cajón de concreto 
reforzado, con muros de contención de 20 cm de espesor ' 
con trabes de liga en los ejes de columnas. con un peralte 
total de 2.40 m. soportado por pilotes de fncción. Los 
resultados de los estudios que se hicieron al edificio 
indicaron que esta Cimentación se comporta como cuerpo 
rígido. En un estudio geotécnico realizado como parte 
los estudios se encontró que el ed1ficio está sobre estra,. 
de arcilla muy blanda de 40 m de espesor, con contemdos 
de humedad promedio de 300%, ref. 2. 



4.- DAÑOS OBSERVADOS DESPUES DEL SISMO 
DE 1979. 

El ed1fic10 fue seriamente dañado por el sismo de 
197~ L~' cone.x10nes trabe-columna de los marcos 1 y 5 
sufneron agrietamientos severos, en el marco 5 el acero de 
refuerzo en el pnmer nivel quedó expuesto, figura 4. Las 
columnas de los primeros cuatro niveles mostraban 
agnetamientos diagonales y verticales, figura 5. Las vigas 
peraltadas también estaban bastante agnetadas. Los muros 
Interiores tenían agnetam1entos Importantes. Después de 
cswd1ar el problema se conclu\'Ó que el daño podría 
atnbuirsc a la subesumac1ón de la rigidez de los marcos 
antes cnada Además, la med1ción de penodos del ed1ficio 
re\ eló que en dírecc1ón transversal era relativamente 
tlex1ble. con periodo de l 87 seg, que es alto para un 
edltJCIO de 12 nt\eles' que estab~ relativamente cercano a 
los penodos dommantcs en el terreno en que estaba 
desplantado el ed1ficio. lo que; propiciaba una mayor 
respuesta. deb1do a la pos1ble resonancia. El edificiO fue 
"'acuado para poder repararlo 

5.- CRITERIOS DE REPARACION EMPLEADOS 

E \.1St en diversas técntcas para la reparación de 
cd1ficJOs dañados, desde inyección de las grietas con 
rcsmas cpóx1cas, encamisado de columnas y trabes, 
ad1c1ón de muros de ngidez o refuerzo de los muros 
existentes o mclus1ón de elementos diagonales de 
contra venteo metáltcos. conectados a la estructura onginal, 
l..'ntrc otras. \·er ref 3 

.-\ntcs de decid1r cual técmca emplear se deben 
idcnuficar las causas de los daños, pues s1 no se hace ésto 
se corre el nesgo de deJar a la estructura en una condic1ón 
nüs n1berable después de la reparac1ón. como puede 
'Cllrrir cuando el edificio tiene un periodo mayor al 
.JOmlllantc en el terreno en el cual está desplantado y se le 
ng1diza. lo que puede acercarlo a la condición de 
1 csonanc1a ' aumentar la respuesta en temblores futuros. 
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En el caso del edificiO en estudio se concluyó, como 
se mencionó antes, que los daños podrían atribuirse a la 
subesttmación de la rigidez de los marcos de fachada. lo 
que motivó que absorbieran fuerzas mayores a las 
consideradas en el diseño y fallaran. combinado con una 
mayor respuesta del edificio debido a sus características 
dinámicas, con penodos cercanos a los dommantes en la 
vibración del terreno, pero inferiores a éstos. 

Para calcular las fuerzas sisnucas a que se vería 
sometida la estructura se aphcó el Reglamento de 
construcciones para el Distnto Federal de 1976. rcf 4. que 
especificaba un coeficiente sísmico de 0.24 g. que se podía 
reducir med1ante factores de comportamiento sísmico que 
variaban entre l y 6 Para la reparación se cons1deró un 
factor de comportamiento sísm1co de 2, que es 
conservador, pero se JUzgó adecuado para tomar en cuenta 
las dificultades inherentes a los trabajos de reparación 

Se estud1aron dos maneras de repararlo,' tratando en 
ambos casos de reducir los efectos sísm1cos en los 
miembros afectados. El primero consistió en la adición de 
muros de concreto en la zona de los cubos de elevadores y 
escaleras; sm embargo. esta solución no era lo 
suficientemente rígida para reducir los efectos en los 
elementos dañados e introducía momentos flexiOnantes 
elevados en las vigas que conectaban con esos muros. por 
lo que se estud1ó una segunda opción empleando grandes 
armaduras verticales de acero, de todo el ancho del 
edificio, adosadas a los marcos de fachada anterior y 
postenor, con refuerzos locales en las losas para trasmitir 
adecuadamente las fuerzas sísmicas que serian absorbidas 
por estas armaduras, figura 6 Las conexiones entre la 
estructura original y los marcos de refuerzo se h1cieron a 
base de placas de acero y pernos, conectando en tres 
puntos de cada nivel a las trabes peraltadas, ver figura 7. 
Las columnas de los marcos de refuerzo y las diagonales 
del primer mvel están formadas por cuatro placas soldadas 
en cajón, las diagonales de los pisos supenores son dos 
canales unidos por placas. con objeto de tener relaciones de 
esbeltez relativamente bajas En el primer nivel fue 
necesario poner solamente dos dmgonales para perm1t1r el 



acceso de vehículos v personas al edificio. en los niveles 
Stlpenores se usaron cuatro d1agonales en cada mvel de 
común acuerdo con el arqmtecto que proyectó el ed1ficio. 

Se colocaron pilotes adJClonales metálicos y se 
prolongó la cJmentacJón para conectarla con los dados de 
esos pilotes y lograr un trabajo monolit1co; dada la gran 
ngidez de los nuevos marcos con respecto a la estructura 
ongmal. se diseñaron para resistir la totahdad de las 
fuerzas sísm1cas de la direcc1ón transversal. desprec1ando 
IZt contnbución de la estructura origmal 

Las columnas dañadas en los cuatro mveles mferiores 
fueron reparadas con un encamisado de placas de acero. 
rellenado con manero con adllívo estabilizador de 
1 olumcn. las gnctas en las trabes se myectaron con resinas 
..-:pÓ\:JCaS 

En la direcc1ón long1tudmal se reforzaron por el 
mtenor del ed1ficio los muros de colindancm de los marcos 
A \ e C"!re los ejeS l-2 \' 4-5 en toda la altura. Las placas 
de celotex que llenaban las Juntas entre la mampostería y la 
estn1ctura fueron eliminadas. rellenando el espaciO con 
manero. se desprendieron los acabados de los muros. se 
colocaron clavos largos en ambas direcciOnes de los cuales 
se sujetó una malla electrosoldada y se colocó un aplanado 
de concreto de 5cm. de espesor mínimo. ver f1gura 8. 

Una vez termmada la reparación se volvió a hacer una 
mediCIÓn de los penados de vibración del edifiCIO. 
encontrando que en la direcciÓn transversal se había 
reduc1do 1.87 a l 15 seg. lo que 1mphcaba un incremento 
en la ng1dcz global de 164%. esto es. la nueva ng1dez era 
2 64 veces la origmal La mediCIÓn se h1zo en condiCIOnes 
amb1entalcs. con un Sismógrafo portátil. midiendo la 
c·xcltaclón del edifiCIO provocada por viento y tránsitO de 
1 d11Cu Jo, en su v·ccmdad El mcremento promedio en el 
peso del edilicio por el refuerzo fue de 6 5%. que es 
rclati\ amt:nte bajo 

6.- COMPORTAMIENTO DEL EDIFICIO ANTE 
LOS SISMOS DE SEPTIEMBRE DE 1985 

Es b1en conoc1do que los SISmos de 1985 han sido los 
más destructivos en la h1storia de la ciudad de Méx1co. 
afectando a más de 5000 mmuebles con alturas 
comprendidas entre 1 y 24 niveles. pero concentrándose de 
manera especial las afectaciOnes en los edific10s de altura 
media. entre 6 y 15 niveles, ref. 5. deb1do, principalmente. 
al mcremento en la respuesta de estas estructuras por la 
cercanía de sus periodos de vibración a los periodos 
dommantes en la vibrac1ón del suelo. lo que se puede 
apreciar claramente en la forma de los espectros de 
respuesta obtenidos, como el de SCT, figura 9. 
correspondiente a una zona de la ciudad donde el peno? 
dominante del suelo es de 2 seg. Después de 1985 
hicieron una sene de medic10nes de los periodos del sue1v 
en distmtos SitiOS de la ciudad. pnnc1palmentc en la zona 
de terrenos compresibles, encontrando que varían entre 
l seg. aproximadamente, cerca de la zona de transición al 
poniente de la ciudad, a más de 4 seg en la zona oriente de 
la misma. ref. 6. 

El edificio en estudiO se ubica en una zona donde el 
penado del suelo es cercano a los 2 seg. como en SCT. por 
lo que se puede ver claramente. en la fig. 9. que al haber 
reducido el periodo de vibración del edificio de 1.87 a 1 15 
seg, la respuesta ante el sismo del 19 de septiembre de 
1985 se redujo aprmamadamente a la tercera pane, lo que 
expl1ca que el edificio no haya tenido ningún daño durante 
este sismo . a pesar de que el refuerzo fue calculado para 
un sismo de d1seño mucho menor que el que se presentó 

7.- ESTUDIOS HECHOS EN EL EDIFICIO. 

El excelente comportamiento del edificio atraJO e' 
mterés de investigadores intemacionales. Con el patroc1r. 
de la Fundación Nacional de Cicnc1as de los Estados 
Umdos se h1zo una mves~igac1ón muy completa 
encabezada por el Dr Douglas Foutch , de la Umvers1dad 



de lllm01s ' por el autor de este trabajo que a la sazón era 
hn esugador NaciOnal en la Drvisrón de Estudros de 
Posgrado de la Facultad de Ingemeria de la UNAM. ref 2. 
El prO\ ecto mcluYÓ estudios del subsuelo en el snro. 
1 rbracrón forzada del edrfic10 empleando unos vrbradores 
de masas excéntncas propredad del Instnuto Tecnológrco 
de Califomm. mstrumentando al edrficio para poder medir 
las deformaciOnes provocadas por la excrtación y los 
esfuerzos mducidos en los elementos de refuerzo. Se 
hrcreron estudros teóncos con análisis modal elástico y 
paso a paso, mcluyendo efectos de mteracción suelo
estructura, lo que permitió que varios alumnos de la 
Facultad de Ingemeria de la UNAM' de la Umversidad de 
lllmms pudieran elaborar tesrs de Maestría' de Doctorado. 
Dentro de este pro,·ecto se estudió también otro edificiO 
dañado en 1979 " reforzado con asesoría del suscnto, que 
·ambrén tuvo un comportamrcnto bastante satisfactorio en 
19~5. rcfs l. 2. 7 

Los resultados de las pruebas de nbración forzada 
confirmaron que la ausencia de daños ,en el edificio se 
debió a la adecuacrón de sus características dinámrcas para 
alcprse de una condición cercana a la resonancia Dos 
1 rbradores de masas excéntricas se colocaron en la azotea 
del edrfic ;o. de tal forma que se pudo excitar al edrficio en 
1 ibración transversaL longrtudinal 1 en torsrón 
acomodando la posrción rmcral de las masas de los 
1 rbradores adecuadamente, figura 1 O. Se hrcreron barridos 
de frecuencias de exc ilación en cada caso para identifrcar 
'arias formas modales. Al aumentar la frecuencia a la que 
grraban las masas se reducían éstas, con objeto de controlar 
bs fuerzas aplicadas al edificio " no provocar algún daño. 
los penados ,. amortrguamrentos obtemdos se resumen en 
1:1 tabla 1 

TABLA 
edifiCIO 

Propiedades dm:imrcas med1das en el 

Modo 

1 EW 

Periodo 
(segundos) 

1.263 

Amortiguamiento 
(% del crítico) 

2EW 
1 NS 
2 NS 
l Torsión 

0.285 
1.005 
0.219 
o 486 

5 
5 
9 
6 

El periodo calculado en direcciÓn transversal (E-W) 
supomendo la estructura empotrada en su base es de 0.90 
seg. Al considerar efectos de interacción suelo estructura 
los valores calculados coinciden razonablemente con los 
periodos medidos en ambas direccrones. sm embargo. 
como puede verse en la figura 11. las formas modales en 
ambas drreccioncs también se ven fuertemente 
influenciadas por la interacción suelo-estructura, ya que 
para la direccrón transversal aproximadamente el 55% de 
la defom1ación del último nivel se debe a translación 
(4. 7%) y a rotación de la base (50%), quedando solo 45% 
de esa deformación asocrado a la deformación de la 
estructura. Para la dirección longnudinal se obtuvieron 
resultados similares. Por lo que respecta · al 
amortrguamiento es notable la diferencca · en ambas 
direcciones. pues en la transversal es del orden del 3%. 
asocrado al comportamiento de una estructura metálica. 
mrentras que en la dirección longitudinal se obtuvo cerca 
del 5%. que se asocia bren a una estructura de concreto 
reforzado 

Se considera que esta influencia de la interacción 
suelo-estructura es la más grande medida en un edificio, y 
es el resultado de la combinacrón de suelo muy blando y 
edificio rígido Es importante tomar ésto en cuenta pues en 
este caso 40% de la rigrdez del ed1ficio se perdió debido a 
la flexibrlrdad en la base. 

Los análisis detallados efectuados revelaron que la 
máx1ma fuerza cortante en el edrfic1o. en la dirección este
oeste llegó a O 27W, empleando el acelerograma de SCT. 
Un cortante en la base de 0.30W hub1era ocasionado que 
alguno de los elementos metálicos del refuerzo alcanzaran 
su nrvel máxrmo de esfuerzo adnusrblc de acuerdo con lo 
especificado por el Instituto Amen cano de la Construcción 
en Acero. AISC, en 1980. Esto mdrca que sr el drseño se 

., 



hubicm hecho con un factm de comportamiento menos 
consérndor ,. no se hubiera despreciado la resistencia de 
b estructuro ongmal podría habase tcmdo algún daño en 
\l)X5. 

Al analizar la estructura ongmal con el acelerograma 
obtenido en SCT en 1979. se obtuvo una cortante en la 
base de O 09\V, ver figura 9, con una resistencia última del 
edificio del orden de 0.13\V. El daño observado en 1979 es 
consistente con estos valores. La respuesta elástica del 
edilicio onginal al Sismo de 1985 hubiera arroJado un 
cortame en b base del orden de O 80\V, lo que seguramente 
lo hubiera lleYado al colapso, ver figura 9 y ref 2. 

8.- CONCLUSIONES. 

Lo reestructuración de edtficws empleando elementos 
mct~ltcos de contraventeo puede ser exitosa SI se toma en 
cuenta una sene de detalles. como venficar que las 
propiedades de la estructura resultante, mcluyendo efectos 
de Interacción suelo-estructura, sean adecuadas con 
respecto a las caracteristtcas del movimiento del terreno; el 
nujo de fiierzas entre la estructura original y los refuerzos 
debe estudiarse cuidadosamente para conectarlos 
adecuadamente. Con frecuencia es necesano reforzar las 
columnas que enmarcan las cruJias contraventeadas debido 
a las ti.Ierzas adiciOnales que atraen en virtud de la 
redistnbuctón de efectos sismtcos causados por la mayor 
ngidcz de estas crujtas Es nccesano verificar que la 
ctmentactón tenga la resistencia ,. ngidez sufictentcs para 
absorber adecuadamente la nueya distribución de fuerzas 
También es mu' tmportante asegurarse de que los 
diafragmas horizontales tengan la ngidez y resistencia 
suficiente para transnut1r las fuerzas a los nuevos 
dementas y s1 no es así. reforzarlos. 

La · relación de esbeltez de los elementos de 
contraventeo debe ser suficientemente bap para eltminar 
problemas de pandeo Se recomtenda un máxtmo del orden 
de 100. 
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Fig. 1 Planta típica del edificio. 
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Fig. 4 Daños en el marco 5, 

fachada posterior. 'o 



Fig. 5 Daños en el marco 1, 

fachada a la calle. 11 
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Fig.6 Refuerzos propuestos en marcos 1 y 5. 
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encamisado 
en los pnmeros 
cuatro niveles 

MORTERO 
EXPANSIVO 304.8 

1 

Columna de 
acero 

Fig. 7 

Columna de 
acero 

Columna de 
concreto Elevación 

Columna de 
concreto 

mortero 

fl_ 1/2" 

'l. 1/2" 

Corte 

viga de 
concreto 

Detalles de conexión entre estructura 

original y los marcos de acero. 



Mallo 

Aplanado de 

concreto 

Junto relleno con mortero en tres 
lodos del muro. 

Clavos 

Muro de momposterio 
existente 

Fig.B Refuerzo de muros longitudinales de 

colindancia, marcos A y C. i!/ 
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odubrt dt 1998 tn la Acod•mio Muicano dt ln;•n1•rio 
como Acodém.ca d• NUmtro •n lo Comis1ón dt 
E'P'K'CIIidod d• lngtn .. no CMI 

INTRODUCCIÓN 

En la literatura técnica internacional so
bre •ngenierío estructural se han propue~ 
to dishntas soluciones orientados a con
trolar los aceleraciones y los 
desplozoi'T!ientos en los construcciones 
su¡etas a la acción de cargas dinámicos 
producidas por sismo, viento, vibracio
nes mecánica!., etc. Estas soluciones pue
den funcionar en forma pasiva o activa 
!estos últimos con lo ayudo de un siste
ma de compuloj. los pasivos se basan 
prtncipolmente en aumentar el amortiguo
miento del conjunto estructuro\ incluyen
do lo cimentocion, en modificar el ilosj 
periodo! si de vibrar de los estructuras o 
en uno combinación de e!iotas dos accio
ne!. las activos registran lo respue!iotO del 
si stemo durante un temblor y, con bose 
en esto información, modifican en diver
sos tiempos los valores tnstantáneos de 
los propiedades mecánicos jngideces, 
omorliguomientosj de algunos componen-

les del sistema, o introducen fuerzas ex
ternos odicionoles, de manero de con
trarrestar porciolmenle los efectos desfa
vorables de los perturbaciones naturales 
que afectan o dicho sistema. 

lo anterior se puede lograr añadiendo o 
la estructura dispositivos tales como disi
padores de energía, amortiguadores de 
maso resonante, aisladores de base, o 
combinaciones de éstos. 

En la actualidad existe en el mundo un 
número importante de edilicios en los que 
se han empleado estos dispo111ivos para 
controlar la respuesto causada por la oc
cien del viento, por la del sismo, o por 
otro tipo de solicitaciones. Este trabajo 
se enfoca a lo acción sísmica y a los sis· 
lemas de control pasivo El presente rra

ba¡o pretende presentar una visión glo
bal sobre el lema, con énfasis en los 
eslúdtos realizados por la autora y su gru
po de trabajo. 
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Muchos profesionales, y sobre todo un 
gran número de pasibles usuarios, no es
tén aún convencidos de que se justifique 
invertir en estos soluciones innovadoras, 
sino que prefieren adoptar soluciones tra
dicionales. Mientras tonto, se continúan 
realizando estudios en varios países con 
alto riesgo sismico !principalmente en Es
tados Unidos de América, Japón, Italia, 
Canadá, Nueva Zelanda y Chinaj poro 
tratar de comprender mejor las ventajas 
y desventajas de estos sistemas. 

México ha participado de la inquielúd por 
conocer més sobre este tipo de s.oluciones, 
desde hoce aproximadamente diez años 
!Del Valle, 1988j. Pruebo de ello es que 
durante el último Congreso Mundial de In
geniería Sísmico llevado a cabo en 1996 
en nuestro país, México ocupó el séptimo 
lugor en número de orliculos presentados 
sobre el tema !Ruiz, 1996j. Por otro lada, 
también se constató el interés de profesio
nistos e investigadores mexicanos sobre 

''· 
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esto materia durante el SimpoSIO 10bre 

"Di>~podore> de energía poro controlar lo 
respue>IO si>mico de edificio>' organizo
do recientemente por lo SMIS . Delegación 

E >lodo de Mexico. 

A con~nuoción se presento uno visión ge
neral sobre dos npos de di>positivos rer 
ductOfe> de lo re>pue>IO >Í>mico: dt>ipo
dores de energía y omortiguodore> de 
masas res.onantes. 

DISIPADORES DE ENERGÍA 
SÍSMICA 

Tipos de elemenfos disipodore> 

Con el ~n de controlar lo respue>to sismtco 
se han propuesto diferentes materiales! fOf, 
mas y mecanismos enfocados o aumentar 
el amortiguamiento de los estructuras. E>IO 
puede lograrse mediante dispositivos que 
se añaden a lo estructura sin incrementar 
ni su rigidez ni su resistencia total: toles 
como los disipadores viscosos, o bien mer 
dionte dispositivos que¡ o lo vez que av
mentan el amortiguamiento, incrementan 

dichos propiedade> mecánicas, como los 
disipadores histeréticos, los de fricción y 
los viscoelásttcos Cado uno de estos tipos 
presenta proptedode> e>pecificos que de
ben considerarse poro su diseño. 

los disposinvos de energía de tipo visco
so se caracterizan porque al deformarse 
desarrollan fuerzas que son proporciono
le. o su velocidad de deformoctón. El ejetnr 
plo típico es el de un cilindro con un pi,., 
tón y uno o varios onficios por los que 
puede escurnr un Ruido v1s.coso. Lo curva 
cargo- deformación de uno de estos oler 
mentas es similar a la de lo figura 1 o, en 
donde se observo que lo cargo adquiere 
su máx1mo poro el momento en que lo 
defOfmoción es nulo, mientras que lo pri· 
mero es nulo poro cuando la segundo o~ 
cánza su máximo En lo figura 1 b se mue,., 
Ira lo curva cargo deformación poro un 
elemento de tipo viscoelástico, carocteri, 
zodo porque lo fuerza que desarrollo con,., 
lo de clos componentes fuera de fase: uno 

proporcional o la deformación y otra pro
porcional o lo velocidad de deformoctón; 

lo primero alcanzo su máximo cuando lo 
segundo es nulo, y viceversa. 

En los figuras le y 1 d se presentan los 
curvos cargo-deformación de dos elemer>r 
tos di si podares de tipo histerético; lo pri, 
mero de ellos representa el comportomier>r 
lo de un elemento fabricado con un 
material capaz de desarrollar comporte>r 
miento dúctil. La segundo curvo 
respresento el comportamiento de uno 
conexión que desarrolla porte de su ce>r 
paetdod mediante fuerzo> de fricción: lo 
junto no se deformo mientras lo fuerzo 
sobre ella no supere lo fuerzo de fricción; 
cuando esto ocurre, lo junto se deformo 
manteniendo constante lo cargo. 

Algunos de los características especiales 
que se deben considerar poro el diseño 
de los dispositivos antes descritos son los 
siguientes: 

.. 

o) YIICOIO 

...... 

e) Deformo O Óon plástica de rnetolet 
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1' 1 

e;: 

--~) 

• En relación con los elementos vis.cosos. 
debe cons.derorse que su res•stenc•o se 
encuentro fuero de fase con su deforma
ción, por lo que los momentos de volteo 
de lo estructuro no se incrementan de lo 
mismo manero que ocurriría si se tratase. 
por ejemplo, de dtsipodores histeréticos. 

• Paro los disipadores viscoelásticos debe 
considerarse en formo especial que su 
comportamiento depende de lo frecuer>r 
cio de lo excitación, de lo temperatura y 
del nivel de su deformación por cortante. 
Estos disipadores absorben energía aún 
cuando sus deformaCiones relativos sean 

muy pequeños. 

• Los disipadores basados en lo Ruencio 
de metales (como el acero y el plomo) sólo 
disipan energía después de que se akar>r 
zo su limite de Ruencio. Poro que estos 
disipadores trabajen en formo eficiente es 
necesario que sus deformaciones seon 
entre moderados y altos (por ejemplo, 

b)Vocc•'· • 

. .. 
"' ...... 

dlfri<xión 



el edilicio en donde se coloquen, presen· 
te deformaciones grandes de entrepiso). 
lo energía que disipan estos elementos se 
transformo en color por el trabajo mecá
nico de placas o elementos sujetos o 
Rexión, torsión, rolado por flexión, etc. 
Generalmente este tipo de disipadores 
puede desarrollar un gran número de CÍ· 

clos ante cargos alternados sin que se 
degrade ni su resistencia ni su rigidez. 

• Poro los disipadores de fricción se debe 
tomar en cuento que debido o los cam
bios bruscos de su rigidez se pueden lle
gar o excitar modos superiores de vibra
ción. los disipadores de este tipo 
generalmente no actúan ante temblores de 
intensidad pequeño y moderado. 

Experiencia en México 

En nuestro país se han reforzado varios 
edilicios con disipadores histeréticos de 
energía tipo ADAS (Mortínez Romero, 
1993), y uno con placas de acero sometí· 
dos o fricción (Sónchez Mortinez, 1993). 
Recientemente se construyó un edilicio de 
acero con disipadores viscoelásticos (Mi· 
rondo, 1998) en Santo Fe, al oeste de lo 
ciudad de México, y además, dos torres 
altos con disipadores histeréticos (ADAS) 
en Acopuko, Gro. 

o edilicios ubicados en el terreno blondo 
de lo ciudad de México, y sólo algunos 
de ellos, o edilicios en terreno de tronsi· 
ción Frecuentemente se empleo como 
excitoc1ón de diseño lo componente Este
Oeste del registro obtenido en lo Secreto
rio de Comunicaciones y Transportes el 
19 de septiembre de 1985 (SCT-1985). 
Es deseable ampliar estos estudios poro 
otros condiciones de terreno local. 

Variables que afectan 
la eficiencia de los e le mentas 
disipadores de energía 

Lo reducción en lo respuesto máximo que 
proporciono el incremento de amortiguo
miento en los estructuras se puede vizuolizor 
de manero simplificado o través de los e$
pectros de aceleración y desplazamiento. 
Supóngonse, por ejemplo, los espectros de 
pseudo-aceleraciones y de desplazamien
tos del registro SCT-1985 lineal !¡¡• 1) y 
no lineal !11• 2, con uno rigidez de 
postAuencio igual o 3% de lo rigidez ini· 
ciol) poro diferentes amortiguamientos crí
ticos, 5, 10, 15, 20, 25 y 40%, como los 
que muestran los figuras 2 y 3. En lo pri
mero de éstos se puede observar que los 
aceleraciones lineales !¡¡• 1) se reducen 
considerablemente al incrementar el amor· 
tiguomiento de 5 o 25% dentro del ínter· 

volo de periodos comprendido entre 1.5 y 
3s, aproximadamente. Algo similar suce
de cerco del período O.ls. Sin embargo. 
se puede apreciar que fuero de estos ínter· 
volos lo reducción de lo aceleración, y por 
lo tonto, de lo fuerzo cortante basal, es 
poco significativa. Asim,smo, se puede ob
servar de lo figura 2b que o mayor a morfi. 
guomiento los desplazamientos máximos 
son menores, especialmente dentro del in
tervalo entre 1.8 y 4.0s. El mismo ejercicio 
puede hacerse poro los sistemas que pre
sentan un comportamiento no lineal mode
rado !¡¡ • 2). También en este coso (figuras 
Jo y b) el efecto en la reducción de lo re$
puesta es mucho menor cuando el amorfi. 
guomiento critico aumento de 25 o 40%, 
que cuando poso de 5 o 25%. 

lo anterior constato el hecho conocido de 
que introducir omortiguomtento viscoso en 
las estructuras do lugar o uno.respuesto 
estructural menor. La decisión de introdv
cirla en una construcción dependerá prin
cipalmente de un análisis costo-beneficio. 

la interpretación sobre la adición de amor· 
tJguomiento no viscoso en las estructuras 
se puede hacer de manera similar; sin 
embargo, en este coso se debe tomar en 
cuento que algunos tipos de disipadores 
introducen, además de amortiguamiento, 

En uno revisión bibliográfico realizado f.gura 2.· E'P•ctro• lineal., del ,..ei•tro SCT-85 poro diferente• omorti;vomiento1. 

re<:ientemente por la autora (Ruiz, 1998) 
se menciono que lo mayor porte de los 
estudios realizados en nuestro país sobre 
disipación de energía sísmica son de tipo 
onolitico y que se han dedicado muy po
cos esfuerzos a lo parle experimental. Los 
estudios de tipo analítico tratan principo~ 
mente sobre disipadores pasivos de ener· 
gio ele tipo histeréhco (ADAS, TADAS y 
soleros en formo de U). 

En México se ha analizado la respuesto 
estructural de varias decenos de edilicios 
con disipadores histerélicos y sin éstos, con 
períodos comprendidos entre 0.75 y 2.5s 
(Teno Colunga, 1998, Ruiz, 1998, etc). 
la mayor parle de los análisis se re~eren 
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una rtgidez adíc1onal o la estructura. y 
por lo tanto hocen que su periodo de vi: 
broción disminuyo. 

Paro explorar la conveniencia de reforzar 
un edi~c;o con contrcvientos o con disipo
dores de energía histeréticos se puede ~e: 
guir un razonam1ento 11milar al de los pé> 
rrofos anteriores. Poro ilustrar esto en 
seguida "' mencionan los resultados de un 
estudio realizado recientemente sobre un 
edificio en el que "' de...aba saber si era 
más conveniente reforzarlo con controvien
tos o con disipodores de energía !limón y 
Ruiz, 1997]. Su periodo inicial es de 2s. El 
sismo de diseño "'comideró igual al del 
registro SCT: 1985. En este caso se demoS: 
tró que el edificio con contravientos pre: 
sentaba un comportamiento casi lineal y 
que su periodo fundamental de vibración 
era de 1.3s También se calculó que el 
edificio desarrollaba un cortante sísmico 
basal igual a 0.24 ante la acción del re: 
gistro mencionado. Estas cifras pueden 
verse de manera oproxomada en la figu: 
ro 2a, correspondiente al espectro lineal 
de acelerac1ones SCT: 1 985. 

Como solución alternativa, se consideró el 
edificio reforzado con disipodores de ener: 
gía. Se ensayaron tres diferentes distribiJ: 
cienes espociales de los disipodores. cor~r 
siderando diferentes tipos de ellos [TACAS 
y soleras en U). los promedios de las de: 
mandas de ductilidad globales de los tres 
edificios reforzados con disipodores resu!: 
toron iguales a 1.12, 2.57 y 2.62, y los 
coeficientes sísmicos basales iguales o 
0.23; 0.22 y 0.23. los períodos de vibrO: 
ción efectivos !tomando en cuenta las re: 
ducciones de rigidez asociadas con el conO: 
portamiento rio lineal de los sistemas) en 
los edificios con disipodores se encuentran 
entre 1.33 y 2s. En la figura 3a (¡¡~ 2) se 
puede comprobar que poro un periodo de 
1 .5s la ordenada espectral correspondíer~r 
te, poro un amortiguamiento crítico de 5%, 
es de· 0.22 aproximadamente. 

los resultados del anólísís hacen ver que 
en estos casos los cortantes basales del 

l>O 
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1 100 

so 
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edificio tienen valores similares cuando se 
utilizan controvientos y cuando se usan 
disípodores. Sin embargo, es obvio que 
el refuerzo con contrcvientos tiene un cos-
to de construcción menor que lo solución 
con disipadores. 

Por otro lado. en la figuro 2b puede verse 
que los desplazamientos del sistema poro 
un período de 1 .3s y ¡.¡ • 1 son menores 
que los de la estructura con un período de 
1 .5s y ¡.¡•2 (figuro 3b). ambas con amor· 
t1guom1ento crítico de 5%. Esto concuer
da con los desplazamientos obtenidos 
para el edificio de múlt1ples niveles y 
crujías reforzado con contravientos 
lfígura2b) o con disípodores (figura 3b). 

Con un análisis similar al cntenor se pue
de hacer ver que, en el caso de que la 
estructuro por reforzar tvviero un período 
muy lorgo. tal que se encontrara muy a la 
derecha de la zona descendente del e .. 
pectro, los cortantes basales resultarían 
mayores poro la estructura reforzada con 
contravíentos que poro la reforzada con 
di sí podares En este caso los momentos de 
volteo y las fuerzas axiales sobre la cimer~r 
toción serían más grandes paro el cos.o con 
contravientos, por lo que la mejor solución 
sería utilizar disipadores (Mortínez Rome: 
ro, 1993; Gómez el al, 1993). 
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Estudios sobre modelos 
simplificados 

los razonamientos de los pórrafos prece: 
dentes se basan en sistemas muy sim 
codos de un grado de libertad, e1 
que no se toman en cuento variables lO· 

les como sobre:resistencia, degradación 
de las propiedades mecónicas de la es· 
tructura que contiene a los disipadores, 
etc. En la literatura se han explorado 

.:.-arios formas de representar el compor
tamiento no lineal de edificios med1ante 
sistemas simplificados de un grado de li· 
bertad ¡1 gdl). El grupo de trabajo super: 
visado por lo autora actualmente calibra 
un método basado en un anólisis estóti: 
co no lineal l'push over') poro relacio
nar la respuesta no lineal de edificios con 
disipadores con la de sistemas equiva: 
lentes de 1 gdl constituidos por una masa 
y dos elementos estructurales El que re: 
presenta al edífíc1o se degrada ante cor· 
gas cíclicas, mientras que el que repre: 
senta al sistema disípodor no se degrada 
(figura 4). los resultados obtenidos IBa· 
dillo el al, 1998) hacen ver que es posi· 
ble representar de forma aproximada el 
comportamiento no lineal de edilicios con 
disípodores a través de sistemas sirr · ' 
codos de 1 gdl. Algunos resultados 
tos estudios se presentan en las f¡b 
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5o y b. En éstas se muestran el desplaza
miento máxima obten1do en la azotea de 
un edificio de diez niveles can disipada
res (SVGDL) y el del sistema de 1 gdl equi
valente (figura 5o). así coma la distor
sión máxima de entrepiso (figura 5b). Las 
estructuras se someten a la acción de 29 
sismos simulados a partir del registra SCT-
1985. Se observa que los resultadas del 
sistema simplificado son aceptables. 

Obviamente, los resultados de un sistema 
de 1 gdl no proporcionan información so
bre otros aspectos importantes de diseño, 
como por ejemplo la distr1bución espacial 
óp~ma de los disipadores en un edificio. 
Para ello es necesario llevar a cabo estu
dios de estructuras de múltiples grados de 
libertad en dos o en tres dimensiones. Para 
estos úlfimas es importante analizar el efec
to de torsión causado por excentricidades 
provocadas por los disipadores, por ejerT> 
plo, por una instalación defectuosa, por 
defectos de construcción de los mismos o 
por falta de mantenimiento. Este tema 
amerito mayor estudio, ya que ha sido muy 
poco explorado, tonto en el medio interna
cional como en el nuestro. 

!=on respecto a la distribución de disipa
dores se analizó lo respuesta de un marco 
estructural plano de diez niveles con disi
padores colocadas según ocho arreglas . 
espaciales distintos (ver figura 6). Los auto-
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res (Urrego, Ruiz y Silva, 1993) hocen ve< 

que los arreglos mós convenientes son oqué
llos en que los diagonales eslán dispuestos 
de manera de evitar lo ocurrencia de gro.-. 
des fuerzas axiales sobre los columnas que 
transmiten los momentos de volteo a la ci
mentoción. En la figura 6 se muestran los 
ocho arreglos. De éstos, los mós convenien
tes son los indicados coma 'Marco o· y 
•Marco 1·. 

Criterios de diseño sísmico 

Los critenos y métodos de análisis y dise
ña de edificios con disipadores en gene
ral son más complicados que los de los 
edificios convencionales. Para el análi
sis de los primeros generalmente se par
te de un prediseño, el cual se afina me
diante iteraciones realizadas con 
programas de análisis no lineal en el tierT> 
pa (Silva y Ruiz, 1993). Para el diseña 
final se toman en cuenta básicamente las 
siguientes condiciones: 

• Ove los disipadores absorban e~cie.-. 
te mente la energía y cumplan .lo función 
para lo que fueron diseñados. En el caso 
de disipadores histeréticos se debe cuidar 
que las demandas de ductilidad de estos 
estén dentro de los limites de oceptabili
dad establecidos a partir de resultadas de 
pruebos de laboratorio. 

• Ove las demandas de duc~lidad globo
les y locales no excedan las capacidades 
de lo estructura. La demanda de ductili
dad globo! en general se adopto del or
den de 2. Un criterio alternativo es que 
los trabes sean capaces de desarrollar las 
rotaciones plásticas demandadas. Alter
na~vamente, se puede diseñar la estructu
ra de modo que desarrolle un comporta
miento lineal y los disipadores presenten 
uno no lineal. 

• Ove los desplazamientos rela~vos de 
entrepiso del edificio con disipadores no 
sean mayores que las valores asociadas a 
estados limite de servicio o de capocidod 
última. Estos pueden ser recomencloclos 

S 
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por algún reglamento de construcciones 
o de rehabilitación de edilicios. En el coso 
del Reglamento de Construcciones del Dis
trito Federal (RCDF-1993) el límite de des
plazamiento (asociado o lo capacidad ú~ 
timo) poro estructuras esqueletoles con 
muros desligados, es de 0.012 de lo altu
ra del entrepiso. 

• Que se cumplo con lo normotividod sís
mico del lugar donde se ubique lo cons
trucción. lo mayoría de los reglamentos 
de diseño en el mundo permiten utilizar 
dispositivos reductores de lo respuesto sís
mico con lo condición de que los diseños 
sean aprobados por los autoridades com
petentes (Ruiz y Alvorez, 1995). En el 
RCDF-1993 se indico que se pueden em
plear criterios de diseño diferentes o los 
especificados en su capitulo 111 y en los 
Normas Técnicos Complementarios si se 
justifico, o sotislocción del Departamento 
del Distrito Federal, que los procedimien
to• de diseño empleados don lugar o ni· 
veles de seguridad no menores que los 
que se obtengan empleando los previstos 
en ese Ordenamiento. Tal justificación 
debe realizarse previamente o lo solic1· 
tud de lo licencia de construcción. 

Estudios costo-beneficio 

la decisión de reforzar con disipadores o 
con contravientos, o de diseñar un edifi
cio nuevo en formo convencional o con 
di>ipodores, no sólo es un problema de 
diseño estructural, depende en gran me
dida de analizar si se justifica cierta in· 
versión extra a cambio de mayor seguri
dad y/o comodidad poro los ocupantes 
del inmueble durante su vida útil. 

En México se han formulado criterios poro 
diseño, reparación y montenimtento de sis
temas con disipadores basados en la 
minimización de lo sumo de los costos ini
ciales, de daño y de mantenimiento (Este
va, Diez y Gorcia, 1998). Por otro lodo, 
se hon realizado algunas anólisi• de cos
to> de con>trucción de edilicios con disipo
dores. Por ejemplo, Ruiz el al (1995, 1996) 

informan que el costo inicial de un edificio 
nuevo de diez niveles con diSipadores, di
señado poro un sismo de diseño como el 
SCT-85, es 3.5% mayor que el de un edifi. 
cio similar (con el mismo perioclo de vibra
ción) diseñado en forma convencional, de 
manera que presente el mismo nivel de 
daño. Cuando se trato de edificios de 20 
niveles, dicha diferencia es aproximado
mente de 9.5%. Sin embargo, e• muy pro
bable que si se tomaron en cuento, no so
lamente los costos de construcción, sino los 
costos tato les durante lo vida ú~l de lo cons
trucción, resultaría más conveniente la so
lución con disipadores de energía. 

Comentarios finales sobre sistemas 
con disipadores de energía: 

. .. 

su vida útil, que pueden asociarse o dile
rentes estados lím•te (de servicio o de ca· 
pocidod último). 

AMORTIGUADORES 
DE MASAS RESONANTES 

Otra manero de controlar lo respuesta di
nómico de los estructuras consiste en aña
dirles uno o varios sistemas de amortiguo
dores de mo>as resonantes (AMR). Coda 
uno de éstos estó constituido básicamente 
por uno mo>a, un resorte y un amortigua
dor. Dicho maso puede ser sólido o toqui· 
da (en ese caso se le llamo amortiguador 
de líquido resonante). El principio en el que 
se ba>an estos sistemas es que los perio
dos de vibrar de lo estructura principal se 

¿ ....... 
...... V V ....... 

IX " ¿ ...... 
...... ./ 

X ./ "' ¿ "' ...... / ./ "' X ''\ 

V ........ / .......... 

En general, se puede de
cir que lo• disipadores 
de energía son uno sol.,. 
ción factible de aplicar 
tonto en edificios nuevos 
corno poro el refuerzo de 
edificios existentes. 
Como se mencionó an
tes, la eficiencia de es
tos di•positivo• depende, 
entre otras variables, de 
lo relación entre los pe
riodos naturales de la 
estructura y los domi· 
nantes de los movimien
tos que se esperan en el 
sitio de interés. la dec1· 
sión de utilizar uno u 
otro dispositivo, o bien 
de elegir una solución 
convencional, se debe 
basar tonto en un análi
sis de costos totale1 (que 
incluya costos de mon· 
ten1miento, reposición, 
daños estructurales y no 
estructurale>, pérdida 
de funcionalidad, etc.) 
como en un análisis de 
la respuesta de lo estruc
turo ante las excitacio
nes esperados durante 
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sintomcen con el de kn masas resonantes, 
de manero que cuando cierto periodo se 
exc,te, el d•spos•hvo entre en "resononc1o" 
lvero de fose con el movimiento de lo es
tructuro, lo que hoce que se reduzco lo res
puesto de ésto. Poro controlar lo respuesto 
asociado al modo lvndomentol de vibra
CIÓn, es comün colocar un AMR {con maso 
liquodo o sólodaJ en lo azotea del edilicio 
en cuesllón 

Algunas aplicaciones de los AMR 

los AMR se han utilizado en formo efi
ciente poro controlar lo vibración desiste
mas mecánicos, puentes, chimeneas, to
rres y antenas También se han aplicado 
con éx1to paro controlar los vibraciones 
causados por viento sobre edificios; sin 
embargo, no existe consenso entre inves
tigadores e ongenoeros estudiosos de este 
temo en cuanto o su efectividad poro re
ducir la respuesto de edificios ente accio
nes sism1cos. 

Algunos ejemplos de aplicación poro con
trolar lo respuesto ante lo acción del voen
to son los siguientes: aJ lo Torre John 
Honcock de Bastan, que cuento con 60 
pioos. A ésto se lé cñcdoeron dos AMR 
que pesen en total 600 ton, bJ el Centro 
Citicorp en Mcnhcnon al cual se le aña
dió uno maso de 400 tons !cerco del 2% 
de su peso tato~ en su piso número 63. El 
desplazamiento máximo relativo que se 
espero en di che amortiguador con respec
to o su punto de su¡eción o lo construc
ción es de 1 4m; cJio antena de lo Torre 
Nocional Canad1ense, que llene 102 m 
de altura. los amortiguadores de ésto se 
sintonizaron de manera de reducir su se
gundo y su cuarto modos de vibración; 
dJio Torre del Puerto de Chiba en Japón, 
con 125 m de altura; y ello Torre de Cris
tollocclizoda en Osckc, Japón, o lo cual 
se añadieron varios AM.R en forma de 
péndulo Esto se logró colgando los equi
pos de enfriamiento con cables de 4m de 
largo; además, se colocaron amortiguo
dores de aceite poro introducir amortiguo
miento viscoso al sistema. En México no 

se han empleado dispositivos de este tipo 
en edilicios. 

Variables que afedan la eficiencia 
de los amortiguadores de masa 
resonante 

Cuando o un sistema lineal se añade un 
AMR, diseñado con el objetivo de absor
ber vibraciones, en general el conjunto 
resulto con un periodo lvndomentol de vi
brccoón mayor que el del sistema sin apén
dice. Por otro lodo, aparecen en el con
lunto modos de vibrar nuevos debido o lo 
presencio del AMR. 

los desplazamientos móxtmos ftnoles del 
sistema lineal dependen en gran medido 
de los ordenados espectrales de despla
zamientos del sismo de diseño correspon
dientes o los frecuencias de vibrar del 
conjunto, así como de sus respectivos fac
tores de participación y de lo duración 
de lo excitación !Esteva y Ruiz, 1997J. 

Poro ilustrar lo anterior supóngase un sis~ 
ma de un morco de un n1vel y uno crujía al 
que se le añade un AMR en su porte supe
rior, con lo que se obtiene un sistema de 

,dos grados de libertad lo excitación de 
diseño es el registro SCT-1985, cuyo espec· 
tro de desplazamientos poro 1% de omorti
gucmiento se muestro en lo ftguro 7. El 
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morco original tiene uno frecuenCia fun-
damental de 2. 20 rod/s, que coincide o
prox,;,odomente con un pico del espec
tro. lo maso del apéndice es O 04 veces 
lo del morco principal, y los períodos de 
vibroctón de ambos sistemas son iguale•. 
los primeros dos frecuenCias naturales de 
vibrar del st>temo con AMR son iguales o 
1.99 y 2.43 rod/s, y los correspondientes 
formas modales son (1, 5.521 y 11, -4.531. 
De lo figuro 7 se deduce que los ordeno
dos del espectro de desplazamiento oon 
220cm poro el sistema principal, 85 y 
17 5cm poro lo primero y segundo frecuen
cias. los correspondientes factores de 
participación modal son 0.55 y 0.45. Apli
cando lo reglo de lo doble sumo 
cuadrático de Newmcrk y Rosenblueth 
(19711 se obtiene que el desplazamiento 
relativo es 1 04. 1 cm, que es oproximodo
mente 47% de 220cm. Con este ejemplo 
se muestro que tonto los factores de parti
cipación modal como los volares de los 
ordenados espectrales poro los periodos 
de vibración de los sistemas original y 
modificado, juegan un papel muy impor
tante en los resultados Rnoles. También este 
ejemplo pretende ilustrar que el AMR es 
eficiente en casos en donde el periodo de 
vibrar del sistema principal coincide con 
el periodo dominante de lo excitación. lo 
eRciencoo es mayor cuando ésto es de ban
do estrecho. 

3 5 6 
Frecuencia, rod/a. 



Tombien lo duración de le excitación tiene 
un papel importante en le reducción de lo 
respuesto, yo que mientras más largo seo 
dicho duración, los respuestos asociados 
con modos de vibración con periodos cer· 
conos, más tienden e desacoplarse. Esto 
se puede deducir o partir de analizar lo 
reglo de Newmork y Rosenblueth ( 1971) 
antes mencionada. 

Por otro lodo, poro el diseño de estos dis· 
positi...,s se debe considerar que su efi· 
ciencia es muy sensible o lo relación en· 
tre su periodo y el de lo estructuro 
principal. lo reducción de lo respuesto 
puede presentar grandes desviaciones 
debido o pequeños variaciones de los pro
piedades mecánicos de les portes que 
componen el conjunto, o debido o los in
certidumbres inherentes del movimiento 
si•mico que"' espere en el sitio en donde 
se desplante le estructure. 

lo inAuencic de esto último variable fue 
estudiado por Suárez, Ruiz y Esteva 
( 1993). los autores analizan le respuesto 
probabilista de sistemas estructurales lineo
le• provistos de AMR • s cuando se cansí· 
deron diferentes valores de los relaciones 
de períodos y meses. En el estudio no se 
consideran les incertidumbres en les pro
piedades de los sistemas principales. Pero 
el análisis "' considere un conjunto de 
•i•mÓs simulados e partir del registro ser. 
1985 (Grigoriu, Ruiz y Rosenblueth, 
1988). lo• autores concluyen que los co
eficientes de variación que se esperan en 
lo• relaciones de desplazamiento• máximos 
de si~cs con AMR entre los correspon
dientes o sistemas sin AMR (DCA/O,..) son 
del orden de 20 e 30%. En les Figuras Se 
y b "' ilustren algunos resultados cuando 
lo• periodos de los sistemas son iguales e 
2 y o 2.5s, y les relaciones entre le mese 
del AMR y lo del sistema principal •on de 
0.01, 0.03 y 0.05. Se puede fácilmente 
obse""'r que le eficiencia del si•temc di· 
sipodor e• mucho mayor poro el sistema 
con periodo de 2s, que coincide con el 
periodo dominante de le excitación, que 
cuando el periodo es de 2.5 •. 

Une variable más que influye en le res· 
puesto de un sistema es el amortiguamien
to del AMR. Algunos autores (Villcverde 
y Koyoomc, 1993) opinen que le odi· 
ción de un AMR con alto amortiguamien
to (y alto relación de mases) aumento el 
amortiguamiento del primer modo de vi· 
bror de lo estructuro; como consecuen· 
cío, se pueden reducir lo• desplozomien· 
tos de entrepiso. 

Sin embargo, en un trabajo publicado re
cientemente (Soto Srito y Ruiz, 1998) "' 
encontró que esto no necesariamente es 
cierto. En dicho estudio se analizó lo re$
puesto de un edificio de 22 niveles y cuo-

----~ería 

tro crujías, su¡eto o lo acción de los sismos 
SCT.1985 y SCT-1989. El periodo del /W<R 
"' hizo coincidir con el del edificio. lo re
loción de masas se adoptó igual o O 03 
Se varió el amortiguamiento del AMR er>
tre 5 y 30% del critico. los resultodlcs de 
los desplazamientos de entrepiso (ver lig~ 
ro 9) indican que dicho respuesto no sierr>
pre es menor cucndlc el omortiguom1ento 
del AMR aumento. Sin embargo, el de$
plozomiento del AMR con respecto o su 
base (azotea del edilicio) sí se reduce cucr>
do se incremento su amortiguamiento. 

Esto represento uno gran ventaja, yo que 
uno de los principales problemas de lo• 
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puesto sism1co de algunos 
edif1c1os con comporta· 
miento lmc:al se puede re
ducir muy eficientemente 
cuando se les incorpora 
un AMR en su azotea . 
Entre dichos estud1os se 
encuentran vanos en los 
que se supone como exci· 
loción el movimiento sismi· 
co registrado en lo SCJ en 
1985 Este regiS~O se ha 
utilizado frecuentemente 
en los esrudias, debido o 
que se troto de un sismo 
de largo duración y de 
bando estrecho, que cuen
to con un número alto de 
oscilaciones con periodo 
de vibración casi consto~ 
te. Por ejemplo, se ha 
analizado que un edificio 
de veinte niveles con un 
periodo fundamental de 
2.03s sujeto al sismo SCT-
1985 puede reducir su 
respuesta lmeal hasta un 
55% cuando se le incor· 

AMR es que desarrollan desplazamientos 
relativos muy elevados con respecto o su 
apoyo. Por e¡emplo, poro el sismo SCT-
1985, tales desplazamientos relativos 
variaron entre 0.5 y 2m, paro cmorttguo
mientos del AMR iguales a 30 y 5%, res
pectivamente. 

poro un AMR en su azo
tea con relación de masa de 0.03, amor· 
llguomiento de 5% del critico y frecuencia 

Lo anterior hace ver que se deben desa
rrollar más esrudios enfocados a estable
cer la forma de variación de la respuesto 
con el amortiguamiento del AMR, poro 
diversos valores de los otras variables Slg
nificallvas (reloc1ones de masas, de pe
riodos, y de amortiguamientos). 

Influencio del comportamiento 
no lineal 

En lo literatura técnica sobre el temo exis
ten esrudios que demuestran que la res-

[)c,o/Ds. 
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igual a lo del edificio. Esto sign1ficario 
que poro mantener comportamiento lineal 
dicho edificio se podrio diseñar poro so
portar un coeficiente sísmico igual o 0.45, · 
que es demasiado alto y dorio lugar o 
secciones y armados excesivamente gran
des en los miembros estructurales 
(Aguilor, Ruiz y Sónchez, 1993). Es de
cir, que aunque lo respuesto se reduce 
de manero muy eficiente, en general lo 
sOlución no es atractivo desde el punto 
de visto económico 

Debido o lo anterior se han hecho esrudios 
exploratorios sobre lo eficienc1o de los AMR 
considerando diferentes niveles de compor
tamiento no lineal de lo estruci\Jra princi
pal. Estos esrudios se han realizado tonto 
con sistemas de dos grados de libertad 
como con marcos de múltiples· niveles. 

Los sistemas de dos grados de libertad tie
nen la limitación de no reAejar la inAuen
cia de los modos supenores de vibrar, ni 
los diferentes modos de falla; sin embar
go, tienen lo virrud de permitir evaluar, 
de manera gruesa, los efectos que tiene 
la inclusión de un AMR en la respuesta de 
sistemas no lineales, y a po~Íir de esta, 
acotar el posible intervalo de validez del 
uso de este tipo de estruci\Jración. 

0.8 1.0 1.2 t.A t.6 1.8 2.0 
TAMl/T 
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ExiSten doferentes formes de analizar el 
fenómeno no lineal con un enfoque 
probobolisto. Una es mediante el método 
de Monte Carla, utilizando acelerogramas 
simulados y análisis paso a paso en el 
tiempo Otro alternativa consiste en 
lineoh.;:ar los ecuaciones de movimiento y 
suponer lo exc,tación como un proceso 
estocCatico !estacionario o no estaciono· 
rio). Esto última tiene la virtud de que aho
rra tiempo de cómputo jcon respecto al 
método de Monte Cario); sin emborgo, sus 
resultados son poco precosos para niveles 
elevados de no linealidad, debido, entre 
otras razones, a que deja de ser válida la 
hipótesis de que la respuesta puede con· 
siderone como un proceso gaussiano. 

• la inAuencia de la no linealidad de la 
estrudura principal, cuando se le incor
po<a un AMII.Iineal, ha sido estudiada con 
los metodos antes mencionados jOjeda y 
Ruiz, 1994; Ruiz y Esteva, 1996). las ten
dencias generales son los siguientes: 

1. A medida que la relación de periodos 
entre el AMR y la estructura pnnc1pal 
(T ...,/Tl se ale¡a de lo unidad, la efec· 
Hvodcd del AMR es menar 

2. Paro relaciones de periodos T...,/T me
nores que 0.7 se presentan ampliloca· 
cienes de la respuesta len vez de pre
sentarse reducciones de la respuesta) 
cuando se añade un AMR al sistema. 

3. la efectividad del AMR es menor a me
doda que la no linealidad de la estruc· 
turo pr1ncipol crece Esto se puede ver 
en la figura 1 O en donde se muestra el 
valor me'dio del desplazamiento del 
sistema con AJ.AR entre el valor medio 
del desplazamiento del sistema princi
pal para diferentes relaciones de pe
riodos T ...,/T, y para diferentes gro
dos de no linealidad. K • 1 representa 
o un sistema lineal, y K • 4 o un siste
ma cuya fuerza de Auencia es igual a 
la resistencia demandada del sistema 
lineal dividida entre 4. 

02 

.... 
OJ 

~' 

-- Stii.A.MI 

-- Cot~AMl 

1 00 L_..JL ________________ .J 

o 50 100 150 200 250 
Ac1l.rooón 1'1'16kifno del ..,Mo, an/-..eZ 

o• 
01 

02 

~IU o 
o ..... 
.e 
~ O.A 

o• 
.... 
01 

~ L-----~L------------1 
o 50 100 150 200 250 

AcMn:JMftlnOXImG cM! -'e), ctfl/--el 

Figura 11 · Cul"f'OI d, probabilidad d• exc•d•nc•a PI y~• 1 rl poro el mod•lo diseAado con o- 2 
al Oiston~ón limite y••0.006, b)Oi•tonión lím,. y•·o 012 

De lo anterior se deduce que las AMR's 
se pueden emplear en estructuras dise
ñadas para desarrollar comportamiento 
no lineal ligero o moderado. Visto de otra 
manero, los AMR · s son más eficientes 
ante temblores de intensidad pequeña o 
moderada que ante las de intensidad alto. 
Esto se comprobó en un estudia de siste
mas equivalentes de dos grados de liber
tad sujetos o la acción de sismos con in
tensidades correspondientes a diferentes 
periodos de recurrencic 15, 20 25, 35, 
50, 100 y 200 años). Se construyeron 
curvas de vulnerabilidad bosadas en las 
probabolidades de alcanzar dos diferen· 
les distosiones máximos de entrepiso 
10.006 y 0.012). asociadas a los esto
dos limite de servicio y de capacidad úl
timo, respectivamente. A partir de estos 
curvas y de lo descripción del peligro sis· 
mico del sitio, se calcularon las esperan
zas de las lasas de excedencia de dichos 
estados limite !Soto Brito y Ruiz, 1998). 
En la figura 11 se muestren las probabi
lidades de excedencia para un sistema 
diseñado con un factor de comportamien
to sísmico O • 2, y para dos distorsiones 
limite. En esto figura se puede ver que la 
diferencia de ordenadas entre la curva 
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superior y la inferior es mayor para ace
leraciones máximos del suelo per 
que para aceleraciones grandes. 
cir, que la eficiencia del AMR es mayor 
para sismos pequeños y moderados qce 
para sismos grandes. 

Comentarios finales sobre amorti
guadores de masas resonantes 

los AMR son eficientes poro controlar lo 
respuesto de sistemas ante algunos tipos 
de solicitaciones, como por ejemplo el 
viento. Sin embargo, paro el caso de ex· 
citaciones sísmicos, lo mayor ventaja qve 
ofrecen los AMR es su capacidad para 
contribuir a controlar la respuesta de las 
estructures ante temblores correspondierr 
tes o períodos de recurreneto cortos y mo
derados, para los que es de esperarse 
que las respuestas de ambas sistemas se 
mantendrán en el intervalo de comporto
miento lineal. 

Al igual que para los dispositivos disipo
dores de energía, la decisión sobre su uso 
depende tanto de un análisis estrur' 'l. 
como de consideraciones sobre 
totales y beneficias a largo plazo. 

10 
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COMENTARIOS FINALES 

los estudios anteriores llevan a lo conclusión de que para el control de lo respues
to sismoco es más promisorio el uso de disipadores de energio, que el de amorti
guadores de masas resonantes. la decisión sobre su empleo debe bosorse en un 
análisis costo-beneficio. 

Se considera que estos soluciones innovadoras no sustituirán o corto plazo o los 
tradicionales, pero codo dio serán más aceptadas, o medido que se comprendo 
más su funcionamiento y que, además, su costo se reduzco (producción en serie, 
dispositivos mós económicos, etcJ. 
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RESUMEN 

Se hace una revisión bibliografica sobre los estudios y aplicaciones practicas realizadas en Mexico 
por profesionales e investigadores en tomo a disipadores de energía sísmica. Se tratan los temas 
siguientes: estudios experimentales, analisis en computadora, estudios de contiabílídad y 
optímación, criterios de diseño sísmico, uso de disipadores en la practica, y reglamentos de diseño 
sísmico de edificios con disipadores. Al final se presentan algunos comentarios sobre estos temas y 
se proponen acciones que sería deseable realizar en el futuro. 

INTRODUCCIÓN 

En distintas partes del mundo se estudian nuevos materiales; en los laboratorios se prueban 
elementos y sistemas estructurales innovadores, se formulan nuevos criterios de diseño basados en 
el desempeño de las estructuras, tanto para el refuerzo de construcciones como para estructuras 
nuevas. y se proponen ideas para el control de la respuesta sísmica También existen grupos de 
trabajo orientados a escribir lineamientos de diseño aplicables a estructuraciones especiales. En 
algunos despachos de consultoría se realizan estudios comparativos sobre los costos totales de 
construcciones diseñadas convencionalmente, y los correspondientes a nuevas soluciones, como por 
ejemplo cuando se incluyen disipadores de energía sísmica. 

México participa en esta evolución. Tanto investigadores como profesionales de la pract1ca se 
preocupan por comprender mejor el comportamiento estructural de sistemas diseñados en forma 
alternativa a la tradicional, así como por analizar la conveniencia de su uso desde el punto de vista · 
económico, de seguridad y de comodidad para los ocupantes de los inmuebles. 

Prueba de esta participación son los trabajos presentados en el simposio "Disipadores de energía 
para controlar la respuesta sísmica de edificios", organizado por la Sociedad Mexicana de 
Ingeniería Sísmica. En este simposio se han reunido profesionales interesados en el tema para 
discutir e intercambiar ideas sobre analisis y estudios desarrollados en México en esta dirección. 
Además de los trabajos publicados en las memorias de este simposio, existen en nuestro país otros 
desarrollos valiosos que contribuyen a nuestro acervo de conocimientos en esta materia. Algunos de 
estos trabajos se mencionan en las referencias al final de este documento; otros se escapan de 



nuestro conocimiento Se pide a los autores de dichos trabajos perdonar estas omisiones 
involuntarias. 

ANTECEDENTES 

El tema sobre el control pasivo de la respuesta sísmica de e di licios se ha estudiado en Mexico 
desde hace algunos años. No así el tema de control activo, que permanece inexplorado en nuestro 
país La razón de esto se debe en parte a que el tema de control activo es mucho más complejo que 
el pasivo. tanto desde el punto de vista matemático como de sus implicaciones prácticas 
(mantenimiento. fuente de poder auxiliar. costo más elevado que los disipadores de control pasivo. 
análisis estructural más complejo, fuerzas de control muy grandes con altas velocidades de 
reacción. algoritmos de control confiables. niveles de tecnología altos. etc). 

Durante los últimos años. se han hecho en México análisis experimentales en elementos y en 
sistemas estructurales. así como análisis de sistemas estructurales en computadora, empleando 
modelos y probabilistas: estos últimos. en estudios relacionados con confiabilidad estructural ante 
sismos. Dichos estudios comprenden tanto análisis parametricos de sistemas de un grado de 
libertad, como amilisis de modelos más refinados de edificios altos. Los análsis han cubierto tanto 
los problemas de respuesta estructural como los de costos de construcción. Asimismo. 
recientemente se han formulado criterios de diseño de estructuras con estos dispositivos. En la 
práctica profesional. se han instalado disipadores de energía en algunos edificios de la ciudad de 
Mexico. 

Esta revisión de la literatura se refiere a los estudios y aplicaciones desarrollados en Mexico. en el 
área de Sistemas disipadores de energía sísmica. Los conceptos cubiertos se agrupan como sigue: 

• Estudios experimentales 
• Análisis de edificios y de sistemas en computadora 
• Estudios sobre confiabilidad y optimación 
• Uso de disipadores de energía en la práctica 
• Criterios de diseño sísmico 
• Reglamentos de diseño sísmico 

ESTUDIOS EXPERIMENTALES 

Los primeros elementos disipadores que se probaron en México fueron las soleras de acero en 
forma de U. La idea sobre utilizar esta forma como disipador sísmico fue publicado por primera vez 
por Kelly et al en 1972. Esta misma idea ·se propuso en México originalmente para controlar el 
hundimientos de cimentaciones hechas con pilotes de fricción (Aguirre y Chicurel, 1976), 
Posteriormente la idea evolucionó para aplicarla a disipadores de energía sísmica. Hasta la fecha 
este tipo de disipadores no se han instalado en estructuras. 

Las pruebas experimentales de disipadores de solera en forma de U han sido conducid" 
·básicamente por M. Aguirre y R. Sánchez en el Instituto de Ingeniería de la UNAM (l. I: -UNA! 



Aguirre et al. 1976. 1989). Se ha hecho un número de pruebas de dispositivos hechos con acero y 
con aluminio. Se han producido curvas de fatiga que relacionan el número de ciclos que resiste el 
dispsitivo con la amplitud del movimiento 

Con el fin de optimizar el espacio ocupado por los elementos en forma de U. se propuso una forma 
de colocar varios disipadores en un solo conjunto (Aguirre. 1993). Esta propuesta se probó en el 
Centro Nacional de Prevención de Desastres (CENAPRED) en un marco de acero ante una carga 
lateral alternada dada por un actuador horizontal (Echavarria el di. 1996). Usando el mismo sistema 
de apoyo (pared de reacción, actuador y marco) se probaron en la misma institución otros 
disipadores basados en la fluencia del acero. Las caracteristicas sobre el comportamiento de dichos 
dispositivos ante cargas alternadas se detallan en este volumen. 

Los disipadores en forma de U también se probaron en una estructura de acero de dos niveles sobre 
la antigua mesa vibradora del l. l.- UNAM (Gonzalez Alcorta el al. 1985. 1994). De estos ensayes 
se aprendió sobre muchos detalles de tipo constructivo, relacionados sobre todo con la vibración 
local de los elementos diagonales. En las memorias de este simposio se publica un articulo sobre los 
resultados de estas pruebas. 

Posteriormente, Ortega ( 1998) propuso disipar energía mediante placas rectangulares trabajando 
como vigas sujetas a cargas concentradas aplicadas simétricamente a ambos lados del centro de su 
claro. A principios de 1998 Ortega solicitó al l. de l. -UNAM probar en su laboratorio una serie de. 
placas de acero con distintas dimensiones ante desplazamientos armónicos (Escobar el al, 1998). 
Algunos resultados de dichas pruebas se presentan en esta memoria. 

Hasta donde se tiene conocimiento. los ensayes mencionados en los párrafos anteriores son todos 
los que se han realizado en México sobre disipadores de energía sísmica. Es obvio que el número de 
ensayes son muy pocos comparados con los que se realizan en otros paises con alto riesgo sísmico. 
como Japón. Estados Unidos de Norteamérica (EEUU), Italia y Canadá. También son· pocos en 
comparación con el número de estudios sobre modelos numéricos que se han realizado en nuestras 
instituciones sobre este tema 

Los disipadores tipo ADAS, como los instalados en varios edificios de la ciudad de México. han 
sido probados en el laboratorio de la Universidad de California en Berkely (AJonso, 1990). 

En México se han propuesto otros tipos de disipadores. como el panel propuesto por Vera y 
Ramirez de Alba ( 1996), sobre el que se han hecho algunos estudios analíticos. y los disipadores 
imantados descritos de manera general por Echegaray ( 1997). Sin embargo, ninguno de estos dos se 
ha probado en laboratorio. 

ANÁLISIS DE EDIFICIOS EN COMPUTADORA 

El estudio analítico de edificios con disipadores de energía en nuestro país inicia desde hace 
aproximadamente diez años (Ocampo el al. 1987; Arboleda. 1988; Chávez Gómez y Gonzalez 
AJcorta. 1989). Desde entonces se ha hecho un gran número de análisis numéricos en computadora. 
Estos comprenden tanto marcos de un nivel y una crujía. como edificios en tres dimensiones de 
múltiples niveles y varias crujías 

·' .. 



E Rosenblueth plantea un programa de trabajo sobre análisis nu meneos de sistemas con 
disipadores que desafortunadamente no logra ver realizado. 

Análisis de Estructuras de Múltiples Niveles 

La mayoría de los análisis realizados en México tratan con disipadores de tipo histerético (ADAS. 
T ADAS y soleras de acero). Algunos de los trabajos relativos a estructuras de varios niveles con 
disipadores de energía son los que siguen: 

Vargas et al (1991) analizan un marco de concreto reforzado de nueve niveles y tres crujías. con 
periodo inicial de vibración de O. 83 s. Este se supone ubicado en la zona blanda del Distrito Federal 
Los autores comparan el comportamiento del marco suponiendo dos métodos alternativos de 
rigidización· con muros de concreto y con dispositivos disipadores. El periodo final de la estructura 
con disipadores es de O 62s. Los autores hacen ver que en el primer caso (muros de concreto) la 
solución es buena. pero que la fuerza cortante basal es muy grande; concluyen que también los 
disipadores son una buena solución. No se presentan análisis de costos. 

Córdova y González Al corta ( 1992) realizan un estudio más completo que el anterior. Se trata de un 
edificio existente. localizado en la zona de transición de la ciudad de México El periodo dominante 
de la excitación es de l. 15s. El edificio es de nueve niveles y tres crujías. con periodo en la 
dirección transversal (medido con vibración ambiental) igual a 1.14s. Los autores suponen cuatro 
sistemas de rigidización· muros de mampostería, muros de concreto, diagonales de acero y una 
combinación de diagonales de acero con disipadores de energía. El periodo de la estructura ce 
diagonales de acero y disipadores de energía es de 0.56s Los autores concluyeron que la mejm 
alternativa de rigidización es a base de muros de concreto. Concluyen también que los disipadores 
de energía propuestos para este caso no funcionaron adecuadamente Aclaran que si se supusieran 
otros niveles de fluencia de dichos elementos, probablemente sí habrían disipado energ:ta 
eficientemente 

Valles Mattox (1993) analiza un edificio hipotético de dieciseis niveles con periodo de vibración 
igual a 2.31 s, que es mayor que el periodo dominante de la excitación (igual a 1.2s) El edificio 
reforzado con contravientos tiene un periodo de 1.13s. mientras que para el que se refuerza con 
disipadores se estima un periodo de 1.48s El autor hace ver las ventajas (en cuanto a costos y a 
respuesta estructural) que presenta el refuerzo con disipadores en comparación con empleo de 
contravientos, en estructuras con periodos comprendidos en la zona descendente el espectro de 
aceleraciones Para el caso en estudio se concluye que las fuerzas sobre la cimentación son muv 
altas, aún utilizando disipadores, por lo que recomienda reducir el número de pisos. El autor opina 
que los mayores ahorros que se tienen al utilizar disipadores de energía se relacionan con el 
refuerzo de la cimentación y no con la superestructura. También expresa que los costos de 
construcción en estructuras nuevas con disipadores son similares a los que resultan de emplear 
sistemas tradicionales. 

Tena, Gómez y Vargas (1993) analizan la respuesta de dos edificios de doce niveles reforzados con 
disipadores de energía. Sus periodos de vibración son de I.Ss y 1.2s. El periodo del terreno en el 

. sitio de desplante es de O. 90s Estas estructuras no tuvieron daños durante el temblor de 1985; ~ 
embargo, de acuerdo con las especificaciones del reglamento vigente deben ser reforzadas. ya qt. 



su capacidad sismo-resistente es menor que la requerida para·estructuras tipo A ubicadas en la zona 
11. los autores concluyen que el refuerzo propuesto a base de disipadores mejora sustancialmente 
la ductilidad y la capacidad sismo-resistente de los inmuebles En el trabajo no se analizan 
soluciones de refuerzo alternativas. 

Urrego, Ruiz y Silva ( 1993) analii:an la respuesta de un marco de diez niveles con disipadores 
colocados según cuatro distintos arreglos espaciales. El periodo de vibración del marco sin 
disipadores es de ls. Se supone ubicado en la zona de terreno blando del Distrito Federal (SCT). El 
objetivo del estudio es determinar cual de los arreglos propuestos es el más adecuado. Dicho 
análisis se hace desde el punto de vista de respuesta estructural y de economía. Los autores hacen 
ver que los arreglos más convenientes son aquellos en los cuales las diagonales estan dispuestas de 
manera de evitar la ocurrencia de grandes fuerzas axiales sobre las columnas que transmiten los 
momentos de volteo a la cimentación. 

En un estudio posterior (Urrego y Ruiz. 1994) se demuestra que, para el mismo caso del párrafo 
anterior, las fuerzas máximas en columnas y los momentos máximos de volteo son 15% menores a 
los correspondientes a un marco contra venteado con similar periodo de vibración. Por otro lado, los 
desplazamientos máximos del marco con disipadores son 33% mayores que los del contraventeado 
Se obtiene que el costo de ronstrucción del edificio con disipadores es 3. 5% mayor que un edificio 
similar (con el mismo periodo de vibración) diseñado convencionalmente, de manera que presente 
el mismo nivel de d,año (Ruiz et al, 1995). 

Vargas el al (1993a, 1993b) presentan un estudio comparativo sobre respuestas dinámicas de una 
torre de acero de diez niveles y un edificio de concreto reforzado de nueve niveles. Modifican sus 
características dinámicas de modo que sus periodos varíen entre 1.0 y 2.5s. Se analizan diferentes 
alternativas de refuerzo, entre las que se encuentran los disipadores de energía. Se utiliza como 
excitación el registro obtenido en la SCT en 1985 (SCT -85). Los autores hacen ver que una de las 
ventajas de la torre de acero es que permite desplazamientos relativos de entrepiso mayores que los 
que permite el edificio de concreto antes de que se presente la fluencia de alguno de sus elementos. 
Esto hace que los disipadores entren en funciones y mejoren la respuesta de la estructura antes de 
que presente daños. Aunque los modelos con disipadores de energía muestran una importante 
disminución de las solicitaciones a las que se somete la estructura original. no siempre se logra que 
la disipación de energía se concentre totalmente en dichos dispositivos. Para estos casos no es 
evidente que los sistemas de disipación de energía sean la mejor elección para reducir la respuesta 
sísmica de las estructuras. 

Ávila y Guitérrez (1994) estudian la respuesta dinámica no lineal de un edificio de tres niveles tipo 
escuela, con disipadores de energía y sin ellos El periodo de esta escuela según el diseño 
convencional, es de O. 75s El diseño se realiza usando dos diferentes factores de comportamiento 
sísmico: Q =. 2 y Q = 4 La estructura se supone ubicada en la zona blanda de la ciudad de Mexico. 
Se supone como excitación el acelerograma registrado en la SCT en 1985. Para el diseño del 
edificio con disipadores se considera que estos toman el 50% de la fuerza cortante de entrepiso. Los 
autores roncluyen que la inclusión de los disipadores de energía mejora el comportamiento de la 
estructura. Estas mismas conclusiones obtienen estos autores al analizar un edificio nuevo de diez 
niveles ubicado en un sitio cercano a la SCT. El periodo del edifico sin disipadores en este caso es 
de 1.46s (Á vi la y Gutierrez, 1996). 



Ruiz. et al ( 1996) analizan los costos de un edificio nuevo de veinte niveles diseñado 
convencionalmente y otro con disipadores de energía Los autores calculan que el costo de 
construcción del edificio con disipadores es 9.5% veces mas grande que el edificio convencional 
(con igual periodo de vibración) y con el mismo nivel de daño cuando se le somete a la acción del 
sismo SCT-1985. 

Jara (1996) estudia el comportamiento de dos edificios. uno de 6 niveles (con periodo natural de 
vibración de 1 17s). y otro de 15 niveles (con periodo de vibración de 1 95s). Estos se someten a la 
acción del acelerograma SCT-85. Se plantean dos alternativas como refuerzo: usar contravientos o 
disipadores ADAS Los resultados hacen ver que los disipadores colocados en el edificio de seis 
niveles son muy eficientes en reducir la respuesta. sin incrementar las fuerzas cortantes totales. Esto 
no sucede en el edificio de quince niveles. En este caso el uso de disipadores de energía es muy 
poco eficiente y conviene más utilizar contravientos como refuerzo. 

Limón y Ruiz ( 1997) estudian un marco estructural con periodo de vibración de 2s que debe 
reforzarse debido a su cambio de uso. En el estudio se suponen tres distintas distribuciones 
espaciales de disipadores. El edificio se somete a la acción del movimiento registrado en la estación 
SCT en 1985. Los autores demuestran que, para ese caso, es mejor reforzar el edificio con 
contravientos que con disipadores de energía sísmica Esta recomendación se basa tanto en un 
análisis de la respuesta estructural como en un análisis de costos de construcción. 

Tena y Vergara (1997) analizan dos alternativas de refuerzo de un edificio existente de diez niveles 
con periodo de vibración original de l. 96s. ubicado cerca del parque de la Alameda en el centro de 
la ciudad de México. Se hace la observación de que las ordenadas espectrales de seudoaceleraci<' 
del registro empleado (N-S Alameda-85) para 2% de amortiguamiento, son similares tanto para k 
periodos de la estructura reforzada con contravientos (0.9s) como con disipadores ADAS (1.19s). 
Debido a lo anterior, las fuerzas máximas cortantes de entrepiso resultan mayores para el caso en 
que se usan contra vientos que para el caso en donde se usan disipadores, debido a que la estructura 
con disipadores presenta mayor amortiguamiento Asimismo, las fuerzas transmitidas a la 
cimentación son mayores para el caso de refuerzo con contravientos. Los desplazamientos de 
entrepiso son similares para ambas alternativas de refuerzo. Por otro lado, para el caso en estudio. 
los costos iniciales del refuerzo de la superestructura con disipadores ADAS resultan 1.91 veces 
mayores que los que utilizan contravientos Se concluye que es mejor utilizar contravientos debido 
a que en este caso la cimentación no requiere reforzarse. Probablemente si requiriera reforzarse 
convendría más utilizar disipadores ya que estos dan lugar a menores solicitaciones en la 
cimentación. 

Análisis Paramétricos de Sistemas de un Nivel 

En México se han realizado estudios para ver la influencia de distintos parámetros en la reducción 
de la respuesta de sistemas con disipadores de energía tipo histerético. Algunos de estos estudios 
son los siguientes. 

Gómez, Rosenblueth y Jara ( 1993) analizan marcos de nivel y una crujia ante tres sismos típicos 
del valle de México, correspondientes a terrenos blando, intermedio y duro Varían el periodo 
fundamental original, la rigidez final de los modelos y el desplazamiento de fluencia de ' 
dispositivos ADAS Los autores muestran que al incluir dispositivos disipadores o diagonales 



acero se reduce la deformación máxima del sistema original. Se compara el componamiento de 
modelos marco-disipadores y el de los modelos rigidizados con contravientos. Los autores 
concluyen que cuando los modelos originales se refuerzan de manera que su rigidez final es 2 5 
veces la del marco original, resulta más adecuado utilizar contravientos que disipadores de energía. 
siempre y cuando el periodo se encuentre entre 1 y 2s. Se indica que para estructuras que tengan 
periodos iguales o mayores que 2s puede ser mejor utilizar disipadores que contravientos, cuando 
estas estructuras se ubican en terrenos como el de la SCT. el cual tiene un periodo dominante de 2s 
Se subraya que en algunos casos los refuerzos pueden incrementar el costo de la cimentación por 
aumento en los momentos de volteo. Los autores indican que se requieren estudios costo-beneficio 
para definir las condiciones de aplicabilidad práctica de los dispositivos. 

Arista y Gómez ( 1993) presentan un estudio paramétrico de sistemas estructurales de un nivel con 
disipadores de energía y con rigidez asimétrica en planta. Dichos sistemas se someten a la acción de 
registros sísmicos correspondientes a zonas de terrenos duro, intermedio y blando de la ciudad de 
México Se supone que la asimetría que se trata en este caso es producto de una mala instalación de 
los disipadores, de defectos en la construcción de los mismos o de un mal programa de 
mantenimiento. Los autores recomiendan que los criterios de diseño de estructuras con disipadores 
deben tomar en cuenta las posibles excentricidades de rigidez causadas por los dispositivos, ya que 
estos pueden causar grandes concentraciones de ductilidad en algunos elementos estructurales 

Jara ( 1998) elabora espectros de ductilidad y de distorsión angular de sistemas de un grado de 
libertad ante el registro SCT-85, para dos resistencias del sistema originaL En dicho estudio se 
analizan estructuras reforzadas con contravientos, y reforzadas con disipadores. Se supone que 
ambas tienen el mismo periodo iniciaL No se establece la condición de que el daño sea el mismo en 
ambas-estructuras. Debido a las suposiciones antes mencionadas, el autor llega a la conclusión de 
que en la zona descendente del espectro de SCT no es recomendable utilizar disipadores de energía 
para el refuerzo de edificios, y que en la zona comprendida entre 1 y 2 s es más recomendable 
utilizar disipadores en vez de contravientos. Estas conclusiones son muy diferentes a las publicadas 
por Martínez Romero (1993), Valles Mattox (1993), Gómez et al (1993), Jara (1996). y Limón y 
Ru iz ( 1997). 

Alvarez y Ruiz ( 1997) realizan un estudio sobre la influencia que tiene la rigidez tlexionante de las 
trabes con respecto a la de las columnas en el desempeño de los disipadores T ADAS y ADAS. 
Asimismo, analizan la influencia de la modelación estructural de los disipadores en la respuesta de 
sistemas de un nivel y una crujía. Por otro lado, mediante el método del elemento finito, evalúan la 
influencia de la carga axial en ambos los disipadores ADAS. Concluyen que, para ciertos casos. se 
pueden generar cargas axiales sobre las placas de los disipadores, lo que modifica su capacidad de 
defonnación. Esto generalmente no se considera en el diseño. 

Programas de cómputo 

Los programas de cómputo más utilizados en México para el análisis de estructuras con disipadores 
de energía son los siguientes· ET ABS-6, SAD-SAP, DRAIN-T ABS, DRAIN-2D y DRAIN-2DX. 
En las últimas fechas se ha empezado a utilizar el programa SAP-2000. 
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ESTUDIOS SOBRE CONFIABILIDAD Y OPTIMACIÓN 
DE SISTEMAS CON DISIPADORES 

En los últimos años se han realizado avances importantes en los planteamientos de confiabilidad de 
sistemas con disipadores. Enseguida se mencionan las principales aportaciones en esta linea de 
investigación 

Esteva y Diaz ( 1993a, 1993b) han formulado modelos matematicos que describen la acumulación 
de daño, la probabilidad de transición entre estados sucesivos de un sistema y la evolución de la 
confiabilidad del sistema con la historia sísmica. Dentro de los conceptos sobre daño acumulado se 
involucra el desarrollo de modelos constitutivos del comportamiento de elementos estructurales con 
degradación de rigidez y de resistencia (Rodríguez y Esteva, 1993; Díaz y Esteva. 1993). 
Usando estos conceptos se han realizado estudios sobre la influencia de la ductilidad de diseño y la 
distribución espacial de los disipadores de energía sobre las demandas de ductilidad e índices de 
daños (Campos, 1998). 

Esteva, Díaz y García ( 1998) han establecido criterios para diseño, reparación y mantenimiento de 
sistemas con disipadores basados en la minimización de la suma de los costos iniciales, de daño y 
de mantenimiento 

USO DE DISIPADORES DE ENERGÍA EN LA PRÁCTICA 

Los primeros disipadores de energía que se utilizaron en México fueron los tipo ADAS (Martíne. 
Romero, 1993). Disipadores de este tipo se han colocado en tres edificios de la ciudad de México 
y en dos de Acapulco, Gro. A continuación se hacen algunos comentarios sobre cada uno de estas 
estructuras 

El primer edificio reforzado en México con disipadores (ADAS) fue el del Hospital de Cardiología, 
ubicado dentro del centro Siglo XXI del Instituto Mexicano del Seguro Social (IMSS). Se trata de 
un edificio de cinco niveles sobre el nivel del terreno. El refuerzo en este caso se hizo de forma 
externa, de modo que la obra no interfiriera con la operación normal del edificio, lo que significó 
una gran ventaja. 

El segundo edificio reforzado con disipadores ADAS es uno de doce niveles, localizado en lzaza¡za 
38. Sus periodos fundamentales en los sentidos longitudinal y transversal eran de 2.33s y 3.82s 
antes de reforzarse, y de 2.0ls y 2.24s respectivamente, después de reforzarse con disipadores El 
responsable de estos trabajos (Martinez Romero, 1993) opina que si este edificio se hubiese 
reforzado en forma convencional se habrían incrementado sustancialmente tanto las cargas 
cortantes basales como las cargas actuantes sobre la cimentación. 

Actualmente se está finalizando el refuerzo de un tercer edificio con disipadores ADAS. Este 
corresponde a las oficinas centrales del IMSS. Está ubicado en Av. Reforma 476. Se trata de un 
edificio de once niveles más planta baja y sótano localizado en la zona de transición (JI) de la 
ciudad de México. con periodo dominante de vibración de 1.2s. En el cuerpo central del edificio · 
en uno de los laterales se han instalado siete acelerómetros digitales distribuidos en la azotea, en 
nivel 3 y en el sótano (Pérez Rocha el al, 1997). El edificio estaba totalmente reforzado hasta el 



nivel 3 en noviembre de 1997. Hasta esta fecha los acelerómetros habían registrado los efectos de 
seis temblores. dos de ellos con magnitud 73 (el de Ometepec y el de Playa Azul) Ante el 
movimiento provocado por de uno· de estos eventos (Ometepec. 14 septiembre de 1995) se 
identificó que los disipadores incursionaron en el intervalo no lineal (hasta esa fecha se habian 
reforzado la planta baja. el mezzanine. el nivel 1 y 60% del nivel 2). 

Existen otras estructuras (nuevas) construidas con disipadores ADAS en Acapulco Gro Estas son la 
terminal portuaria TMM (Trans Marit. Mex.) y dos torres altas de condominios (Juarez. 1998). 

En \1éxico se ha utilizado también otro tipo de disipadores para el refuerzo de un edificio. Estos son 
los que disipan energia por fricción (Sánchez Martinez. 1993); se emplearon en el sistema de 
diagonales de acero que constituye el refuerzo del Hospital 20 de Noviembre del ISSTE. en la 
esquina de las Avs Coyoacán y Félix Cuevas en el Distrito Federal. 

Recientemente se construyó un edificio de cinco niveles con disipadores viscoelásticos (Miranda el 

al. 1998). Este edificio alberga una sucursal de la compañía norteamericana 3M. misma que 
produce los disipadores que se incluyeron en el edificio. Este se ubica en el fraccionamiento Santa 
Fé. al oeste de la ciudad de México. El terreno en esa zona es duro. El edificio tiene un periodo de 
vibración cercano a ls. Los responsables del análisis estructural (Miranda el al. 1998) hacen notar 
que este tipo de dispositivos disipan energía aún para niveles bajos de deformación. Para el diseño 
de la estructura (basado en el desempeño de la estructura) se tomó en cuenta que los disipadores 
viSCQelásticos son sensibles a los cambios de temperatura. 

CRITERIOS DE DISEÑO SÍSMICO DE EDIFICIOS CON DISIPADORES 

En México. como en todo el mundo. existen pocas recomendaciones normativas sobre el diseño 
sismico de edificios con disipadores. Algunas propuestas de autores mexicanos son las siguientes: 

Silva y Ruiz (1993) proponen un procedimiento iterativo para el diseño de marcos estructurales 
nuevos con disipadores de energía de tipo histerético. Debido a las condiciones particulares del 
estudio en dicho trabajo se impone que el marco con disipadores tenga un periodo de vibración 
igual al marco convencional del cual se parte (condición que no debe imponerse en general). Con el 
fin de comparar resultados. además se pone como condición que el daño en ambas estructuras sea 
similar. Las condiciones de diseño que se establecen son las siguientes: 1) que la rigidez de los 
disipadores varíe de manera proporcional a la rigidez de los entrepisos. 2) que estos tengan 
suficiente capacidad de deformación para que los disipadores trabajen adecuadamente, 3) que la 
ductilidad desarrollada por los disipadores sea adecuada. 4) que el marco que contiene a los 
disipadores tenga un comportamiento casi lineal. y S) que las distorsiones de entrepiso no sean 
mayores a las recomendadas por el Reglamento de Construcciones del Distrito Federal. Este 
procedimiento implica realizar varios análisis no lineales paso a paso en el tiempo. 

Sánchez el al ( 1993) plantea diferentes alternativas para instalar disipadores en marcos estructurales 
y algunas bases muy generales para el diseño de estructuras con estos dispositivos. Además. 
proponen un criterio para evaluar en forma empírica el grado de daño acumulado en los disipadores 
durante su vida útil. 



Esteva y Veras (1998) y Esteva el al (1998) proponen un criterio para el diseño sísmico de edificios 
nuevos y para el refuerzo de edificios con disipadores de energía. Las condiciones de diseño se 
expresan en: términos de las ductilidades nominales de disipadores y estructura. de los \·atores 
permisibles de estas ductilidades. y del desplazamiento relativo de entrepiso. El temblor de diseño 
se expresa en términos de espectros no lineales de aceleraciones para distintas ductilidades 
demandadas. Para llegar al diseño final es necesario realizar iteraciones para lograr que todas las 
condiciones de diseño se satisfagan. Los pasos detallados de este proceso de diseño se encuentran 
en un articulo de estas memorias. 

REGLAMENTACIÓN SOBRE DISIPADORES EN MÉXICO 

El concepto de disipación externo de energia sísmica es relativamente nuevo dentro del diseño de 
edificios. La reglamentación oficial en todo el mundo es mínima. En México aún no se cuenta con 
una normatividad oficial para diseño de este tipo de estructuración. 

Ruiz y Alvarez ( 1995) revisaron la normatividad oficial de treinta y siete paises. miembros de la 
Asociación Internacional de Ingeniería Sísmica. Se puso especial énfasis en el diseño. construcción 
y refuerzo de edificios con elementos reductores de la respuesta sísmica (aisladores de base y 
disipadores de energía sísmica). Se encontró que la mayoría de las normas revisadas permiten 
utilizar estos dispositivos con la condición de que los diseños sean aprobados por las autoridades 
correspondientes. También es el caso del Reglamento de Construcciones del Distrito Federal. 

El Comité de Normatividad y Criterios de Diseño Sísmico de la Sociedad Mexicana de Ingeniería 
Sísmica. coordinado por el Dr L. Esteva. presentará dentro del programa del Simposio. algunas 
ideas sobre la reglamentación sobre edificios con disipadores de energía sísmica. Se espera que 
durante la sesión correspondiente participen los asistentes al evento, proponiendo al Comité algunas . . . 
acc10nes a segUir. 

COMENTARIOS FINALES 

A continuación se hacen algunos comentarios sobre los temas revisados: 

l. Los pocos estudios experimentales hechos en nuestro país se han realizado sólo en dos 
instituciones: el l. de 1 - UNAM y el CENAPRED. ambos ubicados en la ciudad de México. No se 
han realizado pruebas en instituciones del interior de la República. Esto en parte se debe a la falta 
de instalaciones de tipo experimental. y en parte a la falta de interés por este tipo de estudios, quizá 
porque normalmente consumen gran cantidad de. tiempo, de energía y de recursos económicos 

2. Gran parte de los análisis realizados en México tratan con disipadores basados en la deformación 
plástica del acero. Se le ha dado mucho menor importancia al estudio de disipadores compuestos 
por materiales viscosos o viscoelásticos. Es deseable que en el futuro se cubrieran también estos 
temas, incluyendo estudios de tipo económico. 



3 Los esfuerzos dedicados a estudios analíticos en computadora son mucho mayores que .los 
invertidos en pruebas experimentales y en análisis costo-beneficio Es necesario dedicar mas 
esfuerzos a estas dos lineas. 

4 También es necesario dedicar esfuerzos a establecer lineamientos de diseño de edificios con 
disipadores de energía El Comité de Normatividad y Criterios de Diseño Sísmico de la SMIS 
podría dar recomendaciones para coordinar dichos esfuerzos 

S. Hasta la fecha ha habido poca discusión e intercambio de experiencias entre los distintos grupos 
de trabajo (entiéndase distintas instituciones) dedicados al estudio de este tema. 
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RESUMEN 

En este trabajo se realiU! un análisis &mímico no lineal de tres marcos convencionales ubicados en el 
suelo blando de la Cd de MéXICO de 10. 20 y 33 niveles, con períodos mic1ales de ls. 2s y 3s 
respectivamente. reforU!dos con dos alternativas diferentes: disipadores de energía y elementos de 
contravientos. Se compararan sus respuestas y se proporcionan algunas recomendaciOnes para 
detemunar en qué casos es más converuente reforzar con disipadores y en cuales con contravientos. 

SUMMARY 

A d)namic analysis of three frames reinforced m accordance Wlth two different altemat1ves IS 
presented. The soluuons considered are energy dissipaung systems and bracing elements. TI1e frames 
have !mear fundamental períods of l. 2 and 3 s Their seismic responses are compared. Some 
recommendations are proposed regardmg the condllions that make either of the solutions more 
convement tltan the other 

INTRODUCCIÓN 

El uso de ststemas disipadores de energía pard reforzar edificios SUJetos a sismos mtensos cada vez es 
más frecuente. pero en México. como en muchos otros países con alto riesgo sísmico. no existen 
recomendaciones oficiales para diseño de edificiOs nuevos con distpadores de energía ni para reforzar 
edificios existentes con dichos dispositivos (Ruiz y Alvarez. 1996). Este tipo de dispositivos. en 
muchas ocasiones. pennite reducciones apreciables en la respuesta sísmica lo que pennite aminorar o 
ehmimrr la posibilidad de daños en la estructurd. El concepto básico es que la energía se disipe a través 
del trabaJO que desarrollen estos d1sposlllvos y no por el comportamiento dúctil de los elementos de la 
estructura. Por esta razón se hacen esfuerzos orientados a conocer y proponer diferentes tipos de 
sistemas disipadores. a estudiar su mfluencia en la respuesta dinánuca de los sistemas estructurales que 
los contienen. así como a desarrollar cntetios y métodos aplicables a la práctica del diseño. tanto para 
el diseño de nuevas estructuras como para el refuerzo de edificios existentes. 

El Reglamento de Construcciones para el D1stnto Federal (RCDF-1993) perutite utiliUir estos 
d1spos1tivos con la condición de que los diseños conduzcan a una confiab1lidad por lo menos 1gual a la 
que se obtendría para estructuras convencionales empleando los métodos y requisitos especificados en 
el propiO reglamento Los diseños finales deben ser aprobados por las autondades correspondientes 
para poder otorgar el permiso de construcción 

El objetivo de este trabaJO esta orientado a conocer más adecuadamente el uso eficiente de los 
diSipadores. Para ello se analizan las respuestas estructurales de tres edificiOs de 10. 20 y 33 niveles 
reforzados con disipadores y con contravientos. Se suponen ubicados en el suelo blando de la Cd. de 
México. Se comparan sus respuestas y se recomienda para cuales edificios es más conveniente el uso 
de· disipadores en lugar de utilizar contravientos como refuerzo 
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DESCRIPCIÓN DE LOS EDIFICIOS 

Con la idea de realizar lll1 estudio en donde se abarquen las principales zonas del espectro de respuesta 
del sismo registrado en la Secretaria de Comunicaciones y Transporte del 19 de septiembre de 1985. se 
modelaron tres marcos de 10. 20 y 33 niveles de concreto reforzado con lll1 penado fundamental To de 
1. 2 y 3 s respecti,·amente. Se diseñan para uso de oficinas. Se clasifican como estructuras del grupo B. 
Se ubican en la zona de lago del Valle de México considerada como zona IIl tomando en cuenta las 
disposiciones de seguridad estructural para el Reglamento de Construcción del Distnto Federal de 1976 
(RCDF76) En la Figura 1 se presentan las principales caracteristicas geométricas para cada uno de los 
edificios. y en la Tabla 1 las secciones de las trabes y columnas. 
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FIGURA 1 Elevación de los marcos sin reforzar (SR). 
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TABLA l. Seccwnes de trabes y columnas de los marcos. 

MARCO DE 10 NNELES MARCO DE 20 NIVELES 

Columnas Trabes 
(cm) (cm) 

Nivel 
Columnas Trabes 

(cm) (cm) 

56 X 56 1-4 120xl20 

s.¡. x s-t 
50 X 50 

75 X 35 
5-8 110 X 110 

9-12 lOO x 100 95 X -I.S 

~2 x~2 IJ-16 90 X 90 
17-20 80 X 80 

MARCO DE 33 NIVELES 

Nivel 
Columnas 

(cm) 
1-5 190 X 191) 

Nil·el 
Trabes 

(cm) 

6-10 170 X 170 1-12 100 X 90 

11-15 150 X 150 13-27 100 X 80 

16-21 I3o x no 28-33 90 X 70 

22-25 120 ~ 120 
26-30 110 X 110 
31-33 90 X 90 
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DESCRIPCIÓN DEL MOVIMIENTO SÍSMICO 

Para el estudio de los marcos se utilizó un acelerograma representativo de una zona blanda del Valle de 
México. Este corresponde al componente este-oeste del movimiento registrado en la Secretaria de 
Comunicaciones y Transpone durante el sismo del 19 de septiembre de 1985 (SCTEWRE85 ). En la 
Figura 2 se muestra su espectro de respuesta lineal. 
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FIGURA 2. Espectro de respuesta lineal para SCTEW85. 

ARREGLO DE LOS EDIFICIOS REFORZADOS CON DISIPADORES Y CONTRAVIENTOS 

En las Figuras 3 y 4 se muestran los arreglos finales de los marcos de 10. 20 y 33 niveles reforzados 
con contrav1entos y disipadores respectivamente. · 

= ~ 
~ . 

' . 
' 

·a) Marco de 1 O niveles 

1 •><• 1 ,_.......-, ,......_, 
............. ._.......-, 
' •X• ' 
~~ .--..._, ,_......., 
1 •><• 1 . ....- ............... 
,--....._, ,_...-, 

·':S-~' 
,__...-, .-......' . --._. 

•><· . __..' 
.......... ' . 
~ 

·:::· ,__..' 1 1><':-::1. 
..!.....!...!..' 

b) Marco de 20 niveles 

' ,__...' '-........_, 1 

:<:: 

;),: 
1 ¿, ,, 

:=s: 
:~ 

' 

!/ ' ........ 
?r 

' 

e) Marco de 33 niveles 

FIGURA 3. Arreglo de los contravientos en los marcos reforLados 
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FIGURA 4. Arreglo de los disipadores en los marcos reforzados 

Distorsiones de Entrepiso de los Marcos 

En las Ftf:.'llTaS 5. 6) 7 se muestran las distorsiOnes de entrepiso para los marcos de lO. 20 y 3:; niYclcs. 
correspondientes a los marcos sm reforzar. y reforzados con disipadores y con contra\'lcntos. Se puede 
obscrYar que para los marcos reforzados las distorsiones son menores que las distorsiones línutc que 
establece el reglamento vigente (0.012H. H=alrura de entrepiso). 
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FIGURA 5 Distorsiones de entrepiso para los marcos de JO niveles. 
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MARCO DE20 NIVELES 
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PROCEDIMIENTO DE ANÁLISIS. 

Respuestas de Interés. 

Una vez que se diseñaron los respectivos refuerzos (usando contrav1entos o disipadores) se procediÓ al 
análisis dinámicos no lineal paso a paso de los marcos med1ante el programa DRAlN 2D Las 
respuestas de interés obtenidas en el análisis son las siguientes: 

1.- Coeficiente sísmico máximo (C..mol que demanda el sismo al edificio de múltiples grados de 
libertad (SVGDL). Este se obuene a panir de la histona en el tiempo del conante en la base 
diYidido entre el peso de la estructura. Se calcula a partir de un anális1s dinámico no hneal 

2.- Desplazamiento ITL:'Íximo absoluto de la azotea (8maxdeazotea). 

l.- Desplazamiento máximo de entrepiso divididO entre la altura de entrepiso (Yma..>.. relatiVO entrepL~o). 

Por otro lado. a pan ir de tm análisis estático no lineal ("push over') se obtiene lo siguiente: 

~-- Ductilidad global (~ob.,) desarrollada del SVGDL. Se obuene al dividir el desplazamiento 
máximo pennitido (0.012H) entre el desplazamiento de fluencia (dy). Se calcula a partir de un 
anál1s1s "push-over" usando el progran1a el Dram 2DX. 

5 - Coefictentc sísmico que resiste la estmctura (Ces) Este se obtiene de la curva que relaciona al 
coefictente sísmico (fuerza cortante basal entre peso de la estructura) versus el desplazamiento 
de azotea. correspondiente a un desplazamiento igual a 0.012H. (H= altura del edific1o) 

Procedimiento General de Análisis 

Ense,guida se descnben los pasos empleados en este estudio Estos se realizan para cada tmo de los 
marcos 

l.- Encontrar el c.,smo· Cres· Úma\ de aZ<.>tCd• Yma.\ relahvo enlrCpiSO• ~obal )" To del SVGDL. 

2.- Constnur el espectro de respuesta de coeficientes sísmicos para ductilidad igual a ww. 
correspondiente al sismo usado como excnacJón (en este caso SCTEW85). 

3.- Encontrar mediante Iteraciones la demanda de ductilidad del sistema equivalente (¡.t'qu') Dicha 
demanda se obtiene mediante iteraciones. Debe satisfacerse el coeficiente sísmico basal (Csismo) para Wl 

sistema de un grado de libenad con periodo T0 • Con esto conocemos el nivel de ductilidad desarrollado 
por el sisten1<1 equl\·alente de un gmdo de libenad (SE 1 GDL) 

~--Comparar el ,·alarde ¡.t"1'" (SElGDL) con Jl,.lob,1 (SVGDL) 

5.- Comparar Como asoc1ada al SE 1 GDL con C.,. obtemdo a partir del SVGDL. 

Resultados Para el Marco de 33 Niveles 

S1guiendo el proceduniento rmtes explicado. se constmyó la Figura 8. Esta se asocia con el marco de 33 
111\'cles sm rcfomtr (SR) con penado IIIICial To = 3 07s. con el refort.ado con disipadores (Dis) con To 
== 2 78s y con el reforzado con contravientos (Cv) con To == 1 83s. Esta figura muestra los espectros de 
coeficientes sísmicos correspondientes a las ductilidades equivalentes desarrolladas (1-!e"lll). En la figura 
tmnbién se md1ca (con flechas) el cambio que sufren los coeficientes sísmicos del marco cuando se 
refuerza con disipadores (Dis) o con contranentos (Cv). 

En la Tabla 2 se muestran cada una de las vanables defimdas anteriormente. A panir de esta tabla 
podemos comparar los valores C,15mo con Cre•· y )J.eqm con J..lg!obal· 
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ESPECTROS DE RESPUESTA PARA SCTEWBS, ~= 5% 
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FIGURA 8. Representación gráfica de los coeficientes sísmicos demandados 
correspondientes a los edificios de 33 niveles 
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TABLA 2. Tabla comparau,·a de resultados del SEIGDL y del SVGDL para el marco de 33 
',¡ \lH O· <:i .<3'-:1\Fl F• 

RESPI"EST \ 
RESPtJESTA DEL S\"GUL 

DEL SEIC:OL 

'" . ' y· :"'-.: r'"'"" \1.,,, .... ·~' .. : -d~~ : ·. . ·' " ... ........... . 1111' 

Sin H.t·forz:u· 3.07 2.0 013 0.134 0.0131 79.81 

Con Dhipador't•s 278 2.3 0.13 0.147 0.0117 88.90 

('on (_'<~ntl<l'it·nlo" 1.83 1.63 0.30 0.329 0.0114 106 78 

m veles 

. ,.,·. 

2 20 

2 30 

2 67 

En la Tabla 2 se puede obsen·ar que el edificio convencional de 33 mveles con periodo fundamental 
To=3.07s y coeficiente sísmico desarrollado Igual a c,.mo=0.13. presenta una demanda de ductiildad 
equivalente~''"' =2.0. tal como se representa en la Figura 8. La demanda de ductilidad del SEIGDL 
~''"' encontrada es del orden de la ductilidad global desarrollada por el SVGDL (f1giob•l =2.20). En este 
caso la relación entre estos valores es de 2 2/2.0 = 1.10. Para el caso con disipadores dicho factor es 
unitario y pam el caso de contravicntos se observa que la demanda de ductilidad equivalente (¡..t"'qlll ) es 
muy diferente a la que se obtiCne del análisis del SVGDL. Para este caso la relación entre demandas de 
ductilidad es de 1 64 

La Tabla 2 también muestra que los coeficientes sísmicos resastentcs (Cres) son mayores que los 
demandados por el sismo (C~1smo). Se deduce que sus resistencias son adecuadas. Así nusmo, se 
muestran las distorsiOnes má:\.lmas relatnas de entrepiso (Y mil.' relatlvll entrepl~O). Nótese que para el marco 
com·enc10nal dichas distorsiOnes son mayores que las pernutidas por el RCDF93 (0.012H). sm 
embargo, al reforzarse el edificio las distorsiones necesanamcnte son menores que O.Ol2H 

7 

., 



-------- -----

Resultados de los tres marcos 

a) Coeficientes sísmicos demandados (Cs15m0 ). 

La figura 9 muestra las respuestas de Jos marcos de 10. 20 y 33 niveles sin reforzar (SR). reforzados 
con diSipadores (Dis) y reforzados con contraVlentos (Cv) en functón de sus coeficientes sísmicos 
demandados {C,.m0 ). sus periodos originales (To) y finales. Estos corresponden con las ductilidades 
eqm,·alentes desarrolladas (ft"'"' ) Como referencia se dibuja el espectro de coeficientes síS!Tilcos para 
ductilidad igual a uno. Para ilustrarlo esquemáticamente se inillca mediante flechas el incremento que 
tienen los coeficientes sísmicos entre ellos y a su \'ez el corrimiento de los penados. Este mcremcnto 
también se indica nwnéricamente en la Tabla 3. 
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FIGURA 9. Representación gráfica de los coeficientes sísmicos demandados para los marcos sm 
reforzar (SR). reforzados con dtsipadorcs (Dis) y reforzados con contravientos (Cv). 

TABLA 3 Relación de incremento de los coeficientes sísmtcos 

Relaciún entn.• los coeficientes sísmicos 
\ \:'¡-:_·,, :H J:i\dt''· \L:rLn ]n ni~ e! e:.. :'fa~TI! .}.~ ¡: ¡ ., t:!t•L, 

Cv/SR 1.65 1.77 2.31 
Dis/SR 1.09 1.24 1.00 
(\·/Dís 1.51 1.43 2.31 

En esta tabla se puede observar que la relación del coeficiente del marco de 10 niveles contraventeado 
entre el marco sin reforzar (Cv/SR) es de 1.65. es dcctr. que el stsmo le demanda al marco con 
contraVlentos un mcremento del cortante en la base de 1.65 veces el cortante que le demanda al marco 
sin refuerzo. Por otro lado. el mcremento del cortante en la base en el marco con disipadores es 1.09 
veces la del marco sin refuerzo. Por último. la relación del coeficiente correspondiente al marco con 
contmVlentos es 1 51 veces mayor con respecto al marco con disipadores. 

La mayor relación Cv/Dis correspondiente a los tres casos de la Tabla 3 se presenta para el marco de 33 
mvelcs reforzado con contravientos (Cv/Dis=2.3l ). Se deduce entonces. que el uso más efictentc de los 
dtsipadorcs en cuanto a reducctón de la fucr7.a cortante basal se presenta para el marco de 33 mveles 
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Esto mismo se puede observar gráficamente en la Figura 9. En segundo lugar se encuentra el marco de 
10 ni\·eles. para el cual Cv/Dis = 1.51. Se hace notar que el marco de 10 y de 30 niveles se encuentran 
en zonas descendentes del espectro lineal de pseudoaceleraciones. Al reforzarlos estos presentan 
ordenadas espectrales mayores que los que tenían antes de ser reforzadas. Esto úlumo sucede tambien 
con el marco de 20 niveles: sin embargo. el incremento en dichas ordenadas es menor 

bJ DI.slOrsiones máximas de entrepiSO (Yma"' relat1vo entrepiSo). 

La figura 1 O muestra las distorsiones de entrepiso correspondientes a los tres casos. El marco de 1 O 
mveles sin refuerzo (SR) presenta distorsiones de entrepiso mucho mayores a las marcadas como 
limite (O 012H) por el RCDF93 (ilustrado con linea roja en la figura). Este marco reforzado con 
diSipadores (Dis) presenta distorsiones por debajo de la linea que marca el línute tolerable. Estas 
distorsiones se obttenen mtencionalmcnte cerca del límite con el propósito de que se tenga el ma~ or 
trabajo eficiente y la mayor absoTCJón de energía del dispositivo disipador (al presentar ma~·or 

desplazamiento relativo de entrepiso) Mientras que las distorsiones de entrepiso para el marco 
reforzado con contravientos (Cv) se encuentran muy por debajo de la línea que marca el limite. En este 
caso el refuerzo con contravientos se diseña de tal manera que los contranentos resistan elásticamente 
la carga de compresión y tensión a las que ·se ven sometidos durante el sismo. C\'ltando adcm<is el 
pandeo de los nusmos. Los cambios de las distorsiones de entrepiso se ilustran mediante flechas en la 
Ftgura 10. 

El comportmmento del marco de 20 niveles es muy similar al del marco de 10 ruveles. Por otro lado. 
analizando el marco de 33 niveles sin refuerzo (SR) se observa que presenta distorsión poco aniba"del 
límite de 0.0 12H y la del marco con dis1padores está en el límite de la línea Hasta aquí el 
comportamiento es parecido a los dos casos anteriores ( 10 y 20 niveles): sin embargo. la mayor 
diferencia se encuentra en el marco reforzado con contravientos para el cual las distorsiones m<iximas 
de entrepiSO son muy grandes comparadas con las de los marcos de 1 O y de 20 niveles reforzados 
también con contranentos (Cv) 

La relación de las distorsiones máximas de entrepiso para cada caso se presentan en la Tabla -L 
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FIGURA 10. RepresentaCIÓn gráfica de las distorsiones máx1mas de entreptso para los marcos sin 
reforzar (SR). reforzados con disipadores (Dis). y reforzados con contravientos (Cv). 
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TABLA 1 .. 4. Re ac10n entre las lSlOTSIOOeS maxtmaS d e entre ISO . 

\!atTO Ji) llÍ\'L"k~ .\lan·o ~o tÚ\'i.'ll'' .:\lan·o JJ nhl'il'" 
C.·/SR 0.11 0.14 0.87 
Dis/SR 0.59 0.70 0.89 
c,.¡Qi, 0.18 0.20 0.97 

A partir de la Figura 1 O y de esta tabla se puede observar que las distorsiones máximas de entrepiso son 
mayores para los marcos con disipadores que para los marcos contraventeados. Las menores relaciones 
de distorsiOnes se presentan para los casos de 10 y 20 niveles (Cv/SR = 0.11 v 0.14 respectivamente) 
Para el marco de 33 niveles esta relación es más grande (Cv/SR = 0.87). También se puede ver que la 
distorsión del marco de 33 mveles con contravientos es prácticamente igual a la del marco con 
disipadores (Cv/Dis =O 97) No sucede así para los otros dos casos. en donde CviDis =· 0.18 y 0.20 
correspondientes a los marcos de 1 O y 20 niveles. respectivamente. 

CONCLUSIONES 

En la Tabla 3 se puede observar que el marco de 33 niveles con contravientos es el que presenta la 
mayor relación de coeficiente sísmico Cv/DIS = 2.31. Es decir. que reforzar con disipadores en este 
caso constituye una solución eficiente para reducir el cortante en la base. Esto es especialmente 
importante para el edificio con problemas de capacidad en su cimentación. 

A partir de la Figura 1 O en donde se presentan las distorsiones máximas de entrepiso de los tres marcos. 
se deduce que los contravientos añadidos al marco de 33 niveles summistran suficiente rigidez lateral a 
la estructura (el cambio del periodo fundamental de vibración es signifieauvo ): sin embargo. la 
reducción en distorsiones máximas es poco efictente (menor que para los marcos de 10 y 20 niYelcs). 

Para los casos aquí anali7..ados se concluye que reforzar con diSipadores es más eficiente en las 
estructuras de periodo largo. correspondientes a estructuras con periodos de Yibrar ubicados en la zona 
descendente del espectro Por otro lado. reforzar estas estructuras con contravientos puede dar lugar a 
fuerzas basales grandes que podrían ser excesivas pam edificios con problemas de capactdad en su 
ctmcntación 

AGRADECIMIENTOS 

Se agradece a Marco A. Torres Pérez-Negrón el apoyo para la realización de este estudio. Este trabajo 
se realizó con patrocinio de DGAPA dentro del proyecto IN 111998. 

REFERENCIAS 

Arnal Simón, L. ~· Bctancourt Suárcz, M. (1994). "Reglamento de ConstrucciOnes para el Distrito 
Federal". (RCDF93). Ilustrado y comentado. Ednonal Trillas S.A de C.V. 

Kannan, A. y Powcll, G. (1973). "General Purpose Computer Program for lnelasllc Dmamic 
Response of Plane Structures" Reporte No. UCB!EERC: 73-6. Earthquake Engmeermg Research 
Center Umversidad de California en Berkelev C.A. 

"Normas Técnicas Complementarias ¡Jara Diseño ~: Construcción de Estructuras de Concreto" 
(19%). (iaceta OficiO! del Dislntn Federal. 27 de febrero de 1996. MéxiCO D F. 

"Normas Técnicas Complementarias para Diseño ~· Construcción de Estructuras Metálicas" 
(1995). Gaceta Oficial del Dwnto Federal. 27 de febrero de 1995. MéxiCO D.F. 

"Normas Técnicas Complementarias para Diseño por Sismo" (1995). Gaceta Oficial del Distmo 
Federal. 27 de febrero de 1995. México D.F 

10 



Reglamento de Construcciones para el Distrito Federal. Título IV (1977). "Requisnos de 
Seguridad y SerYicio para las Estructuras". Serie No. ~00 de/Instituto de lngemeria de la UA'.J.\f. julio 
de 1977 

Ruiz S. E. y Al\'arez, J. L. ( 1995). "Panorámica sobre la reglamentación de edificios con dispositJ\·os 
reductores de la respuesta sísmica'\ Riesgo sísmico y Reglamentación de diseño, IV S'imposw Nac1onal 
de Ingeniería Sisrmca, Oaxaca Oax 109-126. 

11 

,. 



FACULTAD DE INGENIERIA U.N.A.M. 
DIVISION DE EDUCACION CONTINUA 

CURSOS ABIERTOS 

XXVI CURSO INTERNACIONAL DE 
INGENIERIA SÍSMICA 

MOUDLO V: DISEÑO SISMICO DE EDIFICIOS 

TEMA 

EDIFICIOS EN LOS QUE CONVIENE REFORZAR CON 
DISIPADORES EN ENERGIA EN LUGAR DE UTILIZAR 

CONTRA VIENTOS 

EXPOSITOR: DRA. SONIA E. RUIZ GOMEZ 
PALACIO DE MINERIA 
SEPTIEMBRE DEL 2000 

Palac1o de M1neria Calle de Tacuba 5 primer p1so Deleg. Cuauhtemoc 06000 México, D.F. Tels: 521-40-20 y 521-73-35 Apdo. Postal M-2285 



Performance-Based Design Approach for 
Seismic Rehabilitation of Buildings with 
Displacement-Dependent Dissipators 

Sonia E. Ruiz and Hiram Badillo 

A perfonnance-based approach for seismic retrofitting of buildings with 
energy dissipating devices is presented The approach also may be seen as an 
a/gorithm useful for converging to a first approximation of a system to be 
analyzed according to the time history approach recommended in NEHRP 
Guidelines (FEMA 273, 1997). The algorithm is based on the analysis of 
equivalen! SDOF models with added parallel elements that represent the 
dissipating systems The combined systems are analyzed under sets of 
accelerograms associated with different retum intervals. The acceptance criteria 
are intended to control the interstory peak drift of the rehabi1itated structure and 
the maximum ductility demand of the dissipating devices. The approach is 
successfully applied to a ten-story three-bay frame. The approach needs smaller 
computer time process as compared to that needed when multi-degree-of-freedom 
systems are used for the time history analysis. This saving in computer time 
makes attractive the algorithm proposed 

INTRODUCTION 

There is a consensus among structural design experts and code writers that in the near 
future most of the seismic design regulations will be established under a perfonnance-based 
framework (Fafjar y Krawink:ler, 1997) Also, there is a general agreement that the design 
tendency is to control the structural response defonnations, instead of the resistance of the 
structures (Priestley, 1998) As a consequence, there is a need to develop new methods of 
analysis from the point of view of performance-based as well as deformation control design. 

In this paper a performancl!-based approach for rehabilitation of buildings with passive 
energy dissipation devices is proposed. The approach presented in this paper also may be 
seen as an algorithm useful for converging to a first approximation of a system to be 
analyzed according to the time history approach recommended in NEHRP Guidelines 
(FEMA 273, 1997) Although the algorithm is applied to the rehabilitation of buildings with 
energy dissipators, it may also be adopted for retrofitting of buildings using conventional 
bracing members. 

For the seismic rehabilitation of buildings, the NEHRP Guidelines (FEMA 273, 1997) 
recommend linear as well as non1inear analysis procedures One of the nonlinear dynamic 
procedures is the time-history approach This involves the step-by-step analysis of the 

(SER) Pro f. Dept of Applted Mechamcs. Institute of Engineenng. National Uruversity of Mexíco. Apdo Postal 
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response time history of a multi-degree-of-freedom model of the building. This commonly 
represents a long computer time. On the contrary, the use of equivalen! SDOF systems. as 
proposed in this paper, reduces the computer time of analysis considerably, as compared to 
that needed for MDOF systems. 

The algorithm proposed is illustrated by means of a ten-story three-bay reinforced 
concrete frame rehabilitated with hysteretic steel dissipators. For these. the force
displacement response is a function of the relative displacement between each .end of the 
dissipation system 

In arder to control the defonnation of the structure studied here, sorne assumptions had to 
be made about the tolerable max.imum drifts of the building and about the allowable 
maximum ductility demands on the dissipators, for the intensities corresponding to different 
retum intervals. The need to define the performance levels associated with different seismic 
hazard levels has been pointed out by experts in structural design (Krawinkler and Fafjar, 
1997). At this time there are many efforts oriented in this direction in different regions of the 
world. 

DESIGN APPROACH 

The approach proposed uses single-degree-of-freedom (SDOF) equivalen! systems for 
different assumptions about the characteristics of the dissipators The time histories of the 
responses of these systems under the action of scaled motions are studied by means of step
by-step analysis The acceptance conditions required in this step is intended to control the 
dejormatwns of the structure. The approach may be applicable to different performance 
levels (from "fully operational" to "collapse prevention" levels). 

In what follows the steps of the algorithm proposed are listed In the next section. each of 
these steps is extended, and the applicability and limitations ofthe approach are discussed. 

a) An equivalen! SDOF model of the system to be rehabilitated is deterrnined first This 
model is characterized by its mass Me', lateral initial stiffness Kc * and lateral strength 
Re*. Sorne methods ha ve been proposed in the literature to find the equivalen! SDOF 
system (Miranda. 1991; Qi and Mohele, 1992; Collins. Wen and Foutch, 1995) The 
degradation of the stiffness and strength for cyclic load excitation can be taken into 
account as discussed later. 

b) An energy-dissipating element with lateral stiffness !(.¡ and strength R.J is added (in 
parallel) to the equivalént SDOF system The ratios of the corresponding mechanical 
properties of the dissipating system and the conventional structure are represented by 
the non-dimensional parameters a0 ; KJK., and bo; R&Rc. 

e) The combined SDOF system is excited with a family of earthquakes with statistical 
properties similar to those of the design earthquake. All motions in the set correspond 
to the same retum interval, T R 

d) The dynamic response is determined by means of a time-history analysis. The 
responses of interest are the peak values of the interstory drift (relative lateral 
displacement divided by the story height ; (olh)max), and the maximum ductility 
demands on the dissipator devices (Jld) max· 



e) Adequate probability distribution functions are fitted lo the variables (/5/h)max and 
()ld)ma,. Then the nominal values (/5/h)* ma\ and (lld)* "''"' that correspond to a given 
probability of exceedance p* are calculated. The selection of p* is discussed later. 

f) Steps b, c. d and e are repeated, assuming different values of the stiffness and of the 
strength of the dissipator system, this means. different values of a0 and b0 . It is noticed 
that. for the type of dissipators treated here. once that a0 is selected. the value of ho is 
given. The ratio between a0 and ho. as well as the assumptions behind. are explained 
later. The results at this stage of the process can be represented as in Fig. 1 In this, the 
vertical left axis represents the peak interstory drift and the right axis is the maximum 
ductility demand developed by the dissipator 

g) Steps b, e, d, e and f are repeated for different motions associated with different retum 
intervals T R A graph similar to Fig 1 can be drawn for the intensity that corresponds to 
each retum interval. lt is noticed that the properties of the equivalen! SDOF system 
depend on the assumed drift ratio. 
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Figure l. Nominal values of ma,omum dnfts (o/h)=, and ductility demands (1-'<llm" as functions of 
a 0 The curve corresponds to a probabllJtv of exceedance equal to p* for a ground mot10n intens1ty 
assoc1ated mth a specified return interval. 

h) The values (/5/h)max and ()ld)m" associated with different values of a0 and with different 
retum intervals T R may al so be represented by bi- or tri-dimensional plots similar to 
those shown in Figs. 2 and 3. 
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Structural response (ó 1 h or ll d )_ 

Figure 2. Response ofthe SDOF systems with dissipators assoc1ated mth a specified probabilll:y of 
exceedance. for different values of a0 and different return mtervals. 
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Figure 3 Response of the SDOF systems "ith dissipators associated with a specified probabdity of 
exceedance. for different values of a o and different return mtervals. ( 
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i) From these figures, a value of a., is selected for each retum interval, in such a manner 
that it corresponds to the allowable peak interstory drift of the structure and to the 
maximum ductility demand of the dissipators for· that retum interval. The allowable 
values corresponding to the different T R are supposed to be taken from a perforrnance
based code. The largest value selected of a 0 determined in this manner govems the 
design. 

j) The value of a 0 obtained in this way defines the initial tria! for the design of the 
rehabilitated MDOF structure At this stage of the analysis it is necessary to decide 
about the distribution of the dissipators along the height of the structure This is 
discussed later. 

k) Verity for the MDOF system that the peak interstory drift of the building and the 
maximum ductility demand of the dissipator system are within tolerable values when 
the rehabilitated structure is subjected to three critica! ground motion time histories 
with a specified intensity. The selection of these is discussed later. 

1) VerifY that the accumulated plastic hinge rotations on the structural members are 
smaller than or equal to their rotation capacities. 

m) If necessary, make sorne adjustments on the number or on the distribution of 
dissipators along the height of the structure and repeat steps k and l. 

COMMENTS ABOUT THE DESIGN APPROACH 

This section makes sorne reflections and considerations about each of the steps mentioned 
above . 

. REPRESENTATION OF THE EQUIVALENT SDOF MODEL (STEPS a AND b 
MENTIONED IN THE PREVIOUS SECTION) 

As it is well known, the seismic response of a structure is affected, among many other 
factors, by the degradation in the mechanical properties of its structural elements (Gupta and 
Krawinkler, 1998) Due to this, it is importan! to consider these effects in the response of 
SDOF equivalen! systems, at least by means of simplified models. On the other hand, the 
cyclic behavior of the dissipation elements based on the deforrnation of metals is very stable 
and does not show any strength or stiffuess degradation 

An equivalen! system that accounts for stiffuess degrading can be developed applying to 
the original structure a low-frequency sinusoidal excitation with increasing amplitudes, 
similarly to a typical pseudo-dynamic laboratory test with controlled displacements. The 
constitutive function for the equivalen! system can then be derived on the basis of the 
calculated cyclic response curve expressed in terrns of base-shear versus roof-displacement 
of the detailed system. 

The mathematical model can be represented as shown in Fig. 4 for a ten-story three-bay 
frame. All mass is removed from the structure, and a rigid element (hinged at its base) with 
large mass is added. The vertical element is attached to each !loor leve! by very rigid springs. 
A variation of this model, but using monotonically applied static loads and with springs 



arranged according to the desired static lateral load distribution. was proposed by Moehle and 
¡\]arcón ( 1986) 

SEISMIC HAZARD AND SCALED GROUND MOTIONS (STEP e) 

In the performance-based forrnulation the selection of the retum interval T R of seismic 
events with intensities equai to or greater than a certain leve! will depend on the objectives of 
the rehabilitation. These objectives are selected thinking on the total costs and on the benefit 
to be obtained The goal of the rehabilitation project m ay be to satisfy one or more objectives 
This may imply using for the analysis N design motions. each associated with a given retum 
interval (h),. i =i.N.Body Text 

1 

J!f' f 1 
A 1 J 

o 4 ·(Dl ·~ o f.o 

..!:1! 
1 

Base Rvtation 

Figure 4. Representation of the approach to obtain the SDOF eqUivalent system considenng 
degrading stiffuess of the structural elements under cyclic loads 

The frequency content of non-characteristic earthquakes ( earthquake motions 
corresponding to a small T R) may be different from that associated with high-intensity 
motions (corresponding to characteristic earthquakes). A realistic analysis must take into 
account these differences. 

In the example presented in this paper the SDOF systems are analyzed under motions 
corresponding to six different retum intervals; however. as it will be seen later. only three of 
them are taken as references for establishing acceptance criteria 

For each retum interval a set of ground motions is used as base excitation. The motions 
(real or simulated) can be scaled in su eh a way that their spectral ordinales for the 
fundamental period of the system analyzed are equal to that associated with the specified 
return interval. Larger standard deviations of the response may be obtained if other scaling 
criteria are used. 
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DYNAMIC RESPONSES OF THE EQUIVALENT SDOF SYSTEMS WITH DISSIPATORS 
(STEP d) 

Seismic damage on a building is usually controlled by limiting the interstory drifts or the 
ductility demands that result fi"om the response to the design earthquake There are other 
structural-response variables,· su eh as the maximum floor velocity or floor acceleration, that 
are more directly related to damage on sorne non-structural elements or facility contents 
However, the study presented here deals only with buildings for which structural damage is 
determined by. the maximum'intersotry drift (6/h)max 

The aim 'of the approach proposed is to limit damage by controlling (6/h)ma.v and (!llmav 
for different ground motion intensities 

PROBABILITY OF EXCEEDANCE OF THE CONTROL VARIABLES (STEP e) 

The selection of the probability of exceedance p* of the control variables ((6 lh)ma, and 
(!l)max) depends, among other factors, on the consequences of the structural failure As this 
probability becomes larger the reliability of the design increases. The approach presented 
here assumes that this probability value is kept constant for the whole range of a0 values 
assumed in the analysis. 

In the example of this paper, peak deformation and maximum ductility demands are 
considered as random variables with lognormal probabilty distribution. The probability of 
exceedance ofthe design value is p* = 2 per cent. · 

RELA TION BETWEEN THE STIFFNESS AND THE STRENGTH RA TIOS (STEP f) 

The a0 and bo values are related as follows. 

G0 = bo (&,., f Óvd) (1) 

where 1)" and l),d are the yield deflections of the elements that represen! the conventional 
frame and the energy dissipating devices, respectively The ratio RcVI<d is assumed to remain 
constant during the design process, because its value is determined by the dimensions of the 
components of the energy dissipating system and by the mechanical properties of the 
materials with which they are built 

PERFORMANCE SURFACE AND TARGET PERFORMANCE LEVELS (STEPS g, h i) 

The structural "performance surface" as that of Fig. 3 represents the values of structural 
response associated with a given probability of being exceeded during an earthquake with a 
specified intensity The ordinales defining this surface must be smaller than or equal to the 
structural capacities specified by the performance-based code. This must be satisfied over the 
en tire range of values of structural response. 

INFORMATION OBTAINED FROM THE SDOF MODEL (STEP j) 

The results obtained from the analysis of SDOF models provide information about 
approximate average values of the stiffuess and strength ratios a0 = Ko/Kc and bo = RJRc 
that must be adopted for the MDOF structure rehabilitation design Local variations of the 
mechanical properties of the dissipators along the building height must be determined next. 



In general it will be convenient to assume that the dissipators will be placed on those 
stories with values of the maximum interstory drift larger than the allowable val u e However. 
it should be verified that no concentrations of rotation ductility demands occur on structural 
members in the vicinity of the retrofitted stories were the dissipators are placed If this were 
the case. the dissipators should be installed staning from the base of the frames up to the 
stories where the dissipators are required to reduce lateral drift. Normally the dissipator 
devices are needed at the 'iower and at the rniddle ponion of a building, rather than at the top. 
As an initial tria! it may be assumed that the dissipator stiffness value is K,¡ = aoK,. where Kc 
represent the mean value of the lateral stiffness of the stories where the dissipators will be 
placed 

VERIFYING THE ACCEPTANCE CRITERIA (STEP k) 

The MDOF structure with dissipators must be subjected to three critica! motions in order 
to verifY that (8/h)ma.x and (!l)ma.x are smaller than the values specified by the code The retum 
interval associated with these motions will be that corresponding to the governing situation. It 
is also necessary to verifY that the accumulated hinge-rotation demands at the ends of beams 
and columns of the rehabilitated building are smaller than the corresponding capacities. 

One way to select the three critica! motions is by requiring that the responses (8/h)ma., and 
(!llmax of the corresponding SDOF equivalen! systems under these motions ha ve probabilities 
of exceedance close to p* (The selection of these motios will become clear through the 
example explained in next section, particularly when analizing Fig. 8.) 

ILLUSTRA TIVE EXAMPLE 

Suppose that it has been decided to rehabilitate with hysteretic energy dissipators the 
structure shown in Fig. 5. The rehabilitation is needed because the drift demands at so me 
stories are larger than the allowable value prescribed by the code. The main propenies of the 
frame are summarized in Table l. Its fundamental period ofvibration is equal to ls. 
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Figure 5. Geometry ofthe MDOF buildmg 
to be retrofined. 

Table L Properties ofthe cross secuons 

Story Column Section Girder Section 
(m) (m) 

1 to 4 0.56 X 0.56 
5 to 6 0.54 X 0.54 

0.35 X Ú.75 
7 to 8 050x0.50 
9 tolO 0.42 X 0 42 



The structure is supposed to be located at a soft soil site in Mexico City. where the 
seismic hazard may be represented by Fig 6. 

0.1 

V (y) 

0.01 

0.001 

--Peakground 
acceleration 

-Maxinum spectral 
acceleration 

- - - - - - - -·- -,_ -- - - -- - - - - ~ - - - - - - ::: : : : : ~ :::: = ::: ::: : ::: ::: :::: ::::::: : :::: : ~ ::: 
-- ------- -- - -- -·- .. ---- -

' • • ' ' ' 1. 1 ' ' ' , ' ' 1' 
----~---.----.----- ----~-------- ---r-----;---~---~-,--,~ 

• : • ' ' ' • : : 1 1 1 ' ' 1 ' 

----,--------~----- ------------, -------~------------

--------------------- ------------ "------------------
- ---- ---'--'------ ----- -- ----·- ----- ----------·----- ----------,--,--,---------- ---------:--r -----;------,-------
- ----; ---.--,--,---------- ---,----.-.-1 T 1: -- --¡---.--,--,-,- ,-,,-

=================~====~-=~===~==~~C[ ===~==~==·=~:e::: ' ' ' • ' 1 • 1 1 1 ' ' ' 

- -- - --- _,_ -'--- :__-- -- - - - - - - -- --.....:--- - '- L-

! ! ' ' ' 1! i 
--------·--~-~--~--~--~--- -------~~~L- - - - - - -'- -'- -' -:.... - - -

:: 1 
1 1 ' 1 ' 

. ' ' 

0.1 lO lOO 

Pseudo-acceleration (mis') 

Figure 6. lntenstty-recurrence curves for soft soil in MeXJco City. 

The properties of the SDOF equivalen! systems for the frame to be retrofitted were 
obtained in accordance with the approach proposed by Collins et al (1995). These are as 
follows (assuming a drift ratio of 1%)· K,*; 1009.6 T/m, Ro*; 52 5 T, Me*; 28 9 T-s2/m. 
P* ; 1.25 (scale factor for base motion) The degrading parameters obtained with the 
procedure explained previously (according with Fig. 4) are· a; 0.07 and f3 = O 4 (Badillo, 
2000). Here. a and f3 are the parameters of the extended version of Takeda's constitutive 
function (Kanaan and Powell, 1973) and the other variables were defined previously. 

A calibration of the equivalence between MDOF and SDOF systems having non-linear 
behavior (assuming a drift ratio of 1%) was performed. A total of 30 simulated earthquakes 
were used for each case as base excitation. Both for maximum roof displacements and peak 
interstory drifts a good agreement is observed in Fig. 7a between the results obtained by 
means of the MDOF model and the SDOF system. Similar results were obtained for 
buildings containing energy dissipators (see Figs. 7b. Badillo. 2000). 
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Figure 7.b. Scatterplot comparing maximum responses of roof displacement and mterstory drift 
predtcted by eqwvalent SDOF model mth responses obtamed from a MDOF model of the retrofitted 
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In this paper the dissipating devices are assumed to be displacement-dependent with bi or 
tri-linear hysteretic behavior. In this example, a bilinear element equivalen! to the energy 
dissipator was added to the SDOF system mentioned above. The a0 parameter was varied 
from O 001 to O 6 Six retum intervals were selected for the analysis· T R = 20, 50, 100, 150, 
200 and 250 years For each of these, 14 scaled simulated accelerograms were used as base 
excitation. 
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In this particular case the ground motions were scaled in such a manner that the 
maximum spectral acceleration was equal to that associated with the specified ·retum interval 
A more appropriate scaling criterion would make the spectral ordinate for the fundamental 
penod of the structure of interest equal to that associated with the specified retum interval. 
A.lthough the authors are aware of this. they could not scale the motions in this manner 
because they only had access to seismic hazard curves corresponding to peak ground 
acceleration and to maximum spectral acceleration (as shown in Fig. 6). However. this 
assumption do es not affect the concept of the design approach. 

The consequences of scaling the motions using the maximum spectral acceleration as the 
scaling parameter instead using the spectral ordinates for the fundamental period is that the 
standard deviation of the response beco mes larger. 

One of the graphs obtained (similar to Fig. 1) is shown for illustration in Fig 8. This 
corresponds to a retum period T R = 50 years. The left vertical axis represents the maximum 
interstory drift. and the right axis the maximum ductility demand on the dissipators With a 
continuous line are represented the responses associated with a probability of exceedance of 
2% Lognorrnal probability density functions were fitted to these data. The large dispersion 
shown by the curves plotted in Fig. 8 is related to the scaling-criterion used in the example. 
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Figure 8. Response ofthe SDOF for different values of a0 and 1ts correspond!ng response associated 
\\lth a probab1hty of exceedance p* = 2%. T R = 50 years. 

An altemative way to see the results is through a three-dimensional representation as 
shown in Fig. 9. This representation has the advantage that the whole inforrnation can be 
analyzed from only one figure Again. in this case the "performance surface" is associated 
with a probability of exceedance p* = 2% Obviously, a different "performance surface" 
would be obtained if a different p* value were assumed. 

1 1 



Figure 9. Performance surface 

Notice that the '·performance surface'' can be related to initial costs of the rehabilitation 
solution. This surface can be compared with three-dimensional graphs similar to that of Fig. 
C2-2 of FEMA 274. As the structural performance grows, and the earthquake severity . 
increases, the initial costs increase as well Similarly, from Fig. 9 it can be seen that as the a0 

value becomes smaller (this means a smaller number of dissipators) and the intensity of the 
motion increases. the structural response becomes higher 

One easy way of selecting the critica! a0 value is through bi-dimensional graphs like those 
shown in Fig. 1 O and 11. In these. the vertical axis represents the retum interval T R, and the 
horizontal is the response of interest [olh)m~' and (Jl)m.x ] corresponding to a probability of 
exceedance of 2 per cent Each curve corresponds to an a 0 value The limiting values 
specified by the code will determine the value of G0 that satisfies the design conditions. 
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Limiting design values as shown in Table 2 were adopted in this example These values 
are used here only for illustration purposes and should not be taken as recommendations for 
design. 

Table 2. Limiiing destgn values used in the example 

Retum Interval, T R 
Allowable (6 1 h)m""' Allowable (¡.¡d)max (years) 

25 o 006 -

50 0.012 8 

ISO 0.030 20 

Five values of a0 are selected by using the information on Table 2 and on curves in Figs. 
10 and 11. The values chosen appear in Table 3. There it is observed that the condition that 
govems the design is ao = 0.22. which is the highest value of ao. This corresponds to the 
condition of maximum ductility demand of the dissipators, when the structure is subjected to 
a motion with retum interval T R = !50 years. 

Table 3 Values of a0 for different retum intervals TR 

a o 

T R = 20 years T R =50 years T R = 150 years 

(6 / h)ma> =.OJ:! o 1 (6 / h)ma< =. 03 0.18 
(6 / h)max =.006 0.009 

{J.!¿)max = 8 o 11 (J.!¿)max = 20 o 22 

Under these conditions, the lateral stiffness of the dissipator system is estimated as K,¡ = 

0.22 K, In this case K, = 24081 T/m This is the mean value of the lateral stiffness 
corresponding to the lower six stories Six U type dissipators (Aguirre and Sanchez, 1992) 

were installed at each of the diagonal elements in the lower six stories. The distribution of 
the diagonal elements is shown in Fig. 12. 
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Figure 12. Arrange of the energy dissipators devices 

The rehabilitated structure (Fig 12) was excited with the three scaled accelerograms 
named Motions 1, 2 and 3 in Fig. 8. These correspond to responses with exceedance 
probabilities p* close to 2 percent and a., = 0.22. The maximum responses of the structure 
under Motions 1, 2 and 3, corresponding to retum intervals ofTR = 25, 50 and ISO years are 
shown in Table 4 The results show that the maximum dissipator ductility demand for T R = 

ISO years is close to the limiting value [(J.ld)max = 20] given in Table 2. 

As a final step, the maximum cumulative plastic hinge rotations (9max) developed on the 
rehabilitated structure were obtained for the critica] motion associated with retum intervals· of · 
T R = 25, 50 and ISO years They are shown in Fig. 13a-c. lt was verified that the demanded 
rotations were smaller than. the rotation capacities of the members. 

Table 4. Response ofthe retrofitted frame or the luniting des1gn values 

. Interstory 
T R = 25 years T R =50 years TR =ISO years 

(8 /h) m~x (J.ld) m~' (8 / h) ma.' (J.ld) max (8/h)max (J.ld) max 

10 0.0010 ----- 0.0011 ----- 0.0021 -----
9 0.0018 ----- 0.0018 ----- 0.0069 -----

8 0.0021 ----- o 0022 ----- o 0141 -----
7 o 0025 ----- o 0029 ----- o 0175 -----

6 0.0020 1 61 0.0026 2.10 0.0183 15.00 

5 o 0020 164 0.0035 2.89 0.0198 16.20 

4 o 0024 1 96 o 0052 4.23 0.0218 17.84 

3 0.0034 2 81 o 0072 5.86 0.0236 19.31 

2 0.0039 3.22 0.0076 6.25 0.0230 18.85 

1 0.0026 2.15 0.0048 3.95 0.0196 16.01 
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The left si de of Figs. 13a-c show the cumulative plastichinges developed on the original 
frame The reduction on the structural response of the rehabilitated frame can be observed in 
those figures at the right. 

CONCLUSIONS 

A performance-based design approach was proposed for the rehabilitation of buildings 
with energy dissipating devices However, it can also be used for altemative rehabilitation 
solutions, such as bracing element systems. The approach also may be seen as an algorithm 
useful for converging to a first approximation of a system to be analyzed according to the 
time history approach recommended in NEHRP Guidelines (FEMA 273, 1997). 

The acceptance criteria proposed for the design are based on controlling the peak 
interstory drifts of the rehabilitated structure and the maximum ductility demands of the 
dissipators. The plastic hinge rotation demands of the structural members are also verified to 
be within tolerable limits. 

Analyzing equivalen! SDOF systems instead of using the whole MDOF modelleads to 
smaller computer processing time. It is remarked that once that the SDOF models are 
analyzed, the final solution regarding the MDOF system can be obtained in one or two 
iterations. This makes attractive the proposed algorithm. 

The algorithm proposed was applied successfully for the rehabilitation of a ten-story 
three-bay reinforced concrete frame. 
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CURSO INTERNACIONAL DE INGEliiiBli.I~ SIS!Ua 

DISENO SISMICO DE UN EDIFICIO DE CONCRETO REFORZADO 

Sergio M. Alcacer 

l. DESCRIPCION DEL EDIFICIO 

2. ESTRUCTURACION 

3. DIMENSIONM~IENTO (DISEÑO PRELIMINAR) 

4. ANALISIS ESTRUCTURAL 
• 

5. DISEÑO 

6. INTERACCION SUELO-ESTRUCTURA 
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l. DESCRIPCION DEL EDIFICIO 

Centro de Salud: Grupo A 

Seis pisos más un sótano 

Altura de entrepiso: sótano y planta baja: 4.5 m 

resto: 3.6 m 

Area total construida: 5440 m2 (7 niv~~l 

Zona III, D.F. 

Ver planta anexa 

2. ESTRUCTURACION 

a) Material 

Concreto reforzado: economía 

+ resistencia de diseño del concreto a la 

compresión: f/=300kg/cm 4 : clase 1 

+ resistencia de fluencia 

b) Estructuración 

marcos dúctiles: RDF, Q = 4 

muros, Q = 3 

marcos-muros, Q = 3 ** 

Sistema resistente de fuerzas laterales: 

del 

muros acoplados en la dirección NS 

acero: 

núcleo de elevadores y escaleras en la 

dirección EW 

**** Los muros acoplados controlan 

desplazamientos de las alas 

'• 
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Sistema resistente de cargas gravitacionales 

Marco 

losa en dos direcciones 

vigas interiores y de fachada 

columnas 

Cajón de cimentación 

losa y contratrabes 

muro perimetral de contención 

Muros divisorios 

no formarán parte del sistema resistente a 

sismo 

·. 
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4. ANALISIS ESTRUCTURAL 

Hipótesis 

análisis elástico 

losa: diafragma rígido, aunque 

sugiere "aletea" del edificio 

la forma del edificio 

se supone que el cajón de cimentación es rígido 

las el·ementos no estructurales (muros divisorios) no 

se consideran en el análisis 

El edificio se modeló y analizó como estructura tridimensional 

usando el programa SUPER-ETABS 

40 líneas de columna 

69 crujías 

102 elementos muro (paneles) 

12 "contravientos flexibles" 

distorsión (AE/L=6.4kg/cm) 

para estimar la 

'• 
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t y :5.4 2.00 kg /em 2 

d/h = 0 .. 90 
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K = 
p ¡ 
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" bh . fe 

- _J_ 
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J. 00 

1-t--+-' 
1 ¡ 

As . ..!.:t._ 

-1.0.~------------~-~~· ~·-·--··-·----!--'------~----~~~---p __ = __ -_-b:h: _______ ._q __ = __ p __ f_~~·-·_· __ _, 

As= 

f~ = 
FR = 
Pu = 
Muy 
Mux 

Area total de retuerzo · f* 
* * 2 ... e * 0.85 fe , si fe :5 250 kg/c·m ; fe= ( 1.05- --)fe si 

1250 ' Factor de reducciÓn de resistencia 

Carga axial último 
= Momento flexionante ~!timo en dirección y.= Pu. e y, 

= Momento flexionan te último en direcciÓn x = Pu ·ex 

F.i.g 1 O 

1~>250 kg/cm2 

·. 
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~,-r-~·+-7+-t-rf~~~H 
~ ,.....,-¡ 1 "'- -''-1--r+-l-+·+-+-t-t~-P++-1--1--I El eje 

2 n / 1 lllfo L :_j__f--'-P-!.,q_,.-1 
- •"" 1 1\· .... 1 1 1 1 1 1 _"\.ú 

A reo ·total de refuerzo ,. 
,. * 2 11 fe * 0.85 fe, si f~ $250 kg/cm ; fe= ( 1.05---) fe, si 

' 1250 Factor de reduccian de resistencia 

Pu = Carga OXJOI última 
Muy = Momento flexionante Último en dirección y = Pu. e y 

I.o 

x debe considerarse tal que. 
·e xl b < e y 1 h . 

~ : ·., 
fe> 250 kg/cm'· . ' 

,. ' 

' . ' 
Mux = Momento flexionante· último en direcciÓn x = Pu ·e, .. :: 
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