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Committee 318 has felt that to be of greatest benefit a Commentary on the 1971
Code should be available at the same time as final copies of the Code become avail-
able. To achieve this, it was realized that the work had to be done concurrently with
that on the Code itself and had to be kept up to date as the Code was amended. This <
could not be achieved entirely with volunteer effort. Noel J. Everard, a member of .
Committee 318, was commissioned on a consulting basis to prepare a first draft of the
complete commentary.

After study and comment by committee members, the subcommlttee chairmen were
each asked to prepare a second draft for their particular chapters taking into account
the comments received.

An editorial task group of George F. Leyh, Ashby T. Gibbons, and Samuel J. Henry
prepared three subsequent drafts, each time taking into account the comments received
on previous drafts and the amendments to the Code which were made as a result of the
formal discussion period, further study by committee members, and the discussion at
the 1970 ACI Fall Convention where the Code was approved for submission to letter
ballot of the ACI membership. The editorial task group was assisted at some of its
meetings by Gordon Plewes and Noel Everard. Richard D. Gaynor acted as Chair-
man of Subcommittee 4 through the last two drafts after the death of Delmar L.
Bloem.

This task could not have been completed on time w1thout the dedicated efforts of
the members of Committee 318, particularly the subcommittee chairmen as well as the

md1v1duals named above. ST '
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This Commentary discusses some of the con-
siderations of Committee 318 in developing the
provisions contained in “Building Code Require-
ments for Reinforced Concrete (ACI 318-71),”
hereinafter called the Code or the 1871 Code.
Emphasis is given to the explanation of new or
revised provisions that may be unfamiliar to
Code users. In addition, comments are included
for some items contained in previous editions of
the Code to make the present Commentary in-
dependent of the Commentary for ACI 318-63.
Comments on specific provisions are made under
the corresponding chapter and section numbers of
the Code.

The Commentary is not intended to provide a
complete historical background concerning the
development of the ACI Code,* nor is it intended
to provide a detailed résumé of the studies and
research data reviewed By the committee in
formulating the provisions ot the Code. However,
references to some ‘of the research data are pro-
vided for those who wish tg study the background
material in depth.

As the name implies, “Building Code Require-
ments for Reinforced Concrete (ACI 318-71)" is
meant to be used as part of a legally adopted
building code and as such must differ in form
and substance frorr{t documents that provide de-
tailed spec1f1catlons recommended practice, com-
plete design procedures, or design aids.

The Code is intended to cover all buildings of the
usual types, both large and small. Requirements
more stringent than the Code provisions may be
desirable for unusual consfruction. The Code and
this Commentary cannot réplace sound engineer-
ing knowledge, exp’erience and judgment.

A building code states Bnly the minimum re-
quirements necessary to prbv1de for public health
and safety. The ACI Code} is based on this prin-
ciple. For any structure, the owner or the struc-
tural designer may require the quality of materials
and construction to' be higher than the minimum
requirements necessary to“protect the public and
stated in the Code. “However lower standards are
not permitted.

This Commentary dxrects attention to other
documents that prov1de suggestlons for carrying
out the requirements and intent of the Code.
However, neither those documents nor this Com-
mentary are intended as a‘part of the Code.

The Code has no legal status unless it is adopted
by government bodies havtmg the police power to
regulate building de51gn and construction. Where
the Code has not been adopted it may serve as a
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reference to good practice even though it has no
legal status.

The Code provides a means of establishing

minimum standards for acceptance of designs and
construction by a legally appointed Building Of-
ficial or his designated representatives. The Code
and Commentary are not intended for use in
settling disputes between the Owner, Engineer,
Architect, Contractor, or their agents, Subcon-
tractors, Material Suppliers, or Testing Agencies.
Other ACI publications, such as “Specifications
for Structural Concrete for Buildings” (ACI 301)
are written specifically for use as contract docu-
ments for construction.
» Committee 318 recognizes the de51rab111ty of
standards of performance for individual parties
involved in the contract documents. Available for
this purpose are the plant certification programs
of the ‘Prestressed Concrete Institute and the
Natlonaf Ready Mixed Concrete Association, and
the quahflcatlon standards of the Amerlcan So-
ciety of Concrete Constructors. In addition,
“Recommended Practice for Inspectlon and! Test-
ing Agencies for Concrete and Steel As Used in
Construction (ASTM E 329-70)” recommend<s per-
formance requirements for 1nspect1on and t“estmg
agencles

The National Board of Accredltatlon in Concrete

Construction has been formed to initiate a pro-
gram of accreditation for testing laboratorles con-
tractors, and concrete suppliers. The accreditation
plans have not been formalized as of June 1971
but it appears that, for testing laboratorles, the
accredltatlon will be based on ASTM E 329. For
contractors or material suppliers, it hkely w111 be
based on a record of satisfactory experlence or on
the existing qualification standards and’ plant
Certifichtion programs.
. Illust!‘atlons of the application o, the Code re-
qulrements in structural design msy be fofmd in
the documents listed in the Blblrogranhy that
follows

References
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3. ACI Committee 317, Reinforced Concrete Design
Handbook-—Working Stress iMethod, SP-3, American
Concrete Institute, Detroit, 3rd Edition, 1965, 271 pp.
(Note: Only those procedures related to the design of
beams for flexure without axial load apply to the
1971 Code. Specifically, the column design tables and
charts do not apply.)

4. Reese, R. C., Columns by Ultimate Strength Design,
Concrete Reinforcing Steel Institute, Chicago, 1987, 213
pp. [Designs are based on ACI 318-63 and may require
some modification to meet the 1971 ACI Code. For in-
stance, the Code changes designs for values of P, equal
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5. Reese, R. C., Floor Systems by Ultimate Strength
Design, Concrete Reinforcing Steel Institute, Chicago,
289 pp. (Designs are based on ACI 318-63 and may re-

quire some modification to meet the 1971 ACI Code.
Generally, values included will be found to be con-
servative with respect to the 1971 Code.)

6. Reese, R. C.,, CRSI Design Handbook (Working
Stress Design), Concrete Reinforcing Steel Institute,
Chicago, Il1., 1965, 389 pp. (Designs are based on ACI
318-63 and may not conform to the 1971 ACI Code. In
particular, procedures for column design provided in
this manual do not conform to the 1971 Code.)

7. “Ultimate Strength Design of Reinforced Concrete
Columns,” Engineering Bulletin EB0009.01, Portland Ce-
mont Aaseciation, Skokie, 1689, 40 pp. (Note that the
PCA tables do not contain an understrength factor ¢,
hence Mu/¢ and Pu/¢ must be used when’ demgnmg
with these aids.) ’

CHAPTER T-GENERAL REQUUREMENTS

1.1—Scope )' '

The American Concrete Institute “Building
Code Requireients for Reinforced Concrete
(ACI 318-71),” hereinafter referred to as the
Code, provides minimum requirements for any
reinforced concrete design or construction that
is regulated by a general code of which it forms
a part. The Code should supersede conflicting
requirements on concrete design and construc-
tion in the general codé

Prestressed concrete is included under the def-
inition of reinforced concrete Provisions of the
Code apply to prestressed concrete except for
those which are stated to apply specifically to
nonprestressed concrete.

Appendix A_ of the Code contains provisions ’

for design and detailing of special earthquake
resistant structures. ¢

Some special structures involve unique prob-
lems which aré not covered by the Code. How-
ever, many Code provisions, such as the concrete
quality and defsign principles, are applicable for
these structures. ;

1.2—Permits and drawings

The provisions regaéding preparation of plans,
specifications, and issuance of permits are, in gen-
eral, consxstent with those of most general codes
and are intended as supplements thereto.

The Code lists some of the most important
items of mformatmn that should be included on
the plans. The Code does not imply an all inclu-
sive list, and add1tlona1 items may be required
by the Bu11d1ng40ff1c1al

“Building thcxal” is the term used by many
general codes t6 1dent;fy the person charged with
administration and en lorcement of the provisions
of the bu1ldmg code. However, such terms as
“Building Commrssmner or “Building Inspec-

o

]
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tor” are variations of the title, and the term
“Building Official” as used in fthe AGI Code is
intended to include those variations as well as
others which are used in the samke sense.z

The ACI Code accepts well documented com-
puter programs as means of obtaining a"structural
analysis or design, in lieu of detailed calculations.
The extent of input and output ix‘ﬂformatlon
required will vary, according to t e specific
requirements of individual Building, Officials.
However, when a well documented computer
program has been used by the designer, only
skeleton data should normally be required. This
should consist of sufficient input and output data
and other information to allow the Building Of-
ficial to perform a detailed review and make
comparisons using another program or longhand
calculations. Input data should be identified as
to member designation, apphed loads,- and span
lengths The related output data shou}d include
member designation and the shears, ‘moments,
and reactions at key points in the ‘span. For
column design, it is desirable t6 include moment
magnification factors in the output where appli-
cable.

The Code permits model analysis to be used to
supplement structural analysrs and desrgn cal-
culations. Documentation of the model analysis
shoulld be provided with the related calculations.
Model analysis is most effective’as a tool for pre-
dlctmg the behavior of actual structures when
performed by an enginecer or archrtect having
experience in this technique,

}

1.3 ,Inspection

1.3.1 — Inspection is 1mportant since the proper
performance of the structure depends on con-
struction which accurately represents the design

* RCI COMMITTEE REPORT
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and meets Code requirements, within the toler-
ances allowed. In the public interest, local
building ordinances should require the owner to

provide adequate inspection for all types of
construction.

While the Code requires inspection to be done
by a competent engineer or architect, or their
representatives, it does not intend to set detailed
responsibility in this respect. The clause in Sec-
tion 103 of the 1963 Code “preferably the one re-
sponsible for its design” has been omitted from
the 1971 Code because of undesirable legal im-
plications. It obviously would be desirable if in-
spection of construction were done by or under
the supervision of the engineer or architect who
participated in the design.

When conditions will not permit such an ar-
rangement, the owner may provide proper in-
spection of construction through his architects
or engineers or through separate inspection or-
ganizations with demonstrated capability for per-
forming the inspection operation. The degree of
inspection required should Pe set forth in the
contracts between tllle owner, architect, engi-
neer, and contractor, Adeql%ate fees should be
provided consistent w1th the work and equip-
ment necessary to properly perform the inspec-
tion.

While it is recognized that sometimes the in-
spection is done independently of the designer, it
;s recommended that the designer be employed
to at least oversee inspection and observe the
work to see that his design requirements are
properly executed.

By “inspection,” the Code does not mean that
the inspector should supervise the construction.
Rather it means that the one employed for in-
spection should visit; the project with the fre-

ney necessary to opservethe various stages of
work and ascertain that it 1s being done in com-
phiance with contract documents and Code re-
quirements. The frequency ;should be at least
enough to provide general krowledge of each op-
eration, whether this.be several times a day or
once in several days. )

Inspection in no way reheves the contractor
from his obligation to follow the plans and spe-
cifications implicitly and to provide the desig-

nated quality and quantity of materials and work-

manship for all job stages. The inspector should
ve present as frequently as he deems necessary
to explain and interpret design requirements; to
jucge whether the quality ‘and quantity of the
work complies with "the corixtract documents; to
counsel on possible V\iays of '(“;?btaining the desired
results; to see that t'ahe gen(_éral system proposed
for formwork appears proper (though it remains

BUILDING CODE COMMENTARY

the contractors respoasibility to design and build
adequate forms and to leave them in place until
it is safe to remove them); to see that reinforcing
steel is properly installed; to see that concrete is
of the correct quality, properly placed, and cured;
and to see that tests for quality control are being
made as specified.

The Code prescribes minimum requirements
for inspection of all structures within its scope.
It is not a construction specification and any user
of the Code can require higher standards of in-
spection than cited in the legal code if he feels
additional requirements are necessary.

Recommended procedures for concrete inspec-
tion are given in detail in “Recommended Prac-
tice for Concrete Inspection (ACI 311-64)” and
ACI Manual of Concrete Inspection, (SP-2).

1.3.2 — The term “ambient temperature” means
the temperature of the environment to whichrthe
coricrete is directly exposed. Concrete tempera-
tures as used in this section may be taken asfthe
air' tempefature near the surface of the concrete;
however, ‘during mixing and placing-it is prac-
tical to measure the temperature of the mixture.

133 —A permanent record of inspeétion in:the
form of a job diary is required by this section, in
case questions subsequently arise conterninglthe
structural: elements. Photographs décumenting

job progrédss may also be desirable. *
3

1.4—Appioval of special systems of ‘desagn Eand
construction

New méthods of design, new materials, and new
uses of miaterials must undergo a period of de-
velopment before being specifically covered in a
Code. Hernice, good systems or comporients might
be' excluded from use by implicatioh if méans
were not available to obtain acceptance. This'sec-
tion permits proponents to submit data substan-
tiating the adequacy of their system or cormpo-
nent to 4 “board of examiners.” Such a board
should ber created and named in accordance with
local laws, and should be headed by 4 compétent
stfuctural engineer. It is recommended that all
board members be directly associated with,’ and
competent in, the fields of structural de51gn or
constructlon .

For spec1a1 systems considered under this,sec-
tion, speclexc tests, load factors, deflection 11m1ts
and otheilt pertinent requirements shjc)>u1d be set
by, the board of examiners, and should be copsis-
tent with the intent of the Code.

The prévisions of this section do not apply to
model tests used to supplement calcﬁlations‘ un-
der Sectidn 1.2.2 or to strength evaluation of exist-
ing structures under Chapter 20. ‘

¢



CHAPTIT 2

For consistent application of a code, it is nec-
essary that terms be defined where they have
particular meanings in the Code. The definitions
given are for use in application of the Code only
and do not always correspond to ordinary usage.
For example, deformed reinforcement is defined
as that meeting Sections 3.5.1, 3.5.6, 3.5.7, or 3.5.8.
No other bar or fabric qualifies. This definition
permits accurate statement of anchorage lengths.
Bars or wire not meeting the deformation re-
quirements or fabric not meeting the spacing re-
quirements are “plain reinforcement,” for Code
purposes, and may be used only for spirals.

The use of sand replacement for fine aggregate
in lightweight concrete has brought about the
need for a definition for this type of concrete. The
term “sand-lightweight concrete” has generally
been used in this case. Partial sand replacement
is also used 1n the sense that all of the fine ag-
gregate is not replacéd by sand.

Reinforced” concrete has been defined to in-
clude prestressed concrete. Heretofore, reinforced
concrete and prestressed concrete were often
treated as dlfferent mater1als Integration of pro-
vions commoh to both is an effort to avoid over-
lapping and conflicting provisions. Although the
behavior of a prestréssed member with unbonded
tendons may' vary from that of members with
continuously bonded tendons, bonded and un-
bonded prestressed concrete along with conven-
tionally reinforced concrete are combined under
the generic term ‘reinforced concrete.”

Provisions for some uses of plain concrete, such
as plain concrete footings, are included in the
Code. :

The differentiatio between columns and walls
is based on the principal use rather than on arbi-
trary relatignships ~of height, thickness, and

width. The Code, however, permits walls to be
designed using the principles stated for column
design, as well as by the empirical method in
Chapter 14.

While a wall always separates areas or materi-
als, it may also be used to resist horizontal or ver-
tical forces or bending. For example, a retaining
wall or a basemoent wall serves to separate air,
water, soll, or other materials, while it may also
support various combinations of loads.

A column is normally used as a main vertical
member carrying axial loads combined with
bending and shear. It may, however, form a small
part of an enclosure or separation.

‘The term “compression member” is used in the
Code to designate any member in which the pri-
mary stress is longitudinal compression. Such a
member need not be vertical but may have any
directional orientation in space Bearing walls
and columns qualify as compress1on members un-
der this definition. L

A number of definitions for loads are given in

“this chapter as the Code contains requirements

that must be met at various load ‘levels. The
terms “dead load” and “live-load” refer to the
unfactored loads specified or, " defined by the lo-
cal building code. The loads’ used to proportion
a'member for adequate strength are defined as
“design loads” and are always factored loads,
usmg the load factors specified in either Section
9.3 or Section 8.10. When the Code tefers to de-
sign moments, design shears, etc.,, their values
must be determined using des1gn loads (with
load factors). Service loads (loads w1thout load
factors) are to be used whefe st1pu1ated in the
Code to proportion or 1nvest1gate members for
adequate serviceability, such as in Sect1on 9.5,
dontrol of Deflections.

CHAPTER "2-MATERIALS

3.2—Cements

3.2.1—In previous ACI Codes, there was an im-
plied warning that special attention should be
given to moist curing when portland blast-fur-
nace slag cement or— portland-pozzolan cement is
used. Since spec1f1ed strength requirements for
these types of cemepts are now the same as im-
posed on their counterpart portland cements in
ASTM C 150, this ac%momtmn does-not appear in
the 1971 ACI Code

3.2.2 — Dependmg on the circumstances, this
provision may simply mean the same type of

!

8
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cément or it may mean cement from the identi-
cal source. The latter would’be the case if the
standard deviation* of strength tests used in es-
tablishing the required overdesxgn was based
one particular type of cement from fone particu-
lar source. In the case of a plant that has deter-
mined the standard deviatior' from tests involv-
ing cement obtained from several sources the
former interpretation would apply

*See ACI Committee 214, “Recommended Practice for Evalua-
tion of Compression Test Results of Field Concrete (ACI 214- -65),"”
American Concrete Institute, Detroit, 1965, 28 pp. (This standard
also appear in the ACI Manual of ‘Concrete Practlce)
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\§.3—Aggregafes

3.3.1—1It is recognized that aggregates conform-
ing to nationally recognized specifications are not
always economically available and that, in some
instances, noncomplying materials have a long
history of satisfactory performance. Such noncon-
forming materials are permitted with special ap-
proval when acceptable evidence of satisfactory
performance is provided. It should be noted, how-
ever, that satisfactory performance in the past
does not guarantee good performance under
other conditions and in other localities. When-
ever possible, aggregates conforming to the des-
ignated nationally recognized specifications should
be used. -

3.3.2—The size limitations on aggregates are
provided to insure proper encasement of bars and
to minimize honeycomb. A new provision limits
the maximum size of aggregate to one-third of
the depth of the slab, as Fecommended by ACI
Committee 301. Note that the limitations on maxi-
mum size of the aggregatet may be waived if, in
the judgement of the engineer, the workability
and methods of consolidatibn of the concrete are
such that the concrete cidn be placed without
honeycomb or void.‘In this‘instance, the engineer
in charge of inspedtion miust decide whether or
not the limitations on maximum size of aggre-
gate may be waived: '

{
3.4—Water ¢

3.4.1 — A new provision has been added con-
cerning chloride ion content of water (including
that portion of the mixing water contributed as
free moisture on the aggr’egates) to be used in
prestressed concrete or m concrete with alumi-
num embedment. No numerical gquantities are
stipulated. It is suggested fhat a chloride ion con-
tent greater than 400 or 500 ppm might be con-
sidered dangerous and ACI Committee 222, Cor-
rosion of Metals in Concrete, recommends that
levels well below these values be maintained, 1f
practicable. 2 3

Chloride ions contained in the aggregate and
in admixtures should be ,'con51dered in evaluat-
ing the acceptability of total chloride ion content
of the mixing water. .

3.4.2—The method for determining the accept-
ability of nonpotable mixing water is prescribed
including reference to ASTM C 109, which pre-
scribes procedures for pre aring and testing mor-
tar cubes. Normally such tests will be needed
only when satisfactory experience with the sus-
pect water is nonexistent olpr inadequate.

3.5—Metal reinforcement:

Extensive consc")hdatior'x' of ASTM standards
has permitted 51mp11f1catlon and shortening of
this section from that contamed in the 1963 Code.

BUILDING CODE COMMENTARY

3.5.1—This section contains two exceptions to
the 1968 ASTM specification for reinforcing bars.
The first exception requires that for bars with a
specified yield strength, f,, exceeding 60,000 psi,
the stress f, must be measured at a strain of 0.35
percent. This 1s a change from the 1963 ACI Code,
Section 1505 (a), which, for ultimate strength de-
signs only, required either a proof stress at a
strain not to exceed 0.30 percent for steels with
fy in excess of 60,000 psi, or a reduction in usable
yield strength.

The 1971 Code continues to exempt reinforcing
steels of 60,000 psi or less from the additional
proof test on the basis of the results of an exten-
sive series of stress strain tensile tests on Grade
60 reinforcement in the complete range of bar
sizes, sampled from all types of producing mills
in all areas of the country.

The tksts were under the sponsorship of the
f}merlcan Iron and Steel Institute and weré con-
cluded ‘in 1969. Strengths were measuréd at
strams of 0.003, 0.0035, and 0.005. Although ‘aver-
dge strengths were well above minimum speci-
fied yleld strength f, at these strams normal
Scatter permltted study of some results in thich
the bars barely met f, at the ASTM prescribed
dtrain of 0.005. Stress at 0.003 or 0.0035 was gen-
erally closer to f, than the underweight-under-
Strengtll tolerances permitted at 0.005 strain un-
der AS}I‘M specifications used in the 1963 ACI
Code. ASTM specifications cited in the 197f Code
changed the basis of computing y1eld stfength
from actual area (permitted to be® underweight
314 percent for lots, or 6 percent for indiVidual
bars) to nominal area, effectively upgrading re-
quired ‘strengths 3% to 6 percent. It was con-
cluded that no exception to the ASTM spécifica-
tlons i required for bars with yield strengths
f,, of 60,000 psi or less. ,

. The exceptlon was retained for bars with speci-
Tied f, greater than 60,000 psi because the tests
d1d not;include Grade 75 bars, but was liberalized
to allow the proof stress to be that'at a stram of
0.0035 rather than 0.0030, in recognition of the
shape of reinforcing bar stress- stram curves ob-
served The requirement that f, be the; stress
‘corresponding to a strain of 0.35 percent a;so ap-
plies to plain or deformed w1reIL if the yield
strength specified exceeds 60,000. 2

L The second exception to the ASTM Speclflca-
tions m Section 3.5.1 requires that jyield strength
—correspond to that obtained using, tests of full-
size bars. Tests indicate that standard mzlL speci-
mens show higher strength than tests on actual
reinforcement specimens.

4 This requirement may be met by various pro-
cedures including, but not limited to: (a) tests

on full-size bars or (b) tests on standardized

small size turned down specimens, the results of

\
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which can be correlated on an adequate and
conservative statistical basis with results of tests
on full-size bars. All measurement of yield
strength whether by full section testing or by the
correlation method of (b), shall be based on the
nominal area of the bar.

3.5.2—Plain bars are permitted only for spiral
reinforcement, either as lateral reinforcement in
columns, as torsional reinforcement, or for con-
fining reinforcement for splices.

3.5.3—Welding of reinforcing bars should not
be indiscriminately executed without regard to
steel weldability and proper welding procedures.
When welding is called for, the job specifications
should cover these items. The important con-
sideration is that the specified procedure and
steel weldability are compatible. AWS DI12.1
gives authoritative; recommended practices on
this, including prgheat and interpass tempera-
tures and types of electrodes for various ranges
of carbon and manganese content. If it is desired
to restrict the steel chemistry to a given range
to suit a specified procedure, ASTM reinforcing
bar specifications for the steel must be supple-

mented to cover thlS
3510—H1gh strepgth bars for prestressing are
defined by minimum physical requirements ac-
cepted by the Prestﬁressed Concrete Institute.
fe H

3. 6—Adm|xtu res

1

3.6.1—Attention js called here to the poss1b1e
adverse effects of eexcessive chloride ions in the
presence of aluminum, and in prestressed con-
crete. Admixtures containing any chloride, other
than that which may be contributed as impuri-
ties from admixture ingredients, should not be
used in prestressed concrete or in concrete which
will have alummum embedments. Research in-
dicates that any a_mount of chloride ion in such
concrete may be harmful.

1
3.8—Specifications cited in the Code

The specificatiohs listed were the latest edi-
tions at the time ‘the Code was prepared. Since
these specifications are revised frequently, gen-
erally in minor details only, the user of the Code
should check d1rect1y with the sponsoring society
ifitis de51red to refer to the latest edition. |

Standard spec1f1cat10ns or other material to jbe
legally adopted byl reference into a building code
must refer; to a specific document. This can ,be
done by 51mp1y usiL'ng the complete serial designa-
tion since the first part indicates the subject and
the second. part the year of adoption. All of the
documents referred to in other parts of the Code
are listed, with *he title and complete serial des-
ignation in Sectloq 3.8. In the other sections of the
Code, the desxgnat}ons do not include the date so

10
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that all may be kept up-to-date by simply revising
this one section.

ACI publications outline excellent procedures
for design and construction but are not in the
legal form for direct adoption in a code. For this
reason they are listed in the Commentary and not
the Code. Detailed recommendations for accept-
able practices are available in the following
standards, committee reports, and special publi-
cations of the American Concrete Institute:

Standards and recommendations”

ACI 211.1-70 Recommended Practice for Selecting
Proportions for Normal Weight Con-
crete

Recommended Practice for Selecting
Proportions for Structural Light-
weight Concrete

Recommended Practice for Evalua-
tion of Compression Test Results of
Field Concrete |
Specifications for Structural Con-
crete for Buildings

ACI 211.2-69
ACI 214-65

{
ACI 301-66

|rACI 302-69 Recommended Pract1ce for Concrete
i Floor and Slab‘Constructlon
" 'ACI 306-66 Recommended Pract1ce for Cold

, Weather Concretmg

ACI 311-64 Recommended Practice for Concrete

o Inspection ‘

ACI 315-65 Manual of Standard Practice for De-

' tailing Reinforced Concrete Struc-

" tures

ACI 347-68 Recommended Practice for Concrete

! Formwork ' '

ACI 307-69 Specification for thé Design and
Construction of Remforced Concrete

! Chimneys

ACI 506-66 Recommended Pract1ce for Shotcret-
ing !

"ACI 517-70 Recommended Practice for Atmos-
pheric Pressufe Steam Curing

'ACI 525-63 Minimum Requlremeehts for Thin-
Section Precast Concrete Construc-

. tion

+ACI 605-59 Recommended Practlce for Hot
Weather Concreting

‘ACI 614-59 Recommended: Practice for Measur-

ing, Mixing, a:nd Plac;ing Concrete

Committee veports*

Guide for Structural Lightweight Concrete (ACI
Committee 213, Aug. 1967): :

Structural Plain Concrete (ACI Gomm1ttee 322,

<Apr. 1967)

Tentative Recommendations$ for Prestressed Con-
crete (ACI Committee 323, Jan. 1958)

*All ACI current standards, excep’t ACI 31
QCX tfommittee reports appear in the ACI
ractice

and most_current
‘anual of Concrete
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Tentative Recommendations for Concrete Mem-
bers Prestressed with Unbonded Tendons (ACI
Committee 423, Feb. 1969)

Tentative Recommendations ‘for Design of Com-
posite Beams and Girders for Buildings (ACI
Committee 333, Dec. 1960)

Design and Construction of Circular Prestressed
Concrete Structures (ACI Committee 344,
Sept. 1970)

Deflections of Reinforced Concrete Flexural
Members (ACI Committee 435, June 1966)

Deflections of Prestressed Concrete Members,
(ACI Committee 435, Subcommittee 5, Dec.
1963)

Allowable Deflections (ACI Committee 435, Sub-
committee 1, June 1968) -

Suggested Design Procedures for Combined Foot-
ings and Mats (ACI Committee 436, Oct. 1966)

Tentative Recommendatlons for the Design of
Reinforced Concrete Merhbers to Resist Tor-
sion (ACI Committee 438, Jan. 1969)

Consolidation of Concrete (ACI Committee 609,
Apr. 1960) ¢

¥ (

Guide to Joint Sealants for Concrete Structures
(ACI Committee 504, July 1970)

L
i

‘ i

Special publications

ACI Manual of Concrete Inspection, SP-2 (Re-
ported by Committee 311, 5th Edition, revised
1967)

Reinforced Concrete Design Handbook, SP-3
(Reported by Committee 317, 3rd Edition, 1965) *

Formwork for Concrete, SP-4 (by M. K. Hurd
under direction of Committee 347, 1969)

Ultimate Strength Design Handbook, V. 1, SP-17
(Reported by Committee 340, 2nd Printing,
1968)

Ultimate "Strength Design Handbook; V. 2, Col-
umns, SP-17A (Reported by Committee 340,
1970)

Torsion of Structural Concrete, SP-18 (Repo’rted
by Comdmittee 438, 1968)

‘Only those procedures in SP-3 related to the design of beams
for flexure without axial load apply to this code. Specifically,
the column design tables and charts do not apply. L

H K t 1
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1 CHAPTER LC@NCR}ETE QUALITY

The requirements for proportioning of concrete
mixes and the criteria for acceptance of concrete
are based on the philosophy that the Code is in-
tended primarily to protect the safety of the pub-
lic. Chapter 4 describes procedures by which con-
crete of adequate quality ean be obtained and
provides procedures for checking the quality of

the concrete during and after its placement in the
work. ]

4
\

4.1—General

The basic premises governing the designation
and evaluation of concrete strength are pre-
sented. It is emphasized that the average strength
of concrete produced must always exceed the
specified value of f/ that was used in the struc-
tural design phase. This is based on probabilistic
concepts, and is intended to, insure that adequate
strength will be developed in the structure.

4.2—Selection of concrete ;proportions

Detailled recommendatioris for proportioning
concrete are given in the publications, “Recom-
mended Practice for Seleéting Proportions for
Normal Weight Concrete” (ACI 211.1) and “Rec-
ommended Practice for Selecting Proportions
for Structural Lightweight Concrete” (ACI 211.2).

4.2.1—The selected water-cement ratio must be
low enough to satisfy both the strength criteria

BUILDING CODE COMMENTARY,E\

H

(Sections' 4.2.2, 4.2.3, or 4.2.4) and the durability
requirements (Sections 4.2.5, 4.2.6, and 4.2.7) EThe
Code does not include provisions for especially
sévere exposures, such as to acids or high tem-
peratures, nor is it concerned with aesthetical
considerations such as surface finishes. Items
like these, which are beyond the stope of the
Code, must be covered in the contract documents.
Concrete ingredients and proportions must be se-
lected to'meet the minimum requirements stated
in the Code and the additional requirements of
the contract documents.

4.2.2—A significant mod1f1cat1on has been
made in(the procedure for establishing concrete
proportions. Emphasis has been placed on the use
of trial batches or experience as the basis for se-
lecting the required water-cement ratio.

The Code emphasizes a statistical basis for es-
tabhshmg the average strength requlred to as-
sure attainment of the strength level,f.” that was
used in the structural design stage. ,If an a4pp11-
cable standard deviation* for strength tests of the
concrete, is known, this establishes;the average
strength, level for which the concrete must be
proportioned. Otherwise, the proportions must
be selected to produce an excess of average

1

1*See ACE Committee 214, “Recommended Practice for {Evalu-
ation of Compression Test Results of Field Corncrete (ACI 214-
65),"” Amemcan Concrete Institute, Detroit, 1965, 28 pp. (This
standard also appears in the ACI Manual of Concrete Practice,)

}
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strength, sufficient to allow for a high degree of
variability in the strength tests.

Section 4.2.2.1 refers to the fact that the stan-
dard deviation used in the calculation of required
average strength must have been developed un-
der “similar conditions to those expected.” This
requirement is extremely important to assure
acceptable concrete. Concrete for background
tests to determine standard deviation is consid-
ered to have been “similar” to that required if it
was made with the samé géneral fypes of in-
gredients under no more restrictive conditions of
control over material quality and production
methods than will exist on the proposed work,
and if its specified strength did not deviate more
than 1000 psi from the f,” required. A change in
the type of concrete or a major increase in the
strength level may increase the standard devia-
tion. Such a situation might occur with a change
in type of aggregate (i.e, from natural aggre-
gate to lightweight aggregate or vice versa) or a
change from nondair-entrained concrete to air-
entrained concrete. Also, there may be an in-
crease in standard deviation when the average
strength level is raised by a significant amouht,
although the incrément of increase in standard
deviation should be somewhat less than directly
proportional to the strength increase. When there
is reasonable doubt, any estimated standard de-
viation used to calculate the required average
strength should always be on the conservative
(high) side. A

Standard. deviation may be computed either
from a single group of 30 or more successive tests
of a gwen' class of concrete meeting the above
criteria or from two groups of such tests which,
taken together, compnse a total of 30 or more..In
the latter case, a;“statistical” average value of
standard deviation is to be used, calculated by
usual statistical methods

The amounts by which average strength _fc,
should exceed the specified strength f./ haive
been calculated by procedures outlined in the
report of ACI Committee 214, “Recommended
Practice for Evaluatlon of Compressive Strength
Tests of Field Concrete.” The listed values repre-
sent the highest average values required to meet
all three of the following criteria, using the maxi-
mum standard deviation from the range shown
in each case:

1. a probability of less than 1 in 10 that a ran-
dom individual strength test will be below the
specified strength fc

2. a probablhty 6f 1 in 100 that an average of 3
consecutive strength tests will be below the speci-
fied strength f; | -

3. a probability of 1 in 100 that an md1v1dua1
strength test will Be more than 500 psi below the
specified strength f.,

12

¢
Using values of “t” from Table 4 of the ACI Com-
mittee 214 Standard,* formulas for calculating the

required average strengths reduce to the following
for the respective criteria above:

1 =1/ 412820

2 fo=f/ + 2\/3? % =f1/+1343¢
3. for=1f," — 50042326 ¢
where
fo = average strength to be used as the basis

for selecting concrete proportions, psi
fo/ = strength level used in the design of the
structure, psi, as defined in Section 2.1 of
the Code (specified f,’)
" ¢ = standard deviation of 1nd1vidual strength
tests, psi i
: .
It can be seen that Criterion 2 always produces a
required average strength higher than Criterion
1. Criterion 2 will produce a higher required
average strength than will Criterion 3 for low to
moderate standard deviations, up torabout 500 ps:.
For higher standard deviations, however, Criterion
3 governs, i.e,, limiting the expected frequency of
tests more than 500 psi below the specified f.’ to
1in 100.

The indicated average strength devels are in-
tended to reduce the probability: of concrete
strength being questioned on any of:the following
usual bases: (1) too many 'tests below specified
fe; (2) strength averaging below specified f for
an appreciable period (three consecutive tests);
or (3) an individual test being disturbingly low
(more than 500 psi below specified f./).

4.2.4—Estimation of ther water-cement ratio
from the generalized Table'4.2.4 requires special
permission This is due to the fact:that different
‘combinations of 1ngred1ents prodruce concretes
which vary considerably m strength level at-
tained at a given water-cement ratio. Therefore.
a single table relating concrete strength to water-
cement ratio must, of necessity, be very conser-
vative. In the interest of economy; the approxi-
mate method should be applied only, for relatively
small and unimportant structures. -

4.2.5-—A table of required air cohtents for air-
entrained concrete has been’included in the Code,
based on “Recommended Piractice::for Selecling
Proportions for Normal Weight Concrete” (ACI
211). The values correspond to an air content in
the mortar phase of the concrete of" about 9 to 10

' *See “Recommended Practice £or7Evaluatlon of Compression
Test Results of Fleld Concrcte (ACI 214-65)l
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percent, which has been shown to provide opti-
mum protection against damage from freezing and
thawing. The entrained air will not protect coarse
aggregates that undergo disruptive volume
changes when frozen in a saturated condition.

Note that for lightweight aggregate concrete, the
specified concrete strength f* must be at least 3000
psi, except as provided for in Section 4.2.6.

4.27 — The sulfate resisting cement required
should preferably be Type V or, if Type V is un-
available, it should be Type'll. If neither of these
types is available, the cement selected should have
a tricalcium aluminate content of less than 8 per-
cent for moderate sulfate resistance and less than
5 percent for high sulfate resistance. Note that sul-
fate resisting cement will not increase resistance
to some chemically aggressive solutions, for ex-
ample, ammonium nitrate. The project specifica-
tions should cover all special cases. Although not
specifically mentioned in the Code, attention is
directed here to numerous researches indicating
that the judicious employment of a good quality
fly ash (ASTM C 618, Classz F) improves the sul-
fate resistance of concrete. ,

429 — The procedures of the 1963 Code for
establishing permissible shear stresses and re-
quired bar development lengths for lightweight
concrete have been 1modlfled Previously, except
when low values were used, splitting tensile
strength tests were requlred for use in calculating
a ratio F,, for estabhshmg the reduction of shear
stresses in relation -to those allowed for normal
weight concrete. The equlvalent of thai procedure
is still permitted, but a more direct approach is
also given in the 1971 Code~ Tensile splitting tests
are not required if shear, and torsion stresses,
cracking moment, modulu's of rupture, and bar
development lengths are based on the reasonable
assumption that, for a given compressive strength,
the tensile strength.of lightweight aggregate con-
crete (with or w1thout sand replacement) is a
fixed proportion of that for normal weight con-
crete.* The percentage of normal weight concrete
shear stress permitfed is 75 if all lightweight ag-
gregate is used, or 85 if natural sand is combined
with lightweight coarse E’aggregate to produce
sand-lightweight concrete. ‘Linear interpolation is
used for partial safd replicement of fine aggre-
gate. (See Sections'9.5.22,'11.3, and 125(c).) Al-
ternatively, the shear and ‘forsion stress, cracking
moment, modulus of ruptufe and bar development
lengths for lightweight aggregate concrete may be
upgraded if tests made in dccordance with Section
4.2.9 demonstrate that the tensile strength is high-
er than the assumed conservatwe percentages
stated above. In any casq, the test for splitting
tensile strength is used only for laboratory deter-
mination of 1its re;ationship to the compressive

BUILDING CODE COMMENTARY

strength. It is not intended for control of, or ac-
ceptance of, strength properties of the concrete in
the field. If use of the splitting tensile strength of
lightweight aggregate concrete yields calculated
permissible shear values greater, or bar develop-
ment lengths less, than allowed for normal weight
concrete, the values for normal weight concrete
must be used.

4.3—Evaluation and acceptance of concrete

Effert has boon made in the Code to provido a
clear-cut basis for judging the acceptability of the
concrete as well as to indicate a course of action
to be followed when the results of strength tests
are questionable.

4.3.1 — Samples for strength tests must be taken
on a strictly random basis if they are to measure
properly the acceptability of the concrete. The
choice offtimes of sampling or the batches of‘con-
crete to be sampled must be made on the badis of
chance allone within the period of placemefit in
otder to be representative. If batches to be’sam-
pled are selected on the basis of appéarance,”con-
venience, or other possibly biased criteria, thé sta-
tiStical cbncepts lose their validity. Obviously, not
more than one test (average of two cylinders made
from a bample) should be taken from a single
batch, and water may not be added after the sam-
ple is taken. 3 ¢

| H

1 4.3.2 — For small quantities of a given class of
concrete, the Building Official may waive strength
test reqiirements if adequate evidence of satis-
factory strength is provided such as strength test
results from the same type of concrete supplied on
the same day by the same supplier and under com-
parable conditions in other work.

- 4.3.3 = A single set of criteria is given for ac-
ceptablhty of strength and is applicable to all
concrete used in structures designed in accordance
with the 1971 Code, regardless of design method
used. The concrete strength is considered 2to be
satisfactory as long as averages of any three con-
secutive tests remain above the specified f, and no
individual test falls below the specified f,” by more
than 500 psi. Strength tests failing fo meet these

criteriatwill occur occasionally (probably about

once in 100 tests) even though strength level and
uniformity are satisfactory. Allowance should be
made for such statistically normal .deviations in
deciding whether or not the strength level; being
produced is adequate. Although cpmparable in
terms of the probability of failure, the criterion of
minimum individual cylinder strength ef 500 psi
less than f,” adapts itself more reajdily to. small

i
%

*See Hanson, J. A., “Tensile Strength and sDxagonal {Tension
Resistance of Structural Lightweight Concrete,” ACI JOURNAL
Plrgccedmgs V. §8, No. 1, July 1961, pp. 1-40 (See also Reference
116)
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numbers of tests than did the ACI 318-63 require-
ment that “not more than 10 percent of the
strength tests shall h;ave values less than the spec-
ified strength.” For example, if only five tests are
made on a small job, it is apparent that, if any of
them is more than 500 psi below f, the criterion
is not met. However, in view of the small test
population, it is impossible to know whether or
not a 10 percent limit on tests below f,’ could be
achieved.

4.3.4 — Positive guidance has been provided in
the Code concerning the interpretation of tests of
field-cured cylinders. Researchers have shown that
cylinders protected and cured to simulate good
field practice should test not less than about 85
percent of the standard laboratory moist-cured
cylinders. This percentage has been set merely as
a rational basrs for Judgmg the adequacy of field
curing. The comparlson is made between the ac-
tual measured strerigths of companion job-cured
and laboratory-curell cylinders, not between job-
cured cylinders and the specified value of fa .
However, results for the job-cured cylinders are
considered satisfactdry if they exceed the specified
f/ by more than 500 psi even though they fail to
reach 85 percent of the strength of companion
laboratory-cured spécimens.

4.3.5 — Instructions have been provided con-
cerning the procetiure to be followed when
strength tests have failed to meet the spemﬁed
acceptance criteria® For obvious reasons, these
instructions ‘cannot be dogmatic. The Building Of-
ficial must apply judgment as to the true 51gn1f1-
cance of low' test results and whether or not they
indicate need for cdncern. If further investigation
is deemed necessar}r such investigation may in-
clude nondestructive tests, or in extreme cases,
strength tests of coLreS taken from the structure.
Nondestructive testg, such as by impact hammer,
of the concrete in pl'ace may be useful in determin-
ing whether or not a portion of the structure ac-
tually contains low strength concrete. Such tests
are of value primarily for comparisons within the

4

same job rather than as quantitative measures of
strength. For cores, if required, conservatively
safe acceptance criteria have been provided which,
if met, should assure structural adequacy for vir-
tually any type of construction.#242 Lower
strength may, of course, be tolerated under many
circumstances, but this again becomes a matter of
judgment on the part of the Building Official.
When the core tests fail to provide assurance of
structural adequacy, it may be practicable, par-
ticularly in the case of floor or roof systems, for
the Building Official to resort to a load test (Chap-
ter 20) as final arbiter. Short of load tests, if time
and conditions permit, an effort may be made to
improve the strength of the concrete in place by
supplemental wet curing. Effectivenéss of such a
treatment must, of course, be verified by further
strength evaluation using procedures previously
discussed.

"It should be noted that core tests haVving an aver-
aje of 85 percent of the specified stréngth are en-
tirely realistic. To expect cor€ tests té be equal to
fs is not realistic, since differences in the size of
specimens, conditions of obtaining samples and
procedures for curing do not perm1t equal values

" to be obtained.

The Code, as stated, concerns itself with assur-
mg structural safety, and the" instructions in Sec-
tion 4.3 are aimed at that obJectwe It is not the
function of the Code to assign respons1b111ty for
strength deficiencies, whether or not they are such
as to require corrective measures.
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CHAPTER 5—MIXING AND PLACING CONCRETE

1

i
1

5.1—Preparation of equipment and placing of
concrete  ©

This sect1on call; attention to the necessity of
using clean; tequlpment and for thoroughly clean-
ing forms and re1ntorcement before proceeding to
deposit congcrete. In particular, sawdust and wopd
blocks that- collect inside of forms should be
flushed out, and reinforcement must be thorough-

14 .
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ly cleaned of mud. Excess water should be re-
moved from the forms. ’

;S.Z—Mixing of concrete
¢ Concrete of uniform and- satisfactory quality
requires the materials to be thoroughly mixed. The
hecessary time for mixing will depend on many
factors including batch si:ze, stiffness of the
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batch, size and grading of the aggregate, and the
efficiency of the mixer.

Excessively long mixing times may grind the
aggregates, and this should be avoided.

5.3—Conveying

The Code requires that conveying equipment
be capable of supplying concrete continuously
and reliably under all conditions and for all pro-
cedures of placement. Those provisions apply to
all placement methods, including pumps, belt
conveyors, pneumatic systems, wheelbarrows,
buggies, crane buckets, and tremies.

Recent reports have indicated that serious loss
in strength of concérete cdn result when it is
pumped through pipe made of aluminum or
aluminum alloys. Hydrogen gas generated by
the reaction between the cement alkalies and
aluminum eroded from the interior of the pipe
surface has been shown top cause strength re-
duction as much as 50 percént Hence, equipment
made of aluminum or aluminum alloys should
not be used for pump lines, tremies, or chutes
other than short chutes, such as those used to
remove concrete from a truck mixer.

)
5.4—Depositing ;

Rehandling concrete can' cause segregation of
the materials. Hence the Code cautions against
this practice. Retempering of partially set con-
crete with the addition of water should not be
permitted. This does not preclude the practice,
recognized in ASTM C94, of adding water to
mixed concrete to -bring it up to the specified
slump range so long as prescribed limits on the

maximum mixing time and water cement ratio

are not violated. I

When placing conditions are difficult, such as
in deep or heavily reinforced members, the use
of mortar batches will aid: in preventing honey-
comb and poor bonding of} the concrete with the
reinforcement. When used,ithe mortar should con-
tain the same ratlol of fme aggregate to cement
and the same water-cement ratio as the concrete
to be placed. The mortart should be placed im-
mediately before depos1t g the concrete and
must be plastic and nelther stiff nor fluid when
the concrete is placed

5.5—Curing : ‘

In addition to requiring a minimum curing
temperature and time interval as contained in
the 1963 Code, the Code provides a specific
criterion in Section 4.3.4:for judging the ade-
quacy of field curing. Atithe test age for which
the strength is specified (usually 28 days), field-

cured cylinders should produce strength not less

(
BUILDING CODE COMMENTARY

than 85 percent of that of the standard, labora-
tory-cured cylinders. For a reasonably correct
comparison to be made, field-cured cylinders and
companion laboratory-cured cylinders must come
from the same sample. Field-cured cylinders
must be cured under conditions identical to those
of the structure. If the structure is protected
from the elements, the cylinder should be' pro-
tected similarly. That is, cylinders related to
members: not directly exposed to the weather
should be cured adjacent to those members and
provided with the same degree of protection and
type of curing. Obviously, the field cylinders
should not be treated more favorably than the
elements they represent. (See Code and Com-
mentary; Section 4.3.4 for additional information.)

If the field-cured cylinders do not provide
satlsfacthy strength by this comparispn, megsures
should be taken to improve the curmg of the
structure If the tests indicate a possible serious
d,ef1c1ency in strength of concrete in the strugture,
cpre tests may be required, with or withouf sup-
Rlemental wet curing, to check tklae structural
adequacy, as provided in Section 4.3. 5

4 5.5.2 — This section applies whenever an ac-
celerated curing method is used, whether for
precast or cast-in-place elements. The ultimate
compressive strength f.” of steam cured concrete
is not as high as that of similar gqoncrete con-
tinuously cured under moist conditjons at,mod-
erate temperatures. Also, the elastic madulus
E, of steam-cured specimens may vary(from
that of, specimens moist-cured at mormal; tem-
peratures. When steam curing is to be used, it is
adv1sab1e to base the mix proport1o(ns on steam-
cured test cylinders. | f

£ Accelerated curing procedures require careful
attention to obtain uniform and dependable re-
$ults. It is essential that moisture loss durﬁng the
(cunng process be prevented. ! ¢

5 6—Cold weather requirements '

) Deta1ls of approved procedures ;are avaa11ab1e
in “Recommended Practice for Cold ,Weather Con-
creting,” (ACI 306). 1 ?
¢ . 3 1
5 7—Hot weather requirements £ ?

Details of approved procedures ?are avra11ab1e

in “Recommended Practice for Hot V\ﬁeather
Concretmg,” (ACI 605). '

3
[
| ¢
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CHAPTER 6—FORMWORK, EMEEDDED PIPES, AND
CONSTRUCTION JOINTS

Because proper design, construction, and re-
moval of forms is an involved subject, only the
basic requirements are discussed in this Com-
mentary. For detailed information, the reader
should refer to the work of ACI Committee 347
in “Recommended Practice for Concrete Form-
work (ACI 347-68)" and Formwork for Concrate,
ACI Special Publication No. 4.

In determining the time for removal of forms,
consideration should be given to the construction
loads and to the possibilities of deflections. The
construction loads are frequently at least as great
as the design live loads. At early ages, a structure
may be strong enough to support the applied
load but may deflect sufficiently to cause perma-
nent damage. "

Conduits and pipes not harmful to the con-
crete can be embedded therein, but the work
must be done'in such a manner that the structure
will not be endanfgered. Empirical rules are
given for safe installations for common con-
ditions, but specialg designs must be made for
other than common conditions. The contractor
should not be permitted to install conduits, pipes,

CHAPTER 7—Dﬂ“AE?.

€
il
General -

Good structural details have always been vital
to satisfactory reinforced concrete structures.
Over the years, a standard practice for reinforce-
ment details was developed gradually. In the 1956
Code, the details of connections for structural
elements, bar cutoffs splices, and bar bending
were based on a stress of 20,000 psi for steel and
equal bond in tension and compression varying
directly with concrete strength only. For col-
umns and short spah one-way slabs, higher yield
strength steels were permitted with higher work-
Ing stresses under the same assumptions for bond.

Since the 1956 Code, ACI Committee 318 has
collected reports of previous research and practice
with high yield strength steels, suggested new
research needed, recexved reports on new re-
search, and translated the results into new Code
provisions which create new standards for de-
tails of reinforcemerit. ’

The rescarch fihdings that bond generally
varies with bar didmeter and stress, tensile or
compressive, as well as concrete strength, and
that anchorage bond is not directly proportional

4
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ducts, or openings that are not shown on the
plans or not approved by the architect or en-
gineer.

The Code prohibits the use of aluminum in
structural concrete unless it is effectively coated
or covered. Aluminum reacts with concrete and,
in tho presonce of c¢hlorfido ions, may aldo react
electrolytically with steel causing cracking and/
or spalling of the concrete. Aluminum electrical
conduits present a special problem since stray
electric current speeds up the adverse reaction.

For the integrity of the structure, it is im-
portant that all joints be carefully -constructed
as and where shown on the plans or called for
in the specifications. Any variation therefrom
should be approved by the architect or en-
gineer.

The delay in placing concrete above columns
and walls is provided to permit the concrete
to settle and prevent cracking at the underside

_of the floor system. The restriction on the lo-

catlon of joints is intended to plackt the joints
where they will cause the least weakness in the
structure. n

Prd G
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to anchorage length, make necessary a whole
family of new reinforcement detailing standards.
The use of a single bond stress value for all size
bars was attractively simple, but has been shown
to be incorrect. : )

1In Chapter 7, the Code provides séparately for
tensile and compressive splices, side and yield
stress level of bars, smooth and deformed welded
wire fabric, welded or mechanically connected
tension splices, end-bearing comprefsion splices,
concrete area between splices, and splices lateral-
ly confined by auxiliary reinforcement, reflecting
in each case specific findings from research.

Research projects have yielded results respons-
ible for a nuymber of speci"fic Code provisions
including bending radii for #14 and #18 bars,
spiral spacers, end-bearing compressmn splices,
l:gundled bars, and column ties.

7.1—Hooks and bends

. This section is a consolidation of provisions
affecting hooks and bends from seyeral sections
of the 1956 Code. Bending. provisjons for the
#14 and #18 bars and the 80 ;deg. stirrup
]
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Jr tie hook with a six bar diameter extension
were added in 1963.

A number of new provisions are given in the
1971 Code for hooks and bends. Standard hooks
are described in terms of the inside diameter of
bend since this is easier to measure than the
radius of bend.

A broad survey of bending practices, a study of
ASTM bend test requirements, and a pilot study
of bending Grade 60 and Grade 75 #14 and
#18 bars were considored in ostablishing the
minimum diameter of bend for each grade.
The primary consideration was feasibility of
bending without undue breakage. The provision
against hot bending contained in the 1956 Code
was relaxed on advice of metallurgists that proper
use of heat would not be unsafe.

The Code user is cautioned‘ against combining
minimum diameter of’bend With extreme com-
inations of maximum size bar, minimum concrete
strengths, no lateral of confihing auxiliary rein-
forcement, and maximum tensile stress in the
bars. This is partlcularly important with #14 and
#18 bars.

Since some ASTM specifications do not provide
for bend tests of the bars to .’recommended bend
diameters, the designer should make sure that the
bends he calls for can safely be made with the
grades of steel speciﬁed. ;

7.1.2—The note on spec1a1 fglbrlcatmn appearing
in the 1963 Code was deleted since bar sizes #14
and #18 are now commonly bent cold.

7.1.3.1 For each size of par commonly used
as stirrups or ties, mihimum 'bend diameters are
prescribed based on acceptcid industry practice
in the United States.. Use of the recommended
sizes for 90 deg and 135 deg stirrup and tie
hooks conforming to Sectiort 7.1.1.3 will permit
multiple bending on’ standé’rd stirrup bending
equipment. The 1963 Code permltted bend diame-
ters as small as two bar diameters. This minimum
value was increased because it is a far more
severe bend than {'equire by ASTM bend
tests, and could seriously dgmage the bars. The
1963 ACI Code anchorage requirement that stir-
rups be hooked tightly around longitudinal
reinforcement has been revised. (See Section
12.131.3.) In actual apphcatmn the 1963 Code sec-
tion could have required different diameters and
hooks on each end of the same stirrup, and so was
seldom specified. ! ¢

7.1.3.3 — Welded wire: fabric, or plain or
deformed wire, can be used ! or ties and stirrups.
The wire at welded .intersections does not have
the same uniform ductility and bendability as in
areas which were not heated. These effects of
the welding temperature are usually dissipated
in a distance of appraox1mately four wire diame-
ters. Minimum bend dlameters permitted are in

]
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most cases the same as those requircd in the
ASTM bend tests for wire material.

7.14 — This section requires that all bends be
made cold unless otherwise permitted by the En-
gineer. In this sense the Engineer is the engineer
or architect employed by the owner to perform
inspection. For unusual bends exceeding ASTM
bend test requirements special fabrication may be
required. It may be necessary to bend bars that
have been embedded in concrete, and it usually
is not possdibla to provide a pin of the minimum
diameter specified in the Code at the point of
bend. Such bending can not be done without
authorization of the inspecting engineer. If he so
authorizes he will determine whether or not the
bars can be bent cold without damage or-if
heating is necessary. If heating is permitted it
must be controlled to avoid splitting of the con-
crete or damage to the bars. When bars are not
embedded lm thin sections, temperatures ranging
frotn 600 to 800 F are usually satisfactory to pertit
bending without damage to the bars or the coén-
crete. {

. . )
7.2 Surface conditions of reinforcement Py

Specific 'limits on rust are based’on lafest
tests, plus’ a review of earlier tests, and rec-
ommendatxons published by Federal‘ agenoles
us1ng concrete. Reference 7.1 provides gu1dance
with regard to the effects of rust and mill scale
on _bond characteristics of deformed re1nforc1ng
bars Research has shown that a normal amount of
rust increases bond. Normal rough handhng gen-
erally removes rust which is loose enough to

m]ure bond | ,

7. 3—Placmg reinforcement } ’

731 — Specifications of approved materfals
and description of devices for supporting rein-
forcement! (appearing in the 1963 Code) were
deleted since specification of required perfor-
mance was considered sufficient. “Tack” welding
(welding crossing bars) can seriously weakén a
bar at the point welded by creating a metal-
lurglcal otch effect. This operation can| be
performec}l safely only when the materxal we]tded
and weldmg operations are under continuous com-
petent control, as in the manufacture of wellded
wire fabrig.

7.3.2 - An intermediate tolerance ,was added
to providé more uniform effect and to encourage
more realjstic applications and enforcement. The
use of higher stresses requires closer limits on ef-
fective dépth, particularly in shallow members,
and tolerances ideally should be proportionél to
the depth. However, three fixed limits Were
considered more practicable for enforcement‘and
for simplicity of instructions to field pla_]cmg
crews. ]
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Since the effective depth and clear concrete
cover are components of total depth, the tol-
erances on these dimensions are directly related.
Generally accepted practice, as reflected in other
ACI standards, have established tolerances on
total depth (formwork or finish) and fabrication
of truss bent remnforcing bars and closed ties,
stirrups, and spirals. Bar supports and spacers,
factory made to tolerances of a lower order of
magnitude, are standard in % in. increments.
When an accumulation of tolerances may
develop, resulting in excessive reduction of ef-
fective depth or cover, the Engineer should in-
dicate which dimension is critical. The additional
requirement that the cover shall not be reduced
by more than one-third of the specified cover is
necessary, particularly for the lesser cover per-
mitted in precast construction and shells.

7.3.3 — This provision concerning draped fabric
has remamed essehtially unchanged through:a
long series of ACI'Codes. It permits use of the
lighter styles of welded wire fabric which are
flexible enough to drape between supports to be
exempt from requirements of Sections 12.2 and
12.3. Omission of fhese anchorage requirements
in lightly reinforced, short span slabs (where
temperature’ and éhrmkage requirements oftén
control the ‘minim¥im amount of reinforcement
required) has resulted in economy without any
known adverse effects on structural perfor-
mance. :

‘ 5
7.4—Spacing of re’?nforcement

1

741 — Tlhe spac;ing limits in this section have
been developed from successful practice over
many years, remaining essentially unchanged
through many codgs. The minimum limits were
established  to permit concrete to flow readily
into spaces.between bars and between bars and
forms without hongycomb, and to ensure against
concentration of bars on a line that might result
in shear or shrmkage cracking.

74.2 — The sucgessful practice of “bundlmg”
standard size bars] for large girders, and labora-
tory tests on bunldled column bars led to the
provisions for bundling bars in the 1963 Code.
The provisions of this section are fundamentally
the same as those contained in the 1963 Code,
with some exceptions. Bond research™* showed
that bar cutoffs ;for girders and splices for
cotumns should be staggered. Bundled bars should
be tied, wired, or ibtherwise fastened together'to
ensure remammg in position whether vertlcal or
horizontal.

A lhimitation that bars larger than 11 not
be bundled in beams or girders has been added,
since the ACI Code applies primarily to buildings.
The United States'Bureau of Public Roads design

criteria for reiriforced concrete bridges by
C
0

e

i8

ultimate design?? permits two-bar bundles of
bars up to #18 in bridge girders or columns,
usually more massive than those in buildings. Con-
formance to crack control requirements in the
1971 Code will effectively preclude bundling of
bars larger than #11 as tensile reinforcement.
The Code phrasing “bundled in contact, assumed
to act as a unit,” is intended to preclude bundling
more than two bars in the same plane. Typical
bundle shapes are triangular, square, or L-shaped
patterns for three- or four=bar bundles, As a
practical caution, bundles more than one bar deep
in the plane of bending may not be hooked or
bent as a unit. Where end hooks are required, it
is preferable to stagger them. Bending and hook-
ihg of bundles must be established in this man-
ner, even at supports.

74.3 — These maximum spacing limits have
remained essentially unchanged for many years,
even though extended to masswe sections with
#18 bars. ‘ N

' 74.4 — These requirements for minimum bar
spacing like those in Section 17.4.1 were developed
originally to provide access for contrete placing

- in columns. Use of the bar diameter as a factor

in establishing the minimum spacing permitted
extension of the original provision to larger bars.

' 74.5 — The Commentary o6n Secﬁons 7.4.1 and
744 is applicable here. See also Sectlon 7.5.4.

, 14.6 — The provisions for. 11m1tmg the spacing
of pretensioning steel were in Chapter 26, Pre-
§tressed Concrete, of the 1963 Code. They have
been incorporated in this 'section of the 1971
Code to consolidate all provisions for rein-
forcement spacing in one chapter The require-
ments are essentially the §ame as in the 1963
Code. 3

1 747 — When ducts for post-tensioning steel
in a beam are arranged closeiy together vertically,
provision must be made to prevent the steel, when
tensioned, from breaking through the duct. Hori-
'zontal disposition of ducts’ must "allow proper
'placement of concrete. Generally a’ clear spacing
'of one and one-third times the size’of the coarse
‘aggregate, but not less than 1 in.) proves satis-
factory. Where concentration of éteel or ducts
tends to create a weakened plane 1p the concrete
cover, reinforcement should be provided to con-
trol cracking.

l
(7.5—Splices in reinforcement—Ceneral

v

General provisions are mcluded in this section
]for splices of reinforcement as related to bond,
to overall detailing of structural members and
to general specifications. (For wiscussion on

bond research, see the Corﬂmentarky for Chapter
12))

I3
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Because each end of a splice introduces stress
concentrations which tend to induce early split-
ting, splice lengths for Classes B, C, and D splices
have been made larger than ordinary anchorage
lengths. Restrictions on the width of member or
the lateral spacing of splices have been added be-
cause some minimum area of concrete is needed
between adjacent lap splices for full anchorage
capacity to be developed. (The two bars that form
a lap splice can be in contact or spaced, as de-
sired, but must conform to Section 7.5.4.)
When the lateral spacing between lap splices is
more than 6 in. and the splice is located further
than 3 in. from an edge, the development length,
l;, may be multiplied by 0.8 [see Section
12.5(d)], and splices are likewise shortened.
Shortening is allowed in this case because of less
tendency to split in the plane of the bars.

For ductility, lap sphces should be adequate to
develop more than the yield strength of the
steel; otherwise, a member is subject to sudden
splice failure when the ylecld strength of the
steel is reached and no “toughness is obtainable
in the member. The lab splice' lengths specified in
the Code satisfy this ductility requirement.

Splices should, if possible, be located away
from points of maximum tensile stress. The Code
encourages this practice by increasingly severe
requirements for splices at higher stress and for
splices bunched unfavorably. |

7.5.1 — The Code requires-all welding of rein-
forcement to conform to AWS D12.1 (see Code
Section 3.8.2). Primarily, thése requirements de-
mand that the chemical analysis of the reinforce-
ment be secured and‘that the entire welding op-
eration, including method, material, amount of

preheat, if any, etc., be compatible with the chem-
cal analysis. g

7.5.2 — Research on lap sphces of #14 and #18
bars is limited. There are, ?1nsuff1c1ent data to
establish lap lengths! for either tensile or com-
pressive lap splices for #14 or #18 bars. Com-
pression splices of 14 or :#18 bars to smaller
bars used as dowels into footings are allowed.
(See Code Section 15:6.8.)

1.5.3 — The increased length of lap required for
bars in bundles is based on' the reduction in the
exposed perimeter of the bars.

754 — If individual bafs in noncontact lap
splices are too widely spaeced, an unreinforced
section is created. Forcxng the potential crack to
follow a zigzag line( (5 to 1l slope) is considered
a minimum precaution. The 6 in. maximum spac-
ing 1s added because most research available on
the lap splicing of modern deformed bars was
conducted with reinforcement which was within
this spacing. ‘

BUILDING CODE CCMMENTARY

7.5.5.1 A full welded splice, which is defined
in this section, is primarily intended for large
bars (#6 and larger) in main members. The
minimum tensile capacity required will ensure
sound welding, adequate also for compression. The
requirement of 125 percent of specified yield
strength was contained in the 1963 Code. It is
desirable that splices be capable of developing the
ultimate strength of the bars spliced, but practi-
cal limitations make this ideal condition difficult
to attain. The maximum reinforcement stress used
in design under the Code is the yleld strength. To
ensure sufficient capacity in splices so that
yielding can be achieved in the member and thus
brittle failure avoided, the 25 percent increase
beyond the specified yield strength was selected
as both an adequate minimum for safety and a
practicable maximum for economy.

‘7552 ‘Full positive connections are also re-
quired to develop 125 percent of the yield strength,
in 'tensmn or compression as required, for the
same reasons as given for full welded splices in
the Commeéntary for Section 7.5.5.1. r

17.5.5.3 The use of welded splices or positive
corinections of less capacity than 125 ‘percent of
yield strength is permitted if the minirhum dedign
criteria of' Section 7.6.3.2 are met. Thérefore, lap
welds of reinforcing bars, either withlor without
ba¢kup mhterial, welds to plate connections, ‘and

end-bearing splices are allowed un&er certain

conditiond. . A
§ ] .

76—Sphces in tension

Thxs sectlon consolidates material from the 11963
Code and, provides new considerations related to
the development length concept. (See Chapter
12}of the Code and Commentary.) . .

Development lengths, l;, for tension bars in
normal weight concrete are given in Chapter 12.

;For lightweight concrete and sand-lightweight
concrete, the multipliers in Chapter 12 must be
used. Splices are classed as Types A, B, C, and D,
and multjpliers of 1; for various classes arejpro-
vided in tSection 7.6.1. Note that Class D sphces
must be tenclosed within a spiral conforming to
Sectmn 12.5(d). The various tension lap sphce
cqnd1t1ons are summarized in Table 7:1. 4

rThe splice requirements for situations described
in' Sections 7.6.2 and 7.6.3 were established to

pérmit rjaximum economy consistent with a uni-
form structural capacity for the overall member
Sp1rals dround splices greatly 1ncrease res1s
agamst 1sphttmg and improve sphce strength
Stirrups, or ties, unless closely spaced, are only
partlally effective for this purpose.

, The requ1rements in this section épply to ten-
sile sphces where tension is the critical stress
condmon Thus, the term “regions of maximum
moment or high computed stress” is intended to
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TABLE 7-1—TENSION LAP SPLICES

Maximum Percent .

Member stress spliced Lap Section Notes

ith 0.5fy tension > 50 1.7a 7.6.3.1.1 | Avoid if

Fl\exfilllfghtv;t}{ia()lr >0.5% (Class C) possible
compression =50 1.3 7.63.1.1

(Class B)
= 0.5fy tension > 75 1.3la 7.6.3.2.1 | Preferred
(Class B)
== 78 1.01¢ 7.6.8.2.1
(Class A)

Tension tie Stagger if 2.0lq 7.6.1 Avoid if
(welded or possible | (Class D) 7.6.2 possible,
positive Spiral
connection Required
preferred)

describe a cross section in a member other than
a tension tie at which all of the tensile reinforce-
ment is designed for the yield strength §f,. This
section covers overall requirements of detailing
tensile splices under various conditions.

Section 7.6 encourages the staggering of all
splices in all types of members. This section
identifies explicitly three less-than-ideal arrange-
ments of splices for the total reinforcement in
practical elements and, by implication, the ideal
arrangement. The most severe condition, requiring
special precautions, is the tension tie, and the
next is splicing all reinforcement in a member
at the cross sect1o¥1 of maximum tensile stress.
Conditions of intermediate severity involve splic-
ing all reinforcement at any cross section or any
reinforcement at the cross section of maximum
tensile stress. Implicitly, the preferred splice
layout uses’ staggered splices all located awdy
from the section of maximum tensile stress. The
following sections provrde explicit requirements
for the condltlons of splice layout in practidal
members.

7.6.1 Classzfzcatwn of tension lap splicesl-——
This section presents the basis for calculation
of lap lengths and the minimum lap length Ein
terms of tensile development length I; for the full
f, as given in Section 12.5. Four classes of sphces
are defined. Note that Class D is specified only
for tension ties and must include a spiral cover-
ing, although no add1t1onal strength is allowed to
be credlted for the spiral. However, if a Class
A, B, or C sphce is enclosed within a splral
Section 12.5(d) allows a 0.75 factor in comput-
1ng ld *

7.6.2 Spllces in tenszon tie members — Note that
staggered splices are recommended. i

The usual limitéd concrete cover on all si les
of tension t1e members leads to a member havmg
a minimum of concrete available to resist split-
ting. In the absence of specific test data for this
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condition, provisions are made more rigorous than
for ordinary splices in beams where cover in at
least one direction is not lifnited. The specified
length lowers the splitting stress and the specified
spiral increases the splitting rlasistance.
7.6.3 Tension splices in other members
7.6.3.1 This section encourages location of

" splices away from regions of maximum moment

or high computed tensile stress. A lap splice of
any portion of the total steel at points of maxi-
mum stress must be at least 1.3l; (Class B)
in length or if enclosed in the prescribed spiral,
1.0l;, where I, is based on f,. :

If more than one-half of the bars are spliced at

these points, lap splices must be .at least 1.7l4
(Class C) or, if-enclosed in spirals, 1.3ls.. A
welded splice or positive connection must develop
at least 125 percent of the spec1f1ed yield strength.
' Note that temperature steel exclept at points
away from the center of slabs on; ground with
unrestramed ends, generally is cons1dered at
maximum stress f,.
' 7.6.3.2 Required tensile sphce lap lengths may
be reduced if the splices are located in regions of
low computed stress (where ‘bar stress, computed
hsmg the design method of Sect1on g1.1. ., is always
less than 0.5f,). The type of splice, required de-
pends on the percentage of bars spl1cLed

When the alternate de51gn method of Section
]8 .10 is used, Section 8.10.4 st1pulates that the bar
stress can be taken as less ;chan 0. §f, only when
the reinforcing provided is more than twice that
required. If it is not, tensile splices must be in
accordance with Sect1on 7.6. 3 1,

) 7.6.3.2.1 Economical Cl‘ass A splices are per-
mitted when the bar stress is less :than 0.5f, and
no more than 75 percent of the2steel area is
sphced within one lap lenqth (sphces are stag-
)gered in a member).

3 7.6.3.2.2 Class B splices ar
1reg1ons where f, is less than 0.5f, a

required in
d where it is
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TABLE 7-2-;COMPRESSION LAP
SPLICE LENGTHS PER AC| 318-63

| Calculated lap length
required to satisfy

development bond for

Minimum lap length* | full fy

fu | for=3000 | fo' <3000 | f'=2300 [ fe'= 1300
40 20ds 26.7d» 16dp 21.4dp
50 20dy 26.7d» 20dy 26.7dp
60 24dp 32 do 24dp 32.0d»
78 30ds 40 ds 30dy 40.0dsy

d» = bar diameters

*Note that the mimimum lap lengths will control length of
splice 1n all practical conditions The minimum lap lengths for
fe' = 3000 psi are based on the calculated lap lengths for 2300
psi concrete, while those for f.’ <3000 psi are based on 1300
psl concrete Only 1f concrete with fo' <1300 psi were used, or
if splices were to be stressed before concrete strength reached
1300 psi, would the calculated development length control.

necessary to splice more than 75 percent of the
steel at one cross section. This provision enables
the designer to accomnfodate a construction
sequence requiring® all bdrs spliced at one lo-
cation. - )
7.6.3.2.3 See Commentary on Section 7.5.5.3.
This section describes the situation where welded
splices or positive connectigns of less capacity than
125 percent of the specified yield strength of the
bar may be used. It provildes a relaxation in the
splice requirements where the splices or con-
nections are staggered and excess reinforcement
area is available. The criterion of twice the com-
puted tensile stress is used to cover sections con-
taining partial tensile splices with various per-
centages of total stgel contjnuous.
H 1

7.7—-Splices in cohpression

Recent bond research has been primarily re-
lated to bars in tension. Bond behavior of com-
pression bars is not complicated by the problem
of transverse tension cracking and thus com-
pression splices do notjrequire provisions as
strict as those specified for tension splices. The
minimum lengths specifi?ed for column splices
in the 1956 Code have begen carried forward and
extended to compression|bars in beams and to
higher strength steels as in the 1963 Code.

7.7.1 Lap splices in compyession

7.7.1.1 Essentially, lap requirements are re-
peated from the 1963 Code. The basic lap splice
requirements in the 1963 Gode consist of minimum
lap lengths and an ultihate development bond
stress. See Table 7-2. 1 '

The 1963 Code pvalues shave been modified to
recognize various degrees of confinement and to
permit design with stee% having up to 80 ksi
yield strength. Tests”37+shave shown that splice
strengths in comptession %depend considerably on
end bearing and heénce do hot increase proportion-
ally in strength when thelsplice length is doubled.
Accordingly, for yield strEengths above 60 ksi, lap
lengths have been signiflf':antly increased, except
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TABLE 7-3—COMPARISON OF COMPRESSION
LAP SPLICE REQUIREMENTS—1963 VERSUS
1971 CODE IN BAR DIAMETERS

T - lice lenath

, Mxmmun}cl'ag ?3%013‘3 engths Calculated lap
required by

1963 ) bond for full fy

Code 1971 Code with fo' = 2300

All Spiral Tied 1963 1971

fy | bars | column | Column| Loose | Code Code*
40 20 15.0 16.6 20 16 ' 16.7

60 30 18,78 20,76 a6 20 20.85
60 24 22.3 24.9 30 24 25.0
75 30 32.6 36.2 43.5 30 31.2
80 —_ 36.0 39.9 48.0 —_ 33.3

*For fo' =2300 psi for splices of loose bars or barsiin tled
columns,

where there are spiral enclosures ((as in spiral
columns) where the increase is only about 10 per-
cent at 75 ksi. i .

<

For steel yield strengths up tg 60 ksi, lap
lengths for bars enclosed by spirals have been
reduced, but those within adequate ties have
been slightly modified from the 1963 Colle re-
quirements. For splices without surrounding ties
or spirals, laps have been increased for steels with
yield strengths above 40 ksi. See Table 7-3.
* The values obtained from the tables are-based
on nor:mal weight concrete, as most test data
available on lap splices in compression are re-
lated to this concrete.

i

7.7.1.2 Reduced lap lengths are .allowed when
the splice is enclosed throughout its length by
minimum ties as defined here.

Compression splice lengths may be multiplied
by 0.83 for tied compression members when the
'tie area throughout the lap length is at least
0.0015hs, but the splice length may not pe less
;than 12 in. i .

The tie legs perpendicular to each direction are
‘computed separately and the reqdiremen{t must
be satisfied in each direction. This is illustrated
‘in Fig. 7-1, where four legs are effective‘in the
narrow direction or two legs in the Wwide direction.
This calculation is critical in one direction” which

normally can be determined by mnspection.

) 7.7‘!1.3 Compression lap lengtﬁs may'be re-

duced 'when the lap splice is enclosed throughout
its length by spirals because there is intreased
splitting resistance.” Spirals should meet Fequire-
ments of Sections 7.12.2 and 10.5.2.

- 4 =

7.7.2%— General requirements for use lQf end-
bea;in;g splices are repeated from ;AC_I_ 31@-63. A
tolerance of 3 deg has been includefi;"ijep‘rqsenting
practice based on tests of full size members con-

taining #18 bars. . '

A further limitation to members;with enclosing
reinforcement has been added;to ensure a

\
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Fig. 7-1—Tie legs which cross the axis of bending are
used to compute effective area. In the case shown, four
legs are effective

mimimum shear resistance in sections containing
end-bearing splices. End-bearing splices for com-
pression bars have most commonly been used in
columns.

Data concerning end-bearing splices appear in
a report by Wiss, Janney, Elstner and Associates,
330 Pfingsten Rd., Northbrook, Ill. 60062.

7.8—Splices of welded plain wire fabric

The strength of lap splices of welded plain wire
fabric is dependent primarily on the anchorage
obtained from the cross wires rather than on the
length of wire in the splice. For this reason, in
the 1963 Code thq lap was specified in terms of
overlap of cross, wires rather than in wire
diameters or inches. The 2 in. additional lap re-
quired is to assure overlapping of the cross
wires and; fo provide space for satisfactory con-
solidation sof thesconcrete between them. Splice
requirements for welded plain wire fabric are re-
peated from the 1963 Code.

i 1
7.9—Splices of éeformed wire and welded ‘ de-
formed wire fabric

Splice requirements for deformed wire and
welded wire fabric are provided. The splice
formulas stated are based on available tests.” 2
The anchorage vyalue of the wire deformations
can be computed singly or, where cross wires
are present in the splice length, as additive to
the cross wire an%horage.

7.10—Sp;cia| de;ails for columns

7.10.1 — This Material is repeated from Section
805 of the 1963 Code. Offset bending of bundled
bars is prohibited:for practical reasons.

7.10.2 L Thi$ requirement for lap sphced
dowels With coldmn faces offset 3 in. or more,
together with Section 7.5.2, precludes offsetting
3 in. or more in columns reinforced with 14
and #18 bars dince lap splices are prohibited

i
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*
for such bars except as provided for footing
dowels in Chapter 15.

7.10.3 — A minimum tensile capacity is required
even where analysis indicates compression only.
If end-bearing splices are employed without added
splice bars, the maximum amount of reinforce-
ment spliced at one point in any face of the
columns is three-fourths. Couplers designed for
compression may be used at one cross section
for all reinforcement, provided they possess a
tensile capacity of one-fourth of the specified
yield stress for the bars coupled. Any com-
bination of splices, splice bars, or staggered
splices with continuing unspliced bars may be
employed, provided the requlred mlmmum tensile
capacity is maintained.

For the conditions where stress may vary
from f, compressive to ox}e—half fy or less in
tension, minimum tensile capacity of twice the
calculated tension (computed using the design
method of Section 8.1.1) must be maintained in
each face of the column at any section containing
splices. See also Commentapry for ‘Section 7.10.5.

7104 — Where calculated tension can exceed
one-half f,, splice requirements are the same as
for a tensile splice in Section 7.6.

7.10.5 — This section establishes a minimum
tensile capacity where splices are located in a
reinforced concrete column regardless of other
design requirements.

7106 — This section provides an effective
maximum of 50 percent tlfansmisgion of load by
end bearing on ends of metal cores. The section
encourages, thereby, provision of some tensile
capacity at such splices (up to 50 percent), since
the remainder of the compression stress must be
transmitted by welds, dowels, sphce plates, etc.
This change should ensure that sphces in com-
posite columns meet requirements for tensile

+ capacity similar to those for reinforced concrete

columns.

7.11—Connections

Confinement is needed at connections to assure
that the flexural capacity of the members can
be developed without deterioration of the
joint under repeated loadings.?-#!

7.12—Lateral reinforcement

7.12.2 — In the 1971 Code, ~ome of the previous
restrictions on clear spacing and maximum
spacing for spiral reinforcement have been re-
moved.

A provision has been added tg the 1971 Code
requiring ties above the termination of the spirals
in a column if enclosure by beams or brackets
is not available on all sidés of the column. These
ties are to enclose the longitudinal column rein-
forcement and the portion of bars from beams

a 4
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bent into the column for anchorage. The Code
allows spirals to be terminated at the level of
lowest horizontal reinforcement framing into the
column. However, if one or more sides of the
column are not enclosed by beams or brackets,
ties are required from the termination of the
spiral to the bottom of the slab or drop panel.
If beams or brackets enclose all sides of the
column but are of different depths, the ties should
extend from the spiral to the level of the
horizontal reinforcoment of the ghalloweat beam
or bracket framing into the column.

For cast-in-place construction the minimum
diameter of spiral reinforcement was increased to
3% in. in the 1971 Code, as this is the smallest
size that can be used in a column with 1% in. or
more cover and having concrete strengths of
3000 psi or more if the minimum clear spacing
(pitch) for placing concrete is to be maintained.

Standard spiral sizes are % in., % in., and
5% in. diameter for hot rolled or cold drawn
material, plain or deformed.

The lap length required for splices in spirals
has been changed from the 1963 Code require-
ments and is now 48 spiral reinforcement
diameters rather than 1% turns. Thus, splices
for spirals are similar to those required for
tension splices of other reinforcement.

7.12.3 — Pilot tests on full size, axially loaded
tied columns containing full length bars (no
splices) showed no appreciable difference between
ultimate strengths of columns with the full tie
requirements and no ties at all. The tests did
not include a comprehensive range of column
sizes, bar sizes, bundled bars, spliced bars, mo-
ment-axial load ratios, etc., but they do indicate
that Code requirements previous to the 1963 Code
were unnecessarily strict. The 1956 Code required,
for every vertical bar, “lateral support equivalent
to that provided by a 90-deg corner of a tie.”

The 1963 Code liberalized the tie requirements
by increasing the permissible included angle
from 90 to 135 deg and exempting bars which are
within 6 in. on each side of adequately tied bars.
All bars must be enclosed within ties. Circular
" ties are specifically permitted in place of all other
ties where all bars may be enclosed thereby.

The new provisions permit the cores of columns
to be freed considerably of the previously re-

quired maze of ties. Since spliced bars and’

bundled bars were not included in the tests, it
would be prudent to provide at least a set of
ties at each end of lap spliced bars, above and
below end-bearing splices, and at minimum spac-
ings immediately below sloping regions of offset
bent bars.

Standard tie hooks are intended for use with
deformed bars only, and should be staggered
where possible. The minimum size of ties has
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been increased and related to the size of longi-
tudinal bars. Provision for enclosure above the
usual termination of ties has been included.
Where longitudinal bars are arranged in a circu-
lar pattern, only one circular tie per specified
spacing is required. This requirement can be
satisfied by a continuous circular tie (helix) at
larger pitch than permitted for spirals under
Section 10.9.2, the maximum pitch being equal to
the required tie spacing.

7124 oo Precast columns with eover less than
112 in., prestressed columns without longitudinal
bars, columns smaller than minimum dimensions
prescribed in former Codes, columns of concrete
with small size coarse aggregate, wall-like

"columns, and other special cases may require

special designs for lateral reinforcement. Smooth
or deformed wire, W-4, D-4, or larger, or
welded wire fabric consisting of such wire may
be utilized for ties or spirals. If such special
columns are considered as spiral columns for
load capacity in design, the ratio of spiral rein-
forcement p, must conform to Section 10.9.2.

7.12.5 — Compression reinforcement in beams
or girders must be enclosed to prevent buckling;
similar requirements for such enclosure have
remained essentially unchanged through several
codes except for minor clarification. Provision for
use of welded wire fabric for such enclosing rein-
forcement has been added in this section.

7.12.6 — This is a new section requiring that
any lateral reinforcement in members subject to
stress reversal or torsion at supports be in
closed form. Further, it requires that such lateral
reinforcement must enclose the main reinforce-
ment to increase resistance against buckling and
splitting.

7.13—Shrinkage and temperature reinforcement

So-called shrinkage and temperature reinforce-
ment is required at right angles to the principal
reinforcement to prevent excessive cracking and
to tie the structure together to assure its acting
as assumed in the design. The amounts specified
are empirical but have been used satisfactorily
for many years.

Deformed bars of 60,000 psi steel are recognized
on the same basis as welded wire fabric.

The provisions of this section apply to “struc-
tural floor and roof slabs” only and not to
slabs on ground.

Shrinkage and temperature reinforcement speci-
fication references have been changed to conform
to the 1968 ASTM specifications. Provisions for
use of steel with yield strength up to 80,000 psi
have been added. Splices and end anchorages
must be designed for the full specified yield
strength.
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}-'—2-4L in. minimum

/p ‘ — r—l%m.+ {1} tie diometer
#18 Difterent cover requirements /@
#18 le—— Same cover requirements
o) in 1971 Code
' #14 or»Q
Smaller
IST FLOCR isT FLOOR

-—llz-in.+%|n.(tie)=lg-|n minimum

| —~Bar concentrically butt
spliced to # 18 below.
Actual cover is only

shightly greater than
minimum gnd the change -
in effective depth 1s slight. ~

re—Actuol cover for bar

concentricolly butt spliced

fo #18 below 1s more than 2 1/4in
which 1s substantially greater than
the | 7/8 0 minimum cover.

Smoller

Thus, the effective depth for the ‘
27d FLOOR bar is reduced, and the reduction 20d FLOOR
may exceed the tolerance allowed
1963 CODE on depth. 1971 CODE

Fig. 7-2—Cover requirements of 1963 and 1971 Codes
compared. Note simpler bar arrangement permitted by
" 1971 Ceode

7.14—~Concrete protection for reinforcement

Concrete cover; as protection of reinforcement
against weather and other effects is measured
from the concrete surface to the outer-most sur-
face of the steel to which the cover requirement
applies. Where minimum cover is prescribed for
a class of structural member, it is measured to the
outer edge of stir’rups, ties, or spirals if transverse
reinforcement encloses main bars; to the odter-
most layer of bat;s if more than one layer is used
without stirrups or ties; to the metal end fitting
or duct on post-tensioned prestressing steel. °’

7.14.1 — CovexE requirements for cast-in-place,
precast, and prestressed concrete, which were in
separate chapters of the 1963 Code, are now ¢om-
bined in this section. The lesser thicknesses for
precast construction reflect the greater conve-
nience of- contro] for porportioning, placing, and
curing inherent in precasting. .

For #18 bars in columns, the previous re-
* quirement of one-bar-diameter cover was deleted
and these bars nfow have the same cover reqﬁire-
ments as #14 or smaller size bars. As column
bars now have identical cover requirements,
smaller size colurmn vertical bars can be centered
on a #18 bar 'for a full bearing butt splice
without An excdssive reduction in the effective
depth of the seclion (see Fig. 7-2). With the 1963
Code cover requirements, the reduction in ef-
fective dépth o?en exceeded the tolerance per-
mitted. ~ ) ]

The phrase “doncrete surfaces exposed to the
weather” refers to direct exposure to temper?ture
and moisture ckfanges. Slab or thin shell s:CJffits
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are not usually considered directly “exposed” un-
less subject to alternate wetting and drying, n-
cluding that due to condensation conditions or
direct leakage from exposed top surface, run off,
or similar effects. ‘

714, 7.14.3, 7.144 — These sections generally

repeat requirements that Wwere contained in the
1963 Code.
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CHAPTER 8—ANALYSIS AND DESEGN—GENERAL CONSIDERATIONS

8.1—Design methods 1

811 — The general design provisions of the
Code are referred to as strength design and are
similar to the ultimate strength design method
contained in the 1963 Code. Some modifications
have been made and a'number of additional
topics are covered to refleet up-to-date knowledge
gained from research and experience, The strength
design method requires s$ervice loads to be in-
creased by specified load factors and computed
theoretical strengths to be reduced by specified
¢ factors, given in Chapter 9.

8.1.2 — An alternate method of design employ-
ing load factors and ¢ factors equal to unity is,
however, permitted for nonprestressed members.
The method is outlined 'in Section 8.10 and is
similar to the working stress design method of
previous Codes. ,For members subjected °to
flexure without axial load the method is identical
to that given in ‘the 1963 Code. Differences in
procedure occur in all other cases, including de-
sign of columns, design for shear, anchorage
length, and sphces,

Although prestressed members may not be de-
signed for strength under the provisions of the
alternate design method oi Section 8.10, Chapter
18 permits 11nearh’ stress-strain assumptions for
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-computing service load stresses and transfer

stresses for use in serviceability control.
8.1.3 — The general serviceability requirements

‘of the Code, such as the requirements for de-

flectionn control and crack control, must be met
regardless of whether the general design method
of the Code or the alternate design method of
Sect1on 8.10 is used in proportioning for strength.

-8. Z—Required loading

8.2.1'— The provisions in the Code are su1table
for live, wind, and earthquake loads such as those
recommended in “Building Code Requirements
for Minimum Design Loads in Burldmg and
"Other "Structures,” ANSI A-58.1, 'of the "Ameri-
can National Standards Institute (ANSI). If the
loads specified by the general bulldmg code (of
which LACI 318-71 forms a part) differ from those
of ANSI the general building code governs. How-
ever, if the nature of the loads contained in the
local code differ extremely from AINSI loads, some
provisions of this Code may need modification
to reflect the difference. t ¢

8.2.2 — This section points out that the jntegral
structural parts shall be desxgned to resxst the
total assumed lateral load. For example, ;a rein-
'forced, concrete shear wall is an.integral struc-
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tural part. Some partitions, because of their
method of construction or because of the likeli-
hood of their being moved, are not integral
structural parts in the sense of this section.

823 — This section reads as in previous
Codes, but information is accumulating on the
magnitudes of these various effects and on
procedures for dealing with them. Current?$
papers in the ACI JourNAL relate to computation
of creep and shrinkage effects.

8.3—Modulus of elasticity

8.3.1 — Studies by Pauw?? indicate that the
modulus of elasticity of concrete weighing be-
tween 90 and 155 1b per cu ft can be represented
with acceptable accuracy by the general formula
stated. It is assumed that the aggregates used
produce structural concrete. .

Tests of members made with normal weight
aggregates (145 pcf) and lightweight aggregates
(90 to 115 pef), having the same cylinder
strengths show that the differences in moduli of
elasticity of the jconcrete do not affect the
ultimate strength of a member.

8.3.2 — The value E,=29 X 10® psi for non-
prestressing. steel represents a realistic average
value obtained from many tests. For prestressing
steel, the manufacturer's literature should be
consulted to obtain E,.

8.4—Frame’ analys'gs and design—General

84.1 — Design tload is factored load which
means thatsthe factored live load such as 1.7Lj'is
used in Section 8.5.1.2 for adjacent span loading
and for alternate span loading. When the al-
ternate design method of Section 8.10 is used
design loads contain load factors of unity for
both dead load and live load. In all cases elastic
analysis is-used to obtain moments, shears, re-
actions, ete. A k

842 — (The sﬁlggested moment coefficients
generally give reaspnably conservative values for
the stated conditions whether the flexural mem-
bers are simply supported or are part of a frame.
Because the load gatterns that produce critical
values for moments in columns of frames differ
from those for maximum negative moments in
beams, column gphoments must be evaluated
separately.},(See Section 8.5.4.) :

J s

i

8.5—Frame’ analys;;;s and design—Details

8.5.1 — The Code permits the far ends ;of
columns to be assumed as fixed for the purpose of
analysis under dead and live loads. The assump-
tion does not apply to wind load analysis. How-
ever, in analysis for wind load or similar
lateral loads, simplified methods (such as the
portal method) may be used to obtain the
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moments, shears, and reactions for structures
that are symmetrical. For unsymmetrical or very
tall structures, more rigorous methods should be
used.

For gravity load analysis:it can be assumed
that all columns are fixed at the far ends, and
the designer must investigate conditions of pat-
tern loading to obtain the most severe cases. The
Appendix of SP-3 (working' stress design hand-
book) contains a simple method that applies re-
gardless of span lengths. The method is equivalent
to a frame analysls by moment distribution or
slope-deflection method with the far ends of all
columns fixed.

The two-cycle moment distribution method
described in Reference 8.3 also provides a con-
venient means of determining moments and shears
under these provisions.
 The foregoing methods of analykis constitute
a “first order” method since the &ffects of de-
flections and axial deformations are not included.
Therefore, beam and column moments must be
amplified for column slenderness in accord with
Section 10.11.

852 — The beam moménts obtained at the

. kcenter lines of columns may be reduced to those

at the face of supports for des1gn purposes.
Reference 8.3 provides an acceptable method of
faccomplishing this end.

: 8.5.3.1 Although any rezsonable assumptions
‘gnay be made with regard to stiffness, more
accurate results are obtained in a second order
analysis (see Commentary for Chapter 10) when
the transformed cracked sections of beams are
used rather than the gross sections in computing
moments of inertia.

. The provision in the 1963 Code, which allows
\the torsional stiffness to be neglected in frame
ranalysis under certain congditions shas been re-
moved because of mlsmterpretatljons, and the
hCode is now silent on this: mattef. It has been
customary to neglect torsional stiffness in frame
ranalysis when torsional stiffness is small com-
pared to flexural stiffness; and, except for the
provisions of Chapter 13, thls practice is allowed
by the Code. Because of the approximations used
in design, the neglect of this small factor will
‘have no important effect on the ﬂe> ural moments.
’In members subjected to' significant torsional
stresses torsional stiffness should be considered
‘in determining torsional moments

8.5.3.2 Stiffness coefflments ‘for haunched
‘members can be obtained from References 8.4 and
8.5.
" 854 — Columns subjec ed to §1gmf1cant bi-
,axial bending should be designed for simultaneous
moments about both rectangular axes. Mimimum

Jeccentr1c1t1es need be used only abput one axis at
‘a time. .
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8.6—Redistribution of negative moments in con-
tinuous nonprestressed flexural members

Section 1502 (d) of the 1963 Code permitted a
10 percent adjustment of negative moments at
supports of flexural members. Use of moment
redistribution provides for savings in reinforce-
ment quantities. Experience with the use of this
provision has been satisfactory. The Code now
increases the possible percentage of moment
redistribution with appropriate limitations on
reinforcement ratio to 'ensure ductility and
limitations on crack widths. This liberalization
was justified by additional knowledge of ultimate
and service load behavior obtamed from tests and
analytical studies. |

Moment redlstrlbution is dependent on adequate
ductility in plastic hinge regions. These plastic
hinge regions develop at points of maximum
moment and cause a shift in the elastic moment
diagram. The result is a reduction in the
values of negative. moments in the plastic hinge
region and an increase in the values of positive
moments from those ,computed by elastic
analysis. Since negative moments are determined
for one loading arrangement and positive -mo-
ments for another, each.section has a reserve
capacity that is not fully utilized for any one
loading condition..The plastic hinges permit the
utilization of the, full capacity of more cross
sections of a flexural member at ultimate loads.

Using conservative values of ultimate concrete
strains and lengths of plastic hinges derived from
extensive tests, flexural. members with small
rotation capacity . were \analyzed for moment
redistribution varymg from 10 to 20 percent, de-
pending on the remforcement ratio. The results
were found to be conservatlve (see Fig. 8-1).

Studies by Cohn®! andsMattock®? support this
conclusion and indicate jthat cracking and de-
flection of beams 'designed for moment redistri-
bution are not mbore severe than they are for
beams designed by the elistic theory distribution
of moments. Also, thesef studies indicated that
adequate rotationr*capaciéy for the moment re-
distribution allowed by the Code is available if
the members satisfy the Code requirements.

Moment redistribution does not apply to mem-
bers designed under Secthn 8.10.

8.7—Requirements for T-beams

This section contams provisions identical with
those of previous: Codes .as concerns dimensions
related to stxffness and flexural calculations.
Special provisions"relateci to T-beams and other
flanged members are stated in Section 11.7.2 with

regard to torsion.
E [
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Fig. 8-1—Allowable moment rednsfnbuhon for mmlmum
| rotation capacity

8.8—Concrete joist floor construction

8.8.2'— A minor change has been made in
comparison with the depth provisions of the
1963 Code. The maximum depth of joists is now
based on the minimum width of the joist. A limit
on the maximum spacing of joists is justified by
the special provisions permitting higher shear
stresses and less concrete protection for the rein-
forcement for these relatively small, secondary
members. The limits are empirical and are
based on successful performance in the past. The
30 in. maximum spacing - of joisf:s follows the
standards of the joist industry as ggven in *Types
and Sizes of Forms for One-Way ‘Concrete Joist
Construction,” NBS Voluntary Proﬂuct Standard
No. PS 16-89, and “Forms for Two-Way Con-
crete Joist Floor and Roof Construction,” Sim-
plified. Practice Recommendation; No. R265-63,
U.S. Department of Comimnerce. ,

8.8.8 — As in the 1963 Code, a 10 percent greater
concrete shear stress is permitte§ for joists in
compatison with other members. The increase is
justifidd on the basis of satisfactory performance
of joist construction with higher shear stresses as
were de51gned undér previous ACI Codes, which
allowed shear stresses comparablé to these in-
creased values.

8.9—Separate floor finish

This, section is similar to Section; 907 (b): of the
1963 Code except that the 1971 Code does not
specxfyl an additional thickness for wearing sur-
faces subjected to unusual conditions of wear.
Whether or not the separate finish is structural,
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the need for added thickness for unusual wear is
left to the dlscretlon of the designer.

As in prev1ous 'editions of the Code a floor
finish may only be considered for strength pur-
poses if it' 'is cast’ monolithically with the slab,
but perm1551on 1s now given to include a
separate finish in the structural thickness if com-
posite action is msured in accordance with Chap-
ter 17.

All floor finishes may be considered for non-
structural purposes such as cover, fireproofing,
etc. Provisions should be made, however, to in-
sure that the finish will not spall off, thus causing
decreased cover.

8.10—Alternate design method

The design method permitted by Section 8.10
allows the use of Foad factors and ¢ factors equal
to one andlis similar to the working stress design
method contained in the 1963 Code. The procedure
for flexure is much the same as 1963 as explained
in Section 8.10.1, while for other structural effects
the capacity is restricted to a percentage of the
design capacity given in various Code chapters.
In the 1963 Code; the ultimate strength design
equations were in many cases divided by safety
factors and the resulting equations restated in the
working stress design sections of that Code. The
1971 Code, does Enot contain separate sets, of
equations for working stress design but in the
Alternate Design Method simply gives percentages
for modifying the strength design capacities
given in other parfs of the Code.

In view .of the. simplifications permitted, the
Alternate be51gn Method of Section 8.10 is m-
tended to g1ve results slightly more conservatwe
than the designs obtamed using the basic des1gn
method of the Code It allows unity load and
capacity rfductmn factors for both design and
analysis, which may result in relative mag‘mtutd
for moments, shears, and axial loads which differ
from those of the general method. Also, the work-
ing stress desxgn prov1s1ons of the 1963 Code al-
lowed by thxs method have not been updated as
thoroughly as the basic strength design method
provisions of the Code

The Alternate Des1gn Method does not apply
to prestressed cqncrete design, except for .in-
vestxgatmn under service load in accordance with
Section 8. 1u0 L

In general, the resulting flexural designs will be
similar tO]those 6btamed by working stress de-
sign under the ]>963 Code. Designs for bearing,
anchoragel,length (bond), and axial load dl,ffer
from results obta;ned by the 1963 Code andthe
magnitude, of dxff,erence will depend on the pro-
visions of the Cod,e chapters covering these struc-
tural effec;ts

28

1]

8.10.1 — This section applies only to members
"subjected to flexure without axial load. The
procedure used is the well-known' straight-line
theory with flexural compressive stresses in the
concrete limited to 0.45f/. Tensile stresses in the
‘steel are limited to 20,000 ps1 for Grades 40 and
50 steel and to 24,000 psi for Grade '60 and higher
strength steel. One exceptlon of long standing
exists in the case of one-way slabs having clear
span lengths 12 ft or less that are reinforced with
#3 deformed bars or welded wire, fabric having
a diameter not exceedmg % in.,In this case,
the allowable tensile stress'is the lesser of 0.5f,
or 30,000 psi.

In transforming compression steel to equivalent
"concrete for flexural design, 2E,/E, must be used
in locating the neutral axis and calculating
moments of inertia. The .lesser of twice the
calculated stress in the corr:lpressiq’,n steel or the
allowable stress is then ised to 'calculate the
contribution of the compressmn steel in com-
puting the resisting mompnt at 'service loads.

This procedure may be used fot all sectional
shapes with or without compression” reinforcement
when axial load is not present. Since small axial
compression loads tend to mcreas the moment
capacity of a section, such axial ‘loads may be
disregarded in most cases cofﬁcermn% beams. When
doubt exists as to whether ‘or not the axial com-
pression may be disregarded, the member should
be investigated using Section 8.10.2."

Deep beams must be designed in accordance
. with Section 10.7. :

8.10.2 — This new procedure for designing
members subjected to axiaf load with or without
flexure provides more consistent,safety factors
than the working stress des1gn method contained
in the 1963 Code. Design aids, based on the
1963 Code, for columns by the working stress de-

, sign method do not satisfy the 1971 Code.

The slenderness effects provided in Section
10.10 apply here, with 2.5P substituted for P, when
dead load plus live load governs. I Eq. (10-5) for
long column considerations 2 is taken as 1.0 when
this section is used for des1gn

8.104 — In computing developmﬁent lengths the
provisions of Chapter 1(2 govern. Similarly,
splice lengths under Chapter 7 are multiples of
development length and apply here also. Where
M, and V, are referenced in Chapter 12, equiva-
lent values are obtamed by multiplying the
service load resisting moment capamty and the
service load shear force by 2 0 when gravity loads
govern. The quantity (d — a/2) may be taken as
0.85d.

8.10.5 — When lateral ads such as wind or
earthquake combined w1tp live and dead load
' govern the design, members may pe proportioned
for 75 percent of capac1t1es requjred in Section
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8.10. This is similar to the provisions of previous
Codes which in working stress design allowed a
one-third increase in stresses with these com-
binations of loads. '

When appropriate, due regard must be given
to earth, liquid, or other loads in earthquake or
wind analyses.

8.10.6 — This section calls attention to the
fact that all other provisions of the Code, except
those allowing moment redistribution, apply to
the alternate method of design. This includes con-
trol of deflections and control of cracking, as
well as all of the provisions related to slender
columns in Chapter 10. Note that the Com-
mentary for Chapter 10 presents an alternative
“Modified R-Factor Method” for slender columns.
That procedure may also be used with the alter-
nate method of design in lieu of the moment
magnification method of Sec'uon 10.10, if desired.
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CHAPTER 9-STRENGTH AND SERVHCE%&BHLHTY REQUHREMENTS

9.1—Ceneral

9.1.1 — The prévisions of this chapter corre-
spond closely with the fundamentals related to
ultimate strength.design of the 1963 Code. Re-
finements have deyeloped in certain areas because
of subsequent experience and research.

The Code requires that the structural strength
be adequate to support the anticipated factored
loads and that serviceability of the structure at
service load level be assured.

As in the 1963 Code, the margin of structural
safely is provided in two ways. First, the applied
loads are multiplied by load factors to provide
for excess load effects fro]m such possible sources
as overloads and 51mp11f1ed assumptions in struc-
tural analysis.

A greater factor is apphed to live load than
to dead load, since dead load can be determined
with reasonable accuracy whereas live load is
often more uncertain and!subject to change dur-
ing the life of the structuré. The overall (average)
load factor must be large enough to make failures
very unlikely, but overall factors must not be
unreasonably high. The prescribed factors were
devised with this eriterion in mind.

The load factors givén are the minimum
recommended by the Committee. Some increase
may be appropriate if the anticipated loads or
the simplifying assumptions are materially dif-
ferent from those ‘encountered in the usual de-
sign situations. See' footnote to Section 8.2 of the
Code.

BUILDING CODE COMMENTARY

Second, the theoretical capacity, of the struc-
tural element is reduced by a capdcity reduction
factor ¢. The coefficient provides for the pos-
sibility that small adverse variations in raterial
strengths, workmanship, and dimensions, while
‘individually within acceptable tolerances and
limits of good practice, may combine to result in
~undercapacity. {

In 4ssigning capacity reduction factors for
various members, the degree of du)ctility and the
importrémce of the member are consjdered as well
as the degree of accuracy with which the strength
of the'member can be evaluated. Columns have
lower & factors than beams, since the faildre of a
(:olum.lj> can be sudden and catastdophic \R(hlle a
beam failure normally is preceded by increased
deflections and cracking. % ¢
- Further, a beam may not support as large a
loaded area as a column. Because] spu'ally rein-
forced columns are usually more ductile than
tied columns, the ¢ factor for the former is greater
than far the latter. -

If special circumstances require gi‘eater reliance
on the,lstrength of particular members than en-
counter}ed in usual practice, some reduction in the
prescrﬂPed capacity reduction factors or increase
in thef prescribed load factors may be ap-
proprlate for those members. )

Wlth( the development of high  strength ma-
terials and more sophisticated methods of.design
that provide depths of sections somewhat less than
those uysed in the past, it becomes increasingly

- ]

§
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important to give attention to control of de-
flections at service loads.

9.2—Strength

9.2.1 — The reasons for different ¢ factors for
various types of members were discussed in con-
nection with Section 9.1. The degree of ductility
is an important con51derat1on in selecting capa-
city reduction factors, as is the 1mportance of the

member. f
9.2.1.2 For axlal 1oads smaller than that which

produces a balanced condition, failure is ini-
tiated by yield of the tensile steel and takes
place in an increasingly more ductile manner as
the ratio of axial-load to moment decreases.
Finally, when the axial load vanishes, the mem-
ber becomes the same as one governed by Sec-
tion 9.2.1.1 (¢ = 0.90). Hence, for small axial
loads it is reasonable to permit an increase in
the ¢ factor from that required by Sections
9.2.1.2(a) or 9.2.1.2 (b).

For rectangular sections with steel along the
end faces, balanced ’condmons are simple to com-
pute (see Section "10.3.3). For other shapes or
reinforcement configurations, ACI Committee
340 and the PortIhnd Cement Association, as
a conveniende, have taken the balanced axial load
as the smallest axial load for which the outermost
tension bar yields. '

After studying design charts and tables, ACI
Committee 318 selected a value for the axial load
P, below which thé ¢ factor could safely be in-
creased for rmost compressmn members. The value
selected was 010)‘c A,, which may be used for
sections with symmetncal reinforcement provided
f, does not (exceed 60 000 psi or the distance Yh
between A,: and A,, is not less than 0.7h. (In
practice and in desxgn aids, the definition
(h — d — d)/h has been used as “y".) Where
these condﬁxons are not satisfied, P, must be
calculated and Sectlpn 9.2.1.2(d) used.

Fig. 9-1 1llustratqs the variation in ¢ for sym-
metrically r;émforch compression members with

09 '
3 $:09-15P,/1¢Ag20.75
> (Spirals)
.!. a
075 —=——=w=—— —_ - - .
¢ 07""'--!—___“5 ---- N -
. . ¢ 0.9-20P /ch°=o7
' 1 (Ties )
|
' .'
0 : 0.

rTheorehcoI Py/ chg (¢=1.0)

Fig. 9-I—Variation of ¢ for symmefncally reinforced
compress'?on mem'bers, g = 0.7, f, = 60,000 psi
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lateral reinforcement meeting Code requirements
and with y and f, limited as previously men-
tioned. The related equations are shown thereon.

Fig. 9-1 may also be used for any member when
the theoretical value of balanced axial load P, is
greater than 0.10f,4,. :

When there is a compressive load on the mem-
ber but P, falls in the tension zone, as may be
the case with high steel ratios, low values of y
and high steel yield strengths, no increase in ¢ is
permitted, Henee, for this case, ¢ =075 for
spirally ‘reinforced, or'¢ = 0.70 for tied compres-
sion members, must be used for the entire inter-
action relationship between M, and P, in the
range where P, is a compressive force.

In all cases in which axial tension load occurs,
with or without bending, ¢ = 0.9 is allowed to be
used .

1 9214 The ¢ factor for pearmg]on concrete
in this section does not apply to post-tensioning
anchorage bearing plates (see Commentary on
Section 18.11.3).

: 9.2.2—Development lengths for remforcement

) (whlch correspond in principle to the bond pro-

visions of ACI 318-63) are provided for in Chapter
12, and do not require a ¢ factor. The capacity
reduction factor of 0.85 was, a consideration al-
ready introduced in deriving the equations for
anchorage length. Likewise, ¢ factors are not re-
duired for splices (Chapter 7) since splice lengths
are expressed in multiples of the cdevelopment
lengths given in Chapter 12, *

9..3—Required strength "

L 9.3.1 — The provisions of Section 9.3 provide
for such sources of possible excess load effects as
variations in load, assumptions in structural
analysis and simplifications in calculations. Con-
sideration is given as well, to combinations of
load effects.

. Because of the more comprehensive 1971 Code
provisions, additional research and experience,
and improved concrete and steel ~quality con-
trol, load factors have been deéreased from
15 to 1.4 for dead load and from 1.8 to 1.7 for
live load, providing an average ireduction of
approximately 6 percent ffom thie 1963 Code
values. . t e

~
3

“ The basic load factors are given in Eq. (9-1),
(9-2), and (9-3) in the Code.

' According to Section 9.3.3, wheh the effects
bf earthquake must be considered,1.1E is to be
substituted for W in whick case Eq (9-2) and
i(9-3) become:

: U =075 (14D + 1.7L + 1.$7E)
and '

U=08D + 1.43E
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When lateral loads (H) due to earth (or other
granular) pressure are present, the governing
equations become:

U= 14D + 1.7L +1.7H

U=09D 4 1.7TH
and p
U=14D —+ 1.7L

When lateral loads F due to liquids are present,
the governing equations are:

U =14D + 1.7L + 14F

U=09D 4 14F
and '
U=14D 4 1.7L

It should be noted that in applying Eq. (9-1),
(9-2), (9-3) and other load factor provisions of
Section 9.3, due regard should be paid to sign,
since the standard effects bof D, L, W, E, H, and
F may, on occasion, be of opposing sense, thus
producing tensile axial loads, negative reactions,
or reverse bendmg

The deSJgner should consxder the effect of dif-
ferential settlement, creep,* shrinkage, and tem-
perature where necéssary. Denoting the worst ef-
fects of axial forcej: shear, moment, and torsion
due to the combination of these conditions as X,
it is then necessary to investigate the design
using the equation: ~

U = 075 (£.4D -+ L7L + 1.4X)

When impact is present; as may be the case
for parking buildings, loading docks, warehouse
floors, elevator shaf:ts, etc.,, impact effects should
be considered and impact Joads, if any, included
with live loads in the various equations for re-
quired strength.

9.4—Design strengths for reinforcement

An upper limit of 80,0005psi is placed on rein-
forcing yield strength (other than prestressing
tendons) in Section39.4.2. Committee 318 did not
choose to recommend any :strength above 80,000
psi without addingtother testrictions since this
steel strength is about equal to the ultimate strain
in concrete multiplied by the modulus of elastic-
ity of steel. At present the thighest yield strength
covered by ASTM 'standards is 75,000 psi, and
this grade is not widely used.

9.5—Control of deflections

9.5.1 General —- Tzhis seclion is concerned only
with the deflections or deformations which may
occur at service load levels. Where long-time de-
flections are compiited, only the dead load and
that portion of the'live lohd which is sustained
need be considered. -
2 i
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Two methods are given for controlling de-
flections. For nonprestressed beams and one-way
slabs, and for composite members,’ provisi_on of
a minimum overall thickness as required by
Table 9!5(a) will satisfy the requirements of the
Code for members not supporting or attached to
partitions or other construction likely to be
damaged by large deflections. For nonprestressed
two-way construction, minimum thicknesses as
required by Sections 9.5.3.1, 9.5.3.2, and 9.5.3.3 will
satisfy the requirements of the Code. '

For nonprestressed members which do not meet
these minimum thickness requirements or which
support or are attached to partitions or other con-
struction likely to be damaged by large de-
flections, and for all prestressed concrete flexural
members, deflections must be calculated by the
procedures described or referred to in the ap-
propriate sections of the Code and are 11m1ted to
the values in Table 9.5 (b).

9 5.2 I\{onprestressed one-way constructzon.

T 9.5.2,2 The calculation of immediate deflec-
tions fog uncracked prismatic beams is relatively
s1mple the usual methods or formulas for elastic
qeflectxons may be used with a constant value of
El, along the length of the beam.. However, if
the beagn is cracked at one or more sections or
if its depth varies along the span, exact calculation
becomes much more complicated. The I,
procedufe described in this Code, sectloq and
developed in Reference 9.8 was selected as,being
relatwely simple and sufficiently )accurate for
use with the limiting values in Table 9.5(b) to
control deflect1ons 01,0699

» It is noted that for additional load increments,
such as live load, I, must be computed for the
total moment, and the deflection increment com-
puted fgom the total deflection, as mdxcated by
Eq. (29) to (32) in References 9.9 and 9.10. For
sxmp11c1ty in the case of continuous beams the
Code procedure suggests a simple javeraging of
pos1t1ve and negative moment values for {l.. In
certam pases a weighted average relative to the
momen may be preferable, such as the methods
suggested in Reference 9.10.

» For normal weight concrete, the value of}f, re-
quired féfr the calculation of the cracking moment
i8 given as 7.5 V {.. Modifying factors based on the
splitting-tensile stren'gth fer are given for “allflight-
weight” ‘and “sand-lightweight” contretes. For a
lightweight aggregate from a given source, it-is in-
tended that appropriate values of fe should be
obtained in advance of design, but tests for f,
are not)required for subsequent acceptance of
concrete; during construction. Indirect control will

Al |
P '

1'1“or Crctep considerations, see Symposium cn Creep of Con-
crete, SP-9, American Concrete Institute, Detroit, 1964, 160 pp.
See also Reference 9.9.
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be maintained through the normal compressive
strength test requirements.

9.5.2.3 Shrinkage and creep due to sustained
loads cause'additiopal deflections over and above
those which occur lwhen loads are first placed on
the structure. The additional deflections are
called “long-time deflections.” Such deflections
are influenced by temperature, humidity, curing
conditions, age at time of loading, quantity of
compression reinforcement, magnitude of the
sustained load, and other factors. Although no
simple procedure can take into account all of
these factors, the expression given in this section
is considered satisfactory for use with the pro-
cedures of Section 9.5.2.2, for the calculation -of
immediate deflections, and with the limits given
in Table 9.5(b).>2 More comprehensive analysis
based on a)uthorlt tive information such as the
reports of ,ACI CGommittee 435°1°* and ACI
Committee 209" 0 may, however, be used.

Tt should be ncited that the deflection com-
puted in accordance with this section is the
additional i{ong time deflection due to the dead
load and that port%on of the live load which w111
be sustamed for sufficient period to cause
significant time-dependent deflections. Where this
time is 1es§ than @bout 2 years, the curves®? of
Fig. 9-2 may be( of use in estimating ghe
additional long-time deflection.

9.5.3 Nonprestressed two-way construction «

9.5.3.1, '9.5.3.2,! and 9.5.3.3 Deflections “of
two-way systems of construction of the types
considered ‘in Chapter 13 need not be computed
if the minimum overall thickness requirements
of these sections are satisfied. Eq. (9-6), (9- 7),
and (9-8) y1e1d tmcknesses consistent with thése
found from expetience to provide satisfactory
control of | deflectpns for flat slabs, flat plates,
and conventional jtwo-way slabs supported .on
stiff beams The equations provide for a
trans1t1on 1from siabs on stiff beams to slabs

’ i
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Fig. 9-2—-Mu|'hpl|ers for long-term deflections |
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without beams and involve also a term to ad-
just the thickness as a function of the design
yield strength of the reinforcement. The effect
of yield strength in these equations is different
than in Footnote (b) to Table 9.5(a) because the
degree of cracking has been observed to be less
in two-way slabs than in beams and one-way
slabs, with a consequent smaller effect of steel
stress or strain on the stiffness of the element.
This conclusion was reached and the form of
the expression involving yield strength in Eq.
(9-6), (9-7), and (9-8) was chosen after study of
the results of the extensive tests on floor slabs
described in the references for Chapter 13 of this
Commentary.

9.5.3.4 The calculation of deflectmns for slabs
is complicated even if linear elastic behavior can
be assumed. For immediate deflections, the
values of E. and I, specified in Section 9.5.2.2

" may be used.”® However, ather procedures and

,other values of the stlffness, EI, may be used if
they result in predictions of deflection in
reasonable agreement with ' the results of com-
rehensive tests. Such a procedure, for example,

- ds described in Reference 9.3.

¢ Since the available data‘on long -time deflec-
"tions of slabs are too limited to justify more
elaborate procedures, this isection' requires the
additional long-time deflection tozbe computed
using the multiplier given in Section 9.5.2.3.

9.5.4 Prestressed concrete'— Thé deflection of
'any prestressed concrete flexural ‘member must

be computed and compared with tthe allowable
values in Table 9.5 (b). '

9.5.4.1 Immediate deflei:tmns bf prestressed
.concrete members may be calcu'lated by the
.usual methods or formulas )for elaftic deflections
‘using the moment of 1ner’$1a of tlpe gross (un-
cracked) concrete section 'and the modulus of
‘elasticity for concrete specified in' Section 8.3.1.
'Since this method assumes that the concrete is
‘uncracked, it may be uncénservative for mem-
5bers having a relatively lalrge tedsion stress in
.the concrete as perm1tted by Section 18.4.2.3.
Hence Section 18.4.2.3 requlres calculation of de-
flection based on the cracked sectiopn.

+ It has also been shown in Reférence 9.1 that

1

+the I, method can be used to compute deflections

of partially prestressed mémberst loaded above
the cracking load. In this case, the cracking
‘moment must, of course, take iné) account the
effect of prestress. A method for predmtmg the
.effect of nonprestressed tensmn steel in reducing
'creep camber is also given gn Refetence 9.1, with

approximate forms referred to in :References 9.9
and 9.10. ‘
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9.5.4.2 The calculation of long-time deflection
of prestressed concrete flexural members is com-
plicated. Any suitable method, such as that de-
scribed in References 9.4, 9.9, and 9.12 may be
used.

9.5.5 Composite members — Since few tests
have been made to study the immediate and long-
time deflections of composite members, the
rules given in Sections 9.5.5.1 and 9.5.5.2 are based
on the judgment of tho committee and on
experience.

If any portion of a comp051te member is
prestressed or if the member is prestressed
after the components have been cast, the pro-
visions of Section- 9.5.4 apply and deflections
shall always be calculated. For nonprestressed
members, deflections need be calculated and
compared with the limiting values in Table
9.5(b) only when the thickness of the member
or the precast part, of the member is less than
the minimum thickness given in Table 9.5(a). In
unshored construction the thickness of concern
depends on whether the, deflection before or
after the attainment of effectlve composite action
is being considered.* .

Table 9.5(a) ThlS\ table,z based on the use of
reinforcement having yield strengths of 60,000
psi, is referred to only in Sections 9.5.2 and
9.5.5. It may be used in lieu of calculation of
deflections only for the, types of members
covered by those sections and only if these mem-
bers do not support andare mot attached to
partitions or other construction likely to be
damaged by large deflections.

The notes beneath the table are essential to
its use for reinforced concrete members con-
structed with structural :lightweight concrete
and/or with reinforcement having a yield
strength not equal to 60,000 psi. If both of these
conditions exist, the corrections in Footnotes (a)
and (b) shall both be made.2

The modification ".for lightweight concrete in
Footnote (a) is based on studies of the results
and discussions in Referenre 9.5. No correction
is given for concretes weighing between 120 and
145 1b per cu ft since the correction term would
be close to unity in this range.

The modification for yield strength in Footnote
(b) is based on judgiment, experience, and studies
of the results of tests fand of unpublished
analyses. The simple expression given is ap-
proximate but should yield conservative results
for the types of members considered in the
table, for typical reinforcement ratios, and for
values of f, between’40 and 80 ksi.

If the minimum thxcknes( obtained using this
table is considered excessxve the designer has the
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option of computing deflections in accordance
with Sections 9.5.1 and 8.5.5.

Table 9.5 (b) This table is the result of an ef-
fort by Committee 318 to simplify the very ex-
tensive set of limitations which would be re-
quired to cover all possible types of construction
and conditions of loading. (See, for example,
Reference 9.6.) It should be noted that for mem-
bers supporting or attached to other elements, the
lmitatlons glven in this table relate only to
supported or attached nonstructural elements. For
those structures in which structural members
are likely to be affected by deflection or de-
formation of members to which they are attached
in such. a manner as to affect adversely the
strength of the structure, these deflections and the
resulting forces should be considered explicitly
in the analysis and design of the structures as
required by Section 9.5.1.

Where long-time deflections are computed, the
portion of the deflection before attachment 6f the
ﬁonstructural elements may be deducted. In"mak-
1ng this correction use may be thade of the
durves in Fig. 9-2 for members of usual sizes
a{nd shapes ]
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}l CHAPTER 10—FLEXURE AND AXIAL LOADS

10.1—Scope and 'l 0.2—Assumptions

While Chapter, 10 follows the broad lines of
ACI 318-63, numerous minor changes have been
made.

Detailed, formulas for determination of ultimate
loads and jmoments have been eliminated in view
of their general awailability in reference textsand
design aids. n L

10.2.3 — The faximum concrete compressive
strain at ultimatd strength has been measured in
many tests of both plain and reinforced concrete

members. 'Though the maximum strain decreases °

somewhat with Increasing compressive strength
of the concrete, a value of 0.003 is reasonably con-
servative.

10.2.4 —This section assumes that below the de-
sign yield strength of the reinforcement, steel
stress is proportional to strain, and that the effect
of strain hardening of the steel beyond the yield
point is néglected.

10.2.6 — This clause recognizes the inelastic be-
havior oficoncrete at high stress, that is, that the
stress-strdin relétionship for concrete is not a
straight line buttsome form of curve. The ac¢tual
distributidn of concrete compressive stress in any
particular case ig complex and usually not known.
Howeverj researth has shown that the impottant
properties of thé concrete stress distribution can
be approximated closely using any one of several
different assumﬂtlons as to the form of stress dis-
tribution. This clause permits any particular stress
distribution to be assumed in design if shown to
result in _predictions of ultimate strength in rea-
sonable agreemept with the results of comprehen-
sive tests:

10.2.7 +- The equivalent rectangular concrete
stress distributipn specified in this clause is an
expedient which enables the designer to qbtain
in a simple manner the total concrete compressive
force anq its cegtrmd It does not purport tq rep-
resent the actual distribution of stress in the con-
crete compressign zone, but provides essentially
the same results as those obtained in comprehen-
sive tests. : !

34 v

+ 10.3—General principles and requirements

Using the equivalent rectangular concrete stress

' distribution together with the other assumptions

specified in this Code, equations for the design of
members subject to flexure or combined flexure
and axial load are derived in the paper, “Rec-
tangular Concrete Stress Distribution in Ultimate
Strength Design.”'%18 This paper also gives the
derivations of strength equations for cross sections
other than rectangular. ' !

It is required that the rdtio of the tension rein-
forcement in a flexural member nq,t exceed 75 per-
cent of the ratio of tension reinforcement which
corresponds to balanced conditions, that is, to the
simultaneous occurrence qof yield of the tension
reinforcement and crushing of the cqncrete at
ultimate strength. In other words, A,f, of the ten-
sion steel is limited to three-quanters of the total
compressive force at balanced conditions, whether
that compressive force is from a rectangular
stress block of a rectangular mentber, or that plus
overhanging flanges, or 'that pius compressive
steel. This requirement apphes to'members of any
cross-sectional shape w1th or w1tﬂout compression
reinforcement.

The wording of Sectioah 10.3.2 is intended to
assure an interpyetation of the fequirements for
flanged members and sreyibers with compressive
reinforcement, which is consxstent with that used
for rectangular members with tens1on reinforce-
ment only. In the past, alless conservatwe inter-
pretation has been used for flanged members and
members with compressxv]e reinforcement.

The limitation on ten51fe reinforcement insures
that flexural members de51gned’ by the strength
procedures will have a ductlle dharacter Among
other reasons, this is desirable because long-term
experiences with remforced concrete in the field
pertain to relatively ductile striictures. Further-

.more, there has been implicit reliance on the duc-

tile behavior of structurds to accommodate those
factors which are not normally considered in de-
sign calculations, such as the differential settle-
ment of foundatmns :

Ductile behavior must continue to be insured
and, therefore, a limit or} the nét amount of ten-
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ston reinforcement provided in flexural members
has been set at 0.75p;. This limit is further reduced
to 0.5p, where negative moments are redistributed
in design (see Section 8.6). These numerical limits
remain the same as in the 1963 Code.

10.3.2, 10.3.3, and 10.3.4,— The reinforcement
ratio p, which produces balanced conditions under
flexure, depends on' the shape of the cross section
and the location of the reinforcement.

Derivations for pi,e in a rectangular member with
tension reinforcement only, in a rectangular mem-
ber with tension and compression reinforcement
and in a flanged beam are given in Fig. 10-1a,

d

L

I
el
As=Pbbdj T L—“’—és =1y/Es

(a) (b) {c)

Far o rectangular beom

c-d( 0 003 >_d( 0003 >d( 87,000 >
: fy ) "9 187,000+ *
0003 +E—’ 0003 +—-1———- y

- 87,000
T= Pbbdf =C= bB|c0851c 085fc" bBldN_Oém

Where C = compressive force
T = tensile force

Solving ' )
Boesty 87000 -
Po= Ty, 87.000 ¥ fy ‘

Fig. 10-la—Expression' for p,. rectangular beam with-
out compression reinforcement

_..0003 ,

: Cr i ofs eI .

: b Cib Cophgly=p'bdty
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A T A
1 b
-—T—bb .sf —_— ° s2—;"21':-".’217

¢
(Tyrppbaty ) = (T 2Zybdf, ) + (T, =p"bdt )

For tectangutar beam (Fig 10~ 10)

' 87,000 87,000+t
¢~ gT000+1, For "°""(_e'7"6cﬁl)

From strain triongle

tg = Egeg= Es[(——)oooal 87,000 (I-d/c)
' 87,0004ty
@ B70m0 2 21y

g ’
387,000 [l- g {1+ 1y 4870001

= 87,000(1 -

Whnere

/’b = bolonced rem(occemenl rotio for 0 rectongular beam of width

without compressnd‘n reinforcemént
i

Fig. 10-1b—Expression’ for por rectangular beam with
compression reinforcement
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10-1b, and 10-lc. Balanced remforcement ratios
for these members are summarized 1n Table 10-1.
Similar approaches can be made for other shapes
symmetrical about the vertical axis. W ith sections
unsymmetrical about a vertical ax1s the neutral
axis will be inclined and twist will develop unless
the member is laterally braced against rotations.

10.3.6 — Minimum eccentricities are provided to
account for accidental eccentricities fue to imper-
fect positioning of members and r)éinforce:ment,
nonuniformity of materials, and minor discrep-
ancies between assumptions made in the analysis
and actual behavior. |

The minimum eccentricities of 0. 05h for spirally

reinforced members and 0.10h for 'ﬁled members
I

b M 0003
N M ;
4
/ d

l
/

+
¢, -1

s €

=B Co* buB1c 0851, € =085¢(ti-b, )¢
C'w T = Asw'y Ct = Ty= Agg fy -
. P
Tw® boa Ty Ti = prbudiy
: Tw =pbbwdfy T=Tw+T' =Pbbdfy

bdfy =pbbwdfy+ pfbwdfy
bw,_

Po"p ‘Potep)

Where ’ )

subscript w refers 1o web with width b, subscript fhrefers to

flange with width b-by,

Py, = balanced reinforcement ratio for o rectongular beam of width
by without compression reinforcement

25 et t ratio for t 1|A|&||h
Pt =gy renforcement ratio for fenston steel, Agg, 10 Gevelop the
“ compressive strengih of the flanges (b- bw)
Cj 085fc (b-by) hy
Sl « Q851 (B0
y fy

Fig. 10-1c—Expression for py, T-E:eam
TABLE 10-1—BALANCED REINFORCEMENT RATIO p,

1 [
For rectangular beams with tension steel only

. - 0.85 Bifc’ 87,000

¢ Po= PO ="TTTR T BT,000 +47y
! For rectangular beams with compression steel
o ? s
- i — 4 fs
‘ j po=py +p
where .

" f¢ = sttess in compression steel

o d 87000+f \ . "
=87000 {1 — & SLIN +Jy | =
R ( d ~8no00 )TV

¥ Eor T-Beams without compression steel 3

v ; |

bw -
po == (po+p) ’

Where p, is the reinforcement ratio foli' tension steel
area necessary to develop the compressive strength of
overhanglng flanges (see Fig. 10-1c). * ‘

[
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are the same as in the 1963 Code, the 1956 Code,
and the January 1956 report of the ACI-ASCE
Committee 427 (327), Ultimate Load Design. The
0.05h has also been specified for steel encased com-
pression members because of the similarity to
spirally reinforced members.

Elimination of the minimum column size pro-
visions of the 1963 Code, Section 912 (a), as well
as consideration of dimensional tolerances made
it advisable to establish a 1 in. minimum eccen-
tricity for compression members in addition to the
‘previously mentioned 0.05h or 0.10h minimums
for spirally reinforced and tied columns, respec-
tively. It was intended that such eccentricity
should be applied about each of the principal
axes of the column cross section, but not about
both simultaneously.

Corner and other columns exposed to known
moments dbout ehch axis simultaneously shoyld
be des1gnead for hlax1a1 bending, taking mtolac-
_count the minimum eccentricity where apphc-
able 10.1,10. "L.l(l 13,10.17
10.4—Distance between lateral supports of flexural
members ;

n
e

Tests ha;ve shown that laterally unbraced rein-
forced concrete beams of any reasonable dimen-
sions, even when they are very deep and narrow,
will not fail prematurely by lateral buckling;-1
This holds, true pyovided the load is well centered
in regard to the vegrtical midplane of the beam. For
this reason it was found possible to increase ithe
maximum distange between lateral supports from
the value {32b, prescribed in previous editions of
the Code, to 50b jn the 1963 Code. This value. has
been retained in the 1971 Code. "

Laterally unbraced beams are frequently loaded
slightly off centen (the “lateral eccentricity” men-
tioned in"the Cdde) or with slight inclination.
Stresses and deformatxons set up by such loading
imperfections become detrimental for narrow,
deep beams, the more so as the unsupported length
increases. Lateral supports closer together than
50b may be requu‘ed by actual loading cond1t1ons

'IO.S—MI?Imum ‘reinforcement of flexural
members f

n N

\ [

Section, 10.5.1 js concerned with beams, which
for architectural pr other reasons, are much larger
in cross section than required by strength consid-
erations. With very small reinforcement ratios,
the computed bgnding moment as a reinforced
concrete section jbecomes less than that of, the
corresponding plain concrete section compited
from its modulus of rupture. Failure in sueh a
case is quite sudden. ¢

To prevent such failure, there is required a
minimum steel ratio, p = 200/f,, which, for 40,000
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and 60,000 psi yield point steels, becomes 0.5 .
percent and 0.33 percent, respectively.

The 200/f, value was derived by equating the
strength computed by the modulus of rupture of
the plain concrete section to the strength com-
puted as a reinforced section and solving for p.
This minimum reinforcement must be provided

.wherever positive reinforcement is needed, except
.where the reinforcement is one-third greater than
.required by analysis. This exception provides suf-

ficient extra reinforcement for safety in large
members where 200bd/f, would be excessive.

In Section 10.5.2, the minimum reinforcement
required for slabs is a little less than that required
for beams, since an overload would be distributed

"laterally and a sudden failure would be less likely.

The structural reinforcement should, however, be
at least equal to the shrmkage and temperature
reinforcement. .

10.6—Distribution of flexural reinforcement in
beams and one-way slabs

i §

This is a new provision requiring distribution of
reinforcement in zones of concrete tension. Sev-
eral bars at moderate spacing are much more ef-
fective in controlling cracking than one or two
larger bars of equivalent arga.

In Section 10.6.2, a formula is given which will
provide a dlstrzbutlon that will reasonably con-
trol flexural cracking. .

Many structures des1gned by working stress
methods and with low steel stress served their

" intended functions with yery limited flexural

cracking. When high strength rejnforcing steels
are used at high service load strgsses, however,
visible cracks must be expected, and steps must
be taken in detailing of thé reinforcement to con-
trol cracking. To assure protectign of reinforce-
ment against corrosion, and for aesthetic reasons,
many fine hair cracks are preferable to a few wide
cracks.

Only deformed remforcément fs permitted as
main reinforcement in the 1971 Lode. The best
crack control is obtained when the steel reinforce-
ment is well distributed Gver the zone of maxi-
mum concrete tension. It is prudeént to use rela-
tively small bar sizes. In i’naJor T—beams, part of
the negative reinforcement should be placed in
the flanges near the web;: otherw1se, only a few
wide cracks may extend 1nto the $lab even when
numerous fine cracks exist directly over the web.

Control of cracking is' ’partlciarly important
when reinforcement with fa yield'strength in ex-
cess of 40,000 psi is used. 'Curren} good detailing
practices will usually lead to adequate crack con-
trol even when remforcement of 60,000 psi yield
is used. With careful attiantzon o steel details,
entirely satisfactory structures have been built,
particularly in Europe, with desigg yield strengths
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exceeding 80,000 psi, the limiting yield strength
considered by the 1971 Code.

Early investigations of crack width in beams
and members subjected to axial tension indicated
that crack width was proportlonal to steel stress
and reinforcing bar. diameter, but was inversely
proportional to remforcemer’;t percentage.

Recent extensive laboratory work!0-3105 jn.
volving modern deformed bars has confirmed that
crack width at service loads is proportional to
steel stress. However, the significant variables re-
flecting steel detailing were found to be thickness
of concrete cover and the area of concrete in the
zone of maximum tension surrounding each indi-
vidual reinforcing bar. .

Crack width is mherently subject to wide scat-
ter even in careful’ laboratory work and is in-
fluenced by shrinkage and other time-dependent
effects. Great accuracy in ctack control computa-
tions is not warranted. Simi:le approximate crack
control equations will suffice. The objective of
crack control computations is to arrive at reason-
able reinforcing details as ifldicated by laboratory
fests and practical e)éperiencte. Eq. (10-2) is written
in a form emphasxzmg reirfforcing details rather
than crack width w per s% It is based on the
Gergely-Lutz expressmn

0 076, \/ dod,

in which f, is in ksi, and w is in units of 0.001 1n.
To simplify practical de51gn ian approximate value
of 1.2 was used for [3 the ratio of distances to the
neutral axis from thg extréme tension fiber and
from the centroid of the main reinforcement.

The effective tension area of concrete surround-
ing the main remforcement is defined as having
the same centroid as that ‘reinforcement. More-
over, this area is to be bounded by the surfaces of
the cross section and @ straight line parallel to the
neutral axis. Computation of;the effective area per
bar, A,, is illustrated by the example shown in
Fig. 10-2, in which the centroid of the main re-
inforcement is located 3.64 jin. from the bottom
of the beam. The effective tension area is then
taken as twice 3.64 in. times the beam width b.
Divided by the nurqber of jbars, this gives 17.5
sq In. per bar.

10.6.4—The numemcal hmn!,anons of z = 175 and
145 kips per in. for inferior ahd exterior exposure,
respectively, correspond to 1t1m1tmg crack widths
of 0.016 and 0.013 in. Although a number of studies
have been conducted, clear ekperimental evidence
is not available regaraing the crack width beyond
which a corrosion danger exists. Exposure tests
indicate that concrete quality, adequate compac-
tion, and ample concrete cov’er may be of greater
importance for corrosion protectxon than crack
width at the concrete’surface, The limiting values
for z were, thereforéi, chosé_n primarily to give

] |
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Fig. 10-2—Beam with five # 11 bars

reasonable reinforcing details in terms of practi-
cal experiences with existing structures.

10.6.5 — For relatively deep girders, a light long-
itudinal reinforcement should be added near the
vertical faces in the tension zone to control crack-
ing in the web. Without such auxiliary steel, only
a few wide cracks may extend into the web even
when the zone of maximum tension tontains nu-
merous fine and well distributed cracKs

One-way slabs — Recent 1abora)3;ry tests1o-8
have shown that the Gergely-Lutz exppression ap-
plies reasonably to one-way slabs. The average
ratio 3 1s?about 1.35 for floor slabs, rather than the
value 1.2 used for beams. Accordmgly it would be
consistent to reduce the maximum values for z by
the factor 1.2/1.35.

Two-way slabs — For two-way acting structural
slabs, flat slabs, and plates, Code Section 13.5.1
restricts spacing of reinforcement to 2h.

ACI Committee 224, Cracking, has made] the
following recommendation. 1 [

Results’ of extensive tests on slabsg and plates
indicate that the flexural cracking behavior in
concrete structural floors under two- -way actien is
significantly different from that in one-way mem-
bers.10-2219 24 In two-way acting slab§ flat slabs,
and plates, the possible crack width, jwhich may
dewelop, can be pred1cted by: ‘ ;

w=Kpf VM, ]

where: b
M; = the grid index and is given by (dns2/pu)
w crack width caused by flexural load, in.
f. = 40 percent of the design yield streﬁgth
A i, ksi E
di, = diameter of bar or wire in d{rectlon “1”

closest to the concrete outer fibers, in.

»
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s, = spacing of bar or wire in perpendicular
direction “2”, in.

“1” = direction for which crack control check is
to be made

pa = active steel ratio = An/An

A,, = area of tensile reinforcement in direction
“1” per foot width of slab, sq in.

A, = concrete stretched area in direction “1” =
12(2C; +dp1), sq in.

C, = clear concrete cover to steel bar or wire

in direction “1". in.

The coefficient K has been determined experi-
mentally to have a value of 2.8 X 10 for uni-
formly loaded two-way acting slabs and plates.
To simplify the galculations, a 8 of 1.30 can_be
assumed, although the value of 8 can vary be-
tween 1.20 and 1.35 in most casés.

The value of K given was determined for slabs
fully restrained fat the boundaries. For s1m}ply
supported ‘slabs, the value of K should be multi-
plied by 1. Howéver since most slabs, even those
assumed to be simply supported, have some degree
of rotational restraint at the edges, K = 2.8 X 107
can be used for most cases.

The allowable track width is to correspond to

the value'given &bove consistent with the expo-
sure conditions. *

10.7—Deep flexfiral members

The Code does not contain detailed require-
ments for, designing deep beams for flexureiex-
cept that.nonlinearity of strain distribution and
lateral bugkling must be considered.

Suggestions for the design of deep beams are
given in the following papers: Chow, Li; Conway,
Harry; and Winter, George, “Stresses in Deep
Beams,” Transag¢tions, ASCE, V. 118, 1953,; pp.
686-708; and “Design of Deep Beams,” Concrete
Informatjon ST-§6, Portland Cement Association.

Recentfy, the Subject has gained attention with

regard tolcomputer methods of analysis usmg the
finite element aﬂproach

10.8—-—Liihiﬁng dimensions for compression
members” '

The detailed requirements of Sections 912 (a)
and 913 (a) in ACI 318-63 requiring certain mini-
mum sizes for compression members have been
eliminated to allow wider utilization of reinforced
concrete compression members in smaller size and
Lightly loaded structures, such as low rise‘ resi-
dential and light office buildings. The engmeer
should r”ecognwn the need for careful workman-
ship, as well as the increased 51gn1f1cance of
shrinkage stresses with small sections. ‘

10.8.2,:10.8.3, and 10.8.4 — The quantity of rein-
forcement, bothwertical and spiral, is based on the
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gross column area and core area, and the allowable
column load is based on the gross area. In some
cases, however, the gross area is larger than nec-
essary to carry the design load. The basic idea of
Sections 10.8.2, 10.8.3, and 10.8.4 is that it is satis-
factory to design a column of sufficient size to
carry the load and then simply add concrete
around it without increasing the reinforcement fo
meet the minimum percentages required by Sec-
tion 10.9.1. This additional ‘concrete must not be
considored as carrying load, but.simply as an
architectural treatment.

10.9—Limits for reinforcement of compression

members

10.9.1 — This section prescribes the amount of
longitudinal reinforcement for noncomposite com-
pression members.

Minimum reinforcement ;ratzo — Since the de-
sign methods for columng mcorporate separate
terms for the load carried hy the concrete and by
the reinforcement, it is necessary to specify some
minimum amount of reinforcement to insure that
only reinforced concrete columns are designed
by these procedures. Remﬁorcemept is necessary
to provide resistance to bendmg, which may exist
whether or not computations shoyv that bending
exists, and to reduce the effects of creep and
shrinkage of the concrete under sustained com-
pressive stresses. Tests have shown that creep and
shrinkage tend to transfer load frgm the concrete
to the reinforcement, with a consequent increase

" in stress in the reinforcement, and that this in-

crease is greater as the ratio of remforcement de-
creases. Unless a lower limit is tplaced on this
ratio, the stress in the reinforcement may increase
to the yield level under sustain€d service loads.
This phenomenon was eniphasizdd in the report
of ACI Committee 1051921 3nd mirimum reinforce-
ment ratios of 0.01 and 005 wefe recommended
for spiral and tied columns respec‘hvely However,
in all editions of the Code $ since 19%6 the minimum
ratio has been 0.01 for both types bf columns.
Maximum remforcement ratio -~ The extensive
tests of the ACI Column Invéstlgatmn10 2 in-
cluded reinforcement ratios no greater than 0.06.
Although other tests W1th as much as 17 percent
reinforcement in the form of bars produced re-
sults similar to those made prev18usly, it is neces-
sary to note that the loads in these tests were ap-
plied through bearing pl}ates on the ends of the
columns and the problem of trqnsferrmg a pro-
portional amount of the load to the bars was thus
minimized or avoided. Maximum ratios of 0.08 |
and 0.03 were recommended byf' ACI Committee
1054 for spiral and tied colurins, respectively.
In the 1936 Code, these limits wére made 0.08 and
0.04, respectively. In the 1956 Code [Section
1104 (b) ], the limit for tied ~olumns with bending
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was raised to 0.08. Since the 1963 Code, it has been
required that bending be considered in the design
of all columns, and the maximum ratio of 0.08
has been applied to both types of columns. This
limit can be considered a practical maximum for
bar reinforcement in terms of economy and re-
quirements for placing.

Minimum number of bars — This section re-
quires a minimum of six bars for circular com-
pression members and four for rectangular com-
pression  mombers., For other shapes one bar
should be provided at each apex or corner, and
proper lateral reinforcement provided. For exam-
ple, tied triangulaf colurr;ms should contain at
least three bars.

10.9.2 — The effect of $piral reinforcement in
increasing the load-carrying capacity of the con-
crete within the cox:é does not come into play until
the column has been subjected to a load and
deformation sufficiént to dause the concrete shell
outside the core to spall off. The amount of spiral
required by Eq. (10-3) whs intended to provide
additional load-carrying capacity for concentrically
loaded columns equal to dr slightly greater than
the capacity that was lost when the shell spalled
off. This principle was recommended by ACI Com-
mittee 105'°%! and has been a part of the Code
since 1963. The derivation bf Eq. (10-3) is given in
the report. Tests and exp?erience show that col-
umns containing the amount of spiral reinforce-
ment required by this sectfon exhibit considerable

toughness and ductility.

10.10—Slenderness effects in compression
members - 1

" 2

Sections 10.10 and 10.11 djealing with slenderness
provisions have been entinely rewritten, based on
recommendations of ACIJASCE Committee 441,
Reinforced Concrete Columns.®’ This recom-
mendation calls for;the usg of improved structural
analysis procedures whergver possible or practi-
cal. In place of sucl;i improved analysis it provides
for an approximate design method based on a
moment magnifier principle and similar to the
procedure used as part of;the American Institute
of Steel Constructign specifications. After study of
the normal range iof varigbles in column design,
limits of applicability were set which eliminate
from consideratior; as slénder columns a large
percentage of columns in braced frames and sub-
stantial numbers of columjns in unbraced frames.
The accuracy of the approximate design procedure
was established through i series of comparisons
with analytical and test Tesults. Over the total
range of slender c%mpresgion members, the pro-
posed procedure is? more rational, more accurate,
and more consistént thah the reduction factor
method used in the 1963 Code. Because the mo-
ment magnificatiori methcfd calls the attention of
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the designer to the basic phenomenon in slender
compression members and allows him to evaluate
the additional moment requirements in restrain-
ing members, a superior and safer design results.

Because results of an extensive series of studies
of slender compression members in frames!$8
indicated that a somewhat modified and carefully
limited reduction factor method could give rea-
sonable accuracy in treatment of slenderness ef-
fects, such a procedure is included in this Com-
mentary after treatment of the detailed provisions
of Section 10.10 and 10.11.

10.10.1 — ACI Committee 441 endorsed the po-
sition that the slenderness effect provisions should
encourage improvement in the structural analysis
Since the basic need for any slenderness “effect
provision stems from weaknesses in conventional-
ly used methods of frame analysis. The Column
Committee’s studies indicated that‘many bf the
analysi$ shortcomings affect the shdrt colufins as
}nuch or more than slender compression’mem-
bers. ) )

The following elements are regarded as mini-
mum réquirements for an adequate rational’frame
;analysis for design of compression members'under
Section 10.10.1: ! '

* (a) The structure may be idealized as & plane
frame of linear elements. In structures containing
Structufal walls, a better estimate of momexts and
deflections will be obtained if the stiffness of the
wall is donsidered in the analysis.

" (b) Realistic moment-curvature' relaticnships
must be used to provide accurate va}ues of Heflec-
tions ahd secondary moments. A linear approxi-
mation’of the moment-curvature relationship de-
;ined by Eq. (10-7) will be acceptable, althmégh use
,of a mare accurate relationship is en'couragej:d. The
effect 6f duration of loads on deformations must
;.})e considered. / L

" (c¢) The analysis must consider the influence of
the axijal load on the rotational s'iffness-of the
Jmember. ‘ ‘

<

i (d) The maximum moments in the compression
member must be determined considering the ef-
;{ects of member and frame deflections anléi rota-
iions. ’;‘he possibility of having a nfnaximuim mo-
ment gccur at sections other than the ends of
%he meﬁnber must be considered. +
1 (e) Because of the complexity of the problem,
.any proposed analysis used under -the pro)visions
'of Section 10.10.1 should be checked agaifist the
‘limited‘ test results available and shoulcf show
accuracy at least comparable with’ the more ap-

‘proximate provisions of Section 10.11.
1 ;

{IO.'”—-Approximaﬂ'e evaluation of slendédrness

effects’

)
\

This section describes an approximate slender-
ness-effect design procedure based 6n the moment
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magnifier concept. The moments computed in an
ordinary frame analysis are multiplied by a “mo-
ment magmfler which is a function of the axial
load P, and ‘lthe critical buckling load for the
column P.. The procedure embodies some of the
main element§ of the working stress design pro-
cedure for steel beam columns as included in the
AISC specifications for structural steel for build-
ings.10 | 3?

10.11.1 and '10.11,2 . These provisions are es-
sentially unchanged from the 1963 Code, although
simplified and condensed.

10.11.3 — This section requires the use of effec-
tive length factors in computing slenderness ef-
fects. The fundamental equations for the design
of slender compression members were derived
for hinged ends and must be modified to account
for the effect of end restraints. This is done by

using an “effective length,” kl,, in the computation
1 i

£

<

&

of slenderness effects, as has been used for beam-
column design in the AISC specifications!®?
since 1963. Comparisons with more precise com-
puter solutions indicate this procedure is especial-
ly accurate in the unbraced frame. '

Committee 441 proposed that the -effective
length be computed in a more or less standard
way by use of the Jackson and Moreland Align-
ment Charts (Fig. 10-3), which allow graphical
determination of k for a column of constant cross
section in a multibay frame,10-10.1013 The effective
length is a function of the relative 'stiffness at
each end of the compression member’ and studies
have indicated that the effects of widely varying
beam and column reinforcement percentages and
of beam cracking should be considered in deter-
mining these relative stiffnesses.

Because the behavior of braced and unbraced
frfxmés is so different, it is necessary to have one

3
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set of effective length factors for completely
braced frames and another set for completely un-
braced frames. In actual fact, there is rarely such
a thing as a completely braced or a completely
unbraced frame. For the,purposes of applying
Section 10.11.3, a compression member braced
against sidesway is a member in a story in which
the bracing elements such as shearwalls, shear
trusses, or other types of lateral bracing, have a
total stiffness, resisting lateral movement of a
story, at least 8ix times thé sum of the stiffnesses
of all the columns resisting lateral movement in
the story under consideration, so that lateral de-
flections of the story are not large enough to sig-
nificantly affect the column strength. What con-
stitutes adequate bracing in a given case must be
left to the judgment of the engineer, depending
on the arrangement of the structure in question.
A value of k less than 1.2 for columns not braced
against sidesway, ndrmally would not be realistic.

10.11.4 — This sectioh provides lower and
upper slenderness 'fatio lilmits for use with the
moment magnification method. The lower limits
indicate that many stocky and sufficiently re-
strained compression members can essentially de-
velop the full crosstsectiorfal strength. The lower
limits were determined from a study of a wide
range of columns and correspond to lengths for
which a slender member 'Strength of at least 95
percent of the cross-sectional strength can be de-
veloped. ’ '

While elimination of slehderness considerations
for these members! may result in strength inac-
curacies of up to 5 percerdt, the designer’s job is
considerably simplified, sihce studies!®? of a ser-
ies of actual structt,ures indicate that slenderness
effects could be neglected for about 90 percent of
the columns in the’braced, frames and 40 percent
of the columns infthe sway frames studied. An
upper limit is imp'josed ox% the slenderness ratio
of columns designed by the moment magnifica-
tion method of Seétion 1¢11. No similar limit is
imposed if design 1'§> carried out according to Sec-
tion 10.10.1. The lindit of kly/r = 100 represents the
upper range of actual tests'7 of slender compression
members in framesf I

10.11.5—This sect;fon presents the slender column
approximate design equqr'tions. These equations
are based on the concept of a moment magnifier
o which amplifies the column moments to account
for the effect of e;axial loads on these moments.
The column cross; section is then designed for
the axial load and the ;amplified moment. In
application, § is a function;(of the ratio of the axial
load in the columnéto the assumed critical load of
the column, the ratio of column end moments, and
the deflected shape of the columns.

In computing §, :the factor C,, is an equivalent
moment correction; factory The derivation of the
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moment magnifier assumes that the maximum mo-
ment is at or near midheight of the column. If
the maximum applied moment occurs at one end
of the column, design must be based on an “equiv-
alent uniform moment,” C,M,, which would lead
to the same maximum moment when magni-
fied.107 ,

In defining the critical load, the main problem
is the choice of a stiffness parameter EI, which
reasonably approximates the stiffness variations
due to cracking, cree¢p, and the nonlincarity of
the concrete stress-strain curve. The Design Sub-
committee of Committee 4417 recommended
that where more precise values are not available,
EI be defined by Eq. (10-7) and (10-8). These ex-
pressions approximate the lower limits of EI for
practical cross sections and hence are conservative
for secondary moment calculations. They were de-
rived for small e/h values and high'P,/P, Values,
where the effect of axial load is most pronotinced.
P, is the theoretical axial load capacity of a short
¢ompredsion member. Since experimental "work
involved the theoretical capacity, Pj/¢ is used in
Eq. (10-5). | 1
- The approximate nature of these expressions is
shown in Fig. 10-4, where they are compared with
values derived from load-moment-curvature dia-
Erams for the case of no sustained load (3.7= 0).

4. (10-7) represents the lower limit'of the practi-
cal range of stiffness values. This is especially true
for the heavily reinforced columns. Eq. (16-8) is
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simpler to use but greatly underestimates the ef-
fect of reinforcement in heavily reinforced col-
umns. However, in many cases, when reinforce-
ment percentages are low, or slenderness effects
not very substantial, its relative simplicity may be
desirable.

Creep due to sustained loads tends to reduce the
effective value of EI. This is taken into account by
dividing the EI term by (1 -+ B.) where Bq is the
ratio of dead load moment to total load moment.
This factor gives a correct trend when compared
to both analyses and tests of columns under sus-

" tained loads.

Note that the Code states that EI in Eq. (10-6)
may be taken as either value obtained from Eq.
(10-7) or (10 8) in lieu of a ‘more precise calcula-
tion. In this respect, the Code refers to a more
accurate value of EI as obtained from moment-
curvature relationships, based on the integration
of acceptable nonlinear stress-strain diagrams ‘for

‘concrete in flexire. Any stress-strain funcfion
which provides agreement with test data may' be
used (see Code Séction 10.2.6). The more accurate
values of EI may be used for designing columns or
walls under the prbvisions stated in Chapter 10}

When the alternate design method of Section
8.10 is used, P./¢‘in Eq. (10-3) is taken as 2.5P
when gravity loads govern and as 1.875P when
lateral loads with gravity loads govern the !de-
sign, where P is the unfactored design load in'the
compression member.

10.11.5.1 When a story of a structure fails In a
lateral msiabmty 'mode, one floor translates réla-
tive to andther as'a unit. Thus, the deflections &nd
hence the'amount of moment magnification must
be related’ for all compression members in °the
story. This sectioh provides a procedure for dom-
puting an Yeffective moment magnifier for the en-
tire story. Howevler since any individual compres-
sion member in the story could also be overloaded
while bengg braced against lateral 1nstab111ty by
the other members it is also necessary to check
individual’ heav;l;'r loaded members using the ef-
fective length facfors for braced frames. ;

10. 1152 When biaxial bending occurs in a
compression methber, the component moments
about each of the principal axes must be magni-
fied. The magn1f cation factors (3) are computed
considering the b]ucklmg load P about each |axis
separately, based on the appropriate effective
lengths (kl,,) and the related stiffness (EI).:The
clear column height may differ in each direction,
and the “stiffneds ratios Heo1s/Zveams may also
differ. TRus, the different buckling capacities
about the 'two axes are reflected in different mag-
nification factors

The m&nents About each of the two axes: are

magnified’ separa%ely, and the cross section is then
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proportioned. References 10.1, 10.2, and 10.17 pro-
vide guidance in this respect. Note that the design
moment, M, = dM,, refers to the “larger end mo-
ment” with respect to bending about one axis.
It will usually be necessary, therefore, to magnify
the moments at both ends of a column subjected
to biaxial bending, and to investigate both condi-
tions at both ends. !

In the case of compr'ession members which are
subject to transverse loading between supports, it
is possible that the maximum moment will occur
at a section away from the end of the member. If
this occurs, the value of the largest calculated mo-
ment occurring anywhere along the member should

_be used for the value of M, in Eq. (10-4). In ac-

cordance with the last sentence of Section 10.11.5,
C.. must be taken as 1.0 for this case.

10.11.6 — This provision (similar,to one in ACI
318-63) allows computed moments] to be used in
determining conditions of cprvature and restraint
when design must be based on minimum eccen-
tricity This eliminates what woul’d otherwise be
a discontinuity between co)lumns with computed
eccentricities less than m1n;mum qccentrxmty and
columns with computed eccentricities equal to or
greater than minimum eccentr1c1ty

10.11.7 — The strength o{ a laterally unbraced
frame is governed by the s ablhty of the columns
and by the degree of end restramt Provxded by the
beams in the frame. If plastic hinges form in the
restraining beam, the structure approaches a me-
chanism and its axial load capac&fr is drastically
reduced. This section provxdes that the designer
make certain that the restrammg flexural mem-
bers have the capacity to resist the amplified col-
umn moments. The ab111ty of the moment magni-
fication method to provide a goodl approximation
of the actual magnified m‘oments «at the member
ends in a sway frame is a sxgmflcant improvement
over the 1963 Code reduct1on factoxE method.

Modified R Method*

The 1963 Code used a column reduction factor
R (Section 916) and an effectwe length h’ for un-
braced columns [Section 915(d)}. The modified
R values listed below, within the limits noted,
lead to an accuracy equal o thatbf the “moment
magnifier” method of Secfion 10.£1.5. Hence they
may be used as an altermate me¥hod within the
stated limits. (Note that for design both the axial
load and the moment must be divided by the ap-
propriate factor R.)

If relative lateral displacement of the ends of
the member is prevented and the gnds of the mem-
ber are fixed or definitely restrained such that a
point of contraflexure occu(frs between the ends, no

*This section 15 based on the xhethods ACI 318-83, so the
gg:gtlggﬂge{mgn& as uset:d lnf thax.é%?g 7\;1h le oth‘e,{ notatlon in
mmentary for rees with ‘'Prepara-

tion of Notation for Concrgte (ACT 104-71) . s P
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correction for length need be made unless h/r
exceeds 54, where h is the actual unsupported
length of column and r is the radius of gyration of
gross concrete area of a column. For h/r between
54 and 100, the following factor from ACI 318-63
may be used: § .
= 1.32 — 0.006h/r=1.0
If relative lateral displacement of the ends of
the members is prevented and the member is bent
in single curvature, the following factor, more lib-
eral than ACI 318-63, may, be used where the
nominal eccentricity does not exceed 0.10t where ¢
is the overall thickness of the column

R = 1.23 — 0.008h/r = 1.0

If the nominal eccentricity éxceeds 0.10t, the fac-
tor as in ACI 318-63 should be

R = 1.07 — 0.008h/r = 1.0

In both the above paragraphs, no increase in R
is justified where tension gdverns the design, un-
less axial load is less tham 0.10f./bt. Then, the
transition to R == 1 for flexure without axial load
may be patterned after Section 9.2.1.2(c).

For members where (1)J relative lateral dis-
placement of the ends is not prevented, (2) with
R’/r not exceeding 40; and (3) with bracing beams
having a negative mbment steel ratio of at least

p = 0.01, the reduction factor, where design is
governed by lateral loads of $hort duration, should
be s 2

R = 1.07 — 0.008R’/r = 1.0
For other loads of ilonger ;duration, the factor
should be .
R—097—0008h’/r410
These R values generally are more restrictive
" than those in ACI 318 63 and are primarily for
use with columns restramegl at each end where
= h(0.78 4- 0.22r"); = h apd 7’ is the average of
EK of columns to XK of floor members taken at
the two ends of the column. ;
For the restraining beamg in both these cases,
the design should be basedjon taking from the
column additional lateral load total moment of

M = Col. ML
= Nom. Prey (15— P//Eo)/(R P./P,)

where

M, = long column‘end moment

P;, = long column'ultimafe load
]
ey = nominal eccentricity, as for a short col-
umn
P, = theoretical axial load capacity of short
column

This equation is based on similar triangles from
Fig. 10-5.
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'z Pg = RPg
Po L. Nominal M, = RMg
.= P[ en
Short column
Nominal My
Long column
L M

Fig. 10-5—Approximation for M, for use in determining

beam design moment
. 7
o]

10.13~—Transmission of column loads through
floor system

The refuirements of this section are based on
a paper on the effect of floor concrete strength on
cofumn strength.’*2® The provisions mean that
where the column concrete strength does not ex-
ceed the floor concrete strength by more than 40
percent, no special precautions need be taken. For
higher celumn concrete strengths, methods in
Paragraphs (a) or (b) must be used for corner or
edge columns and methods in Paragraphs (a), (b),
or (c) for interior columns with adequate restraint
on all fouyr sides.

10.14—DBearing ’

fThis section deals with bearing stresses on con-
crete supports which are not laterall reinfocrccd
to resist splitting stresses. The provisions are simi-
lat to but'more liberal than the bearing provisions
of- ACI 818-63. Work by Hawkins!®%!? indigates
hf liberalization to be justified. (See also Se¢tion

110.14.2 t— When the supporting area is wider
than the loaded area on all sides, the surrounding
concrete tonfines the bearing area, resulting in an
ingrease in the permissible bearing stress. !

This sdction gives no minimum deépth fcf the
sdpportin‘g pier. The supporting pier should satisfy
the shear provisions of Section 11.10} which®wiil
cdntrol tHe minimum depth of the support. -

JO 14.3 — When the top of the suppeort is sloped
or stepped advantage may still be taken of the fact
that the supporting pier is larger than the loaded
area, provided that the pier does not slope awdy at
too grea’c» an angle. Fig. 10-6 illustratés the appli-
cation of the frustum to find A,. The fruStum

I'4
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should not be confused with the path by which a
load spreads out as it travels downward through
the support Such a load path would have steeper
sides. However, the frustum described has some-
what flat'side slgpes, to insure that there is con-
crete immediately surrounding the zone of high
stress at the bearjng.

10.144 — Post-tensioning anchorages are .nor-
mally laterally reinforced, in accordance with
Section 18.11.3. '

10.15—Composife compression members

10.15.1 i?— Com?posite columns are defined Wwith-
out reference to obsolete classifications of com-
bination, compostte, or concrete-filled pipe column.
Referencé to other metals used for reinforcement
has been” omitted because they are seldom used
now with concrete in construction.

b
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10.15.2-10.15.3 — These sections give rules for
determining the strength of composite cross sec-
tions. The same rules that are used fer computing
ultimate load interaction functions for reinforced
concrete sections can be applied to composite sec-
tions. Interaction charts for concrete-filled tubing
would have a form identical to those of ACI
SP-71011 and the Ultimate Strength Design Hand-
book, V. 2, Columns,}*® but with y (formerly g)
slightly greater than 1.0. |

The requirement that loads assigned to concrete
must be developed by d1rect bearing against the
concrete effectively elimindtes the old combina-
tion column as a composite column under the new
definition. Direct bearing can be developed

" through lugs, plates, or reinforcing bars welded

to the structural shape or tubing before the con-
crete is cast. Flexural compressmn stress need not
be considered a part of direct cofnpressxon load
to be developed by bearing. Slmply wrapping con-
crete around a structural steel shape would stiffen
the shape, but it would not necessarxly increase
its strength.

The rules of Section 10. 112 for est1mat1ng the
radius of gyration are overly conservative for con-
crete-filled tubing, and an alternate procedure is
provided in this section. Thé EI formula suggested
is consistent with Section 10.11.5, and provides a
conservative estimate of tHe concr‘ete stiffness. It
leads to excess moment magmﬁcat‘xon and conser-
vative estimates of strength

10.15.4 — Steel encased, concrete 'sections should

. have a metal wall thxckness large enough to main-

tain longitudinal yield stress before buckling out-
ward.

10.15.5 — Concrete encasement that is laterally
contained by a spiral is obviously useful for carry-
ing load, and the size of spiral required can be
regulated on the basis of the strength of the con-
crete outside the spiral by means of the same rea-
soning that applies for columns reinforced only
with longitudinal bars. The radia] pressure guar-
anteed by the spiral ms&res interaction among
concrete, reinforcing bars, and a, steel core such
that longitudinal bars will both stiffen and
strengthen the cross sectxon :\

10.15.6 — Concrete encasement that is laterally
contained by tie bars is hkely to be rather thin
along at least one face of a steel core section, and
complete interaction amaqng the, core, the con-
crete, and any 10ng1tudmal reinforcement should
not be assumed. Concrete will probably separate
from smooth faces of theisteel cgre. To maintain
the concrete encasement, ht is reasonable to re-
quire more lateral tie steel than’that needed for
ordinary reinforced concréte cold}nns Due to the
probable separation at high strains between the
steel core and the concrete enca(sement longitu-
dinal bars will be meffectwe in stiffening cross

i
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sections even though they would be useful in sus-
taining compression forces. Finally, the yield
strength of the steel core should be limited to that
which exists at strains below those that can be
sustained without spalling of the concrete encase-

ment. It has been assumed that axially-compressed

concrete will not spall at strains less than 0.0018.

The yield strength of 0.0018 X 29,000,000, or 52,-
000 psi, represents an upper limit of the useful

maximum steel stress.

10.16—Special provisions for walls

This section recognizes that bearing walls can be
designed as compression members. The unique
reinforcement requirements for walls are included.
Ties may be eliminated for steel ratios less than
0.01A, or when the vertical reinforcement is not
required to resist compression stress. All other
provisions for compression members must be sat-
isfied.
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CHAPTER 11-SHEAR AND TORSION

This chapter includes shear provisions for both
nonprestressed and prestressed concrete members.
The torsion provisions apply only to nonpre-
stressed concrete. Special requirements are also
included for brackets and corbels, deep beams, and
shear walls. A section of the chapter is devoted
to the shear-friction concept, which is particularly .
applicable to design of reinforcing details in pre-
cast structures. Shear provisions for slabs and
footings include a new procedure for shearhead
reinforcement. New provisions are provided for
columns receiving moment from beams or slabs.

11.1—GCeneral reinforcement requirements

11.1.1 and 11.1.2 — Stirrup reinforcement re-
strains the growth of inclined cracking, and hence
increases ductility and provides a warning in situ-
ations where in an upreinforced web the sudden
formation of inclined cracking might lead directly
to distress. Such reinfprcement is of great value if
a member is subjectgd to an unexpected tensile
force or catastrophic loading. Accordingly, a mini-
mum area of shear remforcement not less than
that given by]L Eq. (11-1) or (11-2) is required
wherever the pominal ultimate shear stress v, is
greater than 1[2 of v..,Three types of members are
excluded fromjtlns reqmrement slabs; floor joists;
and wide, shallow be

- Other members may be excluded if it is shown
by appropriate tests that the required capacity can
be developed when shear reinforcement is omit-"
ted.

This prov1S1on for minimum area of shear rein-;
forcement is new fbr nonprestressed concrete
members. Eq.' (11-1) jmay also be applied to pre-
stressed concrete meknbers, but it will generally
require greater minimum web reinforcement in
typical building members than Eq. (11-2), which
was retained from thé 1963 Code as an alternate.

If a nonprestressed member is subjected to a

torsional stress greatér than 1.5\/?, the minimum
amount of transvers§ web reinforcement for the
combined she{ar and 'torsion is 50b,s/f,. The dif-
ferences in the definifion of A, and the symbol 4,
used in Sect1on 11.8 ’5:5\ould be carefully noted; 4,
is the area ofJ two legs of a closed stirrup, while
A is the areg of only one leg of a similar closed
stirrup.

11.1.3 — L1m1t1ng the design yield strength of
shear and torgion reinforcement to 60,000 psi pro-
vides a control on diagonal crack width. More-
over, higher strengthi reinforcement may be brit-
tle near sharp bends. -

1114 and 1115 — - These provisions for types
and maximum spacxlngs of shear reinforcement
are essentially unchanged from the 1963 Code,

f
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except that welded wire fabric and spirals are
expressly permitted as web reinforcernent in the
1971 Code. y !

11.1.6 — Both longitudinal and closed ‘transverse
reinforcement is needed to resist the diagonal ten-
sion stresses, and the ultimate torsional strength
will not be increased if either is absent. The stir-
rups must be closed, since inclined cracking due to
torsion may appear on all faces of a member.,

11.1.7 — It is essential that shear and torsion
reinforcement be adequately anchored at both
ends, to be fully effective on either side of any
potential inclined crack. This ‘generally requires
a hook or bend at the end of the reinforcement.

{
11.2——Shear strength

11.2.1 — The 1971 Code continues the practice
established in 1963 of assessing shear strength of
reinforced concrete members badsed on’an average
or'mominal ultimate shear stress v, = V./ b,.d. This
practice applies also to prestressed concrete mem-
bers. However, because the position of the centroid
of; the prestressing tendons may vary in pre-
stilessed concrete beams, the value of d used in
computing v, need not be taken as less} than 0.80h.

Tests have indicated that Eq.”(11-3) nay also be
applied to members with circular sections. The
definition of d as the distance from the extreme
compression fiber to the centroid of the longitudi-
naj reinforcement in the opposite half 4f the mem-
ber is intended to cover the case of a eircular sec-
tion subjected only to transverse loads.

As a change in format from the 1963 Code, it
shPuld be noted that the capacjty redugtion factor
¢ iis included in Eq. (11-3) rather than in the
strength computations. This change does not affect
the results.

41.2.2 — Shear capacity near @ conceatrated load
on reaction is increased if compressipn is intro-
duced into the member. The Cpde, therefore, calls
for computation of a maximum shearf stress at a
distance d from the support inyeinforted concrete
members, and at a distance :h/2 in;prestressed
cencrete members. .

It should be noted, however, that under some
reaction conditions such as that shgwn in Fig.
11+1, diagonal cracking can take placg at the sup-
pgrt face and even into the support. The provision
regarding shear stress compu;ation at a distance
d does not apply in such cases.

(11.23 and 11.24 — In a mezEnber without shear
remforcement shear is assumed carried by the
cancrete web. In a member wath shear reinforce-
ment, shear is assumed carrxed by the concrete
compression zone and the shear reinforcement.

ACH COMMLITEE REPORT



y

Blg. | I-l==Dlagonal eracki—ng at support faca

The shear carried by the concrete, v,, is assurned
equal in both cases and is taken equal to the shear
causing significant inclined- cracking. These as-
sumptions are discussed in lthe ACI-ASCE Com-
mittee 326 (now 426) report 1.1 gnd in recent
papers.11:211.3

There are two types of mchned cracking that
occur in concrete beams. In recent years they have

come to be called web-shear and flexure-shear

cracks. These two types of inclined cracks are il-
lustrated in Fig. 11-2.

Web-shear cracking begins from an interior
point in a member, dixe to principal tensile stresses
exceeding the tensile strength of the concrete.
Flexure-shear cracking is .initiated by flexural
cracking. When flexyral cragking occurs, the shear
stresses in the concrete above the crack are in-
creased. The flexure-shear crack develops when
the combined shear and tefisile flexural stresses
cause a principal tersile stréss exceeding the ten-
sile strength of the cbncrete

Flexure-shear crac‘kmg is_ the type that gener-
ally occurs when a nonprestressed concrete beam
is loaded to its ult1mate capacity. Web-shear crack-
ing occurs (although mfreqbently) near the sup-
ports of deep beams with thin webs, or near the
inflection point or bar cutoff points of continuous
beams, particularly’ if the 'beam is subjected to
axial tension.

Both types of inclined cracklng may be observed
when prestressed concrete beams are subjected to

Il
loads greater than the miximum service load.
Flexure-shear cracking is the more typical type

in prestressed members, particuiarly those s'ub-
jected to uniform loads. Web-shear cracking may
occur in hlghly prestressed beams with thin webs,
particularly when the beam is sub]ected to large
concentrated loads near a simple support ‘,('

Because of the different behavior of nonpre-
stressed and prestressed members, and because
researchers have approached the 1nc1med cracklng
problem in different ways, it is necessary to cal-
culate v, according to Section 11.4 for nonpre-
stress members and Section 11.6 for 'prestressed
concrete members. v .

In a member of variable depth, the inteinal
shear at any section is increased or decreased by
the vertical component of the inclined flexural
stresses. -Computation methods are outlined in
various textbooks and in the 1940 Joint Commit-
tee Report. 114
13.3—Lightweight concrete shear and to¥sion
stresses €

11.3.1 and 11.3.2 — Two procedures aire given by
which the provisions for shear may be modified
when lightweight aggregate concrete is used. ©

*For nofmal weight concrete, the sphrttmg tehsile

strength fc, is approximately equal to 6. 'f\/ fe
Tt erefore, when f, is specified and de fermined for
a particular lightweight aggregate concrete! the
value of /6.7 may be substituted for all values of
Vif¢ affgcting v., v, and M, in this chapter.
Tests!! 34 6 have shown this is a valid appreach.
However, it is felt that the shear stress values for
lightweight concrete should not exceed thosg for
normal weight concrete, and therefore the value
of f../6.7 used in computations should not exceed
V5. '

HIn the!1963 Code, a designer wastrequiréd to
alsume that fa/N f. was equal to 4 if the value of
fee was nbt determined by test. Use of the factors
of 0.75 for “all-lightweight” concreteland 0. 86 for
“Sand- hg‘htwelght" concrete imply a ratio of 5
and 5.7 for fe/V 17, respectively.

i These higher values are based on data obtained
from tests on many types of structuraﬁ 11ghtvsie1ght
dggregaﬁe concrete. It should be no‘ted that the
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factors 0.75 and 0.85 apply only to the terms con-
taining Vf in the equations of this chapter.
i

11.4—Nominal permissible shear stress for non-
prestressed concrete members

11.4.1 and 11.4.2 — Eq. (11-4) is the basic equa-
tion for shear streng'tlh of members without shear
reinforcement. Tt was first adopted in the 1963
Code after being endorsed by ACI-ASCE Commit-
tee 326. This equatlon assumes that useful strength
is exhausted when mclmed cracking first develops
in a member. l'

Designers should recognize that the three vari-

ables in this equation, V7{. (as a measure of con-
crete tensile strength), p., and V.d/M,, are knowg
to affect shear strength, although there are recent
datal®?11f suggesting that Eq. (11-4) overesti-
mates the influencesof f, and underestimates the
influence of p.,, and ¥ .d/M,. Further recent infor-
mation?! #1110 has indicated that shear strength
decreases as jgthe overall depth of the member in-
creases. ' o

For most design purposes, it is convenient to
assume that the secpnd term of Eq. (11-4) equals

C0.VFL Thuq the chde permits the use of v, equal

to 2V §/, unless a designer chooses to make a de-
tailed analyasis. | )

The minimum vajue of M, equal to V.d in Eg.
(11-4) serves the purpose of limiting v, at and
near points 0f inflection.

1143 and 1144 — Eq. (11-5) and (11-7), for
members sgb]ected to axial compression in addi-
tion to sheay and flexure are derived in the ACI-
ASCE Committee ; 326 report.!!' Because Eg.
(11-5) is dxfgﬂcult t9 apply, a new alternative de-
sign provisi?n, Eq. {11-6), is included in the Code.

Another nmew design provision, Eq. (11-8), jis
included for the case of axial tension existing with
shear and flexure, Values of v, obtained from
these equations are illustrated in Fig. 11-3. These

( 1

. i
\~ ¢ Eq. (-7 T6 v T
Shaded area \~\ T3 T
shows approx. ! p >
tange of values 4 N\ T4 7
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L ﬁ‘@ y
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Fig. ll-3-—Comparn$on of design equations for shear
(and axial load \
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equations were discussed and comparisons were’
made with test data in a recent paper.!-3

11.4.5 — This section allows torsion to be ne-
glected in design if the nommal u1t1mate stress due

to torsion is less than 1.5V f,. This stress corre-
sponds to about 25 percent ofithe pure torsional
strength of a member without torsmn reinforce-
ment. ACI Committee 438 11 has pomted out
that such simplification is posstble because torsion
of such magnitude will not cause a/ significant
reduction in ultimate strength in either flexure
or shear. i

lr

11.5—Nominal permissible shear stress for pre-
stressed concrete members

11.5.1 — Eq. (11-10) is an addltmn to the Code. It
offers a simplified means of computing v, for pre-
stressed concrete beams having an effective pre-
sfress force at least equal to 40 percent of the
ténsile strength of the flexural reinforcement.
Thus, Eq. (11-10) may be applied td some mem-
bers reinforced with a combination of prestressed
tendons and nonprestressed deformed bars. This
gquation has been discussed jn detail in a recent

. paper.}!3 It is most applicable to byilding mem-

hers subjected to uniform loadings. This equation
may give very conservative results when applied
to members such as compogite I-section bridge
g1rders

In applying Eq. (11-10) to simply supported
members subjected to uniform loads, it is apparent
that V.d/M, becomes a simple function of d/l,
where ! is span length, and- ‘%, the distance from
the section being 1nvest1gate§1 to the support, ex-
pressed as a function of I, glven by:

Vi d(l—Zx)
M, — x(l——x)

1
Thus for concrete with a compressiye strength of
6000 psi, v, given by Eq. (11-10) can he represented
as shown in Fig. 11-4. Similar figuges can easily
be developed for members of other concrete
strength. However, Eq. (11-10) is qujte insensitive
to concrete strength, and Fig. 11-4 would be used
for members with concrete strength ranging from
74000 to 6000 psi with an error of less than 10 per-

cent. ;

11.5.2 and 11.5.3 — These SectionSq give the basic
-design provisions for determining v, for pre-
stressed concrete beams. Except{for a minor
"change in Eq. (11-11), and conversién to a nominal
tstress basis, these provisionis are the same as in
¢the 1963 Code. Eq. (11-11) and Eq. (11-12) predict
ithe shear stress causing inclined flexure-shear
‘and web-shear cracking, rdspectively. The lesser
' of v, and Yo is the shear 3tress cgusmg inclined
cracking at the section unéer con%xderatlon, and

ACl COMMITTEE REPORT
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Fig. 1l-4—Application of Eq. (l1-10} to uniformly
loaded prestressed congrete members

this value is assumed equal to the shear stress
carried by the concrete, v,. |

Eq. (11-11) predicts flexfx;re-shear cracking as
the shear stress due to dead load, live load causing
flexural cracking at the sectidn being investigated,
and load required to transform the flexural crack
into an inclined crack. In thte 1963 Code, the cor-
responding equation "used the live load causing
flexural cracking at a pomt d/2 toward the re-
action from the section being investigated. This
modification makes Eq. (11-11) somewhat more
conservative. i )

In computing M, for substitution into Eq.
(11-11), I and y. are properties of the section
resisting the externally applied load. For a com-
posite member, where part of the dead load is re-
sisted noncompositely, appropriate section prop-
erties should be used to compute f;. V; is then the
total shear due to the dead load acting on the non-
composite member plus the superimposed dead
load acting on the Somposﬂe member. For non-
composite uniformly’ loaded beams, Eq. (11-11)
reduces to

it VuMcr
1Mubyd

Eq. (11-12) predicts web-Shear cracking as the
shear stress causing a printipal tensile stress of

approximately 4V f/ at the centroidal axis of the
cross section.

Ve = OGI‘VW +

r 5
11.6—Design of shear reinforcement

11.6.1 and 11.6.2 — These%sections continue the
previous practice of designing shear reinforce-
ment according to a modified form of the truss
analogy. The truss an'alogy isumes that all of the
shear is carried by web reisforcement. However,
considerable research on both nonprestressed and
prestressed members has indicated that web rein-

BUILDING CODE COMMENTARY

forcement need be designed to carry only the shear
exceeding that which causes inclined cracking.
The geometry involved in Eq. (11-13) and (11-14)
is g1ven inmany textbooks. i

11.6.3 an,d 11.6.4 — Similar provisions were used
in previous editions of the ACI Code for nonpre-
stressed concrete members. They are now applied
equally to prestressed concrete. | N

i

11.7—Combined torsion and shear for nonpre-
stressed members : .

De51gn criteria for torsion and shear have been
presented by ACI Committee 438,'''! and have
been discussed, along with a presentation of ex-
ample problems, in recent papers.!!-12.1113.11.2¢6
Combined shear and torsion for prestressed mem-
bers is not covered by the Code. Extensive re-
search has been in progress since the late 191605
but design criteria have not been fully idevelo ed.

1.7.1 — Comments for Section 11.4. 3 apply here
as well. In the development of the tors1on de51gn
criteria, the effect of restrained warpmg was ig-
nored. In de51gn1ng thin-walled open séctions, con-
su:leratlon of the torsion carried by restra}ned
werpmg may be necessary. i

11.7.2 — The torsional moment strength of a
plain concrete member of rectangular cross section
cap be expressed by:

Ty = ox?yf;
where T, s equal to the design torswngl moments,
ofis a coeff1cent depending on the ratio 1y/at:
x ‘and y 'are the smaller and larger ‘dimensions,
rebpectivély, of a rectangular cross Section,'and
f.'is the 'tensile strength of concreté. The toef-
ficient a‘varies from 0.208 to % in the elastic
tHeory and from % to % in the plastic theory.
waever,’ a recent theory based on the beri"ding
mechanism of torsional failure!! 12 shows that a
can be ti{en as %. This constant coincides with
the maxitnum value of a in the e1ast1c theor) and
tl’}n minitnum value in the plastic theory ' For

phmty, therefore, ACI Committee 43811
adopted 4 value of %.

It is assumed that the torsional strength ‘of a
flanged fember is equal to the sumd of the tor-
sibnal stxiengths of the web and flanges. Tests on
isplated members have shown that this summa-
tion assumpt1on is conservative, prov1ded thaec the
overhanggng flange width does not éxceed three
times the thickness of.the flanges. AC] Commiittee
438 recorhmends these design rules for< beams,inte-
gral with slabs, as shown in Fig. 11- ja. Sincé the
nommal shear stress due to torsion, v, is a mea-
sure of the diagonal tension, f; in the labove equa-
tibn can be replaced by vy, Rearranfrmg terms
results i in: Eq (11-16).

lThe chleulation of the quant ly saxty, for
flanged sections depends on the selection of com-
ppnent rfectangles These rectangles,{ shoulc}l not
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Fig. 11-5—Component rectangles for the calculation of
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overlap. In the normal case where the closed stir-
rups are installed in the stem, as shown in Fig.
11-5b, the quantity >x*y should be taken as the x%y
values of the web extending through the overall
depth of the section plus the x2y values of the out-
standing flanges. However, in the special case of
cross sections such as shown in Fig. 11-5¢, it would
be more advantageous to install the closed stirrups
In the upper wider rectangular portion. In the
latter case the Xa®*y value should be taken as the
x*y value of the upper wide component rectangle
plus that for the narrow vertical outstanding stem.
In the case of members without web reinforce-
ment, the component rectangles should not over-
lap and mdy be taken so as to result in the highest
possible xx%y. \

11.7.3 — Eq. (11-16) may be applied to hollow
box sections with a wall thickness equal to or
greater than x/4. If the wall thickness h is less
than x/4, the torsional strength of a hollow box
section wdll be less than that of a comparable sol1d
beam. Th1s strength reduction is reflected by the
factor 4h/x which is conservative when com-
pared to test results. This conservatism is des1r-
able because hollqw beams with thin walls faijl in
a brittle manner, when subjected to torsion; as
compared to a ductlle mode of failure for solid
beams. Also, the ratlo of cracking torque to plti-
mate torque decreases with decreasing yvall
thxckness

The mlqlmum \wall thickness of x/10 prevents
excessive flexibiljly and possible buckling of,the
wall. If h is less than x/10, the design of the cross
section should consider the stiffness of the wall.

&0

Box sections, in which the longitudinal torsional
reinforcement consists of less than eight bars dis-
tributed around the section perimeter, should
have, at each interior corner, a f1llet with mini-
mum leg size of x/6. When the lorigitudinal tor-
sional reinforcement consists of eight or more
bars distributed around the section perimeter,
fillets should have a minimum leg size of x/12,
but not necessarily more than 4 in.

. 11.74 — This provision is! analogous to Section
11.2.2.

11.7.5 — In the case of pure torsion, a torsional

shear stress of 2.4V §. is assumed to be contributed
by the concrete to the ultimate torsional strength
of a beam with web reinforcement. This stress
corresponds to a torque equal to about 40 percent
of the cracking torque of a beam without web
reinforcement. Consequently, it tonservatively
jpredicts torsional cracking and failure of an unre-
inforced web. Such conservatism, however, is justi-
fied for two reasons. First, the torsional strength
jof a beam without web reinforcement may be re-
.duced by up to one-half duge to the simultaneous
japplication of a bending maoment and a tforsional
moment. Therefore, by specifying a torsional shear
stress which corresponds to 40 percent of the
cracking torque, the effect of bending moment on
the torsional strength of beams without web re-
inforcement may be neglected. Second, any mem-
ber subjected to a large torsional moment should
be designed with torsion re1ﬁforcement

In the case of combined tors1on shear and flex-
ure, the interaction of torsx,on and shear is taken
into account by means of ‘a circular interaction
curve.'' ¥ The square root iactors in Eq. (11-17)
and (11-9) were derived on‘ this b§s1s 11.11,11 26

The effect of bending isf not shown explicitly
in Eq. (11-17) and (11-9). Howeveyr, the adoption

; of a torsional shear stress, v4, which corresponds to
40 percent of the crackinggtorque; also considers

the effect of bending. Henge thesg equations are
conservative for any combination of torsion, shear,
and bending in beams without stirrups.

11.7.6 — The effect of akial tension on torque
at diagonal tension cracking has nbt been studied
experimentally. Since the, theorétical effect of
axial tension on the cracking torqhe is similar to
its effect on the shear at diagonal ténsion cracking,
the same reduction coefflcrent used in Eq. (11-8)
was applied to forsion. ;

11.7.7 — Torsional reinforcemertt should be de-
signed to reach the yield stress before the con-
crete crushes. Recent test\data!»¥ indicates that
for pure torsion the maximum torsional stress
should be limited to 12V f{. In th& case of beams

- subjected to combined torsibn, shear, and bending,

it was considered reasonable to adsume a circular
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interaction relationship between the maximum
shear stress and :the maximum torsion stress,
which leads to Eq. (11-18).

11.8—Design of torsion remforcement

11.8.1 — A simple and gonservatlve method is
given in this sect1qh The jreinforcement required
to resist torsion is simply;added to that required
to resist shear, bendmg, and axial forces.

11.8.2 — Torsxonal remforcement must consist
of longitudinal and closed web reinforcement. The
required amount of web reinforcement is given by
Eq. (11-19). Present knowledge indicates that
closed stirrups may be pairs of U-stirrups meeting
the requirements of Section 12.13.4 and that the
exterior leg of a stirrup in a spandrel beam may
be extended into the slab for development, instead
of hooking. g )

In flanged sections clbsed stirrups may be
placed either in tHe largest or in all component
rectangles. In the first case, the factor x;y, in Eq.
(11-19) refers to the dimefisions of the closed stir-
rups placed in the largest rectangle. If closed stir-
rups are placed im all component rectangles, a
limited series of pyre torsion tests indicates that
Eq. (11-19) may bejappliedseparately to each com-
ponent rectangle ysing xf Y, £, and y; for the
rectangle under considera.tion. However, for any
component rectangle, ;
33400-3311/1 y

= if7
sx2y ) =12V75

Vte +

X

The overhanging flange width used in design
should not exceed- three times the flange thick-
ness, and the corresponding stirrup dimension
should be taken as flange width minus the con-
crete cover to the, centen of the stirrup. Flange
stirrup reinforcemant shoqld be securely anchored

in the web. i 5

11.8.3 — Spacinglof the gtirrups must be limited
to the indicated values to ®nsure the development
of the ultimate torsional; strength of the beam,
prevent excessive loss of torsional stiffness after
cracking, and control crack widths.

11.8.4 — Eq. (11-20) reqﬂures that the volume of
longitudinal remfol’cement be equal to the volume
of the web reinforcement yequired by Eq. (11-19),
unless a greater armount of longitudinal reinforce-
ment is required to satisfy the minimum require-
ment given by Eq. {11-21);

11.8.5 — Longitudinal bars are required in each
corner of the stirfups to: provide anchorage for
the legs of the stirrups, and for convenience in
fabricating the reinforcement cage. Corner bars
have also been found to Be very effective in de-

veloping torsxonaL streng.th and in controlling
cracks.

BUILDING CODE COMMEF\tTAR{Y

‘The relative amounts of horizont

11.8.6 — The required distance b -- d beyond the
point theoretically required for tiorsional rein-
forcement is larger than those commonly used for
shear and flexural reinforcement. This is;desir-
able because torsional diagonal tensmn cracks de-
velop in a spiral form. P b

11.9—Special provision for deep be‘ams

" 11.9.1 — Entirely new provisions for the des1gn
of deep beams are included in the Code. They are
based on the results of more than 250 tests,31:30:12.17
and are'intended to apply only to members loaded
at the top or compression face and with a span-
depth ratio less than 5. If the loads are applied
through the sides or bottom of a member, design
for shear should be the same as for ordinary mem-
bers. The longitudinal tension reinforcement in
deep beams should be extended to the sypport,
fnd adgquately anchored by embedment, hooks,
pr welding to special devices. Truss bars are not
recommended.
: 11.9.2 — As the span-depth ratiojof a member
withou{ web reinforcement decreases, its. shear
strength increases above the shear causing diag-
onal tension cracking. Thus, in Eq. (11-22) it is
assumed that diagonal cracking occurs at the same
nommal shear stress as for ordinary beams, but
hat the shear stress carried by the concre,te will
i)e greater than the shear stress causmg dljagonal
crackmg The ratio by which it is mcreased is
g1ven by the first term of Eq. (11- 2%) wh1ch shall
1not exceed a conservatively estabhshed 11m1t of
5 .

~; Designers should note that shear stre;ses in

gexcess pf the shear stress causing qlagonal crack-
ing may result in cracking of unsightly width un-
Jess shear reinforcement is provided. .

} 11.9.3 — Based on the analysis carried out at

‘the cr1t1ca1 sections specified in th1<1s paragraph it

may b¢ determined that the member either does
not neg¢d shear reinforcement, or that shear rein-
forcement is required, in which case it shall be

.used throughout the span. (
{

11.9.4 to 11.9.6 — The mclmatmIn of daagonal

'crackmg may be greater than 45 deg ih deep

beamsl Therefore, both hor1zonta{ and vertical
shear reinforcement is required in;a deeg beam.
and vertical
shear remforcement that are selegted frtm Egq.
(11 24) may vary, as long as 11m1ts on the mini-

‘mum amount and spacing are obsegved.

Specxal attention is directed to the importance
of adequate anchorage for the shear remforce-

'ment aHorxzontal web remforcement shquld be

extended to the support and anchorrr » hr same
manner as the tension reinforcc~- mng on
the top of deep beams should satlsry requizements
sxm1lar to those for brackets and corbels. ,
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11.10—Special provisions for siabs and footings

11.10.1 — Differentiation must be made between
a long and narrow slab or footing acting as a
beam, and a slab or footing subject to two-way
action where failure may occur by “punching”
along a truncated cone or pyramid around a con-
centrated load or reaction.

11.10.2 and 11.10.3—Research studied by ACI-
ASCE Committee 326! indicated that the critical
section for shear follows the periphery at the edge
of the loaded arca. The ultimate shear stress act-
ing on this section is a function of V7/ and the
ratio of the side dimension of a square column to
the effective slab depth, h/d. The commitiee
pointed out, however, that the variable h/d can be
taken into account by assuming a pseudocritical
section located at a distance d/2 from the periphery
of the concentrated load. The ultimate shear stress

is then independen{ of h/d and equal to 4\/)"
This method was adopted for the 1963 Code and
retained 1n the 1971 Code because of its 51mp11c1t
especially for irregularly shaped column sections
and when siab openings are present near the
column.

The ultimate shea§' stress v, allowed on the un-
reinforced section may be increased by not more
than 50 percent if bars or wires are provided ats
shear remforlcementl or by not more than 75 per-
cent if shearhead reilnforcement is provided.

'l'l.l'l-—Shea;" reinforcement in slabs and fooﬁngﬁs

11.11.1 — Recent gesearch has shown that shear
reinforcement consisting of bars or wires can work
well in thin.slabs provided that such reinforce-
ment is anchored as described in Section 12.13.
Therefore, the 1971 Code has deleted the prevxous
requirement ‘that shear reinforcement in slabs be
considered only 50 percent effective and that 1t
not be con51dered effectlve in slabs with a ’chlck-
ness of less than 10 in.

The 1mportance of anchorage details for slab
shear reinforcement cannot be overemphas1zed
Some forms of slab’“shearheads” formerly usec}
such as thos(e con51§t1ng of concentric circles of
V-shaped wires may not meet anchorage requiré-
ments. Extreme carLe should be taken to assure
that shear reinforcement is accurately placed, es-
pecially in thin slabs} s

It should be noted that shear reinforcement con-
sisting of bats or wires, when used, must be dé-

signed to take all shear i excess of 2V f. which is
1/2 of the permissibfe v, for two-way action.
11.11.2 —'From "recently reported test data
design procedures were formulated for shearhead
remforcement con51s<t1n0 of structural steel shapes
in slabs at 1x§terlor olumns.!1-18 Tests in progre
indicate that, due to torsional effects, and other
peculiarities, ithe behavxor of shearheads at a slap

i
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edge differs substantially from that a:t other loca-
tions. : .
There are three basic criteria which must be
considered. First, a minimum flexural capacity
must be provided to assure that the required shear
capacity of the slab is reached before the flexural
capacity of the shearhead is exceeded. Second, the
nominal shear stress in the slab at the end of the
shearhead reinforcement must be limited. Third,
after these two requirements are satisfied, the de-
signer can somewhat reduce the negative slab
reinforcement in proportion to the moment con-
tribution of the shearhead at the design section.
The assumed idealized shear distribution along
an arm of a shearhead at an interior column is
shown in Fig. 11-6. The shear along-each of the
four arms is taken as a,V./4, where a, is the ratio
of the EI value of the shearhead to the EI value
of a composite section made" up of 'a portion of
the cracked slab, with a width equal to that of
the column plus the effective ‘depth of the slab in
which the shearhead is embedded, and V, is the
diagonal cracking shear force! However, the peak
shear at the face of the col is taken as the
total shear applied per arm, V,/4; minus the

. shear considered carried to the column by the

cbnerete compression zone of the slab. The latter
térm is expressed as (V./4) {1 — o), so that it
approaches zero for a heavy' shearhead and ap-
proaches V,/4 when a very,t light Shearhead is
Used. Eq. (11-26) then follows from ‘the assump-
tion that the inclined crackmg shear force V, is
about one-half the ultimate ' shear force Ve In
thls equation, ¢ is the capacity reduction factor
for flexure (0.9) and M, is the req‘tured plastic
moment capacity of each sh‘éarhead arm neces-
sary to assure that ultimate shear i¢ attained as
the moment capacity of the shearhea’d is reached.
"he quantity 1, is the 1ength from %he center of
the column to the point at which the,shearhead is
ﬁo longer required, and the dlstance ¢1/2, is one-
alf the dimension of the column in the direction
q}on51dered

: The test results indicated that slal?s containing
hnder-remforcmg shearheads failed at a nominal

shear stress on a critical section at the end of the
!
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shearhead reinforcement which was less than

the 1963 Code liniitation of 4\'§,. Although the
use of “over-reinforcing” ‘shearheads brought the
nominal strength back to, ‘about the equivalent of

4V §,, the limited test data suggest that a con-
servative design 1s desxrable Therefore, the ulti-

mate shear stress 1s calculated as 4\/ f¢ on an as-
sumed critical sect1on located inside the end of
the shearhead remforcement

The design critical sectxon is shown in Fig. 11-7.
It is taken through the shearhead arms three-
fourths of the distance [l (c1/2)] from the
face of the column to the end of the shearhead.
However, this assumed critical section need not
be taken any closer than-d/2 to the column.

For a practical case where the shearhead rein-
forcement extends beyond the column face a
distance equal to the column width, the nominal
stress on the section at the end of the shearhead

becomes 3.3V f,. For a very long shearhead, the
minimum nommal shear  stress at its end ap-

proaches the value of 3V 5L

If the peak shear at thg face of the column is
neglected, and the cracki‘pg load V, is again as-
sumed to be about one-half of V. the moment
contribution of the sheax:head M,, can be con-
servatively computed frorg Eq. (11- 27), in which
¢ is the factor for flﬁxure (0 9).

11.12—Openings n% slabs -)

Provisions for design of openings in slabs and
footings were developed in the ACI-ASCE Com-
mittee 326 report.}'! Some illustrations of loca-
tions of the critical section near openings and
free edges are shown in Fig. 11-8. Recent research
reported to ACI-ASCE Committee 426 has con-
firmed that these provisiqns are conservative.

11.13—Transfer of moments to columns

11.13.1 — Tes'cs11 19 hav shown that the joint
region of a beam to column connection in the in-
terior of a building does not need shear reinforce-
ment if the joint iis confined on four sides by
beams of approxir&;ately equal depth. However,
joints without 1atexja1 confinement, such as at the
exterior of a building, ne¢d shear reinforcement
to prevent deteriorétion due to shear cracking.

For regions where stromg earthquakes may oc-
cur, joints may begreqmréd to withstand several
reversals of loadmg that dlevelop the flexural ca-
pacily of the adjoining beaths.

Tests indicated that isoldted Joints designed for
the shear which inéludes the effect of the tensile
and compressive forces of the adjoining beams are
able to resist this severe loédmg

For isolated joints not spbjected to load rever-
sals, the tests indicated $§hear reinforcement is
still needed. However, joukts designed for 80 per-

f }
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cent of the ultimate shear developed the flexural
capacity of the adjoining beams.

11.13.2—In recent tests!*® it was found that
where moment is transferred between a column
and a slab, 60 percent of the momént shofild be
considered transferred by flexure across the pe-
rlphery of the critical section defined in Section
11.10.2, hnd 40 percent by eccentricity of thd shear
about the centroid of the critical seétion. Most of
the data in the paper were obtained from tests of
square columns, and little other ifformation is
available. Fig. 13-2 shows square supports having
the same area as some nonrectangu—lar members.
For rectangular columns, it is logi(ial to assume

-~
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that the portion of the moment transferred by
flexure increases as the width of the face of the
critical section resisting the moment increases.
Accordingly, this fraction was taken equal to

‘ c; +d

o '3 /‘/Cz +d
where (c. + d) is the width of the face of the
critical section;resisting the moment, and (c; + d)
is the width of the face at right angles to (c; + d).

The remainder is taken by shear,

Since the shear stresses shall be taken as vary-
ing linearly about the centroid of the critical sec-
tion, the stress distribution is assumed as illus-
trated in Fig. 11-9 for an interior or exterior

¢, +d

L t
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Fig. 1 1-9——Assumed distribution of shear stress

column. The periphery of the critical section,
ABCD, is determinéd in accord with Section
11.10.2. The gesultanf; shear V and moment M
are determined at the centroidal axis, c-c, of the
critical section. The maximum shear stress may

be calculated from :
- _ 2V ClMCAH J
.:‘VAB -—_ !Ac + Jc
or : ¢
i V ClMCAu
EVCD —_— EA - Jc .
where ) ,
' )
a = fraction of moment between slab and col-
umn which is considered transferred by
eccerntricity %f the shear about the cen-
troid of the assumed critical section
o4 )

_ < 1 1
N 2 c +'E>
14y /2 %
+ 3 ch +d .
and where, for an interior column, 4, and J, may
be calculated from

A, = area of concrete in assumed critical sec-
tion for interior columns

=2d (C; + Ca + 2d)

J. = property of the assumed critical section
analogous to polar moment of inertia for
interior columns

+ +

d(c1 +4d)® | (1 +4d)d®
6 6

d(c; +d) (c1+\d)?
2 /

Similar equations may be developed ¥or A, and
J. for the cases where columns are located at
the edge or corner of a slab.

For investigating the flexural stresses resulting
from transfer of bending moment between the
slab and column, a conservative method assigns
the unbalanced moment not transferred by shear
in-Section 11.13.2 to the critical slab section de-
scribed in Section 13.2.4. Often de51gners concen-
trate column strip reinforcement near the column
to accommodate this unbalanced moment. How-
ever, available test data see to indicate that
this practice does not increase shear strength but
may be desirable to increase the stiffness of the
slab-column junction. y

J

11.14—Special provisions for brackets and corbels

11.14.1—Provisions for the design of brackets
and corbels are entirely new,in the 1971 Code.
They are based on the results of more than 200
tests, and are intended to apply only to members
where the distance between the concergtrated load
and the face of the support is legs than d

11.14.2-11.14.5—Recent papers!® “5“ 21 have
described the development of these provisions
and have given examples of thexr use. Eq (11-28)
and (11-29) approximate and, simplify the ex-
ponential expiessions published in; Reference
11.21. Designs made in accordance with these pro-
visions will be safe in flexure ag well a$ shear.

Because brackets and corbels aré relatively
small members, details of bond, anchorage, and
bearing are very important. The following rules
resulting from experience gairded during the test
program are recognized as gaod practice in de-
tailing when using the Code provisions:

3
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1. The tension reinforcement should be an-
chored as close to the outer face as cover require-
ments permit. Welding the main bars to special
devices such as a cross bar equal in size to the
main bar is one method of accomplishing this end.

2. The depth of a corbel measured at the outer
edge of the bearing area should be not less than
one-half of the required total depth of the corbel.

3. The outer edge of the bearing area should
not be closer than 2 in. to the outer edge of the
corbel. ‘

4. When corbels are designed to resist hori-
zontal forces, the bearing plate should be welded
to the tension reinforcement.

11.15—Shear-friction

This section is new in its entirety. Virtually
all previous provisions r?gardmg shear are in-
tended to prevent diagonal tension failures rather
than direct shear ‘fallure§ The purpose of this
section is to provide a design method!! 221 23
for the instances in which direct shear must be
considered, such as in depign of reinforcing de-
tails for precast concrete structures. An experi-
mental study of shear fr1c§1on is reported in a re-
cent paper.! 24 c "

11.15.1 and 11.15.2—Uncracked concrete is very
strong in direct shear; however, there is always
the possibility that a crack will form in an un-
wanted or unexpected location. The approach is
to assume that a crack will form in an unfavor-
able location, and then to provide reinforcement
that will prevent this crack from causing unde-

sirable consequences. ‘
LY

Shear stresses aleng a crack may be resisted by
friction. Because the crack is rough and irregu-
lar, the apparent coefficignt of friction may be
quite high. To dev’elop fr1ct1on however, a nor-
mal force must be present*Thls normal force may
be obtained by pldcing remforcmg steel perpen-
dicular to the assurped crack As shear slip occurs
along the crack, tbe 1rregu1ar1t1es of the crack
will cause the oppqsmg falges to tend to separate,
stressing the remforcmg srteel in tension. A bal-
ancing compressive stress will then exist in the

concrete, and frlctllon w1}1 be developed along

the confined crack. _

Successful appllcatlon of; Section 11.15 depends
on proper selection of the location of an assumed
2% Some examples are {llustrated in Fig. 11-10.

Fig. 11-10a 1s an®end-bearing detail for a pre-
cast beam. Stirrups,or ties may be needed to en-
close the shear-friction stgel and prevent a sec-
ondary failure plane from forming around the
shear-friction steel. i

Fig. 11-10b shows; a short corbel. Depending on
geometry, the shear faxlurg mode may be either
diagonal tension orx shear-friction. It may be as-
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sumed that Eq. (11-30) is applicable when a/d
is equal to or less than %.

The limiting shear stress specified in Section
11.15.3 should be checked at the interface between
the corbel and the column. Tension reinforce-
ment, A, should be provided to resist the mo-
ment produced by V, at the face of support and to
resist the tensile force N,.

Fig. 11-10c illustrates a column face plate. The
headed “studs function as shear-friction steel, and
Should be firmly anchored 1nto the confined core
of the column.

11.15.3 and 11.15.4—The required area of .shear-
friction reinforcement is determined from Eq.
(11-30). An upper limit of 0.2f/, orl 800 psi, must
be observed for v,.

11.15.5-11.15.7—If tensile stresses are present
across the assumed crack, reinforcement for the
tension must be provided in addition to that pro-
vided fpr shear-friction. Unforeseen tensign has
caused :failures, particularly in beam bearings.
Causes of tension may be temperature, shrinkage,
creep, growth in camber due to prestress and
greep, etc. ; ;
; Since; the reinforcing steel acts in tension, it
must have full tensile anchorage oniboth sides of
the potential crack, Further, the ,shear-fgiction
steel anghorage must engage primary steel;.other-
wise, a, potential crack may pass between the
shear-friction steel and the body ofJ the concrete.
This comment applies partxcularly to \yelded
headed studs used with steel inserts for connec-
tions 1n precast concrete. Anchorage may be de-
veloped by bond, by a welded mechanical an-
chorage, or by threaded dowels and ‘screw ihserts.
Space 1§m1tatlons often necessitate a welded me-
éhamcall anchorage. ! !
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11.16—Spccial provisions for shear walls

11.16.1—Horizontal shear in the plane of a wall,
as a designl consideration, is primarily of impor-
tance for lcw shear walls. The design of higher
walls, particularly those with uniformly distrib-
uted reinforcement, will probably be controlled
by flexural considerations. It is, therefore, essen-
tiale that the flexural capacity of shear walls be
computed, along with their shear capacity.

11.16.2 — The values of v, computed from Eq.
(11-32) and (11-33) at a section located a distance
1./2 or h,/2 (whichever is less) above the base
apply to that and all sections between this section
and the base. The maximum v, at any section,
including the base of the wall, shall not exceed
the value given in Section 11.16.5.

11.16.3 — Eq. (11-32) and (11-33) predict the
inclined cracking gtrength at any section through
a shear wall. Eq. (11-32) corresponds to the oc-
currence o% a priricipal tensile stress of approxx-

mately 4V'f, at t‘he centroid of the shear wall
cross sectxon Eq” (11-33) corresponds approxx-
mately to' the occurrence of a flexural tens11e

stress of 6V fo at a section l,/2 above the sectxon
being 1nve.};t1ga1:edr -

11.16.4 — Sufficient horizontal shear reinforce-
ment is required, to carry the shear stress pex-
ceeding vg Addmonal vertical reinforcement is
required, because test data indicate that umform-
ly dlstr1bqted lon‘gltudmal reinforcement as well
as transverse shear reinforcement is needed in
_low shear walls. , |

11.16.5 — Although the width-to-depth ratlo of
shear walfs is less than that for ordinary beams,
recent tests on shgar walls with a thickness equal
to 1,./25 haave indiéated that ultimate shear stresses

up to 12V f.’ can he obtained. However, the design
shear stress v, is‘limited by the Code to a value

of 10V 7. ‘ G

i
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CHAPTER 12—DEVELOPMENT OF REINFORCEMENT

General

The development length concept for reinforce-
ment replaces the dual system contained in the
1963 ACI Code. It is no longer necessary to use the
flexural bond concept which placed emphasis on
the computation o;f nomifal peak bond stresses.
The average bond resistance over the full develop-
ment length of the bar is, more meaningful, par-
tially because all bond tests involve averaging of
bond resistance, and partially because uncalcu-
lated extreme varlations 'in local bond stresses
exist near each flexural crack.

The minimum development length is based on
the attainable average bond stress over this length.
The various l; lengths in the 1971 Code are based
directly upon the 1963 Code permissible bond
stresses, with the length increased approximately
20 percent for close spacing as was required for
closely spaced splices in the 1963 Code, i.e, l; =1.2
(f,d»/4u.) where u, is bond stress permissible.

Length 1; reverts essentially to the 1963 code
length on applying the j0.8 factor of Section
12.5(d) for bars spaced at least 6 in. on centers.

It should be recdognized that the development
lengths specified ate required in a large measure
by the tendency of highly stressed bars to split
thin sections of restrammé concrete. A single bar
embedded in a mass of concrete does not need as
great a value of I, although a row of bars, even in
mass concrete, canreate a weak plane. The Code
does not indicate what reductions in l; might be
appropriate in mass concrgte, away from corners
and edges because insufficient data are available.

In application, tHe development length concept
requires the specified mihimum lengths or ex-
tensions of reinforcéement bieyond all points of peak
stress in the bars.t Such peak stresses generally
occur at the points spec1f1ed in Section 12.1.3.

An understrength factori (¢) is not used in this
chapter. The specified development lengths al-
ready include an allowancsg for understrength. The
required lengths are the same for either the gen-
eral design method or the alternate design method,
since 1y is based on;if, in either case.
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72.1—Develcpment requirements—General

12,1.1 — From a point of a peak bar stress some
length of bar, or anchorage, is necessary through
which to develop the stress. This development
length or anchorage is necessary on both sfdes of
such peak stress points, on one side to txiansfer
stress into and on the other to transfer stress out
of the reinforcement. Often the bar continues so
far on one side of the critical stress point that cal-
culations need involve only the other side, €g., the
negative moment bar continuing on thrdugh a
supporf to the middle of the next span.

12.1.3 — Critical sections for a typical continuous
beam are indicated with a “c” or an “x” in Fig.

A2-1. For uniform loading, the positive reinforce-

ment extending into the support is more apt to
be governed by the requirements of Section 12.2.3
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than by development length measured from a
pont of maximum moment or bar cutoff.

1214 — The moment diagrams customarily
used 1n practice are approximate in nature. Some
shifting of the location of maximum moments
may occur due to changes in loading, settlement
of supports, lateral loads or other causes.

It has also been shown that a diagonal tension
crack in a flexural member without stirrups may
shift the location of the calculated tensile stress
approximately a distance d towards a point of zoro
moment. When stifrups are provided this effect
is less severe, although still present to some ex-
tent. .

To provide for shifts in the location of maxi-
mum moments, the Code requires the extension
of reinforcement a:distance d or 12d, beyond the
point at which 1t is no longer required to resist
flexure, except as noted.

Cutoff points of pars to meet this requirement
are 1llustrated in Fig. 12-1. -

When bars of djfferent sizes are used in the
member, the extension should be in accordance
with the diameter of bar being terminated. A bar
bent to the far face of the beam and continued
there may logically be considered effective, n
satisfying this section, to the point where the bgr
crosses the rmddep(th of the member.

1215 — Peak stpesses exist in the remammg
bars wherever adjacent bars are cut off, or bent,
in tension regions. In Fig. 12-1 an “x" mark is
used to indicate theg peak stress points remaining
in continuing bars; after part of the bars have
been cut off. If bars are cut off as short as the
moment diagrams gllow, these peak stresses be-
come the full f,, which requires a full l; exten-
sion as indicated. This extension may exceed the
length requu‘ed for 1l ;exure

12.1.6 — Ev1dencq of reduced shear capacity and
loss of ductility when bars are cut off 1n a tension
zone, as in Fig. 12-1chas accumulated since 1963. :

Flexural bars may not be terminated in a ten-
~ sion zone unless special conditions are satisfied.
Flexure cracks tend to open early wherever any
reinforcing bars aré terminated in a tension zone.
If the steel §tress 1n the remaining bars and the
shear stress are each near their allowable valueg,
diagonal tension cracking tends to develop pre-
maturely f{rom these flexure cracks. Diagonal
cracks are léss likely to form where shear stress
1s low (Sectjon 12 fé6 1). Diagonal cracks can be
restrained by closely spaced stirrups (Sectlon
12.1.6.2). A lower steel stress reduces the probq-
bility of such dlagonal cracking (Section 12.1.6.3).
The first anld secox}ﬁd of these specified correc-
tive measures have been relaxed slightly and the
third made more redtrictive than the counterparts
In the 1963 Code, af%er consideration of recent re-

a8

search. These requ1rements are not 1ntended to
apply to tension splices which are completely cov-
ered by Sections 7.6, 12.13.4, and the related
Section 12.5.

12.2—Positive moment reinforcement

12.2.1 — Specified amounts of positive moment
reinforcement must be carried into the support
to care for shifting of moments as loads change.

12.2.2 — When the flexural member is part of
the primary lateral load rosisting system, loads
greater than those anticipated in the design may
cause reversal of moment at the support; some
positive reinforcement should be well anchored
into the support. This anchorage is required to
assure ductility of response in the event of serious
overstress, such as from blast or earthquake. It
is not sufficient to use more bars at lower stresses.
Th1s anchorage requirement does not apply to any
excess bars provided at the sectlon

12.2.3—At simple supports and points of in-
flection, such as those marked “PI” in Fig. 12-1,
the diameter of the positive; reinforcement must
be small enough so that computed development

~ length of the bar l; does not éxceed M,/V, 4 1,, or

1.3 M,/V, + 1, under favorablle suppdrt conditions.
Fig. 12-2 illustrates the use of the p{owsmn Note
that M, is theoretical strength of the cross section
without the ¢ factor and is hot the ‘external mo-
ment. The length M,/V, cofrespon{is to the de-
velopment length for the maximum size bar ob-
tained from the previously used ﬂexural bond
equation S0 = V/ujd, where u is bond stress and
3d is moment arm. This anéhorage requirement
has been relaxed from prev1ous Codes by credit-
ing the available end anchorage length 1, and by
including a 30 percent mcre[ase for’ M,/V, when
the ends of the remforcement are cJonfmed by a
c]-ompresswe reaction. ,

As an example, consider #11 bars used in Fig,
12 2, under conditions wheré 1;, as 'computed by
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Section 12.5, is 0.04Af,/V f,. This bar is satis-

factory only if (0. O4Abf,,/\/f "y does not exceed
1 3 Mt/Vu + l "

The 1, to be used at 1pomts of inflection is
limited to the effective beam depth d or 12 bar
diameters (12ds), whlchever is greater (Fig. 12-3).
This limitation is added since test data are not
available to show that long anchorage length will
be fully effective in developing & bar in a short
longth batweoen the polnt o£ {nflaation and & paint
of maximum stress.

12.3—Negative moment reinforcement ‘

Fig. 12-4 and 12-5 illustrate two methods of sat-
isfying requirements for anchorage of tension bars
beyond the face of support. The anchorage value
of a hook, plus an extension beyond the hook,
should not be counted aS\greater than that of a
hook unless a 1arge; than minimum radius of bend
is used, or the hook is in confined concrete.

Section 12.3.3 prqvides for possible shifting of
the moment d1agrax:n at a gominal point of inflec-
tion, as discussed ux}der Segtion 12.1.4 in this Com-
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mentary. This requirement may exceed that of
Section 12.1.4, and the more restrictive of the
two provisions will govern.

12.4—S3pecial members

Special members include brackets members of
variable depth, and any others where steel stress
fo does not decrease linearly in proportion to a
decreasing moment. For example, for the bracket
shown in Fig, 12-6, an 1 from the support is prob-
ably less critical than the required development
length for a slightly smaller f, existing near the
load point. In such a case, safety depends largely
on the end anchorage provided at the loaded end.
Reference 12.1 suggests a welded cross bar of
equal diameter as a means of providing good end
anchorage. An end hook in the vertical plane has
such a large bending radius as to, leave essen-
tially a plain concrete corner which is weak.
Where brackets are wide, perpendicular fo the
plane of the figure, and loads are not applied close
to the ,corners, U-shaped bars in a horizontal
plane provide effective end hooks.
f . 3 bl
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12. 5—Deve|opmeniL length of deformed bars and

deformed wnr[e in ?ensnon

This section provides specific l; requirements to
be used with various bar sizes and deformed wire,
including mod1flcatlon factors for top bars, yield
stress greater than. "60 ksi, lightweight concrete,
wide lateral spacing between bars, and other
conditions.

The factors of Sectlon 12.5(b), 12.5(¢), and
12.5(d) are multiplied together when more than
one is applicable and provide a composite con-
stant which is multiplied by the basic develop-
ment length as obtained in Section 12.5(a), for
either bars or deformed wire. Thus for many
cases the basic Iy far deformed bars is given by

0.044.f,/V ;/ but top bars with f, greater than 60
ksi would require two special factors, as follows:

lo = (0.044,f,/VF) X 1.4 X (2 — 60,000/,)

Similarly, the same bars spaced at least 6 in. op
centers would perm1t the use of a third factor: ,

le = (0.04A4,/V /X X 1.4 X (2 — 60,000/f,) X 0.8
It should be noted that the basic I is required to
be at least 0.0004d)f, for #11 or smaller bars,
which controls only when bars are very small,
usually less than #5‘ or #6. The lengths obtame&
from Section’ 12.5(aj are approximately 20 pexr-
cent longer than tho§e of the 1963 Code to prov1de
for close spacings of‘bars, and when multiplied b}
the 0.8 factor provided in Section 12.5(d) for z
" wider spacing, becdme essentially the same as
those of the 1963 Code.

Fig. 12-7 shows astypical case where alternate
long and shqrt bars are used in one layer. The
spacing used:in applying Section 12.5(d) for Bars
y may be taklen the same as for Bars x, since Bars
y are developed in Length BC while Bars x are
already developed in Length AB.

ki

12. 6-—Deve|opment Iength of deformed bars m

compression ! 11 ‘

The weakepmg effect of flexural tension crackls
is not present for gompression bars and usually
end bearing of the ?ars on the concrete is bene-
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ficial. Therefore, shorter development lengths have
been specified for compression than for tension.

12.7—Development length of bundled bars

An increased development length for individual
bars is required when three or four bars are

bundled together. The extra extension is needed

because the grouping makes it more difficult to
mobilize resistance from the “core” between the
bars.

The designer should also note Section 7.4.2 re-
lating to the cutoff points of individual bars of
the bundle and Section 7.5.3 relating to splices of
bundled bars.

12.8—Standard hooks

Hook anchorage tests performed at Carnegie
Mellon University'?2? have reinforced the belief,
reflected in the 1956 and 1963 ACI Codes, that the
anchorage capacity of a hook in mass concrete is
typically about the same as that of axstraight bar
with the same embedment length. Hooks in struc-
tural members are often placed relatwely close to
a, free surface where splitting forces youghly pro-

prt1ona1 to the total bar pull may determine the
hook capacity. Additional restraints, therefore,
were imposed in updating the anchorage values
of hooks from those in the 1963 Code, When f,’ =
3000 psi is used, (1) the tensile stress was limited
to 0.5f,, which is similar to that allowed for
Grade 40 steel in the 1963 Code, (2) the tensile
force was limited in any bar to 50,000 lb, and (3)
the average bond stress over the equivalent em-
bedment length I, was limited to the allowable
bond stress in the 1963 Codg Table 12-1 shows
tixe maximum tensile force which 1s considered
developed by a standard hook’ with f = 3000 psi

usmg the constants for standard hoo%-:s ¢ of this -

Code The footnotes indicate the 11mits which in-
6 X
TABLE 12-1—MAXIMUM TENSILE FORCE, POUNDS,

! DEVELOPED IN STANDARD HAOKS
! FOR f/ = 3000 PSI ¢

! fy = 60 ksi ) fu &= 40 ksi
Bar Other Other
size Top bars bars ETop bars bars
#3 3,250* 3,250* | 2,170% 2,170°
: 5,920 5920* | ¢ 3,940* 3,940°*
#5 9,170t 9,170 | * 16,1109 6,110*
#6 10,850 13,020* | ! 8,680¢ 8,680*
#7 11,830 17,750* 11,8304 11,830°
#8 15,580 23,370* | . 15,580% 15,580
#9 19,720 29,580* | : 19,7204 19,720*
10 25,040 33,390t | » 25,040f 25,040*
t11 30,760t 35,880 ' 30,7601 30,760°*
#14 40,6601 40,660 * 40,6607 40,660
#18 48,2008 48,200¢ | ¢ 48,2009, 48,2004

“#Tensile stress slightly less than osﬂ for fo' = 3000 psi.

tBond stress based on equivalent development"length ls, about
je;qualagz‘;oor less than specified 1n Sectjon 1801 of ACT '318-63 for
¢ =

'xTotal force limited to less than 50 }prs for fu( = 3000 psi.
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fluenced the selection of ¢ values. The Code no
longer includes the clause authorizing hooks to
be evaluated as bar extensions.

In compression, hooks are ineffective and can-
not be used as anchorage. i

[
12.9—Combination development length

The total development ﬁength of a bar simply
consists of the sum’of all 1ts parts.
1 ~

12.10—Developmem of wplded wire fabrie

12.10.1 — Fig. 12-8 shows the requirements for
smooth wire fabric with devel8pment wholly de-
pendent on the location of cross wires.

12.10.2 — In the referenced deformed wire
fabric specifications, welds are not required to be
as strong as those required for smooth wire fabric.
Hence, some of the development is assigned to
welds and some assigned to the length of de-
formed wire. ‘ i

: ] p
12.11—Development length of prestressing strand

The requirements are intended to provide bond
integrity for the load capacity of the member.
The provisions aré basedilon tests performed on
normal weight comcrete members with a mini-
mum cover of 2 in. These tests may not repre-
sent the behavior of strand in low water-cement
ratio, no-slump concrete, Fabrication methods
should insure consolidatiog of concrete around the
strand with complete contact between the steel
and concrete. Extra precautions should be exer-
cised when low water-cement ratio, no-slump con-
crete is used. In general, {thls section will control
only for the des1gf1 of cantilever and short-span
members. The requ1reme t of doubled develop-
ment length for strand n?t bonded to the end of
the member is also based on recent research.1?3

The expression for development length 13 may
be rewritten as:

3
n

ld = '13& db"ﬂ] (fau —fae)db

5

where I; and d, are in inéhes, and f,, and f,, are
in kips per sq in. 1 i

The first term Fepreseits the transfer length
of the strand, i.e.} the djstance over which the
strand must be borided tojthe concrete to develop
the prestress f,. in the sfrand. The second term
represents the additionalilength over which the
strand must be bonded sp that a stress f,, may

develop in the strdnd at dltimate strength of the
member. ] d

i

The variation of Strand gtress along the develop-
ment length of the strandus shown in Fig. 12-9.

The expressions ifor trarésfer length, and for the
additional bonded length hecessary to develop an
increase in stress of (fe. = fi) are based on tests

CHH IR
wdanlbiiva

COBE COMMENTARY

o1 members prestressed with clean, ¥4, %, and %
. diameter sirands for which the maximum
value of f,, was 275 kips sq in.123 124

The transfer length of strand is éa function of
the perimeter configuration area and surface con-
dition of the steel, the stress in the steel, and
the mcthod used to transfer the steel force to the
concrete. Strand with a slightly rusted surface can
have an appreciably shorter transfer length than
clean strand. Gentle release of the strand will
perimal a shorter transfer length than abruptly
culling the strands.

The section does not apply to plain wires nor
to end anchored tendons. The length for smooth
wire could be expected to be considerably greater

‘due to the absence of mechanical interlock. Flex-

ural hond failure would occur with plain wire
when [irst slip occurred.
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Fig. 12-11—Anchorage of welded plain wire fabric U-stirrups

12.12—Mechanical anchorage

Mechanical end anchorage can be made ade-
quate for strength both for prestressing tendons
and for bar reinforcing.

12.13—Anchorage of web reinforcement

12.13.1 — It is especially important for stirrups
to be carried as close to the compression face! of
the member as possible because near ultimate
load the flexural tension cracks penetrate degep-
ly. The requirements for anchoring U-stirrups are
illustrated in Fig. 12-10.

12.13.1.1 When a standard hook is used, 0.5l4
must be provided between d/2 and the point of
tangency of the hook. Line A in Fig. 12-10 indi-
cates the point of tangency of the hook. )

This proyision may require a reduction in size
and spacing of web reinforcement, or an in-
crease in the effective depth of the beam. If is
important to obsetve this requirement so that the
web reinforcement will be effective.

12.13. 14 The requirements of the Code with
regard to anchorage of welded plain wire fabric
stirrups are illustrated in Fig. 12-11. 1

1
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12.134 — A new requirement has been added
to cover lapping of double U-stirrups to form
closed stirrups. Note that the requirement always
controls over the provisions of Chapter 7.
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CH‘APTER 13—SLAB SYSTEMS WITH MULTIPLE SQUARE OR
i . RECTANGULAR PANELS :

In ACI 318-63 and earlier ACI Codes, the design
of reinforéed concrete slab systems has been
handled in'different categories because of the His-
tory of development of various types of slabs.131
Chapter 13pof ACI ?18 -71 represents a major change
from this practlce; in that all slab systems rein-
forced for ,structural stresses in more than éne
direction, with or without beams between stp-
ports, are designed on the basis of the same funda-
mental principles, The design methods given, in
this chapter are bafed on analysis of the resu1t§ of
an extensive serieg of tests®*139 and the well ‘es-
tablished performance record of various slab sys-
-fems. g ) :

Much of ‘Chaptef 13 is concerned with the selec-
tion and distribution of flexural reinforcement; It
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is, therefore, advisable before dlscu‘ssmg the vari-
ous rules for design, to caution thg designer that
the vital problem related to safety of the slab sys-
tem is the transmission of load from the slab tn
the columns by flexure, torsion, gnd shear. De-
sign criteria for shear and, torsioi in slabs are
given in Sections 11.10 through 11.13.

13.1—Scope and definition3 f

13.1.1 — The fundamentalzdesxgn ‘prmc1p1es con-
tained in Chapter 13 are agphcabl@ to all planar
structural systems subjected to transverse loads.
However, some of the specific design rules, as
well as historical precedents, limit the types of
\structures to which Chapter 13 is applicable. Gen-
yeral characteristics of slab systems, which may be

: r
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designed according to Chapuer 13 are described in
this section. These include “flat slabs,” “flat
plates,” “two-way slabs,” and “waffle slabs.” True
“one-way slabs,” slabs reinforced to resist flex-
ural stresses in only pne direction, are excluded.
13.14— A panel, by definition, includes all
flexural elements between, column center lines.
Thus, the column strip includes the beam, if any.

13.1.5 — For monolithic or fully composite con-
struction, the beams include portions of the slab
as flanges. Two examples of the rule in this sec-
tion are provided in Fig. 13-1.

13.2—Design procedures

13.2.1 — This section permits a designer to base
a design directly on fundamental principles of
structural mechanics, provided he can demon-
strate explicitly thatt all safety and serviceability
criteria are satisfied. The éemgn of the slab may
be achieved through the cdmbined use of classic
solutions based on @ lineatly elastic continuum,
numerical solutions based on discrete elements, or
yield-line analyses, including, in all cases,
evaluation of the stress conditions around the sup-
ports in relation to’shear and torsion as well as
flexure. The designer mus} consider that the de-
sign of a slab system inyolves more than its
analysis, and justify any deviations in physical
dimensions of the slab from common practice on
the basis of his knowledge of the expected loads
and the reliability of the calculated stresses and
deformations of the structure

13.2.2 — Two des1gn methods are specified in
detail in Chapter 13, The Dérect Design Method 1s
similar to the empirical thod of the previous
Codes, but now applies toj slabs with beams as
well as to flat slabs gnd flatplates. Some modifica-
tions have been mad‘e to the limitations for use of
the direct design method (s‘ee Section 13.3.1). The
Equivalent Frame Methodsxs comparable to the
elastic analysis of tI;)e previous Codes and also is
applicable to slabs with and, w1thout beams.

13.2.4 — This section is concerned primarily with
slab systems without beams. Tests and experience
have shown that, wunless (special measures are
taken to resist the térsionahand shear stresses, all
reinforcement resisting that part of the moments
to be transferred to:the column by flexure should
be placed between lines that are half the slab or
drop panel thickness, h/2, on each side of the col-
umn. The calculated’stresse§ in the slab around the
column must conform to 4the requirements of
Sections 11.10, 11.11,11.12, ad 11.13,

Hi
i

(5%

e
13.3—Direct designi methog

The direct designi methofl consists of a set of

rules for the proporyiomng tof slab and beam sec-
3
{
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Fig. i3-l—Examples of the portion of slab to be in-
cluded with the beam under Section 13.1.5

tions to resist flexural stresses. The rules have
becn developed to satisfy tha safety requxrements
and most of the serviceability requirements si-
multaneously. Methodologically, the direct design
method compares with the “empirical method” for
the flat slabs included in preceding editions of the
ACI Code. However, the range of applicability of
the method has been much extended in relation
to the “empirical method.”

The direct design method involves three funda-
mental steps, as follows: ' i

- 1. Determination of the total de51gn moment
(Sectxon 13.3.2)

* 2. Distribution of the total design moment to
design sections for negative and positive moment
(Sec‘non 13.3.3) !

3. Distribution of the negative and positive de-

sign moments to the column and middle strips
and to the beams, if any (Section 13.34)
' 13.3.1 Limitations — The direct désign mbthod
was developed from considerations f theoretical
procedui’es for the determination of momefits in
slabs with and without beams, reqmremenls for
simple design and construction procedures, and
precedents supplied by performancel of slab sys-
tems. Clonsequently, the slab systeln to be de-
signed using the direct design method must con-
form to the limitations in this section, '

13.3. 1 1 The primary reason for the limitation
m this sec’uon is the magnitude of ‘the negatlve
moments at the interior support m] a structure
with on{y two continuous spans. ThF rules given
for the direct design method assume tacitly that
the slab;system at the first interior pegativLe mo-
ment secr'tlon is neither fixed agamst rotation nor
qlscontn;uous 3
b

13.34.2 If the ratio of the twofspans t(long
span/short span) of a panel exceeds &WO the slab
resists the moment in the shorter spdn essemtlally
as a onet -way slab. The limiting ratioi has betn in-
creased :from the 1:33 limit stlpulated fo; the
empmcial method” of the 1963 Code. ! 5

© 13.3}1.3 The limitation in this dection }rs re-
lated to khe possibility of developmg(negatn‘e mo-
ments ai or near midspan. The limiting variation
in span lengths has been increased from that for

the 1963 c“emp1r1ca1 method.” :

1 13.3.1.4 In keeping with previous! pract1ce, the

dfe&gnerhs permitted to offset the columns within
specified limits from a regular rectangular artay.
: ; ¢

H
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13.3.1.5 This section relates to the effect of
pattern loads. No limitation of ratio of live load to
dead load .was placed on the use of the “empirical
method” in 1963,;but as stated above, the limita-
tions on span ratms and length to width ratios
have been relaxed.

13.3.1.6 The elastic distribution of moments
will dev1ate 51gn1f1cantly from those assumed in
the direct design method unless the given re-
quirements for stiffness are satisfied.

13.3.1.% Tho designor is pormitted to uea the
direct de51gn method even if the structure does
not fit the limitations in this section, provided
that he can show by analysis that the particular
limitation does not apply to that structure. For
example, in the case of a slab system carrying a
nonmovable load (such as a water reservoir in
which the load on all panels is expected to be the
same), the designier does not have to satisfy Sec-
tion 13.3.1:5.

13.3.2 Total static design moment for a span

13.3.21 Eq.- (13-2) follows directly from
Nichol's derivatidni®1® with the simplifying- as-
sumption that fhe reactions are concentrated

along theffaces 6f the support perpendiculat to .

the span ¢onsidered. In general, the designer Wwill
find it expedient!to calculate static moments for
two adJacent half1 panels, which include a column
strip w1th a half middle strip along each 51d§e as
shown in }Flg 13k,

13.3.2.2 If the‘calculated value of 1, is less than
0.651;, thé span should be considered as b%mg
0.651;. If a supportmg member does not have a
rectangular cross section, it is to be treated bs a
square support having the same area, as illus-
trated in Fig. 13-3. L

13.3.3 Negatwe] and positive design momenfs —
The rules for assigning the total design morpent
to the negat1ve and positive design moments’ are
summarlzfd in Fig. 13-4. The proportions - are
based on “three- dlmensxonal analytical studles of
elastic distribution of moments in various slab
configurations té‘mpered by the d1str1but10ns of
moments that have been in use.

13.3. 3§ The ‘term % in the equations of this
section 1s;the flexural stiffness of an equivalent
exterior column K. relative to the flexural sﬁ’uff-
ness of the slab and the beams, if any. The calcula-
tion of K“ is described in Section 13.4.1.5, and zules
are given_ ‘for the,calculation of K, and K, in (Sec-
13.4.1.4, all in connection w1th
the equivalent frame method. Since the use of the
direct design m {thod is limited by the require-
ments of Sectlom 13.3.1, it is permissible to fnake
certain 51mp11f1cat10ns in the calculation of Qep for
use in Seétion 13.3.3. 3, as follows: ."

I

1
1. The istlffness of the slab-beam K, may be
calculated using {2 uniform cross section between
column center lines, disregarding the requirement
e

4
i

X
i
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1/2 Column strip, Ponel A
1/2 Middie strip, Panel A—\ \

-O---

1/2 Column strip, Panei B
/ /—-I/Z Middle strip, Ponel B

m

\ Panel B :

Paonel A

)

Y Y
lA/Z —"—15/2

M, Colculated for hatched area

Fig. 13-2—Suggested area to be considered in calcu-
lating static moments under Sectjon 13.3.2.1

—p

Fig. 13-3—Examples of equivalent square section for
nonrectangular supp;orﬁng members

- |
NEGATIVE AND POSITIVE DESIGI}J MOMENTS

NEEEEN Y SERIREE . AN

Fig. 13-4—Summary of rules for dividikg the total stati
moment or the total design moment nto negative anc
positive design moments

r

of Section 13.4.1.4, and the incrkase in coluran
stiffness K, provided by fhe capital may be ne-
glected, disregarding the requirefnent of Section
13.4.1.3. Since both of th&se 51mp11f1cat10ns lead
to less stiff elements, one should not be made
without the other in order to' minimize the
change in relative stiffness

2. The requirement in?¥ the last sentence of
Section 13.4.1.5 may be waived ij calculations of
a., for use with the direct design method.
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3, If a corner column is the same size as an
adjacent exterior column, it will be acceptable to
use for the corner column the value of @, com-
puted for the adjacent exterior column. This ap-
proximation will usually lead to somewhat smaller
exterior negative design moments and somewhat
larger positive and interior negative design mo-
ments than the more rigorous analysis required
for the equivalent frame method.

The detalling of the reinforeement transferring
the moment from the slab to the exterior column
is critical to both the performance and the safety
of flat slabs without edge, beams or equivalent
cantilever slabs. This reinforcement must be
placed in accordance.with Section 13.2.4.

13.3.3.4 The differences in slab moment on
either side of a column or other type of support
must be accounted for in the design of the sup-
port. If an analysis is mdde to distribute un-
balanced moments, flexural’stiffness may be ob-
tained on the basis of the' gross plain concrete
section of the members involved.

13.3.4 Design moments and shears on column
and middle strips artd beamts — The rules given
in this section for assigning mloments to the middle
strip, column strip, ahd beafns, if any, are based
on studies of momehts in {inearly elastic slabs
with different beam!stiffnefsests:1s tempered by
the moment coefficiehts that have been used suc-
cessfully in the past. *

Where walls are us%d as sulpports along column
iines, they can be regarded as very stiff beams
with an a; I./l;, valug greatfer than one. Where
the exterior support consists of a wall perpendi-
cular to the direction in which moments are being
determined, 8: may be taken as zero if the wall
1s of masonry without; torsional resistance, and 8,
may be taken as 2.5 for a concrete wall with great
torsional resistance which is monolithic with the
slab. ; ;
13.3.4.2 The effect of the torsional stiffness
parameter 8, is to assign all qf the exterior nega-
tive design moment togthe column strip, and none
to the middle strip, unless the beam torsional
suffness 1s high relative to the flexural stiffness
of the supported slab.n the Qefinition of B, the
shear modulus has been takenras E.,/2.

13.3.4.7 and 13.3.4.8:The tributary area for the
shear on an interior fneam is shown shaded in
Fig. 13-5. If the stlffnéss for n(the beam o,l,/1; is
less than one, the shear on the beam may be ob-
tained by linear interpolation. For such cases, the
beams framing into the colurﬁ\n will not account
for all the shear force applied on the column.
The remaimning shear 1force will produce shear
stresses in the slab ax;ound the column which
must be checked in the same manner as for flat
slabs, as required by: Section 13.3.4.8. Section
13.5.4.7 does not apply ‘!to the fcalculation of tor-

t
nupoNe PANE COVIMENTARY

Fig. 13-5—Tributary area for shear on an interior beam

sional moments on the beams. These moments
must be based on the calculated flexural ,mo-
ments acting on the sides of the beam. '
¢ 13.3.4:10 Design moments perpendicular to, and
at’ the edge of, the slab structure must be tfans-
mitted to the supporting columns or walls. Tor-
sional stresses caused by the momentrassigned to
the slab should be investigated. ) |
13.3.5 Moments in columns and walls |
13.35.2 Eq. (13-3) refers to twg adjoining
spans, with one span longer than the other,!the
full load applied on the longer span and onlyithe
dead load applied on the shorter spam. The term
a. refers to the flexural stiffness of the colufnns
between the two spans. L
In the calculation of a., 1t is permissible tc make
thé simplifications given as Items (1) and (2) in’
the commentary on Section 13.3.3.3. In addition,
whien applying Eq. (13-3) to determire the o-
ment in an exterior column in a direction parallel
to the edge of the panel, it is conservative, and
therefore permissible, to use in Eq. (13-?) the
value of d.. computed for the adjaceht intefjior
collimn, p‘x('ovided the columns are off the same
size. t
13.3.6 Pr%wisions for effects of pattern loading —
The requirements in this section limit the possible
increases in moment as a result of pattern loadirr;lgs
at the service load level and are based on analyti-
cal’ and éxperimental studies summarized 'in
Reférence 13.12. Values of the columh flexutal
stiffpess i, required "to limit the irlxcreaseFin
bending moment caused by pattern loads to less
than' 33 pertent, are listed in Table 13.3:6.1 of the
Code as a ratio of the flexural stiffness of }he
slabisystem‘ If the columns of a particular stryc-
ture do not satisfy the required valug of o,
the ositlvé moment in the slab must be ip-
creased in accordance with Eq. (13-4). 4 :
When applying Eq. (13-4) to moments in the
half Licolumn strip parallel to an exterior panel
edge; it 1s ccﬁnservative, and therefore permissxbfe,
to us;e in Eq. (13-4) the value of a, computed f{or

> ‘ 3 }



the adjacent interior column, provided the col-
umns are oﬁ the same size.

13.4—Equivalent frame method

The equivalent frame method involves the rep-
rescntation of the ‘three-dimensional slab system
by a series of two-dimensional frames which are
then analyzed forjloads, either vertical or hori-
zontal, acting in the plane of the frames. The
moments so determmed at the critical design sec-
tions of the frame are distributed to the slab
sections in accordance with Section 13.3.3.

The equivalent frame method is éomparable t¢
the “elastic analysis” for flat slabs of previous
ACI Codes. On the basis of studies reported 1in
References 13.13, 13.14, and13.15, the equivalent
frame method has been dev1sed to prov1de a better
representation in two d1me‘n51ons of a three-di-
'mensional system through the stratagem of de-
fining flexural stiffnesses whlch réflect the tor-
'sional rotations possible in the three-dimensional
system “

13.4.1.1 The application of the requirements of
‘this section to a regular structure is illustrated

TABLE l3 I—MOMENT DISTRIBUTION CONSTANTS“‘
R
i
1: LY LYY
o AL : \
- _.*: |25hl /<1~“ AN ——
‘ $ £ /6 —ope—— 28,/3 4,76 —»| / |
¢ ¢ 2 ¢ "
~— ——— — 1 -
-~ Column Uniform load Stiffness Carryover' ’
. dimension  |FEM = Coef. (wl2l;2) factort factor v
L kia 2t} 1 ¢
5 ch 15 Mas Maa kan kpa COFas COFBa
¢ 0.00 0.083 0.083 4.00 4.00 0.500 0.500
q 0.05 0.083 0.084 4,01 4.04 0.504 .500
' 0.10 0.082 0.086 4,03 4.15 0.513 .499
0.00 0.15 0.081 0.089 4.07 4.32 0.528 0.498
0.20 0.079 0.093 4.12 4.56 0.548 0.495
0.25 0.077 0.097 14.18 4.88 0.573 0.491
0.30 0.075 0.102 .4.25 5,28 0.603 0.485
0.35 0.073 0.107 4.33 5.78 0.638 0.478
0.05 0.084 0.834 L 4.05 4.05 0.503 0.503
0.10 0.083 0.086 4.07 4.15 0.513 0.503
: 0.15 0.081 0.089 14,11 433 0.528 0.501
0.05 0.20 0.080 0.092 “4.16 4.58 0.548 499
0.25 |- 0.078 0.096 4.22 4.89 0.573 .494
- 0.30 0.076 0.101 4.29 5.30 0.603 0.489
; 0.35 0.074 0.107 4.37 5.80 0.638 0.481
0.10 0.085 0.085 4,18 4.18 0.513 0.513
| 0.15 0.083 0.088 4,22 4.36 0.528 0.511
0.10 0.20 0.082 0.091 -4.27 4.61 * 0.548 0.508
. 0.25 0.080 0.895 -4.34 4.93 0.573 0.504
' 0.30 0.078 0.£00 441 | 534 0.602 0.498
] 0.35 0.075 0.105 450 5.85 0.637 0.491
¢ 0.15 0.086 0.086 4.40 4.40 0.526 &.526
0.20 0.084 0.090 4.46 4.65 0.546 0.523
6:15 0.25 0.083 0.694 -4.53 4,98 0.571 519
v ; 0.30 0.080 0.099 4,61 5.40 0.601 513
3 : 0.35 0.078 0.}04 4.70 5.92 0.635 0.505
K 0.20 0.088 0.688 4,72 4,72 0.543 0.543
0.20 0.25 0.086 0.692 479 5.05, 0.568 0.539
0.30 0.083 0.697 “4.88 5.48 0.597 0.532
0.35 0.081 o.1§02 4.99 6.01 0.632 0].524
0.25 0.090 0.090 .5.14 5.14 0.563 0.563
0.25 0.30 0.088 0.095 [5.24 5.58 0.592 0,556
0.35 0.085 0.{00 15.36 6.12 0.626 0}548
0,30 0.30 0.092 0.092 -5.69 5.69 0.585 0,585
0.35 0.090 0.q97 5.83 6.26 0.619 0576
o _035 | 035 | 0095 | odhs | 642 | ez | oso0 | osos
. b = . -
Smrll\é:p&'iﬁzla blg sﬁv;}sﬁy i;xﬂérror cz/la. For ogher relationships between these ratios, the) con
}
1Stiftness 15, Kyp = k4pF 3o , and KB% = kepaE- S )
I
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in Fig. 13-6. The shaded areas represent the cx-
tent of one interior and one exterior frame in a
given direction. See also Reference 13.15.

13.4.1.2-13.4.1.7 These sections permit simplifi-
cations which may' be used in analyzing the
frame. The use of a high-speed computer may
make it easy to use a comprehensive analysis with-
out resorting to these simplifications.

13.4.1.4 This section stipulates a finite mo-
moent of inertia for the slab-boam frem the face
of the column or capital to the center line of the
support to account for the flexibility of the slab
on the “sides” of the column in that portion of
the span. Fixed-end moments for uniform load,
stiffness factors, and carryover factors for slabs
without beams and having a varying moment of
inertia in accordance with Section 13.4.14 are

13.4.1.5 This section modifies the column flex-
ural stiffness to account for the torsional flexi-
bility of the slab. The intent of this section is
illustrated by the simplified physical model in
Fig. 13-7 which represents a column'AB, extend-
ing above and below the slab, with a portion of
the slab CD attached thereto. A moment M ap-
plied along CD will cause a torsional rotation of
the “cross beam” CD as well as a flexural rota-
tion of tha célumn. Thus, tha rotational restraint
on the slab-beam which spans in a direction
perpendicular to AB and CD, depends on both
the torsional rotation of CD and the flexural ro-
tation of AB.
~The overall flexibility, 1/K,. of the composite
element shown in Fig. 13-7 is assumed to be the
sum of the flexibility of the columns, 1/3K,, and
the torsional flexibility of the “beam”, 1/K,, as

Ti2h

listed in Tables 13-1 &nd 13-2r (Reference 13.16). g1ven in Eq (13-5) in the Code. ( )
< TABLE 13-2—MOMENT DISTRIBUTION CONSTA.N_TS* 4
/‘W \ — CiB \\
IEREIRRRRET IR RN e sy
A MR A P R et - X
hl ] "’)VvA
‘pl 1 ] ‘=|‘ {
I H ¢_ // .
. . [ S S
1 Column Uniform load " Stiffness Carryover
d1men51on FEM = Coef. (wl2l12) i factort factor
C;'A 1B " ! : '
i o Mas Mpa Ran ‘kpa | COFas | COFsa ’
N 0.00 0.088 0.088 418 Tang 0.541 0.541
c 0.05 0.087 0.089 4,80 ¢4.82 0.545 0.541
Q.10 0.087 0.090 .83 ]4 94 0.553 0.541
O.éO 0.15 0.085 0.093 .87 °5.12 0.567 0.540
0.20 0.084 0.096 4.93 *5.36 0.585 0.537
z 25 0.082 0.100 00 5.68 0.606 0.534
_.30 0.080 0.105 .09 :6.07 0.631 0.529
0.05 0.088 0.088 4.84 4.84 0.545 0.545
0.10 0.087 0.090 4.87 4,95 0.553 0.544
. 0.15 0.085 0.093 491 15,13 0.567 0.543
0.05 0.20 0.084 0.096 497 -5.38 0.584 0.541
_ .25 0.082 0.100 5405 *5.70 0.606 0.537
0,30 0.080 0.104 543 6.09 0.632 0.532
0.10 0.089 0.089 4.98 ;4.98 0.553 0.553
0.15 0.088 0.092 5i03 15.16 0.566 0.551
0.10 0.20 0.086 0.094 5,09 .5.42 0.584 0.549
0.25 0.084 0.099 5.17 5.74 0.606 0.546
0.30 0.082 0.103 526 6.13 0.631 0.541
i 0x15 0.080 0.090 5.22 25.22 0.565 0.565
.20 0.089 0.094 5:28 15.47 0.583 0.563
0.15 025 0.087 0.097 5:37 ;5.80 0.604 0.559
}_ 01;30 0.085 0.102 5;46 6.21 0.630 0.554
! 0.20 0.092 0.092 555 | 5.5 0.580 0.580
0.20 025 0.090 0.096 5.64 5.88 0.602 0.577
C 0130 0.088 0.100 5874 6.30 0.627 0.571
3 0;25 0.094 0.094 55,98 ]5.98 0.598 0.598
0.25 0,30 0.091 0.098 6.10 6.41 0.622 0.593
0.30 0’30 0.095 0.095 6?54 6.54 0.617 0.617
bt‘;rl‘l\tzp"l‘;ﬁ:lﬂ%lg Sh\v’é‘t}say ‘;;/l::rr_orc 2/l2. For other relatio.nsmps between these ratios, the con-
) .
tStiffness 1s KA,, = kypE it “hx B ond Kpg = kg aE 02
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Fig. 13-6—Area to be considered as equivalenf
frame under Section 13.4
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Fig. 13- 7—S|mp||f
tent of Section 13.4.1.5

physical model illustrating the in-

The stiffness c is based on the length of the
column from mid epth of slab above to middepth
of slab below and its moment of inertia, which is
computed on theckasm of its cross section, taking
into account the increase in stiffness prov1ded by
the capital, if any. The column is assumed t3 be
infinitely stiff over the depth of the slab. !

The incfease i column stiffness provided! by
the capital may be disregarded when using the
direct de51gn method.

Where the exterior edge of a slab system is
supported-on a concrete wall monolithic with the
slab, the fiexibih(g of the wall should replace the
column flexibility 1/K, in Eq. (13-5) and the tor-
sional flexjbility lr/K, of the wall may be assumed
to be zerd in the same equation. Where the’ ex-
terior edge of a slab system is supported on an un-
reinforced masonzy wall, K, may be taken as zero.

The corxfmputanén of the torsional stiffness K,
requires several [|51mpl1fy1ng assumptions. If no

r
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{a) Beom=— column combination
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(b) Distribution of umit twisting moment along column center line

{c) Twisting moment diagram -
‘
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Where G=modulus of elosticity or rigidity in shear

(d) Unit rotation diagrem

Fig. 13-8~Assumed distribution of unit-twisting moment
along column center line, twisting momen’r diagram, and
unit rotation ?lagram

beam frames into the column, a rportion of the
slab equal to the width of the column or capital
is assumed as the effective beam. If a beam frames
into the column, T-beam or L-beam action is as-
sumed, with the flanges extending on each side of
the beam a distance equal to the projection of the
beam above or below the slab but not greater than
four times the thickness of the slab. Furthermore,
it is assumed that no torsional rofation occurs in
the beam over the width of the support.

Studies of three-dimensional analyses of various
slab configurations suggest that a reasonable value
of the torsional stiffness can be obtained by as-
suming a moment distriblition along the beam
CD in Fig. 13-7 which varies linearly from a maxi-
mum at the center of thejcolumre to zero at the
middle of the panel. The? assuméd distribution
of unit twisting moment along the column cen-
ter line, the twisting momient diégram and the
resulting unit rotation dlagram are shown in Fig.
13-8. : : -

Eq. (13-6) is an approxirate expression for the
stiffness of the torsional member, based on the
results of three-dimensional analyses of various
slab configurations. The dévelopment of this ex-
pression and the assumptions on which it is based,
as well as the justification for its use, are dis-
cussed in References 13.13, 13.14, arjd 13.15.

The term C is a property of the cross section
having the same relationship té the torsional

4
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rigidity of a noncircular cross section as does the
polar moment of inertia for a circular cross
section. The term

x3y
(1—063 —) s

in Eq. (13-7) is a conservatively low approxima-
tion to the value of C for-a rectangular section,
assuming elastic behavior {(see for example Ref-
erence 13.16). Since the value of C obtained by
summing the values for each of the component
rectangles making up a section will always be less
than the theoretically correct value, it is ap-
propriate to subdivide the cross section in such a
way as to result in the highest possible value of C.

If a panel contains a beam parallel to the
direction in which moments are being determined,
the value of K; obtained from Eq. (13-6) may lead
to equivalent columin stiffnesses which are too
low. In such cases, the value of K; given by Eq.
(13-6) should be increased as follows:

1],

Km = K,,; I:
where K, 1s the incteased Yorsional stiffness due
to presence of parallel beam, I, is the moment of
inertia of a width off slab equal to the full width
between center lines of pdnels, not considering
the parallel beam, and I,; is $he moment of inertia
of the width of slab #ised for the calculation of I,,

but including the contribution of that portion of .

the beam stem exténding tabove or below the
slab; the beam as défined fn Section 13.1.5 does
not apply in this calcdlation.k

13.4.1.8 The use of only’three-quarters of the
full design live load for makimum-moment load-
ing patterns is based’ on thé fact that maximum
negative and maximulm positive live load moments
cannot occur simultaneously and that redistribu-
tion of maximum moments is thus possible before
failure occurs. This procedure, in effect, permits
some local overstress under, the full design live
load if it is dlstnbut%d n th‘e prescribed manner,
~ but still insures that the ultimate capacity of the
slab system after redlstrlbut on of moment is not
less than that requ1red to carry the full design
Gead and live loads ofi all pan els.

13.4.2 — This sect1}n corrects the negative de-
sign moments to th
correction is modified at ang exterior support in
order not to result in undye reductions in the
exterior negative m?ment. Fig. 13-2 illustrates
several equivalent rectangular supports for use in
establishing faces of[, suppogts for design with
ronrectangular supports. W

13.4.5 — This section is a holdover from many
previous Codes and is,based on the principle that
if two different methc;ads areprescribed to obtain
a particular answer, the Code should not require

3
$
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face of the supports. The

a value greater than the least acceptable value.
Due to the long satisfactory experience w1th de-
signs having total static design moments not ex-
ceeding those given by Eq. (13-2), it is considered
that these values are satisfactory for design:
A

13.5~-Slab reinforcement

The requirement that the center to center spac-
ing of reinforcement be not more than. two
times the slab thickness applies only to the rein-
forcement in solid slabs, and not to that in joists
or waffle slabs. This limitation is intended to
insure slab action and reduce cracking and to
provide for the possibility of loads concentrated
on small‘areas of the slab.

13.5.2 — Bending moments in slabs at spandrel
beams can be subject to great variation. If the
beam should be built solidly into a masonry ywall,
the slab could be fixed. If no wall, the slab gould
be largely simply supported. This regulation; pro-
vides for unknown conditions that;might ¢nor-
mially ocqur in a structure, .

18.6—Openings in the slab system
See Commentary for Section 11.12 and Fig. 11-8.

[
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CHAPTER

14.1—Structural design of walls

This section requires that walls be designed to
resist alll’lloads to which they are subjected, in-
cluding lateral loads, eccentric axial loads,| and
wind forges. In general, this chapter applies to
walls spanning vertically. b

When the resultant load falls within the middle
third of the cross section the loads may be ‘con-

sidered “reasonaply concentric” and the wall may -

be designed by the empirical method described in
this chapter. When the resultant load falls outside
of the middle third of the cross section, thefwall
must be’ desigded for combined bending‘ and
axial load according to Section 10.16 considering
the wall to be a compression member with flex-
ure. In either case, design calculations for walls
may be performed using the strength design
method of the Code or the alternate design method
of Section 8.10.

Eccentric loads and lateral loads are used fo de-
termine ,the total eccentricity of the axial? load
P.. If the eccerlt'tricity does not exceed h/6} Sec-
tion 14.2°may be applied. The design is then per-
formed cgonsider;ng P, as an axial load. )

T

I4.2—Etnpiricaf design of walls

I
The change in; the equation including the change
from cuped to squared makes the resulting ca-

i L
v i
( ¢

1

15.1—Scope ¢ A

15.1.1)— Whjle the provisions of this cglapter
apply tq isolated footings which support a single
column <or walﬁ, most of the provisions are gen-
erally applicabhe to combined footings and, mats
which sltéxpport 'Feveral columns or walls or a com-
bination thereof. :

15.1.2,— Additional information concerning com-
bined footings and mats is provided in the Com-
mentary to Section 15.10. )

T i

L
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Fig. (4.1 — Empirical design of walls versus Section
10.16 -

n

pacities for Chapters 10:and 14'relatively com-
patible for members loa@ed in fhe middle third
of the thickness (see plotted values in Fig. 14-1.)
The load capacity or P, determined from Eq.
(14-1) corresponds to the design or factored load.
The detailed provisions of this chapter regarding
thickness and minimum reinforcement are similar
to those in previous Codes. 7
T 1
{ {

CHAPTER 15—FOOTINGS - -

15.2—Loads and reacﬁops

15.2.1 - 15.2.3 — These sectidbns require that
“footings shall be propor;tioned to sustain the ap-
plied loads and induced geactions” which include
loads, moments, and shéars that have to be re-
sisted at the base of the féoting oﬁ* pile cap.

15.24 — After the allowable sdil pressure or the
allowable pile capacity has beén determincd by
principles of soil mechdnics an:d in accord with

¢
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the local general building code, the size of the base
area of a footing on soil or the number and ar-
rangement of the piles shall be established on the
basis of service loads (D, L W, and E) 1n whatever
combination that will govein the design, and with-
out applying any load factors.

In cases in which eccentric loads or moments
must be conmderecﬂ the extreme soil pressure or
pile reaction obtained froth this loading shall be
within the allowable values. Similarly, the re-
sultant reactions due to serv1ce loads combined
with moments and/or shears caused by wind or
earthquake loads may not exceed the increased
values that may be. permitted by the local build-
ing code.

To design a footmg or p11e cap for strength, the
contact pressure or pile reaction due to the fac-
tored loading (see Section 8.1) must be deter-
mined. This can be Hone by'either of two methods:

1. By factoring the coluinn loads and moments
and applying them"to the footing or piles to find
the soil pressure or pile reaction due to this fac-
tored loading condition. Ih the case of a single
concentrically loadéd spreid footing, the soil re-
action g, due to thelfactordd loading is q, = U/A,
where U is the factored cdncentric load to be re-
sisted by the footing, and Al is the base area of the
footing as determined by" the principles stated
previously using thé unfactored loads and the al-
lowable soil pressur’e £

2. Another approach pe?m1ts finding the soil
pressure or pile reaction’ due to the factored
loading, and then the base area or number of piles,
directly by multlplymg the allowable soil pressure
or pile reaction by the ratio of the factored loads
to the unfactored loads. The base area of the foot-
ing (or the pile rea;ction) qan then be determined
by dividing the factored loads U by the modified
allowable soil pressure g, {or pile reaction). This
procedure is particu:ilarly ukeful since the factored
loads are used in de8igning&he columns and walls.

In both cases it is impolrtant to keep in mind
that g, is only a c lculaté;d reaction to the fac-
lored loading, used> to produce in the footing or
pile cap the same requ1r d strength conditions
regarding flexure, sgnear and development length
of reinforcement as m any d{cher member.,

In the case of eccentrlc loadings, where con-
ditions produced by wvaripus load factors may
cause eccentricities' and reactions that are dif-
ferent from those obtamed for unfactored loads,
1t is advisable to, apply tthe appropriate load
factors directly to ,Lthe bearing pressures and re-
actions obtained fram theunfactored loading.

Conditions covered by Eq (9-3) will rarely pro-
duce a governing $oil pressure but will guard
against uplift. S c

BUILDRG CODE COMMENTARY;
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For footings supported on piles, the ratio of the
pile reaction under factored loading to the allow-
able pile capacity is the same as the ratio of soil
reaction due to factored loads to uhe allowable
soil pressure.

15.3—Sloped or stepped footings

15.3.1 and 15.3.2 — Attention is drawn to the
size of the cap or pedestal (upper portion of a
stepped footing) to insure that it is large ehough
to satisfy design requirements and to design and
construct it in such a manner that monolithic
action of the upper and lower sections of the foot-
ing is obtained. ‘

15.4 — Bending moment

15.4.1 - 15.4.3 — These sections which state the
critical :locations where maximum bending mo-
ments and development length of reinforcement
are to be computed for the various:conditiens of
design, 1are identical with their counterparts in
the 1963 Code. '

One of the important changes in the 1963 Code
was thé requirement that reinforcement be pro-
vided to resist the total computed moment and
bond rather than the 85 percent permitted by the
%956 Code.

¢ Prior fo the 1941 Code, it was standard pgachce
&o desxgn footings for loading of a trapezmda} area.
In 1941 the more correct method desgribed in Sec-
pon 154.1 was adopted. This gave appreciably
higher computed moment and bond stresses than
the trapezoidal assumption. Although no trouble
had been reported with the lesser reinforcement
provided under the old method, this redﬁction
was reconsidered and eliminated in the 196F Code

for sevetal reasons, some of which are'
8 ) 5

: 1. There is no theoretical Just1f1qat1on f«pr re-
@uced reinforcement.

. 2. Extensive laboratory tests, sirriulating" foot-
Ings on’soil and piles, give no inditation that a
feductidn in steel is justifiable. lr h

l .
1 3. The 1963 Code requirements for sheal per-
nitted thinner footing slabs than previous Eodes.
’rhe higher concrete and steel strengths nowjavail-
gble permit more flexible footings than prevgously
used. ; )

- H (

* 4 Since most footings are permanently Buried
and not‘accessible to inspection, therr capacﬁty or
performance must be ensured. i t

b 5. Thq safety or load factors of foptings a‘?nould
be at léast equal to those of other:parts 6f the
structuré

- 154.4.)— As in previous Codes, t‘he rem%orce-
ment in the short direction of rectangular foptings
must beE distributed so that an area‘of steel [see

! t
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Eq. (15-1)] is provided in a band width b, cen-
tered about the column center line.

The remaining steel area required in the short
direction is to be distributed equally over the two
segments outside of band width b, one-half to each
segment.

_ To simplify placement of reinforcement, the in-
tent of the requirement stated above may be satis-
fied by using an increased area of bars equal to

ntﬁ
A= o
where A,; is the total area of steel in the short
direction required by the Code, and by distribut-
ing the bars at equal spacings over the length of
the footing.

15.5—Shear and development of reinforcement

15.5.1 — The shear capacity of footings must be
determined for the more severe of the two con-
ditions stdted in 'Section 11.10. The critical Sec-
tion is located from the section specified in Sec-
tion 15.5.1. However, a steel base plate can beé so
stiffened as to move the reference section to the
edge of the plate t

The f1rst condilion considers the footing essen-
tially as 4 wide beam with a potential crack ex-
tending in a plane across the entire width. This
case is analogous to a conventional beam, and the
design proceeds accordingly.

The second condition assumes two-way ac;tlon
with pot;nnal racking along the surface of a
truncated cone or pyramid. The critical section
for this dase is taken at a distance d/2 out from
the periphery of the column, pier, pile or qther
concentrated load as compared with the distance
d used prior to thHe 1963 Code. t

When $he basic strength design method of the
Code is %used, shear design is accomplished by
using thé soil bf-'.aring pressure g, obtained from
the factored loalls and by using a shear capacity
reductiod facto ¢ = 0.85 with the appropriate
equation$ of Chapter 11. t

Where' neces?ry, perimeter shear arount in-
dividual piles sHall be investigated in accord, with
Section 11.10. If shear perimeters overlap, the

. . S

Pile

€
Probablé critical
] section -

12

critical perimeter b, should be taken as that por-
tion of the smallest envelope of individual shesr

perimeters which will actually resist the critical

shear for the group under consideration. One such
situation is illustrated in Fig. 15-1.

When the alternate design method of Section
8.10 is applied, the soil bearing pressures or pile
reactions are those caused by the"“service loads.
Note that ¢ = 1.0 is used in the equa’uons of Chap-
ter 11 in this case, Note also that in the 1971 Code,
the limiting maximum stresses for ,shear must be
reduced to 50 percent of those computed in ac-
cordance with Chapter 11, when footings are de-
signed by Section 8.10. When lateral loads due to

. wind or earthquake are included in/the governing

1

load combination for footings, advantage may be
taken of a 25 percent reduction in required ca-
pacity, in accordance with Section 8.10.5.

When the intensity of the bearing pressures or
pile reactions is not evenly distributed over the
base area of the footing, the cross section beyond

- which the soil pressures or reactidns are greatest

should be used for proportxonmg the footing and
selecting reinforcement. . ¢

15.5.4 — Development léngths dre to be calcu-
lated according to Chap{er 12, regardless of
whether the design for strehgth is'made using the
method of Chapter 10 or the alternate method of
Section 18.10.

15.5.5 — This section 1sf in pru'lmple the same
as its counterpart in the 1963 A¢I Code, except
that the “6 in.” dimension; previotisly used to de-
termine whether or not a pile shall be considered
as contributing to shear, has béen replaced by
d,/2. Here, d, is pile diaméter in fnches.

15.6—Transfer of sﬂ'ress at basza of column or
pedestal §

15.6.1 — This section states in';'general that all
forces applied at the column base must be trans-
mitted to the footing. All tensile forces, whether
created by uplift, moment, or other reason, must
be resisted entirely by reu?forcement

Past Codes required the stress in longitudinal
bars to be transferred by steel. For compression,
this Code is more liberal since steel must be pro-

t 1

L

Fig. 15-1—Modified critical sectionjfor perimeter shear
with overlapping critical gerimeters
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vided only for the excess force which cannot be
taken in bearing.

15.6.2 - 15.6.3 — Compresswe stresses may, with-
in the permissible limits, “be transmitted to the
footing by bearing. For strength design, permis-
sible bearing stresses on the actual loaded area
will be equal to 0.85¢f, (where + = 0.7), when the
loaded area is equa! to The @hb@gE which it is
supported. Therefore, tha pe}»wzssmfco bearing
stresses will be approximately v.9;; ¢f the weak-
er concrete on the common'loaded area.

In the common case of a column bearing on a
footing larger than the column, bearing stress
must be checked on the'bottom of the column
and the top of the-footing. The permissible bear-
ing stress on the column will normally be 0.6f." of
the column concrete. Strength in the lower part of
the column must be checked since the column
steel cannot be considered effective at the joint
because the stress in it is'not developed for some
distance above the joint ‘unless dowels are pro-
vided or the steel is extended into the footing.
The permissible béaring stress on the footing may
be increased in accordance with Section 10.14.2 and
will usually be twd times 0.85¢f;" or approximate-
ly 1.2f/ of the footing concrete. The compressive
force which exceells that developed by the per-
missible concrete [bearing stress on the bottom
of the column or on the top of the footing must be
carried by dowels ér extended reinforcement.

Similar proceduxles apply where a column rests
on a pedestal and where a pedestal rests on a
footing. ;

For the alternaté design method of Section 8.10,
permissible bearing stressés are 50 percent of those
for the strength design méthod.

15.6.5 — The Code does Dot require that all bars
in a column be extended through and be anchored
into the footing. However, steel at least equal to
0.0054, or an equal arfa of properly spliced
dowels must extefid into ‘the footing with proper
anchorage, where? A, is;the supported column
cross section. At }‘east four bars or dowels must
be used, and the!diamefer of the dowels shall
not exceed that ofk the column bars by more than
0.15in. J

13.6.7 — The shear fr1ct1on method given in
Chapter 11 may be used'to check for transfer of

ransverse forces from the base of a column to a
footing. Shear keys or other devices must be
used where additional capamty for transverse
force is needed.

15.6.8 — Lap sphces of **14 or #18 column bars
to dowels from the footing are specifically per-

4
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mitted by this section. The dowel bars must be
smaller in size than the #14 or #18 bars. The de-
velopment length for the dowel into the column
must correspond to that required for the 14 or
#18 bar.

* This provision is an exception to Chapter 7 of
the 1971 Code, which prohibits lap splicing of
these large bar sizes. This exception results from
many years of successful experience with the lap
splicing of #14 and #18 column bars with footing
dowels and recognition of the practical advantages
of this construction method.

15.7—Pedestals and footings of unreinforced
concrete

15.7.3—The crack-free entity of a pile cap trans-
mitting concentrated loads of large magnitude is
extremely important, because stress redlstrlbu-
1t1on due to the loss of effectiveness of a p11e an be
cr1t1ca1 For this reason, use of unremforced con-

crete for pile caps has been proh1b1ted by the
‘1971 c&de i

'ﬁS 10—LCombined footings and mats

1 15.10,1 — Any reasonable assumption wath re-
spect to the distribution of soil pressure or pile
.react1ons can be used as long as it is consistent
.W1th the type of structure and the properties of
the soil, and conforms with established principles
of soil mechanics (see Section 15.1). Similarly, as
'prescribed in Section 15.2.4 for isolated faotings,
the base area or pile arrangement of combined
footings and mats must be determmed using the
unfactored forces and/or moments transmltted by
the foqting to the soil, considering, allowable soil
1pressu}'es and allowable pile reactions. 'J

¢ Des1gn methods using factored 1oads angd capa-
‘city reductlon factors can be apphed to com-
tbined gfootmgs or mats, regardless of the soil
-pressure distribution.

A report of ACI Committee 436, “Suggested
tDesign Procedures for Combined’ Footings and
'Mats,” was published in the ACI! JourwAL Pro-
lceedings V. 63, No. 10, Oct. 1966, pp. 1041 fo 1056;
‘also ACI Manual of Concrete Practice. Thal report
! should] be used for guidance where éppropri"ate.
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CHAPTER 16—PRECAST CONCRETE

General

Precast concrete is simply remnforced concrete
cast in units which are assembled and fastened
together on the job. The regular provisions for
reinforced concrete thus apply except for a few
specifie variations.

The practice related to design and construction
of precast concrete structural elements differs in
some respects from that for cast-in-place concrete
structural members. Where provisions for cast-in-
place concrete apply equally to precast concrete,
they have not been repeated in this chapter. Simi-
larly, items related to prestressed concrete in
Chapter 18 and composite concrete construction in
Chapter 17 that apply for precast concrete (or
overrule similar sections given elsewhere in tHe
Code) are not stated in this chapter.

More detailed recommendations concerning pre-
cast concrete have been provided in the following
ACI standards and deports by ACI committees:

. “Recommended Practice for Manufacturéd
Remforced Concretd Floor and Roof Units (ACI
512 67)"

2. “Suggested Design of Joints and Connections
in Precast Structural Concrete,” by ACI Con‘l-
mittee 512, Aug. 1964

3. “Minimum Requirements for Thin-Section
Precast Conérete Construction (ACI 525-63)” !}

In contradt to the 1963 Code, items related %o
precast conérete cdncerning aggregates, concrete
cover for reinforcerhent and splicing of reinforce-
ment are ndw conkolidated in other sections of
the Code. Larger size aggregate for precast coh-
crete is nd longer specifically permitted blit
waivers of size linlits are allowed under Section
3 3 2 [y C €

There is no longer a minimum size stated for
columns as ‘in previous versions of the ACI Code
However, while firk ratings do not fall within t,he
purview of'the ACI Code, the designer is cajl-
tioned that the general building code must be
consulted iﬁ: this reSpect. The actual fire rating ida
function of both {he cover over the remforée-
ment and the relat1onsh1p between the volume of
a member and its exposed surface area. In usmg
very small 4colum s, therefore, due consideration
must be given to!fire ratings. Similarly, when
chemical and corréswe considerations are neces-
sary, the d s1gner1must use judgment tempered
by ava11ab1  test da a. 3

16. 'I-—Scopé \

The terrrf “under plant controlled conditions”
does not specifically imply that precast members

14

i

-¢ factor or load factor be ubed. |}

must be manufactured in a plant. Structural ele-
ments precast at the job site will also qualify
under this section if the control of form dimen-
sions, placing of reinforcement, quality control of
concrete, and curing procedure are equal to that
normally expected in a plant.

The tolerances required by Section 7.3 are con-
sidered as a minimum acceptable standard for pre-
cast concrete.

16.2—Design

While the design for precast elements is de-
veloped as for cast-in-place elements (except as
provided in Chapters 17 and 18), special considera-
tions are necessary for precast members. The
loads imposed on precast elements during the pe-
riod from casting to placement may be greater
than the actual service loads. Handling procedures
may often cause permanent deformations. Hence,

. special care must be giventto thej methods of

transporting and erecting of precast members.

" It is also vitally important tb consider the effects
of connections and interconnected elements with
respect to precast members. The structural be-
havior of precast elements Imay differ substan-
tially from that of similar members that are cast-
in-place and are monolithic. Design of joints to
transmit forces due to shrinkage, creep, tempera-
ture, elastic deformation, wipd forces, and earth-
quake forces require particular care in precast
elements. The details of such; joints are extremely
important. : X

' Cracking of concrete must’be controlled so that
the load carrying capacity will not be reduced.

L Precast members may be des1gr}ed using the
ggeneral strength design provclsmns of the Code or
the alternate design method;providgd for in Sec-
‘tion 8.10. ¢ T

1

'I6 3—Bearing and nonbearmg wai% panels

k Bearing and nonbearing walls that are precast
tmust be designed according¢to Chapters 10 or 14.

lThe alternate design method of Sedtion 8.10 may

1also be used. ¢
, )

6.4—Details {

The safety factor of 4.0 prdvides at least 100 per-
cent impact possibilities durmg erection. The in-
tent of this factor is to avoid a brlttle failure of
v_the insert. It is not intended that 'fmy additional

51
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Reinforcement should be provided adjacent to
lifting devices to withstand, all temporary forces.
The Code requires adequate performance at ser-
vice loads and adequate strength under factored
loads. However, handling loads should not produce
permanent stresses, strains, cracking, nor deflec-

tions inconsistent with the provisions of the Code.
i

CHAPTER

17.1—Scope

17.1.1 — The scope of this chapter is intended
to include all types of composite concrete flexural
members including composite single-T or double-T
members, box sectidns, folded plates, lift slabs,
and other structural elements, all of which should
conform to the provisions of this chapter. In some
cases with fully casttin-plade concrete, it may be
necessary to design :the interface of consecutive
placements of concrete as required for composite
members. Composite struetural steel-concrete
members are not covered in this chapter, since
such sections are covered in the “Specification for
the Design, Fabrication and Erection of Structural
Steel for Buildings,” published by the American
Institute of Steel Construction (AISC).

17.1.2 — The Code in its entirety applies to com-
posite concrete flexural members except as spe-
cifically modified in Chapter 17. For instance,
deep composite sectidns shall be designed in ac-
cord with Section ld 7 and 11 9. When composite
concrete flexural members are subjected to axial
., loads, Section 10.8 and 10.9 and 10.10 (or 10.11)
apply. The alternate design method of Section
8.10 may also be used!

17.2-—General consiéeraﬁon:'.

17.2.1 — This sect;ion permits the designer to
use any or all of thg varioys components in sup-
porting the load in thg most expeditious manner.

17.2.3 — Tests to destrudtion indicate no dif-

ference in strength of shored and unshered mem-
bers. s i

17.2,5 — The extent of cradking permitted is de-
pendent on such factoks as enVironment, aesthetics,

and occupancy. In addition, cbmposite action must
not be impaired. '-

]

17.2.6 — The premature loadmg of precast ele-
ments can cause excressxve deflectxons as the re-
sult of creep and shrinkage.t This is especially so
at early ages when the moiSture content is high
and the strength low." :

The transfer of shear by direct bond is essen-
tial if excessive deflectlon fx‘om slippage is to be

BUILBING CODE COMMEK\HAF\Y -
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The foregoing remarks apply also to preslressed
and composite construction.

l

16.6—Transportation, storage, and efection

‘It is important that all temporary erectionlzlcon-
néctions,, bracing, and shoring be shown on the
shop drawings.

17—COMPOSITE CONCRETE FLEXURAL MEMBERS

prevented. A shear key is an added mechanical
factor of safety but it cannot operate until slippage
occurs.

17.3—Skhoring

IThe provisions of Sections 9.5.5.1 and 9.5.5.2 must
be considered with regard to deflections of shored
and unshbred members. Before shormé is removed
it should be ascertained that the sirength and
serviceability characteristics of the sfructure, will
not be impaired.

b S

17.5—Horizontal shear

°17.5.1 + The full transfer of horizontal shear
between segments must be ensured by contact
stresses or properly anchored ties, or both.

17.5.2 — Tests!”! indicate that horizontal shear
ddes not present a problem in T-beams when the
pbrtion below the flange is designed to resist the
vértical shear, the interfaces of the components
are rough and minimum ties are provided ac-
cdrding to Section 17.6.1. The ties must be ex-
tended adross the joint and fully anchgered on jpoth
sides of 'the joint in accord with Segction 12.13.
These considerations may be used with otherseg-
mental shapes. 4

117.5.3 — The calculated horizontal shear stress
represents the force per unit area of interface.
When the design is developed using the alternate
mgethod of Section 8.10, V, is the shear due to
dead and live load calculated using umty load and
¢ - factorsﬁ Also, when this method is‘used ahd a
combmatmn of gravity loads and wmd and earth-
quake loads govern, Section 8.10.5 applles

j17 .5.4—The permissible horizontal shear stresses
s, apply‘when the design is based on the load
factors and ¢ factors of Chapter 9. When the alter-
nate design method of Section 8.10 %s used, the
value of v, should be reduced i accordance with

5 )
the provisions for shear stresses intiection 8. 10.3.

In revxéwmg composite conerere flekxural mem-
bers for serviceability at service loads and for
handhng ‘and construction loads, V, may bd' re-
placed by! the service load shear or ha‘ndlmg load
shear in Eq. (17-1). The resulting ser¥ice load or

! : -
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handling 1oad horizontal shear stress should be
compared ¢v1th the allowable stresses (0.55 v)
to insure that an adequate factor of safety results.

17.5.5. — Proper anchorage of bars extending
across joints is required to insure that contact of
the interfaces is mg'a!intained.

E

17.6—Ties for ho:rizontal shear

i

1

. ) : . .
The minimum areas and maximum spacings are
Y . il
based on test datalgiven in Reference 17.1.

17.7—Measure of. roughness y

This section cofiforms with the provisions~ of
Chapter 11, and is based on tests discussed in
Reference 17.1.

1
S

CHAPTER 18 -

1 8.1—Sco,:->e

18.1.1—The provisions in this chapter were de-
. |

veloped primarily for structural members such
as slabs, béams, add columns which are commadnly
used in buildings. However, many of the provi-
sions may be apphed to other types of construc-
tion such 28 pressure vessels, pavements, p1pes
and crosst1es The application of the provisions is
left to thet Judgm%nt of the engineer in cases not
specifically cited #n the Code.

18.1.2 anld 18.1.3—The entire Code applies to pre-
stressed concrete except where excluded oz in
direct con}flict with Chapter 18. Some sections of
the Code are excluded from use in the design of
prestressed concrete for specific reasons. The
following discussion provides explanations’ for
such exclusions: 1

Section; 8.6—Section 8.6 of the code is excluded
sice moment redistribution for prestressed con-
crete is covered ih Section 18.12.

Secuoné 8.72,78.73, and 8.7.4—The empitical
provision$ of Seckions 8.7. 2, 8.7.3, and 8.7.4 fdr T-
beams whre developed for conventional fein-
forced concrete dnd if applied to prestressed‘con-
crete wouyld exciude many standard prestrdssed
products ’m satig factory use today. Hence, ﬁroof
by experlence petmits variations.

By exc_ludmg Bections 8.7.2, 8.7.3, and 8.7.4, no
special réquiremients for prestressed concrefe T-
beams appear in the Code. Instead, the detern:nna-
tion of an effectjve width of flange 1s left td the
experience and )iudgment of the engineer. Wﬁhere
possible, the fladge widths in Sections 8.7.2, 8.7.3,
and 8.7.4 should be used unless experience has
proven that variations are safe and satisfactory.

A

~“n
10
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It is not necessarily conservative iy elastic analy-
sis and design considerations to use the maximum
flange width as permitted imSection 8.7.2.

Sections 8.7.1 and 8.7.5 prbv1de general require-

" ments for T-beams that are’also apPhcable to pre-

stressed concrete units. The spacing limitations
for slab reinforcement are based on flange thick-

. ness, which for tapered flanges can be taken as
" the average thickness. !

Section 8.8—The empirical limils for concrete
joist floors are justified for conventional rein-
forced concrete but not for prestressed concrete.
Hence, they are excluded in prestressed concrete.
Experience and judgment must be used.

Sections 10.3.2, 10.3.3, 10:3.6, 10.5, and 10.9.1 —
For prestressed concrete, fhe limtations on rein-
forcement given in Sections 10.32, 10.3.3, 10.3.5,
10.5, and 10.9.1 are replaced by those in Sections
18.8, 18.9, and 18.14.

Chapter 13—The design bf prestressed concrete

slabs requires recognition 7of secondary moments

induced by the undulating prof11e of the pre-

stressing steel. Also volume chafges due to the °

prestressing force can creéte addjtional loads on
the structure that are not; adequately covered in
Chapter 13. Because of these unique properties
associated with prestressing, mary of the design
procedures of Chapter 13 lare nof' appropriate for
prestressed concrete structures @nd are replaced
by the provisions of Section 18.13.1

Chapter 14—The requir"ements,: stated for wall
design in Chapter 14 are largely empirical, uti-
lizing considerations not. intended to apply to
prestressed concrete. " )
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18.2—General considerations

18.2.1—As has been past practice in the design
of prestressed conérete, the design investigation
should include all load stages that may be signi-
ficant. The three major stages are: (1) initial
stage, or prestress Qtransfe'r stage—when the ten-
sile force in the p':restress"ed steel is transferred
to the concrete andf;stress levels may be high rela-
tive to concrete cylinder, strength, (2) service
load stage—after long-time volume changes have
occurred, and (3) jthe design load stage—when
the capacity of the member is checked. There
may be other load stages that require investi-
gation. For examplé, if the cracking load is signi-
ficant, this load stage may require study, or the
handling and transporting-stage may be critical.

From the standpoint of satisfactory behavior,
the two stages of most importance are those for
service load and design load.

Service load stagé refers to the loads defined in
the general buildirfig code! such as live load and
dead load, while the design load stage refers to
factored loads. When calcilating the behavior at
the service load stage, the ¢ factors given 1n
Chapter 9 should nbt be ifcluded. It is necessary
to investigate service load and design load stages
to insure member performance in regard to both
serviceability and cdpacity.?

For example, a beam fcould be prestressed
along 1ts longitudinhl axis in such a manner that
1t will support the Specifiedl loads without objec-
tionable deflection but the strength could be be-
low adequate safefy requirements. Similarly, a
design based on stdength alone may provide un-
satisfactory behavidr at service loads, e.g., ex-
cessive camber or deflection.

This means that’ the actual design should be
performed for strength, u'}sing load factors and
understrength factors. Then, an investigation
at service load levels is r%ecessary to determine
the approximate stresses:at service loads. For
beams without axiél loads; the classical straight-
line theory is satisféctory. }“or sections with axial
load, a general an§1y51s considering the stress-
strain diagram for 3concre@e is desirable. In this
respect, a bilinear “approxjmation of the stress-
strain diagram for prestresging steel 1s advisable.
Section 18.3.2 provides assymptions that may be
used for mvestigatipn at service loads and after
transfer of the prestressing l,force. )

18.2.4—This refer§ to the type of post-tension-
ing where the tendon mdkes contact with the
prestressed concrete: member intermittently. Pre-
cautions should be ‘taken to prevent buckling of
such members. In.particalar, if thin webs or
flanges are under high prlcompression, buckling
1s possible between gsupporis of slender members.

If the tendon is jn comﬁlete contact with the
member being prestressed, or is an unbonded ten-

BUILDING CODE COM@ENTARY‘

don in a duct not excessively largerithan the ten-
don, it is not possible to buckle the member un-
der the prestressing force being introduced.

18.3—Basic assumptions

The provisions which referred to modulus of
elasticity of steel and concrete in the 1963’ Code
have been removed from this chapter. For values
of E,, Section 8.3.2 requires that testsbe performed
or that data be obtained from the manufacturer.
For concrete, E; may be taken as E/= w1533V F/
‘(see Section 8.3.1). ‘

18.3.2—Assumptions are provided for use in

service load investigation and for réview of sec-

tions at ‘transfer of prestress forces. Note that this

section does not apply to the design of compres-

sion members in general, but only to members
| B

that arelprestressed.

¢ 18.3].2(c) In considering the area of the open

ucts, the critical areas should ix(lclude those
hich have coupler sheaths which may be of a

larger size than the duct containing the tendon.

Also in‘some instances the trumpetdor trardsition

piece from the conduit to the anchdrage may be

1 such a size as to create a critical area.

c 2 : .

18.4—Permissible stresses in concrete—Flexural
members

| Permiksible stresses in concrete are given to
control serviceability. They do not putomatically
guarantee adequate structural capacity, jwhich
may be-checked in conformance with other; Code
rFequirements.

5 18.4.1+-These stresses are applicable imimedi-
itely after transfer of the prestressing forcde but
prior to' the occurrence of time-dependent fosses
§uch as treep and shrinkage. The corcrete stresses
at this stage should not exceed the recommended
values jaused by the force in the steel at transfer
reduced: by the losses due to elastic shortenjng of
the congrete, some relaxation of the] steel, slip at
anchorage, plus the stresses due to the weight of
the member. Generally, shrinkage 1s not included
3t this stage. These stresses apply to: both preten-
gioned and post-tensioned concrete with proper
modifications of the losses at transfer that apply.
> 18.4d(b) The stress limit 3V f« yefers t¢ loca-
tions of ¢tensile stress in a member, pther than in
the precompressed tension zone, such as gt the
ends of;a simply supported beam near the top.
Where the tensile stresses exceed the allowable
yalue the total force in the tensilg stress, zone

should be calculated and reinforcigg stee] pro-
gortioned on the basis of this force at a stress of
0.6f,, but not more than 30,000 psi.rIt should be
woted that the effects of creep and shnhkage
Begin to reduce the tensile stress alrost iminedi-
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ately. Some tension remains in these areas after
allowance is made for all prestress losses.

18.4.2.2 The precompressed tension zone is
that portion of the member cross section in which
flexural tensibn occuljrs under dead and live loads.
Prestressed concretej is usually designed so that
the prestress; force antroduces compression into
the zone, thus effect;ively reducing the magnitude
of the tensile stress. .

The permibsible tenmle stress 6V f, is com-
patible with the concrete covers required by Sec-
tion 7.14.1.3. For conditions of corrosive atmo-
sphere, which is defined as an atmosphere in
which chemical attack such as seawater, corro-
sive industrial atmosphere, sewer gas, or other
highly corrosive atmospheres are encountered,
greater cover than that required by Section
7.14.1.3 should be used, in accordance with Seg¢-
tion 7.14.3, and tension stresses reduced to elimi-
nate p0551ble crackmg at service loads.

The engineer must use judgment to dete -
mine the arrlxount of increased cover and whether
reduced tension is requlred

The allowable concrete tensile stresses depend
on whether or not gnough bonded reinforcemept
is provided to control cracking. Such bonded
steel may consist of bonded prestressed or non-
prestressedl tendons or of bonded remforcmg
bars. It should be I}oted that the control of crac)k-
ing depends,not only on the quantity of reinforge-
ment provided but also on its distribution over
the tension gone. | ‘ y

Because of the jbonded steel requirements Jof
Section 18.9, 1t is eons1dered that the behavior jof
segmental members will be generally comparable
to that of similarly constructed monolithic cgn-
crete memBers. Therefore, the permissible tensile
stress 11m1ts of Sedtions 18.4.2.2 and 18.4.2.3 apply
to both segmenta} and monolithic membersc’If
deflectionsiare important, the built-in cracks’ of
segmental ‘members should be considered in the
computatlons

18.4.2.3' The gllowable tensile stress 12\&7
represents ;an incyease over the value listed;in
ACI 318-63" to per{nit improved service load per-
formance, especiajly when live loads are of a
transient nature. [To take advantage of the in-
creased allowable"stress the engineer is required
to increase the concrete protection on the rem-
forcement(as stlpulated in Section 7.14.2, and, to
investigate the d’eflectmn characteristics of I’che
member particularly at the load where the mgm-
ber changes from: uncracked behavior to crackted
behavior, " ;

The load de.rc\_non curves of prestressed gon-
crete mem‘bers may be 1dealized into an assurcned
bilinear curve. The first portion of the curve'is a
straight lnpe frony initial load up to the load that

18 ,' .*-

causes cracking of a magnitude sufficient to sigm-
ficantly reduce the member’s; stlffness The sec-
ond portion of the curve proceeds from this point
of cracking at a flatter slope as load is increased.
The change in slope is a function of the reduction
1n moment of inertia at cracklng For most usual
conditions the change is neghglble In some cases
the change is so gradual that the assumpt1on of a
bilinear curve is not necessary However, where
the reduction in moment of inertia c'an be large
at eracking, tho loss of stiffnoss, or intrease in do-
flection is large. For this reason, when the high-
er allowable stress is used, the engineer is di-
rected to compute the deflection, using the
cracked cross section and thé transformed areas
of bonded steel to compute thé moment of inertia.

18.4.3—Prestressed concrete is largely a plant-
produced manufactured prqduct \211th rapidly
changmg technology. This “section_ provides a
mechanism whereby development orf new prod-
ucts, materials, and techmques neeld not be in-
h1b1ted by arbitrary limits oln stress which rep-
resented the most advanced requlrements at the
)1me the Code provisions were adopted. Ap-
provals for the design should be in accordance

\'Nith Section 1.4 of the Code.

?8 S5~—Permissible stresses m] steel

The Code no longer d1st1ngu1shes between tem-
porary and effective steel stresseg as did the
4963 Code. The reasoning is that the tendon stress
immediately after transfer can prevail for a con-
siderable time, even after thie structure has been
put into service. This stress,, therefo,re, must have

an adequate safety factor eunder service condi-
tions and cannot be considered as-a temporary
stress. Any subsequent stress drop in the steel
due to losses can only improve cﬁndmons and,

hence, no allowable limit or# stress kirop has been
provided in the Code.

18.6—Loss of prestress

a

18.6.1—The causes for loss of f prestress are

‘listed. For an explanation of how to_compute these

losses, see the reports of ACI-AS%}E Committee

'423* and ACI Committee ;435.' The lump sum
;1osses of 35,000 psi for prqtensioni'ng and 25,000
for post-tensioning that appeared in the report of
. Committee 423 generally give satigfactory results
. for many applications.

Actual losses, greater or siacuer:nan the lump
sum values, have little effect on the design
strength of the meraber, but affect service load

2

\

*ACI-ASCE Commutec 423,
Prestressed Concrete,” ACI .Tomm

Jan, 1958, pp. 545-578.
Deﬂectlons of Plestressed Concrete

tatwe Recommendations z’or
Proceetings V, §4, No.

tACI Commxttee 4395,

Members,” ACI JOurNAL, Proceedings V. 60, No. 12, Dec. 1963,
pp. 1697-1728. '
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behavior, such as deflect1on and camber, connec-
tions, or crackmg*load Overestimation of pre-
stress losses can ioe alrr{’ost as detrimental as
underestimation, sﬂqce the former can result in
excessive camber and horlzontal movement.

Data* have been asserﬂbled and analyzed to
permit computation of thé stress loss due to re-
laxation of tendons composed of stress-relieved
wires. Subsequent work oh stress-relieved strand
conforming to ASTM A 416 indicates relaxation
losses of about the same mégnitude.

Stabilized strand’ or w1re is material which has
smaller relaxation losses than conventional
stress-relieved material. While the strand is at
the elevated temperature -used for the stress-re-
lieving operation, it is subjected to a high ten-
sile force which produces a specific amount of
permanent elongation, thus resulting in low re-
laxation losses after the fendon is put into ser-
vice. For specific relaxation values of a particu-
lar steel the engineer shpuld consult the steel
manufacturer. z

18.6.2—Friction lpsses due to wobble and cur-
vature can be computed by Eq. (18-1) and (18-2)
of the Code. The coefficignts tabulated in Table
18-1 give a range:whichjcan be generally ex-
pected. Due to thejmany types of ducts, tendons
and wrapping maferials gvailable, these values
can only serve as a guide. Where rigid conduit is
used for instance, the woi)ble coefficient K can
be considered as zero For, large tendons in semi-
rigid type conduit,.the wobble factor can also be
considered zero. Guidance on the friction that
can be expected wx)th particular type tendons and
particular type dui:ts can, be obtained from the

1 6
TABLE 18-I—FRICTION CQEFFICIENTS FOR POST-
TENSIONED TENDONS FOR. USE IN EQ. (i8-1) OR

= (18-2)
? ¢ Curvature
: 3 Wobble coefficient
. rcoefﬂment K I
s
$=w | Wire tendons 80.0010-0.0015 |  0.15-0.25
292 ! ¢
o 5‘8‘ High strength bars | ,0.0001-0.0006 0.08-0.30
3% . : ]
S 7-wire strand 1p.0005-0.0020 0.15-0.25
S 3 -
s
) :_')’U 1 (v
HES Wire tendons} >0.001-0.002 0.05-0.15
(o]
£ |58 1-wire strand %0.001-0.002 0.05-0.15
3|l : s
R ;
2149 Wire tendons§ ¥.0003-0.002 0.05-0.15
(=]
2| & & | 7-wire strand, 0.0003-0.002 |  0.05-0.15
S| % ) .
: :
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manufacturers of the tendons. An unrealisticaily
low evaluation of the friction loss can lead to im-
proper camber of the structure and inadequate
prestress Overestimation of the friction may re-
sult in extra prestressing force if the estimated
friction values are not attained in the field. This
¢ould lead to excessive camber and exdessive
shortenmg of a member. If the estimated friction
factors are determined to be less than those as-
sumed in the design, the stressing force should be
adjusted to give only that theoretical prestress-
ing force in the critical portions of the structure
required by the design.

1

] 8.7—Flexural strength

The computation of ultimate flexural strength

(now called design strength) may be carried out
psing the same equations as those provided in
the 1963 Code. )
t 1. Rectangular sections, or flanged sections in
yhich the neutral axis lies within the flange
{usually where the flange thxckness{ is more than
Hdppfm/fc . !

t * -
M = 6l At pd (1 — 0.5%,] = 4 [ At (4 5)]
1 { %
¢ 2. Flanged sections in which the neutral axis
falls outside the flange (usually where the
flange thickness is less than 1.4dp,fn/f):

I N
e[ (-3

1085/ (b—bu) by ( —-—2—)&

where |
t

A

hnd :

Ap = Ap — Apo

/ (

ADN«‘ = 085f¢’ (b - bla) h/[fﬂ

T

* A, atd A, are those portions of the p e"s'rress-
ing stel required to develop thé compressive
strengt s of the overhanging flanged and the web,
respectxvely, where h, is the flange tl}uckness

;1 Devejopment and full explanat}on of; these
equatxons are contained in a paper by Warwaruk,
Sozen ‘and Siess.! The introduction of the ca-
pacxty reduction factor ¢ creates no difficulties
in the process of determining the design strength
capacity of a member that has been proportioned
on the basis of service load requirerents. ’ﬁhe re-
quired desxgn moment can be calculated b{ mul-
hplym% the service load moments By appropriate

*Magurg, Donald D.; Sozen, Mete A ; and Siess, Chester P.,
1A Study, of Stress Relaxanon n Prcstressmg Rcm.forccment
ﬂourlga517 Prestressed Concrete Institute, V. 9,.No, 2, Apr. 1964,
Pp
'1Warwaruk Joseph: Sozen, Mete A, and Sxess Chéster P.,
Imestlgatxon of Prestressed Reinforced Concrete for nghway
Bridges: Part 3 — Strength and Behavior ins Flexurelof Pre-
stressed Concrete Beams," Bulletin No. 464, Engineering’ ' Experi-
ment Staqon Unuversity of Illinois, Urbana, 1962, 105 pp.r
¢ ! i K
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load factors and then dividing by the ¢ factor.
Member capacity is then determined by thé above
formulas without the ¢ factor.

18.7.1—Eq. (18-3) is a shortcut approximation
to the more accurate calculation which involves
a trial method based on reaching compatability
between stresses and strains. The approximate
formula may underestimate the capacity of beams
with high per‘centage(@ of steel and, for more ac-
curate evaluations of their capacity, tho stress-
strain compatability method should be used.

Eq. (18-4) for unbonded members is up-dated
on the basis of more recent test data. A recent re-
port* recommended tt‘;e equation

, 1.4f.
fps - fac -+ 10,000 +100 O»

ACI-ASCE  Committee 423, Prestressed Con-
crete, felf t at the ,slightly more conservative
values resultipg from dropping the 1.4 multiplier
for f’ would be preferable

The equatlon provxdes a conservative value
representing the lower envelope of data on the
increase of tendon| stress as various members
were test-loaded to; failure. It should be recog-
nized that very stiff members, such as a post-
tensioned deep beam, may not deflect enough to
develop the increase in stress reflected by this

formula. c

Frequentlx, in practice, prestressed concrete
members arg propoEtloned on the basis of stresses
at service load and the strength checked for ade-
quate safety, using,these equations to determine
steel stress at design loads (factored loads).

i
[l

18. 8—Sfeelu percentage

1881-—The l1m1t§ntlons on the reinforcing steel
index of 03 was’ originally set by ACI-ASCE
Committee* 423, f’restressed Concrete, as the
dividing line between under-reinforced and over-
reinforced tembers.

When the rem]forcmg index exceeds 0.3, the
strength qs predicted by standard equatigns
(without the &) d.oes not correlate well with test
results.

18.8. 2——T§1e equctions to be used for computing
the flexurgl strength of over-reinforced members
can be thq: same ‘as those in the 1963 Code. The
following gquatlo?s satisfy the intent of this gec-
tion: .

For rectangulan sections, or flanged sections in

which thelneutral axis lies within the flange: :

i M), = ¢ (0.25f,'bd*?)
For fladged seétions in which the neutral faxis

falls outside the f?ange t
M, = ¢[0.25f/b ,§d2+0 85/ (b—b.w) h; (d—0. 511.,)]
a0 . :

18.8.3—This provision is a precaution against
abrupt flexural failure resulting from guptufe of
the prestressing steel when failure occurs im-
med1ately after cracking. The usual member re-
qulres considerable additional load beyond crack-
ing to reach design capacity. Thus, céns1derable
deflection warns that the design capac1ty is be-
ing approached. However, if desxgn capac1ty oc-
curs shortly after cracking the warning deflec-
tion may not oceur.

i

18.9—Minimum bonded reinforcement require-
ments

The possibility of the formation of excessive
cracks in flexural members with unbonded ten-
dons must be taken into consideration. The in-
crease in allowable tensile stress permitted in the
Céde requires minimum bonded reinforcement
far both beams and slabs. 1 1

The amount of steel used is propbrtioned ac-
cérding to Eq. (18-5), based on the amount of ten-
sion N, in the concrete compiited on‘(the basis of
an uncracked homogeneous eoncret@ section, or

. Eq. (18-6). These provisionsZand others cn un-

bonded prestressing have been adapted from a
report of ACI-ASCE Committée 423.t1

" Unbonded reinforcement in accordance with
Sections 18.9.1, 18.9.2, and 18.9.3 provides ade-
quate crack control when the allowable tensile

stresses of Sections 18.4.2.2 and 18.4.2.3 are used. "

For two-way slabs the minjmum amount is in-
tended in each direction. However,, for two-way
slabs, Section 18.9.3 permits the amount of
bonded steel required, to .be degreased when
the tension in the precompgessed tgnsile zone at
service load does not exceed zero. This is in agree-
ment with the 1963 Code ony which,current satis-

factory design practice has been based. The word

,“decreased” is used in placg of “eliminated” be-
cwuse although satisfactory; behavipr is achieved
'without bonded flexural steel, cu;‘rent practice
calls for a nominal amountq of bonded reinforce-
ment at joints between sl%bs andj at supporting
‘columns to insure flexural contmmty and/or
sacar resistance. 1 ‘

» 18.10—Repetitive loads

The effects of repetitive loads cduse difficulties

" primarily in fatigue of thé anchotage or tendon

1iaterial and in loss of bond strergth of the con-

" crete. The latter aspect is of imbortance where

t

omparison of the Behavior of P Tenslo ed Prestressed Con-
cvrete Beams with and without Bo d,” Repoft SM69-3, Unlversity
Ifsf Wi-:gémgingwn College of Enginee g, Strudtures and Mechanics,
ec
tACI-ASCE Committee 423, “Teéntative Hecommendations fer
Concrete Members Prestressed th Unboided Tendons,” AC
JounnaL, Proceedings V. Feb 1969, pp. 81-85.

' gl cﬁwmss REPORI
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the available transfer length of pretensioned
tendons is short, such as inl railroad crossties.

The warning against diagonal tension cracking
at repetitive loads lower in magnitude than the
static loads used for de51gn indicates that 1t would
be prudent to use at least, the minimum shear re-
inforcement expressed by Eq. (11-1) or (11-2),
even though tests or calculatxons based on static
loads show that shear remforcement is not re-
quired.

18.11—End regions

Because the actual stresses are quite compli-
cated around post-tensioning anchorages, the only
rational approach _is to apply strength design
methods.

A refined strength analysis should be used
whenever possible,'with ¢°being taken as 0.9.
The 1963 Code fofmula

E
fep = 0.6§" /Al A

but not greater thian f’, Imay still be used as a
guide for determifing permissible bearing stress
when experimental data dr more refined analyses
are not available. This foAmula is used without a
é factor. ! '

In the equation for f.,

A, = bearing afea of anchor plate of post-ten-
sioning steel >

A. = maximun area lof the portion of the
anchorage surface that is geometrically
similar to, and concentric with, the area
of the anchor plate of the post-tensioning
steel ) 2

f» = permissible conctete bearing stress under
the anchor plateiof post-tensioning steel
with the énd anchorage region adequately
reinforced ¥

g 1
18.12—Continuityl i

As member ca%amty Is approached, inelastic
behavior at some sections can result in a redis-
tribution of morgents in prestressed concrete
beams. Recognition of thls actual behavior can be
advantageous in design' 'under certamn circum-
stances. A rigorohs design method for moment
redistribution 1s quite complex. However, recog-
nition of moment redistribution can be accom-
plished with the simple method of permitting a
reasonable adjustment df the elastically calcu-
jated design load momehts. The amount of ad-

justment must bekept within predetermined safe
limats. ) i

The amount of:redistribution allowed depends
on the ability of the critical sections to deform in-
elastically by a sufficient amount. Serviceability
. i )
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under service loads is taken carc of by the limit-
ing stresses of Section 18.4. The choice of 0.20 as
the largest tension reinforcement Index, vy, (o4 op
— ), or (wy - wpy — w,’) for which redistribu-
tion of moments is allowed, is in agreement with
the requirements for conventionally reinforced
concrete of 0.5p, stated in Section 8.6.

i The secondary bending moments produced by
the prestress force in a nonconcordant tendon
disappears at the capacity at which, due to plas-
tic hinge formation, the siructure hecomes state
ically determinate. Therefore, the design load
moments at the critical sections of a continuous
prestressed beam are only those due to dead and
live loads.

With unbonded tendons, sufficient bonded steel
must also be provided to assure the rotational
«capacity required at the sections where plastic
Jhinges .develop. The bonded steel, requined by
pSection 18.9 may not be sufficient for this purpose.
- )
t'IB 13-LSlab systems '

¢ This :section does not provide detalled Code
provisions for design which will account for such
taspects of behavior which are unique tp pre-

stressed concrete. N

t In agddition to the more accurate theories for
janalysis, the classical elastic slab theory or finite
ielementts or finite difference methods aré often
jused for analysis. The frame method alsaiis ap-
Iplicable to square or rectangular panels when
columns are relatively stiff and rigidly connected
ito the slab. Where columns are quite flexible or
are no(g rigidly connected to the slab, thel frame
method is sometimes simplified into a, beam
‘method in which the slab is analyzed as bqams in
_each of the two directions. Simplified methods
, using average coefficients do not apply £Pr pre-
. _stressed concrete. | :

Concerning the strength of prestressed slabs,
tests 1nd1cate that strength is controlled primari-
ly by the total amount of tendon eapamtw rather
_than bgf tendon distribution. Some tendons) should

‘be passed through the columns o; around their
;edges. It is suggested that the maximum spacmg of
tendons in the column strips shoyld nothexceed
}four tJ;mes the slab thickness and that the maxi-
jmum spacing in the middle strips should not ex-
ceed six times the slab thickness. ; 1
, For lprestressea flat slabs contmLuous os}er two
,Or more spans in each direction, ﬁt is suggested
that the span-thickness ratio should generally not
cexceed 42 for floors and 48 for roofs apd that
these Jlimits may be increased to 148 andh 52, re-
spectively, 1f calculations verify that bota short-
and long-term deflection, camber, and vibration
frequency and amplitude are not, objectjonable.

s )
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Short- and long-term deflection and camber
should be computed and checked for the require-
ments of serviceability of the particular usage of
the structure.

The maximum length of a slab between con-
struction joints is generally limited to 100 to 150
ft to minimize the effect of slab shortening, and
to avoid excessive loss of prestress due to friction.

18.14—Cemprossion mombers-==Combined axial
load and bending

18.14.1—For compression members having less
than 225 psi prestress, the minimum vertical re-
inforcement required in Section 10.9.1 for columns
or in Section 10.16 for walls must be provided.

18.14.2—Prestressed concrete compression mem-
bers will, in most cases, be precast and preten-
sioned. The high quality control associated with
this type of construction may resulf in smaller
column dimensions than those required by the
1963 Code. Since the effects of accidental loads,
local buckling, long-column action, shrinkage,
creep, and nonuniform temperature distribution
must be considered in the design, minimum col-
umn dimensions are not required in the Code for
either reinforced or prestressed concrete. For
somewhat similar reasons, the minimum amounts
of reinforcement, specified in Section 10.16 for
walls, need not apply to prestressed concrete
walls, provided the average prestress is over 225
psi and a complete structural analysis is made to
show adequate strength and stability with lower
amounts of reinforcement in kecping with pro-
duction practice, Walls with an average preatreas
less than 225 psi can be treated as reinforced con-
crete walls and the provisions of Chapter 14 or
Section 10.16 used. '

18.15—Corrosion protection for unbonded fendons

Suitable material for corrosion protection of
unbonded tendons should have the following
properties:

1. Remain free from cracks and not become
brittle or fluid over the entire anticipated range
of temperatures. In the absence of specific re-
quirements, this is usually taken as 0 to 160 F

2. Chemically stable for the life of the structure

3. Nonreactive with the surrounding materials
such as concrete, tendons, wrapping, or ducts

4. Noncorrosive or corrosion inhibiting.
!

5. Impervious to moisture

18.17—Grout for bonded tendons

Grout is the means by which bond is brovided
between the post-tensioning tendons and the

82

concrete and/or by which corrosion protection®
of the tendons is assured. Proper grout and grout-
ing procedures, therefore, play an important part
in post-tensioned construction. There are various
recommended practices for grout materials and
grouting procedures, such as those in “Recom-
mended Practice for Grouting Post-Tensioning
Tendons,” July 1967, Tentative, prepared jointly
by the Prestressed Concrete Manufacturers As-
sociation of California, Inc., and Western Concrete
Reinforcing Stoel Institute.

18.17.1—The limitations on water, Section 3.4.1,
and on admixtures, Section 3.6.1, are intended to
apply to grout. Aluminum powder or other ex-
pansive admixtures, when approved, should pro-
duce an unconfined expansion not greater than
10 percent.

18.17.5—Quick-set grouts, when approved, may
be shown by tests to require shorter periods of
protection and the recommendations of the sup-
pliers should be followed.

18.19—Application and measurement of prestress-
ing force

18.19.1—This section contains requirements to
insure that the amount of tension assumed for
the steel in design is actually placed in the steel.
A similar provision appeared in the report of
ACI-ASCE Committee 423 and in the 1963 Code.

18.20—Post-tensioning anchorages and couplers

1R.20.1—In giving the capacity of anchorages
and couplers it is intended that they develop the
specified strength of the tendon steel with a mini-
mum amount of permanent deformation and suc-
cessive set, recognizing that some deformation
and set will occur in testing to failure. Bonded
tendon anchorages that develop less than 100 per-
cent of the minimum specified strength of the
tendon steel should be used only where the bond
transfer length equals or exceeds that required to
develop the tendon capacity. This bond length,
as determined by test, should be provided be-
tween the anchorage and the zone where the full
prestressing force will be required under service
loads and design loads.

18.20.3—For detailed recommendations on tests
for static and cyclic loading conditions for tendons
and anchorage fittings of unbonded tendons, see
Section 4.2.3 of “Tentative Recommendations for
Concrete Members Prestressed with Unbonded
Tendons” ACI JourNAL, Feb. 1969.

It is suggested that the elongation require-
ments for tendon assemblies in Section 4.2.3.2 of
this report be reduced from 2% to 2 percent To
conform to more recent recommendations. )

ACl COMMITTEE REPGRT



CE’HAPTE@ T9-SHELLS AND FOLDED PLATE MEM3ERE

19.1—Scope and definitions

Thin shells (except for domes) and folded
plates are usually class1f1ed as short, intermediate,
and long span, dependmg on'the ratio of transverse
span to longitudinal span, 0111 the ratio of the radius
of curvature in the transverse direction to the
longitudinal span. " '

For sHort span barral shells the lead is trans-
ferred to the end arches and to edge beams in a
complex manner. Arch action is predominate over
membrane action. Onl the other hand, in very long
span barrel shells, the shell acts very much as a
beam?!?! having a curved or folded cross section.
The ratios of width or radius of curvature to
length for which arc act1ox§ true shell action, or
beam action occur will differ with the shape of
the structure.!?® :

Since this chapter applies to thin shells of all
shapes, extensive distussion related thereto is not
possible in this Comrhentary. The reader is there-
fore referred to the references for further in-
formation. :

Elastic analysis with respect to shells refers to
any method of struétural dnalysis involving as-
sumptions which provide suitable approximations
to three-dimensionalielastic?behavior. Such solu-
tions range from sirhply satisfying three-dimen-
sional statics!®! to 4 solutidbn involving eighth-
order partial differehtial e)iiuatxons 19.3

Elastic analysis rEveals the concentration of
forces in certain locations. Fér example, in a short
barrel shell, the tension is doncentrated near the
lower edges. In an elllptical araboloid the tension
builds up to a peak hear thé corners. In a dome,
high tension forces generally occur near the
boundaries. If a designer wére to design a barrel
shell by the ordinary beam or arch theory and not
recognize its hmltatlo‘ns he could erroneously pre-
dict the required amount and distribution of rein-
forcement. The elastlc analysis permits a reason-
ably realistic evaluatlon of deflection. This
important consideratfon is fi‘equently overlooked
by some designers.

The degree of accuracy re u1red in the analysis
of a thin shell strucfure will depend on certain
critical factors. These include: the size of the
structure, the geometry and l(gllegree of curvature of
the surface, the type jof bourtdary conditions, and
the nature of the load%:

Modern techniques jused 1n electronic computer
solutions include proc duresr%uch as the finite ele-
ment method which result in rigorous solu-
tions!? +19 40 predicting pr1ﬂ01pa1 stresses and
their directions at vdrious rodes as well as the
maximum -shear stresses and their directions at
various nodes. '

)]
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Such techniques provide solutions: which® are
usually superior to conventional solutions \inas-
much as the reinforcement may be placed as, the-
oretically required to resist pr1nc1pal tensﬂe
stresses and maximum shear stresses. Extenswe
dlscussmn concerning the directions of Such
stresses is provided in Reference 19.5] w:th régard
to domes, eylindrical shells, and short and ,long
barrel shells. 5

Reference 19.6 provides theoretical concepts re-
lated to thin shells and References 19.7 through
19.11 provide theoretical as well as practical design
concepts related to thin concrete shells. Finite
element methods for shells are thoroughly: dis-
cussed in References 19.12 and 19.13. .

‘The rémaining references provide excellent
guidance concerning analysis, design, and con-
struction of shells of various types. In particular,
Reference 19.15, the report of ACI Conpmlttee 334,
pxiowdes an excellent reference for the de51gn en-
gipeer, the constructor, and the f1e1d inspegtor.
The ACI Manual of Concrete Practice, “Part 2,,also
pr;ov1des lgood guidance with regard to shells

1? 2—As,sumphons !

The designer may assume that concrete 18
ideally elastic, homogeneous, and isotrppic, having
identical stress-strain properties in all directions.
Fuarther, Poisson’s ratio may be assumed equal to
zeyo in the partial differential equations related to
the partiqular type of shell being designed. The
werd ‘may” in this section allows the use of
sxmphﬁca,txons that do not provide errprs of lprge
mggmtude under usual conditions. chever the
kqowledgeable analyst-designer may 1]1t111ze rpore

acgurate assumptlons !

g

19 3—General considerations

7
19 31 + Equilibrium 1nvest1gat1ops arc re-
qired to ?nsure that statics will be satl.sfled "

1932 — Solutions which do not satlsfy stress
strani compatibility may be used,only when
ex._tensive,experience has proved that safe designs
haye resylted from their use. Such methods; in-
clyde beam type analysis for barreljshells ;and
folded plgtes having large ratios of spgn to wgdth
oryradius pf curvature, simple membrane analysis
for; domes; and shells of revolution, and others in
which the;partial differential equations related to
statics arg satisfied while the stram comqatl-
b1l§ty equgtions are not precisely sat1sfx)ed

Irowever, in complex structures of large raqhus
a more accurate analysis should be used Greater
accuracy of analysis is also warranted in lairge
strhcturesx in areas of high wind intensity and in

0
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critical earthquake zones. Finite element methods
can be used to satisfy statics and strain com-
patibility as well as to satisfy the boundary condi-
tions. Since numerous simultaneous differential
equanons result from such an analysis, electronic
computers provide the only feasible method of ob-
taining a solution. : '

19.3.3 — Model analysis may include strain
measurements or p}llotoelastxc studies of portlons
of the shell being analyzed i

Wind tunnel tests.of a scaled-down model do not
necessarily provide. usable results. Many factors
enter into model tests besides shape and direct
scale.!?3® Tnaus, the Building Official should ac-
cept results of model tests in lieu of mathematical
analysis only when the model tests have been per-
formed under the direction of a proven expert in
this area of. structyral engineering, including ex-
pertise in the theory of models and similitude of
model and grototype.

19.3.4 — The shell elements must be propor-
tioned to satisfy the strength provisions required
by the Code, while the analysis must be made
using elasti¢ analysis theory, the elastic theory of
models or 3 combmanon thereof. The shell thlek-
ness, however, is not always dictated by the
strength requu‘ements determined from such an
analysis, but often by deformation of edge mem-
bers, struc&ural stab111ty, and required cover over
the reinforcement,

The necessary strength must be provided by
using either of the two methods prescrlbed in
Section 8. 1’ The permissible maximum steel ra'gos
p, may not be exgeeded. i

If the shell 154 prestressed, then its ultimat
capacity must be mvestigated, as well as its elashc
capacity ynder service loads, the cracking load

and the loads induced at the time of prestressmg
"~ If composite agtmn is involved, the prov1s;ons
of Chaptey 17 muPt be satisfied. Chapter 16 apphes
if element§ are p{ecast

1935 Supperting frames and edge beams
must be designed in accord with the generaltpro-
visions of this Code using either of the two
methods prescxbed in Section 8.1. Portions of the
shell may be utilized as flanges for transleerse
arch- frantes or longitudinal frames. Such flanges
may be curved of sloping. Cantilever action of the
flanges must bej investigated in determining re-
mforcement in the flange perpendicular tq the
long1tud1na1 axig of the supporting member as
required by Chapter 8. In all cases, tempereture

remforcement must be used. )

19.3.6 — The designer is directed to consider the
possible reductan in the buckling capacity due to
creep and other factors. Reference 19.17 pro1v1des
theoretmal and gprac‘ucal guidance for the effects
of creep.,

g4

195,

19.5—Reinforcement requirements

16.5.4 — The option of increasing the deviation
from the line of the principal stress may be ap-
plied when excess steel is used, but the total steel
area per foot may not exceed 3.6f,//f, nor 14,
500k/f, when the deviation exceeds 10 deg.

*Only the membrane stresses need be considered
in determining the maximum eviation allowed.

. Development of reinforcement must satisfy
Chapter 12 and splices must sa}'tisfy Chapter 7.

19.5.6 — Typical locations where it may be de-
sirable to concentrate tensile remforcement rather
than distribute it over a zone of varymg tensile
stress are near the edges of long barrel shells
and near the ring beams in domes. Where this is
done, minimum distributed reinforcement in the
amount of 0.35 percent is specified to control
tracking throughout the tensile zone.

19.5.7 — The effects of moments ht boundaries
and other locations where mlembrane action must
be considered, require that dufficient strength be
provided to resist the resulting prificipal stresses
fand shear stresses. Axial loads must be included
when they are sufficiently darge to cause an in-

" 1crease in the reinforcementrequirements. If fac-

tored axial loads exceed 0.f,/bh in any section,
-$=0.7 must be used, even ithough-there may be
only one line of reinforcement in, the direction
, being considered. For lesser axial,loads a linear
,increase in ¢ is used from 0.7 gt P./f’bh=0.1
;10 ¢=009 at P,=0, in agcord with Chapter 9.
; Principal stresses are converted toyforces per foot
. and then the strength prqvisions.,are used. The
de51gn stress is then 0.85¢f;" over the entire cross

, section of concrete in compression and ¢f, for

steel in tension, except as x}nod1f1ed under Section

In shells where compleg‘: stres§ patterns may

' exist a comprehensive matﬂematm 1 analysis must
,] be utilized. It is dangerous to use simplifications

1n such cases.

The foregoing discussi(:m reg%rding principal
stress lines and deviation; of retinforcement di-
rection therefrom refers to gravity load analysis,
that is, dead load, vertical live 'load, and snow
load. The effects of wind foad mu’st be considered
as well as the effects of ?arthquake forces when
appropriate. Additional re nforceﬁxent in different
directions-(than those required for gravity loads)
may be required for suclr lateral loads. Due con-
sideration must be given th suctioh effects.

When shell or folded plc te elements are precas:
and connected by cast-in-place s§gments, compos-
ite action must be considéred. Tle dead load for-
ces will cause stresses and defldctions due to an
entirely different type of behavjor than live and
wind load, after the segments afe connected and
respond to loads by she11=act10n 5
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19.5.8 and 19.5.9 — The aesigner must consider
the possibility or probabilit‘y of the reinforcement
being placed ocut of line on doubly curved sur-
faces thus resulting in inshfficient splice length
if precut reinforcement is used. The designer must
provide sufficient remforcement length to main-
tzin the minimum sphce . lengths required by
Chapter 7. ;

19.6=Prestressing

Axial forces due to draped prestressed tendons
may not lie in one’ plane and due consideration
must be given to the resulting force components.
‘The provisions of Chapter 18 apply in segments or
sections where prestressing-is used. The effects of
post-tensioning of supporting members on the
shell must be taken into account.

- )
19.7—Construction | .

When early removal of fotms is necessary, buck-
ling and deflection fust be%i investigated to estab-
lish the modulus 4&f elasficity required before
removal of forms. The mddulus of elasticity of
the concrete must be measured using a stress-
strain curve for the field cured specimens. It is
not sufficient to determine the modulus from the

equation E, = 33w!SY f. with f/ determined for
the field-cured specimen. ?
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CHAPTER 20 - STRENGTH EVALUATION OF EXISTING STRUCTURES

3
20.1 — Strength evaluation — General ¢

Chapter2 20 applies to existing building stg'uc-
tures where thege is doubt about load-carrying
capacity. Typically such doubt may arise if the
materials supplieﬁ are considered to be deficient
in quahty if the construction is suspect, or if the
structure does nojt satisfy the Code in some aspect
In cases qf this nature, the Building Official may
use Chapter 20 as a guide in an investigation re-
garding the safety of the structure. L

When a strength investigation is made, evalua-
tion by ?nalytl al methods is permitted as an
alternative to load testing. This was not formally
stated inprevious Codes. It is included in the:1971
ACI Code, recognizing that in some cases éload
tests may not bé feasible, or may not be the ;most
appropriate method.

" - ¢
202 — General requlrements for analyhcal mvesh-
gation

Sectlon 20.2 pbpints out that in an analytical in-
vestigation, the analysis must be based on' data
gathered concerning the actual dimensions of the
structure, the strength of the materials in iplace
and all pther pertinent details. The field exami-
nation should bg thorough. For example, if goring
of the concretg is required, sufficient samples
should be takén to obtain a reliable average

3
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I . i
I strength indications and to detect possible flaws
at critical locations. (Typically, cote tests provide

' about 85 percent of the strength’ of laboratory-

" cured cylinders for the san’;le conctete.) Technical
problems may be encountered in obtaining a

' reliable check on the amount, kiﬂd, and location

of reinforcement. ‘

In some cases the Bulldjmg Of mal may deem
the analytical procedure tp be preferable to load
testing. In other cases, anglytlcal evaluation may
be the only practicable pqocedure Certain mem-
bers, such as columns and; walls, may be difficult
to load and the mterpretatmn of the load test re-
sults equally as difficult unless sévere damage or
actual collapse occurs. i '1

The Code states that ithe investigation shall
demonstrate to the Building official’s satisfac-
tion that the intent of the’Code has been satisfied.
The intent of the Code isito ensudre public safety.
The load factors and capacity deduction factors
¢ provide for possible logds in eé;cess of the spe-
cific design loads, compalfexities linvolved in the
analysis, workmanship variationd, materials vari-
ations, materials variations, and similar factors
which separately may be within tolerances but
which might add adversqly. In general, it should
be shown that the bullghng w111 have strength
close to or in excess of that env1$aged in the orig-
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inal design or as requured by the Code. This is a
matter of judgment considering relevant factors
such as the possible consequences of collapse.
- |

20.3 — General requirements for load tests

This section covers general matters concern-
ing load tests of structures. Those provisions are
unchanged from previous Codes

The selection of the poritmn of the structure to
be tested, the tostiprocedure and the interprota-
tion of the results should) be done under the di-
rection of a qualified engineer experienced in
structural investigations. |

H 1
20.4 — Load tests on ﬂexu;ral members

Detailed procedures and criteria for load test-
ing of flexural members are given in Section 20.4.
The total test load has heen changed from 1.3D
+ L7L as in ACI 318-63, to 1.2D + 1.44L, which
represents a reduction of about 8 to 15 percent,
depending on the ratio of live load to dead load.
The new procedut'e has the advantage, howevecr,
that the test loadsis a constant percentage of the
theoretical designistrength. This reduction in test-
ing load avoids possible- problems in testing of
prestressed members where the load values stated
in ACI 318-63 might induce inelastic behavior
even in a member which proves to have ade-
quate strength capacity. r

20.4.5—A general accef)tance criterion for the
behavior of a structure under the test load is
that it shall not show “vigible evidence of failure.”
“Visible evidence of failure” will include crack-
ing, spalling, or deflection of such magnitude and
extent that it is lobvmusly excessive and incom-
patible with the safety ré)qulrements for the struc-
ture. No simple rules caﬂ be developed, for appli-

"
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APPENDIX

3
€

This appendix is newun its entirety since ACI
318-63. All previous editions contained no special
provisions for seismic design. The major philos-
ophy here is to ainimige seismic forces by pro-
ducing a ductile;energy-absorbing structural sys-
tem containing elements the strength of which
tends to develop through the formation of plas-
tic hinges rather than ihrough less ductile flex-
ural, shear, or cofnpress1bn failures.

The provisionf of this appendix are based to
some extent onlthe information and recommen-
dations contanéd in the 1961 publication: “De-
sign of Multistory Reinforced Concrete Buildings
for Ear’chquakeDMotlon;s”M and the 1967 paper

JeNr——.

X ) e

A.1 — Scope
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cation to all types of structures and conditions. If
sufficient damage has occurred that ‘the structure_
is considered to have failed the test, retestmg is
not permitted since it is considered that damaged
members should not be put into serv1ce even at
a lower load rating. { y
If the structure shows no v1s1ble ev1dence of

:fallure -recovery of deflection after removal ‘of the
test load is used to determine whether or not the
strength of the structure is satlsfactory In the
case of 'a very stiff structurg, however, the errors
in measurements under field conditions ns'iay be
of the same order as the actual d'eﬂectmns and
recovery. To avoid penalizing a satlsfactory strue-
ture in such a case, recovery requ1rements are
waived if the maximum deﬂectmn is less than
1,2/20,000h. The recovery requlrements have been
elaborated in view of the lower test load and to
—prov1de for testing of prestressed ‘concrefe con-
’struc‘uons , j

8 ( -
I20.5 — Members other than flexural membelrs

Because the criteria for Judgmg‘ the re;ults of
“load tests are not well established. for Code pur-
jPoses except for members subjected to 'flexure
,only, the analytical method is preferred for the
streng h evaluation of other types of elpments
Load testing of any type of structyre is not, how-
ever, excluded as an alternative Hrocedurre when
feasible. ] .
20.6 — Provision for a lower load rafing ]
Except for load tested memblers that have
visibly failed under a test (see Section 20. 4.5), the
Building Official may permit the use of a struc-
ture ér member at a lower load' ratmgﬁ that is
judged to be safe and appropnate on the bas1s of

- the tekt results.

{ )

X A - SPECIAL PR@VHéH@NS FOR SEISMIC DESIGN

ic Resistance of Reinfgrced )Concrete
Beam-Column Joints.”s2 Modifigations jand ex-
tensigns have been made based for the most part
on thHe best current engineering practlce as rep-
resented in the seismic recomg'nenda’uons“M
of the Structural Engineers Assq?c1at1on of Cali-
forma unpublished research data from additional
bea -column tests at the Portlapd Cempent As-
sociation laboratories, and analysis of studies of
damage to buildings resulting from recéent cata-
strop}xic earthquakes, namely: Skopje (1963),2%
Anch!orage (1964) 4 %47 and Caracas (1967).484°9

The entire Code applies to thisl’append;ix except
were specifically excluded or when more strin-
gentﬂrequirements are applied therein,

3
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A.1.1—The provisions of this appendix are in-
tended to apply to reinforced concrete structures
located in a seismic zone* where major damage
to construction has a high probability of occur-
rence, and designed with a substantial reduction
in total lateral seismic forces due to the use of
lateral load-resisting systems consisting of ductile
moment resisting space frames, with or without
special shear walls. |

'Space frames and shear walls designed accord-
ing to the body of the Code are satisfactory when
the general building code of which the ACI Code
1s a part requires a ductile moment-resisting
‘space frame in ordinary or tall buildings con-
structed 1niseismie probability zones where mi-
nor or moderate damage from earthquakes are
indicated, providing that ductility reduction fac-
tors for lateral seismic forces are not utilized in
the design 'of the dpace frame or shear walls. Tn
such cases the pro’v1s1ons of Appendix A are not
mandatory. < ;

A.1.2—When it is not clear as to which mem-
bers are tHe bearmds and which are the columns
at a connettion, the most severe conditions gov-
ern. If the frame dannot be designed in this man-
ner, it is not coveredd by Appendix A. J

No recofmmendations are made for the case
where the®flexurd]l members are slabs (plat&s)
since such ‘members are still under mvestlga’non
insofar as seismic forces are concerned. -

A.13—It!is important to note that the provi-
sions of tHis appéndix are based on the use' of
the load factors fand capacity reduction factors
specified in Chapter 9 and not on the alternate
method of’Sect1on58 10.

A.1.4—The staté of the art in seismic design is
changing i'apxdly Studies of seismological data
and building response, now made feasible! by
computers, quite likely will make possible nhore
realistic ahd mot;e sophisticated methods for'de-
termining’the requirements for a structure td re-
sist anticipated earthquakes than has been pos-
sible heretofore. The provisions of this section’are
a reaffirn‘lation the principle of Section 1.4 in
the body of the s:ode with special applicatiofx to
this appendlx

Alternate systems or design methods shoula be
supported by thorough analytical or exper1menta1
studies to assuré a proper combination of earth-
quake input ang strength and ductility require-
ments. The acceptance or rejection of Such
alternate)methogls lies with the local building
authorities.

TOLYA™

r
A2 — Dghmho 3

The def1n1txons provided in this section apply
only to Af)penduq A,

The term “confined region” is defined pr1m5ar11y
for the purposes pf anchorage although it desc}‘ibes

88 ) ‘

regions in which some confinement is provided
for reasons of ductility. The amount of transverse
reinforcement (and therefore confinement) re-
quired varies with the type of member and with
location of the region in the'frame. It is not in-
tended that the term “confinement” in this defini-
tion mean sufficient lateral restraint to increase
the strength of concrete w1th1n the transverse
reinforcement.

A.3 — General requirements (I
v !
A.3.2—Possible reversal of axial fo‘rces, reversal
of shears, and reversal of bending moments must
be considered in the design of frame members,
floor and roof systems, and walls. -
A.3.3—Specified yield strength of the reinforce-
ment is limited to 60,000 psi because higher
strength steels may not haye the yield plateau
needed for ductility. The steel mugt not have a
higher specified yield strength than that called
for in the plans and specifications for each parti-
,cular placement in the structure. For example, if
the plans call for a particular mempber reinforce-
.ment to be Grade 40, then Grade 69 or any other
steel must not be used in this situatjon. The use of
.higher grade steels may result in inadequate duc-
tility when the member is strained into the plas-
¢tic range. |

H 1
r 1
t The general assumptions relating to strength
1 design stated elsewhere in the Code also apply io
Appendix A. ) {
1 :1
; A.5 — Flexural members of gpecial ductile frames
+ A.5.1—The ductility of a flexurkl member de-
. creases as the steel ratio, p, apprdaches the steel
; ratio, p», producing balan¢ed conditions. Neces-
¢ sary ductility is assured by placing an upper lim-
. it on p. The minimum valde of the steel ratio, p,
. is provided to prevent a sudden %brittle flexural
, failure in a lightly reinforced beam where the
- bending resistance of the-concrete acting alone
might be greater than thatiof the reinforced beam
¢ after fension cracking occurs.

A.5.2—These minimum . provisjons allow for
shifts in inflection pomtsrthat are not indicated
by combinations of de51gn loads,) including seis-
mic forces.

A.54—The Code does pot requn‘e anchorage
, calculations for top and bottorm reinforcement

continuous through beam-@olumn;connectlons ex-

cept for anchorage W1th1n each ﬂ!,exural member

( A.4 — Assumptions

*Seismic zone maps are under}thc jurlgtuction of a gence.sa.
building code rather than of ACZ& 318-71, ey do not apply t
. reinforced concrete frames alone.' The maps are used to deter
. mine the seismic design loads and specifl structural require-

ments for regions of different seismicity. FThe zones are usually
designated as areas of equal probgbility ofirisk of damage, such
as Zone 0-no damage, Zone l-minor damage, Zone 2-moderate
damage, and Zone 3-major damage g
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Reverse loading tests of interior connections
conforming to this, appendix show that the
advantages of continuity offset any theoretical
deficiencies in embedment length within the con-
nections. Although strain r@easurements indicate
that the reinforcemént was in tension through-
out the connections, measured moment capaci-
ties on both sides of the connections exceeded the
calculated moment strengths based on fully ef-
fective compression remforcement
A.5.6—Two-thirds ..of theb development length

spec1f1ed in Sections: 125(a)_ and 12.5(c) will de- -

velop the required anchorage based on the yield
stress of bars in the confmed region because of the
additional confmement requ1red by Appendix A.

AS5.7—Web remforcement is required to pre-
vent a nonductile shear failure before the fully
reversible flexural capacity 'of a member has been
developed. Therefore, the stirrups or stirrup-ties
perpendicular to the longltudmal reinforcement
must be designed to provide for the maximum
shears at every section in the member after the
formation of plastic hinges due to lateral dis-
placements of the frame in éither direction.

The web reinforecement -perpendicular fo the
longitudinal reinforcement 'is designed according
to Chapter 11 forfthe mlaximum total design
shears V, throughotit the fength of the member.
Ordinarily, this will be the larger of the shears
at each section within the two free bodies of
Fig. A-1, 1 £

A.5.8—Minimum jweb rdinforcement must be
provided throughoui the length of the member to
protect against sheéars, moment reversals, and
shifts in the points }of confraflexure that are not
indicated by the ldads méludmg seismic forces
assumed in the desxén ;

All of the web rémforcément must be placed
perpendicular to the longi*cudmal steel since in-
clined bars are effective for shear in one direc-
tion only and are, therefore not suitable in situa-
tions where shears dre hkely to reverse.

A.5.9—Closely spaced web reinforcement is
needed at the beamg ends tq provide the necessary
ductility where pfuastic lzinges may form. Eq.

1 €
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Reverse seismigiloading
]

Fig. A-1 — Bq:am unddjr saismic loading
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(A- 1), for ’me required amount of wep reinforce-
ment, is empmcal According to Section 7.12.8,
this reinforcement will, almost without excep-
tion, consist of closed stirrups or spirals extend-
ing completé,ly around all main reinforcement,
since this region is almost always'withini the
beam length subject to stress reversals. All of
the closed stirrups should preferably be stlrrup-

ties. 1

‘A.5.10=-These stirrup-ties are also effectwe as

web reinforcement. n
t

A.6 — Special ductile frame columns sub;ec?ed to
axial loads and bending

-A.6.2—lIt is desirable to have p1ast1c ‘hinges form
in the beams rather than in the columns. The
Code, therefore, requires that the moment
strengths of the columns exceed those of the
beams at a connection except whencspecial pro-
visions are made to allow hinging in yone or more
columns:at a level. Iy 4
., A.6.4.1 This special transverse rginforcement
ig provided to insure the required ductility
should plastic hinges form at column ends, to
compensate for strength loss should spalling oc-
cur in the concrete cover, and to serve as all or
part of the web reinforcement required m this
reglon )
&2 Eq. (10-3) is intended to provide con-
fmement and lateral restraint to the core of a

‘ <;olumn So that the resulting gain in strength re-

places the strength loss of an axially loaded col-
umn where the concrete cover spalls off: The
r}ummux’n value specified for the volumetric ra-
tio Pes browdes the necessary ductihty of 'large
éolumns’ under eccentric loads whére the ratio
df grossiarea to core area of the cohcrete is low.
" A64.3 Eq. (A-4) for A, was develoged to

determilhe.the cross-sectional area of one le'g of a
v, 3 g
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Fig. A-3 — Sectional view of portion of hoop column

single hoop, without supplementary crossties, used
to provide confinement to the rectangular core of
a compression member. It was devised to provide
the same average cox(npressive stress in the rec-
tangular core as would exist in the core of an
equivalent circular spiral compression member
having equal gross area, core area, center-to-cen-
ter spacing of.lateralireinforcement, and strength
of concrete and lateral reinforcement. The deri-
vation of the formula for A,, which follows
makes use of Fig. A-2 and A-3.

For free body of Fié. A-2
3V =0 = o,5:d — 24,,f,

2Aspf11 !
) S;.d
For free boay of Fl'g A-3:

i

%V =90 ‘F oxSaly — ZAahfy

2Aahfy
S),l;,

Oy =

of =

For equal confinerhent of concrete:
r S

. ; \',0', = 0.50'),

since the reduced e'ﬁ'-ficiency of rectangular hoops

may be as much ap 50 percent (see Reference
Al,p.99): .

2Aapf i
sud

Aahfy

sila
2A8p —_ Aah
d — 1

For equivalent spiral column:

. 2y
T osd

(A-C1)

(A-C2)

g0

Substituting Eq. (A-C2) into Eq. (A-Cl1):

Shnps A
24, I
Lo

Aah= IApzsh

which is Code Eq. (A-4). Eq. (A-4) yields twice
the volume of hoop steel given by the formula
(see Reference A.2, p. 541) used by the Portland
Cement Association in the development of their
seismic beam-column tests when a single hoop
without supplementary crossties is used. The
equation provides the same steel volume as the
corresponding formulas in the.book by Blume,
Newmark, and Corning (see Reference A.1, p. 159)
and the SEAOC requirements (see '‘Reference
A.4, pp. 92-93) under the same condition.

The formula for A, given above was derived
to provide a column that would not lose strength
under axial load after the concrete cover spalls
off, that has the relatively flat ductile ultimate
load curve of a circular spiral column, and that
would be otherwise reasonably comparable to a
circular spiral column designed under ACI Code
requirements. The limited test results oW avail-
able are inconclusive41® as the ,amount of
strength closely spaced rectangular hpops add to
the core strength of an axially, loaded column af-
ter the shell is lost. However, strength and duc-
tility under axial load are often not critical un-
der seismic loading, and it has beeny established
(see Reference A.1l, p. 126) that circular spiral
reinforcement in the quantity required by the
Code does not completely replace the strength
lost when the cover spalls frqm a spiral column
sibject to axial loads and ben&ing. THe rectangu-
lar hoop tests referred to (Referente A.10, pp.
213-235), nevertheless, show that cl (sely spaced
rectangular hoops do very signiﬁcantly increase
the ductility and toughness of columfi—type mem-
bers under axial loads or behding rfoment. The
members tested all had reinfércement ratios con-
siderably less than is required by Appendix A.
Ffurther, the PCA tests reported by:Hanson and
C(onner (Reference A.2, pp. 5&33-560) fhave shown
that beam-column connectiohs reir{forced with
about one-half of the steel reg';uired by Eq. (A-4)
and conforming with the éremaining require-
ments of Appendix A (pgrticulayly Sections
AB.2., A6.44, and A.7.1) perform in a relatively
ductile and satisfactory mapner uhder seismic
loads. Unfortunately, those tests didé not produce
data concerning the effectivéness of rectangular
I;xoops under the ultimate axial load conditions
§ssumed in the derivation of:Eq. (A;4). The tests
referred to herein indicate t_:that further research
might lead to a reduction in} the vglume of steel
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Fig. A-5 — Sectional vie:w of hoop column showing over-
lapping hoops and supplementary ties

now required by Eq.:(A-4) in future revisions of
the ACI Code.

Eg. (A-4) has been derived for the case where
overlapping hoops or.supplementary crossties are
not used.. Section A.6.4.3 permits overlapping
hoops or supplementary crgssties to be used to
reduce the unsupporfed length 1, (as in Section
X-X of Fig. A-4). A 25 percent reduction in the
required steel area through the section is per-
mitted when one supplementary crosstie is used,
and a 33 percent rediction when two supplemen-
tary crossties are used. This gives some recogni-
tion to the apparently superior confinement pro-
vided by overlapping hoops and supplementary

crossties through bond between the steel and the

concrete, and by pros}idmg a more favorable re-
straint on the hoop steel and longitudinal steel.

The limitation on the value of the volumetric
ratio, p,, used in Eq. (A-4) Is intended to insure
the necessary ductility under eccentric loading of
large columns wheréd the rdtio of gross area to
core area is low. - d

Methods of providing a eonfined region in a
column or connectiorr are shbwn in Fig. A-4 and
A-5. Supplementary fies aredprovided if required

BUILDING CODE CGMME‘NTARY L1

column sheor under
-~ seismic loading

MMC-O:I;)-> Mp2

M¢ = Mp1+ MpZ

Yo
L
M = Mp1

N (b} Column moments in joints where plastic finges

develop in beams

Fig. A-6 — Column under seismic lo;ading

by Sections 7.12.2 and A.6.6. Supplementary cross-
ties used to reduce I, may be used to satisfy
these requirements. A standard 135 deg bend with
a —10-bar-n§iameter extension is required at each
en'_%d of a Hoop.

A.6.5-~These columns tend to hdve high dom-
pressive forces due to the cantilever action in-
duced by the rigid elements above ‘and below.
Cdlumns fthat support discontinuous shear walls,
braced frames, or similar rigid elements should
ha,:ve special transverse reinforcement extending
for the fu_ll height of the supporting columns' un-
less a cdmprehensive analysis shows that the
compressive forces in the columns are not struc-
turally significant. ¢ n

A.6.6—Shear capacity is extremely. important
in ‘columns under seismic forces. 3

The transverse reinforcement in a column is
designed according to Chapter 11 fot the maxi-
mym total design shear V.. This cagn be gom-
puted from the free body of a column shown in
Fig. A-6a[The moments M, both act clockwise or
both act ﬁ:ounterclockwise under seismic loading.

i

1



Their magnitude depends on whether or not plas-
tic hinges develop in the column ends or beam
ends. When a plastic hinge develops in a column
end, M, is the plastic moment capacity of the col-
umn. When plastic hinges develop in the beams,
column moments are shown on the modified free
bodies of beam-column joints in Fig. A-6b. Only
the moments are shown; shears and axial forces
are omitted for clarity. Where two beam mo-
ments are shown, they both act clockwise or both
act counterclockwise under seismic forces. When
two column moments are shown, they both act
in opposition to the beam moments.

Under no condition does the transverse rein-
forcement in, a colymn need to be heavier than
that indicated should plastic hinges develop in
the top and bottom of the column. Therefore, all
cases may be de51gned for this condition, if de-
sired. 3

A.6.7—Splices sha’ll preferably be made in the
midlength regmn of columns.

AT — Beam columﬂ connections in special duchle
frames

The special transverse reinforcement is -
tended to insure tklxe ductility of the connection,
to compensate for strength loss due to spalled

¢ ¢
concrete, to improye bond of steel to concrefe
within the connechon and to provide some pr
all of the shear remforcement required in this
region.

Great care is needed to avoid 1mpract1<ia1
placement problems in seismic design. Thisjis
particularly true for the reinforcing steel in tlhe
connections of spegial ductile frames. If high per-
centages of reinforcement are used in beams and
columns, it;may bg physically impossible to place
the beam and colymn reinforcement and the re-
quired ties.in the connections; or if the reinforce-
ment is pleceable it may be impossible to plgtce
the concrete in the connection or to get a vibra-
tor into it. It may prove economical to construct a
full size mbdel oftthe reinforcement in a typical
connection to investigate its constructibility, in-
less the debigner has had considerable expeneﬁce
in this typé of work. ]

A.7.1—The shear reinforcement within a cbn-
nection is placed ftransverse to the main column
reinforcement. It ds designed according to Chap-
ter 11 for!the mdximum horizontal total deSign
shear V, dt eachfhorizontal section in the ¢on-
nection. Alfree bddy diagram of a typical intetior
connectiork is shown in Fig. A-7. Shear reinfotce-
ment is proport1dhed for the total shear forcd at
each horizontal séction in the free body. The Eon-
nection width blused in computing v, is’the
width of the beamh or column, whichever is larger

Calculaﬁons fof the shear stress carried by’ the
concrete 3)0 within the connection shouldi be

Y
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Fig. A-7 — Horizontal sheanng forces achng on a con-
nection under seismic loading

based on the specified strength of fthe concrete
actually placed within the cormection.

Hoop reinforcement is effective as shear rein-
forcement. Except as modified by Section A.7.2,
the shear reinforcement within a connection must
at least equal the hoop requu'emept of Section
Ab.4

A.7.2—Beams framing inty the sxdes of a con-
nection provide additional restraint and increasc
the capacity of the connection. A" reduction in
transverse reinforcement is allowed where beams
frame into four sides since they restrain the con-
nection in both directions.

A.B — Special shear walls

A.8.3—The intent here 15I to précvent a brittle
shear failure in a shear wall undergoing reversing
.seismic loads. f
: 'A8.4—This section is 1qtended to provide a
ductile shear wall when flexure is, present with-
¢ out a significantly large ax1a,1 load. ¢
The wall must be investigated bg means of the
; straight-line theory of stress and sfrain in flexure
using the factored loads of Eq. (9-2) and (9-3},
with 1.1E substituted for: W. If; the resulting
tension in the concrete exceeds §.15f,, then the
minimum area of vertical steel coAcentrated near
the ends of the wall shall pe 4, = (200/f,) (hd).
The values for f, are given is Sec’qxon 9.5.2.2. This
provision is intended to prevent a sudden brittle
flexural failure in a lightly loaded shear wall
where the bending resistance of the concrete

: alone might be greater thap that of the reinforced

wall after tension cracking occuts.
A.8.5—The intent here is to prowde a ductile

i shear wall system when the wall' is subjected to
> flexure and a significantly large axial load.
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Bea]rmg——Concrete supports, 10.14 .
Bearing stress—Column stress transfer to foetings, 15.6
Bendmg——Combmed with axial load, 18.14 .
ent bars—Design of shear remforcement 11.6
t-furnakte slag cement, 3.2
Board of exammers—Spemal structures, 1.4
Box section—Combined torsion and shear, 1§.7
Brackets—Shear, 11.14
Bulkhng
-Ilateral—Flexural members, 10.4
-Erestresspd concrete, 18.2 §
ell design, 19.3
Bu ding Official—Definition, 1.2
Buhdled bars—Development length, 12,7

Ca}culatlon,s—-Permlt request, 1.2
Capacity reduction factor (¢), 9.1, 8.2
-Seismic design, Appendix A Al
Cednent, 3.

-Moist curing requirement, 3.2

Chloride ion content

~Admixture contribution, 3.6

~-Mixing w]'ater 3.4

Cold weather concreting—Requirements, 5. 6
Column (see also Compression members)
-Base—Stress transfer to footings, 15.6
-ﬁlomposige——Metal cores, 7.10

t .

~¥rames, -
omentd and shears—Slab systems, 13.3
-Reinforcement—Special details, 7.10 1
ghear force moment transfer to, 11.13 !
lab systems, 13.1, 13.2
-Special ductlle frames—Seismic design, Appendlx A,
.6

- ransm1ssxon of load through floor system, 10.13 -
Column capitals—Metal—Slab system de51gm, 13.4
Column reduction factor, 10.11
Composite action—Shell design, 19.3 :

Coémposxte fconstructxon—Erec'aon and handling loads,
Composite ¥lexural members ! N
efinitioh, 17.1 ! :
eneral gonsideration, 17.2
orizontml shear, 17.5
oughness, 17.7
horing,;17.3
Composite members—Deflection, 9.5
Cm’npressxon

glternate desxgn method, 8.10°

esign for, 10.3
ccentrxclty, 10.3
-Remforcement in flexural members, 10.3



Compression members (see also Column)
-Approximate evaluation of slenderness effects, 10.11
-Axially loaded—Supporting flat slabs, 10.12
-Composite, 10.15 i
-Deflection, 9.5 '
-Effective length factor, 10.11
-Limiting dimensions, 10.8 .
-Modified R design method, 10.11
-Prestressed concrete, 18.14 ,
-Reinforcement limits, 10.9
-Slenderness effects, 10.10
Compressive member—Definition, 2.1
Computer calculation—Permit request, 1,2
Conduits—Embedded in concrete, 6
Confinod region--Definition, Appendix A, A.2
Connections ) , ,
-Beam-column—Special ductile frames, Appendix A,
AT

-Reinforcement, 7.11
Construction joints, 6
Continuous beam—Prestressed concrete, 18.12
Contractor—Responsibility, 1.3
Conveying concrete, 5.3
Conveying equipment, 5.3
Corbels——S‘lil%ar, 11.14
Core tests, 4.
Corrosion—Prgtection ?f unbonded tendons, 18.15
Cover . ;
-Corrosive atmospherés, 7.14
-Reinforcement, 7.14
-Reinforcemg:t-—Measurement of, 1.14
Crack—Shear ‘§riction, 1115
Cracking 1
-Control in pgestressed concrete, 18.4
-Distribution.of flexural reinforcement, 10.6
-Flexure-shear—Predicting, 11.5
-Inclined—Shear carrjed by concrete, 11.2
-Inclined—Stirrup reinforcement, 11.1
-Unbonded tendons—Prestressed concrete, 18.9
-Web-shear—Predicting, 11.5
Creep—Compuyting long-time deflections, 9.5
Crossties—Prestressed concrete, 18.1
Curing, 5.5 ! 1 v
-Accelerated methods, 5.5
-High pressure steam, 5.5
Cylinders N
-1?‘1eld-curev:l‘t 5.5 ;
-Field-curedrInterp}'etation. 4.3

[3

Definitions, 2.1 .

Deflection 1
-Allowable, 9.5 \
-Control of, 8.5 ¢

-Prestressedsconcrete\ 18.4 e
Depositing coécrete, 5.‘?'1 e T
Design § . 7

-Alternate method, 8.10

-Methods, 8. , ,
Development}

-Reinforcemébnt, 12.1%

-Reinforcemgnt—Fogtings, 15.5
Development Jength, r2

-Bundled bafs, 12.7 v

-Combined, 12.9

-Deformed r;amforcefn

ent, 12.5, 12.6
-Prestressing strand,’ 12.11
-Reinforcemént splicks in tension, 7.6
-Welded wire fabric,112.10

Direct design method—Slab systems, 13.3

Drawings, 1.2, 3

Drop panels—Deflectieon, 9.5

Earthquake design, See Seismic design
Earthquake farces, 8.

End bearing s lices—zéeinforcement, .7
Equivalent frime method—Slab systems, 13.4
Evaluation oféconcrete, 4.3

Finish—Floor§—Separ4te, 8.9
Flexural members (se(‘e also Beam, T-beam)
-Deep, 10.7 X
-Distance between lateral supports, 10.4
-Minimum réinforcerment, 10.5
-Reinforcemgnt distribution, 10.6
-ipgcial ductile fran(les—Seismic design, Appendix A,
T

. f -
Flexural stiffness—Sl?'b system design, 13.4

94

Flexure
-Alternate design method, 8.10
-Design for, 10.1
-Rectangular stress distribution, 10.2
Floor (see also Slab)
-Concrete joist, 8.8
~-Joist—Prestressed concrete, 18.1
-Separate finish, 8.9
Folded plate (see also Shell)
-Definition, 19.1
Footing
~-Bending moment, 15.4
-Combined, 15.10
-Isolated—Loads and reactions, 15.2
-Mats, 15.10
-On plles—Loads and roactions, 16.2
-Reinforcement—=Shear, 11.11
-Shear, 11.10
-Shear and development of reinforcement, 15.5
-Sloped or stepped, 15.3
-Stress transfer, 15.6
-Unreinforced concrete, 15.7
Formwork - -
-Design, 6
-Preparation, 5.1
-Removal, 6
Removal—Shell construction, 19.7
rame
-Analysis and design, 8.4
-Columns, 8.5 .
rDuctile—-Seismic design, Appendix A, A.l
-Live load arrangement, 8.5
-Span length, 8.5
~Stiffness, 8.5 .
Freezing and thawing resistance, 4.2
Friction
~Curvature coefficient for post-tensioned concrete, 18.6
~Wobble—Coefficients for post-tensioned concrete, 18.6
Friction loss—Prestress loss, 18.6

Grout—Unbonded tendons, 18,17 §

Hardened concrete—Shear transfdr at interface
-with new concrete, 11.15

High-early-strength concrete—Test age for, 4.2
High pressure steam curing, 5.5 > 0
Hooks—Reinforcement, 12.8

Hot weather concreting—Requirements, 5.7

Impact loads—Determining required strength, 9.3
Inspection, 1.3

.-Fees, 1.3 ’

.-Records, 1.3

Inspector—Role of, 1.3 )

Joints—Construction, 6
Joist—Floors, 8.8

Lap splice t

“-Reinforcement, 7.5, 7.7

~=Tension, 7.6 . .

igteral loads—Wind or earthquake—-—Footings, 15.5
ightweight concrete .

.-Concrete quality, 4.2

:-Deflection, 9.5 f SR

;-Shear and torsion stresses, 11.3 v s

Load-deflection curves—Prestressed concrete, 18.4

Load factor design, 8.1 q

Load factors, 9.1, 9.3 '

;-Seismic design, Appendix A, Ad ]

Load test

==Judging low strength concrete,»4.3 )

=-Lower load rating, 20.6 b] '

:-Strength evaluation, 20.1, 20.3, 20.4

Loading—Required, 8.2 1

Loss of prestress, 18.6

,_Low-strength concrete—Procedures to follow, 4.3

Mat footing, 15.10
Mix proportioning, 4.2
Mxxmg—-Concrete, 5.2 )
odel analysis
! -Shells, 19.3
J-Supplement to calculations for permit request, 1.2

1

%odulus of elasticity, 8.3 C

oist curing, 5.5

Moment

{«Design—Slabs, 13.3 i .

§-Neggtive—Bedistribution, 8.6
"-Redistribution—Continuous prestressed beams, 18.12

. KCI COMMITTEE REPORT




\

& * w !

.Shear force—Transfer to columns, 11.13
-Slab design, 13.4
Moment coeff1c1ents——Frame analySJS and design, 8.4
Moment distribution—Two-cycle method, 8.5
Moment magmfxcatmn-t—Desxgn's of compression mem-
bers, 10.10, 10.11

..I:\‘

Negative moment—Rei forcement development, 12.3
Nomenclature, 2.1 ;
Openings
-%rmcgal section locatlons 11, 11\
-Slabs, 11.12
Over-remforced beams—-Computmg flexural
stréngth in prestréssed baams, 16,8

Panel—Slab system—Definition, 13.1
Pattern loading—Slab system design 13.3
Pavement—Prestressed concrete, 18.1
Pedestal—Unreinforced concrete 15.7
Permits, 1.2
Phi (¢), capacity reductlon factor, 9.2
Pipe
-Embedded in concrete, 6
-Prestressed concrete, 18.1
Placing concrete, 5.4
Placing equlpment—Preparatlon 5.1
Plain concrete——Footmgs and peaestals, 15.7
Plastic hinge, 8.6
Portland-pozzolan cemeﬁt 3.2 ;
Precast concrete, 16 " :
-Cover for 1emforcemeht 7.14
-Design, 16.2 .
-Detailing, 16,4 i
-Erection, 16.6 i r
-Erection tolerances and stresses, 16.2
-Joints and bearings, 16.2
-Lifting devices, 16,4
-Shear-friction, 11.15 ! \
-Shell design, 19.5 L
-Storage, 16.6 N :
-Transportation, 16.6 i
-Wall panels, 16.3 ,
Pressure vessels—Prestressed concrete 18.1
Prestressed concrete, 18.1
-Appglcatxon and measurement of prestressing force,
18

-Basic assumptions, 18.3

-Bonded remforcement-.—Mxmmum requirement, 18.9
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EL DISENO DE ESTRUCTURAS DE CONCRETO

1. EL DISENO ESTRUCTURAL

Una estructura puede concebirse como un sistemg; es decir, como un conjunto de
partes o componentes que se combinan en una forma ordenada para cumplir una funcién dada. La
funcidn puede ser: salvar un claro, como en los puentes; encerrar un espacio, como sucede en los
distintos tipos de edificios; o contener un empuje, como en los muros de retencién, tanques o silos.
La estructura debe cumplir la funcidn a la que estd destinada con un grado de seguridad razonable
y de manera que en las condiciones normales de servicio tenga un comportamiento adecuado. Ademas,
deben cumplirse otros requisitos, tales como el de mantener el costo dentro de limites econémicos y

el de satisfacer determinadas exigencias estéticas.

Un examen de las consideraciones anteriores hace patente la complejidad de!l disefio
de sistemas estructurales. ¢ Qué puede considerarse como seguridad razonable, o como resistencia
adecuada? ¢Qué requisitos debe satisfacer una estructura para considerar que su comportamiento
bajo condiciones de servicio es satisfactorio? ¢Qué es un costo aceptable? ;Qué vida Otil deberd

preverse? ¢Es la estructura aceptable estéticamente?.

Estas son algunas de las preguntas que el proyectista tiene en mente al disefiar una
estructura. El problema no es sencillo y en su solucidn el proyectista hace uso de su intuicidn y su

experiencia, apoyando éstas en el andlisis y la experimentacion.

Si se contemplan en toda su complejidad, puede afirmafse que los problemas de disefio
no suelen ser de solucidn Gnica, sino de solucidn razonable. En efecto, la labor del ingeniero
proyectista tiene mucho de arte. Indudablemente el ingeniero debe aprovechar el cimuio de in-
formacién y metodologia cientifica disponible, pero ademés tiene que tomar en cuenta otros

factores que estan fuera del campo de las matematicas y de la fisica.



El proceso que sigue el proyectista al disefiar una esiructura es anélogo al utilizado sn
el disefio de cualquier otro sistema. 1-4,12, 17, Son aplicables, por lo tanto, los métodos que

aporta la Ingenieria de Sistemas, una de cuyas finalidades es la racionalizacién del proceso de

disefio.

El proceso de disefio de un sistema parte de la formulacidn de los objetivos que se
pretende y de las restricciones que deben tenerse en cuenta. El proceso es ciclico; se parte de
afina

cfirma

consideraciones generales, que se en aproximaciones sucesivas a medida que se va acumu-

lando informacién sobre el problema.

En el disefio de estructuras, una vez planteado el problema, supuestas unas solicitaciones
razonables y definidas las dimensiones generales, es necesario ensayar diversas estructuraciones
para resolverlo. Es en esta fase del disefio donde la intuicidén y la experiencia del ingeniero de-
sempefian un papel primordial. La eleccidn del tipo de estructuracidn es sin duda uno de los

factores que més afecta el costo de un proyecto. Los refinamientos posteriores en el dimensiona~-

miento de secciones son de mucha menor importancia.

La eleccidén de una cierta forma estructural debe ir asociada a la eleccidén del material
con que se piensa realizar la estructura. Al hacer esta eleccidn, el proyectista debe tener en cuenta
las caracteristicas de la mano de obra y el equipo disponible, asi como también el procedimiento
que mds se preste al caso. Después de elegir una estructuracién tentativayse idealiza la estructura
para estudiar los efectos de las solicitaciones a que puede estar sujeta. Esta idealizacién es necesaria

porque el problema real es siempre mas complejo que lo que es préctico analizar.

n
El andlisis estructural implica un conocimiento de las solicitaciones que obrg sobre la
estructura y de las dimensiones de sus elementos. Estos datos son imprecisos cuando se inicia el
disefio, ya que sblo se conocen en forma aproximada las dimensiones que tendran los elementos.

Estos iniluyen tanto en el valor del peso propio como en el comportamiento estructural del conjunio.



En un proceso ciclico el proyectista va ajustando los datos iniciales a medida que va precisando el
anélisis. Solamente en la fase final de este proceso hace un célculo numérico relativamente refinado.
El grado de precisién que trate de obtener en este proceso depende de la importancia de la estructura
y de la posibilidad de conocer las solicitaciones que obraran realmente sobre ella. Un vicio frecuen-~
te es el de tener un exceso de minuciosidad en casos en que la importancia del problema no lo ame-
rita, en que el conocimiento de las solicitaciones es solamente aproximado, y en que el ahorro que
no

pueda obtenerse gracias al refinamiento en el anélisis/\lo justifica.

La fase final del disefio consiste en la comunicacidén de los resultados del proceso descrito
a las personas que van a ejecutar la obra. La comunicacién de los datos necesarios para la realizacién
del disefio se hace mediante planos y especificaciones. Este aspecto final no debe descuidarse, puesto

que el disponer de planos claros y sencillos, y de especificaciones concretas, evita errores y confu-

siones por parte de los constructores.

ldealmente, el objeto del disefio de un sistema es la optimizacién del sistema, es decir
la obtencién de la mejor de todas las soluciones.posibles.W El lograr una solucidon
Sptima absoluta es practicamente imposi'olle; Lo que es 6ptimo bajo un conjunto de circunstancias
no lo es bajo ofro conjunto; lo que es éptimo para un individuo puede no serlo para ofro. Asi, como

se dijo anteriormente, no existen soluciones Unicas, sino solamente reazonables.

Sin embargo puede ser Gtil optimizar bajo determinado criterio, tales como el de peso o
costo minimos. Si el criterio puede expresarse analiticamente por medio de una funcién, generalmente

llamada “funcién objetivo" o "funcién criterio", el problema puede resolverse matematicamente.

Las técnicas de optimizacién tienen todavia aplicaciones limitadas, en el disefio
estructural debido a las dificultades mateméticas que suelen involucrar. Sin embargo, es de suponerse
que, con el uso cada vez més extandido de la computacidn electrdnica, se vayan perfeccionando
estas técnicas de manera que sea posible contar con un grado de refinamienio cada vez mayor,en

o5 5,6"3

Los procesos de optimizacién en el disefio estructural hassido tratadg por Spunt, y otros.



En las consideraciones anteriores, para mayor sencillez, se han tratado los sistemas
estructurales como sistemas independientes. De hecho, toda estructura no es sino un subsistema de
algin sistema mas complejo: un edificio, un complejo industrial,, un sistema hidraulico, un sistema
de ccminosﬂde comunicacidn urbana. En un edificio, por ejemplo, pueden distinguirse varios

alre

subsistemas ademés del estructural: las instalaciones eléctricas, de plomeri'o% y este acondicionado,

los elevadores, los acabados arquitectonicos, la ventaneria, etc.

Segin el enfoque de sistemas, en el disefio del sistema total debe tenerse en cuenta
sub
la interaccidén entre todos losASIsfemcs. De esta manera, en el disefio del subsistema estructural
deben considerarse no solamente los aspectos de eficiencia estructural, sino también la relacidn de
la estructura con los deméas subsistemas. Por ejemplo, puede ser necesario prever pasos para instala-
- - - n . - -
ciones que implique, mayor consumo de materiales que el estrictamente necesario desde el punto de
vista estructural. Por otra parte, los enfoques globales o de conjunto implicitos en la concepcidn
& los edificios como sistemas pueden conducir a soluciones de gran eficiencia en las que los
componentes estructurales del sistema se disefian de manera que realicen otras funciones ademas de

las estrictamente estructurales. Asi, un muro de ‘carga puede ser también un elemento arquitectonico

de fachada y servir de elemento rigidizante.

4

En el disefio de los subsistemas estructurales para edificios debe tenerse en cuenta: su
importancia relativa dentro del sistema general. Son ilustrativos los datos de la Tabla 1, basada

en informacidén proporcionada en la ref 20.

\

Se desprende de estos datos la proporcidn relativamente pequefia del costo total
correspondiente a la estructura. Esto indica que en muchas ocaciones no se justifican refinamientos
excesivos en el céloulo estructural, ya que las posibles economias de materiales resultan poco

significativas. Lo importante, en efecto, es la optimizacién del sistema total, como ya se ha

indicado, y no la de los subsistemas o componentes considerados individualmente.



TABLA |

DISTRIBUCION APROXIMADA DEL COSTO DE EDIFICIOS ALTOS EN LOS EE. UU. DE AMERICA

CONCEPTO POR CIENTO
Excavacion y cimientos 10
Estructura 25

Instalaciones diversas (electricidad, plomeria,aire

acondicionado) 30
Elevadores ' 10~
Muros exteriores \ 12
Acabados diversos 13

100



Si la optimizacidn de sistemas relativamente sencillos como los sistemas esiructurales
presenta ciertas dificul%édes, son abnmas graves los problemas que ofrece la optimizacidn rigurosa
de sistemas complejos como el de un edificio o una obra urbana en los que intervienen gran nimero
de variables, muchas de ellas de naturaleza psicoldgica o socidlogica y por lo tanto dificilmente
cuantificables. En efecto, la aplicacidn rigurosa de los métodos del enfoque de sistemas aln no es

de uso comin.

El interés por el enfoque de sistemas esta produciendo un cambio de actitud entre los
proyectistas frente al problema de disefio. Por una parte, se tiende a una racionalizacién creciente
del proceso de disefio, lo que implica manipulaciones mateméticas cada vez més refinadas. Por
ofra, el reconocimiento de la interdependencia entre los diversos subsistemas que integran una

- - Ld n - - - L ‘D . - e
obra civil estd llevado a un concepto interdisciplinario del disefio. Mientras que antes los diversos
subsistemas se disefiaban independientemente, de manera que la coordinacién entre ellos solia ser

poco satisfactoria, ahora se tiende cada vez més al trabajo de equipo.

El enfoque de sistemas aporta herramientas de gran utilidad en el disefio. Sin embargg
no debe olvidarse que en el proceso de disefio seguird siendo de gran importancia la intuicién y la

capacidad creativa e innovadora del proyectista.

2. LAS ESTRUCTURAS DE CONCRETO

Las estructuras de concreto reforzado tienen ciertas caracteristicas, derivadas de los
procedimientos constructivos usados en su fabricacién, que las distinguen de las estructuras de

otros materiales.

El concreto se fabrica en estado pléstico lo que obliga a utilizar moldes para soportarlo
mientras adquiere una resistencia suficiente para que la estructura sea autosoportante. Esta carac-

teristica implica ciertas restricciones, pero al mismo tiempo aporta algunas ventajas. Una de éstas



es su "moldeabilidad”, propiedad que brinda al proyectista una gran libertad en la eleccién de
formas. Gracias a ello es posible construir estructuras, como los cascarones, que en otro material

serian muy dificiles de obtener.

Otra caracteristica importante es la facilidad con que puede obtenerse la continuidad
en la estructura, con todas las ventajas que esto supone. Mientras que en estructuras metélicas el
logro de continuidad en las conexiones entre los elementos implica serios problemas en el disefio y

(] - R
en la ejecucién, en las de concreto reforzado el monlitismo es una consecuencia natural de las

caracteristica constructivas.

Existen dos procedimientos principales para construir estructuras de concreto. Cuando
los elementos estructurales se forman en su posicidn definitiva se dice que la estructura ha sido
Ve
colada "in situ" o colada en el lugar. Cuando los elementos se fabrican en un lugar distinto al de

su posicidn definitiva en la estructura, el procedimiento recibe el nombre de prefabricacién.

El primer procedimiento obliga a una secuencia de operaciones determinada, ya que
para poder iniciar cada etapa es necesario esperar a que se haya concluido la anterior. Por ejemplo,
no puede procederse a la construccién de un nivel en un edificio hasta que el nivel inferior haya
adquirido la resistencia adecuada. Ademds, es necesario, a menudo construir obras falsas muy
elaboradas y transportar el concreto fresco del lugar de fabricacién a su posicién definitiva, opera~

ciones que influyen decisivamente en el costo.

Con el segundo procedimiento se puede economizar tanto en la obra falsa como en el
transporte del concreto fresco, y se pueden realizar simultGneamente varias etapas constructiras.
Por ofra parte, este procedimiento presenta el inconveniente del costo adicional de montaje y

transporte de los elementos prefabricados y ademés el problema de desarrollar conexiones efectivas

entre los elementos.

El proyectista debe elegir entre estas dos alternativas guiéndose siempre por lasventajas



econdmicas, constructivas y técnicas que pueden obtenerse en cada caso. Cualquiera que sea la
alternativa constructiva que escoja, ésta eleccién influye en forma importante en el tipo de estruc-

turacion que se adopte.

Otra caracteristica peculiar de las estructuras de concreto reforzado es el agrietamiento,

que debe tenerse en cuenta al estudiar su comportamiento bajo condiciones de servicio.

3. CARACTERISTICAS ACCION-RESPUESTA DE ELEMENTOS

CONCEPTOS GENERALES

Se ha dicho que el objeto del disefio consiste en determinar'las dimensiones y caracteris=
ticas de los elementos de una estructura para que ésta cumpla una cierta funcién con un grado de
seguridad razonable, comportandose ademés satisfactoriamente bajo condiciones de servicio. Estos
requisitos hacen necesario el conocer las relaciones que existen entre las caracteristicas de los
elementos de una estructura (dimensiones, refuerzo, etc.), las solicitaciones que debe soportar y
los efectos que dichas solicitaciones producen en la estructura. En otras palabras, es necesario

conocer las caracteristicas accidn-respuesta de la estructura estudiada.

Las acciones en una estructura son las solicitaciones a que puede estar sujeta. Entre
éstas se encuentran, por ejemplo, el peso propio, las cargas vivas, las presiones por viento, las
aceleraciones por sismo y los asentamientos. La respuesta de una estructura, o de un elemento, es
su comportamiento bajo una accién determinada. Puede expresarse como deformacién, agrietamiento,
durabilidad, vibracién. Desde luego, la respuesta es funcidén de las caracteristicas de {a estructura,
o del elemento estructural considerado.

Si se conocen las relaciones

ACCION ELEMENTOS DE CIERTAS CARACTERISTICAS RESPUESTA

para todas las combinaciones posibles de acciones y caracteristicas de una estructura



se tendré una base racional para establecer un método de disefio. Este tendrd por objeto el determinar
las caracteristicas que deberd tener una estructura para que, al estar sujeta a acciones determinadcs,

su comportamiento o respuesta sea aceptable desde los puntos de vista de seguridad a la falla y de

utilidad bajo condiciones de servicio.

El problema de la determinacion de las relaciones accién-respuesta para estructuras
con caracteristicas cualesquiera, sujetas a toda la gama posible de acciones y combinaciones de

estas acciones, es insolubbie debido al nimero infinito de combinaciones que pueden presentarse.

Esta situacidn ha hecho necesario el desarrollo de métodos mediante los cuales pueda
basarse el estudio de una estructura en conjunto en el estudio del comportamiento de sus distintas
partes o elementos. Estos métodos, |lamados de andlisis, permiten determinar las acciones internas
en cada uno de los miembros de una estructura resultantes de la aplicacién de las solicitaciones
exteriores a la estructura total. Esta consideracidén permite reducir el problema de la determinacién

de las caracteristicas accidn-respuesta a dimensiones manejables.

Para establecer una base racional de disefio serd necesario entonces obtener las carac-
teristicas accidn-respuesta correspondientes a las solicitaciones que actian més frecuentemente sobre
los distintos elementos estructurales. Con esta informacién se puede delimitar el rango de las solicita~-
ciones bajo las cuales el elemento se comportara scfisfa‘qforiamenfe en condiciones de servicio. En

otras palabras, es necesario establecer las relaciones entre los elementos siguientes.

\

ACCIONES INTERIORES CARACTERISTICAS DEL ELEMENTO RESPUESTAS
Carga axial tipo de concretfo deformacion
Flexion tipo de refuerzo agrietamiento
Torsién Tamafio durabilidad
corfante forma vibracién

restriccién



LAY

Al valuar la respuesta correspondierite a una accidén determinada, es necesario tomar
en cuenta el modo de aplicacién de la misma, ya que este factor ejerce una influencia muy importante
en dicha respuesta. Es decir, la respuesta de una estructura a una accién determinada dependera

de si ésta es instantanea, de corta duracion, sostenida, repetida, etc.

I
En los capitulos siguientes se estudian estas relaciones para las solicitaciones mas fre-
cuentes en el caso de estructuras de concreto. La informacién relativa ha sido obtenida mediante

experimento y experiencia, con el transcurso del tiempo.

En los procedimientos de disefio,normalmente el dimensioncmien?o se lleva a cabo a par-
tir de las acciones interiores, calculadas por medio de un anélisis de la estructura. Debe notarse que
no siempre es necesario el obtener las acciones inferiores inducidas por las solicitaciones exteriores
para disefiar satisfactoriamente. Muchos disefios han sido desarrollados directamente a partir del
estudio de modelos estructurales. En estos casos se aplican conjuntos de solicitaciones o acciones
exteriores, representativas de aquellas a las que el prototipo estaré sujeto en la realidad, a un modelo
a escala de la estructura por disefiar, y se miden las respuestas del mismo. Para satisfacer la condicion
de seguridad, el modelo debe resistir solicitaciones, a escala, un tanto mayores que las que se estima
deberd soportar la estructura bajo sus cond';ciones de servicio. Para satisfacer la condicién de compor=
tamiento satisfactorio bajo estas condiciones de servicio, las respuestas del modelo a estas solicitacio-
nes deberdn estar comprendidas entre los valores considerados como limite de tolerancia. Si una de las

dos condiciones no se satisface, se modifican las caracteristicas del modelo y se repite el proceso.

La primera condicién que debe satisfacer un dis;aﬁo es que la estructura resultante sea lo
suficientemente resistente. En términos de las caracteristicas accidn-respuesta, se puede definir la
resistencia de una estructura o element o a una accidén determinada como el valor méximo que dicha
accidn puede alcanzar. Una vez determinada la resistencia a una cierta accidn, & compara este valor
méximo con el valor correspondiente bajo las condiciones de servicio. De esta comparacidn se origina

el concepto de factor de seguridad o factor de carga. De un modo rudimentario, éste puede definirse



como el cocienie entre la resistencia y el valor estimedo de la accién correspondiente bajo las

condiciones de servicio.

El disefio debe garantizar que la esiruciura tenga un factor de seguridad razonable . Me-
diante este factor s trata de tomar en cuenta en el disefio la incertidumbre sobre los efectos de cier-
tas acciones y sobre los valores usados en varias etapas del proceso. Enire las principales incertidum=
bres se pueden mencionar el desconocimiento de las solicitaciones reales y su distribucién, la validez
de las hipétesis y simplificaciones utilizadas en el andlisis, la diferencia entre el comportamiento

real y el supuesto, y la discrepancia entre los valores reales de las dimensiones y de las propiedades

de los materiales con las especificadas en el disefio.

! c.araas P resis'f?ehcics R

Ce'nceﬁﬂ‘}o)
fig 1.- Gomsreto ‘de probabilidad de falla



La seleccidn de un factor de seguridad adecuado no es un problema sencillo, debido al
gran nimero de variables y de condiciones que deben tomarse en cuenta. La dificultad principal
reside en la naturaleza probabilistica tanto de las solicitaciones que obran sobre las estructuras como
de las resistencias de éstas. Este caracter aleatorio de solicitaciones y resistencias hace que exista
siempre una cierta probabilidad de que se presenten combinaciones de valores tales que la solicitacién
sea superior a la resistencia. Esto se ilustra en la fig 1, en la que se representan las distribuciones de
frecuencias de solicitaciones y resistencias de un elemento estructural, por ejemplo, una viga. El arec
sombreada representa la probabilidad de falla de la estructura. La probabilidad de falla da una medida
significativa del margen de seguridad real de la estructura. Puede expresarse en términos econdmicos,
si se cuenta con los elemen tos necesarios para estimar el costo de las consecuencias de la falla. La
estimacién del costo de la falla, junto con el costo de la estructura pueden {&Ez de base para escoger
una solucidén conveniente con un criterio racional que asigne un margen de seguridad de acuerdo con
la importancia de la obra. Obviamente el factor de seguridad de una presa debe ser mayor que el de

una bodega de chatarra.

Los criterios modemos de disefio moderno estan tendiendo a enfoque probabilisticos como
el descritoM, no obstante las dificultades que implican. Por una parte, todavia no se tiene suficiente
sobre la variabilidad tanto de las solicitaciones que deben considerarse como de las resistencias de
los materiales y elementos utilizados en las estructuras. Por otfra parte, es dificil el problema de
asignar precio o valor a las consecuencias de una falla, en términos de posible pérdida de vidas y
de costo de reposicién. No obstante estas dificultades, el enfoque tiene indudable interés y ya
existen proposiciones para formular reglamentos de construccién basados exclusivamente en conceptos
probabilisticos. De hechg, ciertos conceptos probabilisticos ya han sido incorporados a algunos regla-

7,16

mentos en relacidén con la valuacidn de las caracteristicas de los materiales y las solicitaciones.

A semejanza con el problema de resistencia, para garantizar que una estructura tenga un

comportamiento aceptable bajo condiciones de servicio, se comparan los valores de las respuestas



(deformaciones, agrietamiento, durabilidad), correspondientes a las acciones estimadas, con ciertos

Iimites prestablecidos, que la experiencia ha indicado son satisfactorios para el tipo de estructura

de que se trata.

El problema es més dificil que el de valuar la resistencia, ya que las deformaciones y el
agrietamiento son funcidn de las acciones reales que obran en la estructura, de la historia d;a carga y
de todas aquellas variables que influyen en el comportamiento. El establecer Iimites razonables para
las deformaciones y el agrietamiento para distintos tipos de estructuras es un problema més complejo
que el de establecer un factor de seguridad razonable. Los problemas de agrietamiento y deformaciones
se trataran con detalle en un capitulo posterior. Hasta la fecha, la mejor herramiento que posee el
disefiador para establecer limites de folerancia es su experiencia con estructuras semejantes, aciuando
bajo condiciones similares. Recienfe;'neni'e se han desarrollado algunos procedimientos de calculo de

deformaciones y agrietamiento, pero este campo esta todavia en su infancia.

a) Etapa
elgstico
b) Etopo
intermedio
¢) Etapo
pidstice

d) Etopo

inestable

[

CARGA P

20

/

2 G
DEFORMACION A

Fig. 1.1. Caracteristica carga-deformacién. ;
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fig 2.~ Gréfica carga-deformacidn



ILUSTRACION

Para fijar las ideas anteriores, éstas se aplicarén a un caso especifico, Considérese el
- iy
-;.,Uoéo
voladizo mostrado en la fig 2—swete a la accidén de una carga vertical P que varia desde un valor

nulo hasta aquel que produce el colapso. La caracteristica accidn-respuesta més inmediata es la

curva carga-deflexidén presentada también en la figura.

En términos de esta caracteristica es posible definir cuatro etapas en el comportamiento

del voladizo:

a) Una etfapa inicial eléstica, donde las cargas son proporcionales a las deformaciones. Nor-
malmente se pretende que bajo las condiciones permanentes de servicio (excluyendo las cargas de
corta duracién como viento o sismo), la estructura se encuentra en esta etapa. La carga de servicio

se ha marcado en la figura como Py y la deformacién correspondiente como A .
b) Una etapa intermedia donde la relacidén carga-deformacion ya no es lineal.

c) Una etapa pléstica, donde se producen deformaciones relativamente grandes para incremenios
pequefios o nulos de las cargas. La resistencia (PR) se encuentra en esta etapa. Debido a la forma de

la curva es dificil establecer cual es la deformacién correspondiente a la resistencia.

d)Una etapa inestable, caracterizada por una rama descendente hasta el colapso, donde a

mayores deformaciones la carga disminuye.

De la ilustracién se puede definir el factor de seguridad como el cociente PMPS. La estructura
tendré una resistencia adecuada si este factor es mayor que un valor predeterminado considerado como

aceptable.

Para investigar si el comportamiento bajo condiciones de servicio es satisfactorio se debera

comparar el valor de la deformacién correspondiente a Pg con ciertos valores prestablecidos que se



estimen tolerables, de acuerdo con experiencias anteriores.

Es interesante hacer notar que en la etapa pléstica, a una variacién muy pequefia de la carga
corresponde una variacion importante en la deformacién de la estructura. Por lo tanto, si las acciones
en esta etapa se determinan a partir de las deformaciones, errores importantes en la estimacién de éstas
producirén sdlo variaciones insignificantes en el valor de la accién. Por el contrario, es dificil predecir

en esta etapa el valor de la deformacion que corresponderd a una carga determinada.

El' ejempl o anterior muestra claramente que es necesario conocer las relaciones accién-respuesta
correspondientes a una variacién de P desde un valor nulo hasta el que produce el colapso. Esta in-
formacién permite conocer el grado de seguridad de la estructura y estimar el intervalo de carga bajo

el cual el voladizo se comportara satisfactoriamente.

4. LAS SOLICITACIONES

Las principales solicitaciones o acciones exteriores a que puede estar sujeta una estruc-
tura son: cargas estaticas debidas a peso propio, a cargas ¢ Y @ cargas permanentes, asi como
“cepelica
cargas dindmicas impuestas por un sismo, por la presién de un viento, o por la cpliccciénﬂde cargas
vivas. También se consideran como solicitaciones las deformaciones de la estructura inducidas por

asentamiento, por contraccién y cambios de temperaiura.

Al estimar las solicitaciones es necesark; prever las condiciones mas desfavorables en
que la estructura podrd encontrarse, asi como el fiempo en que estard sujeta a estas condiciones
desfavorables. Para hacer un andlisis riguroso seria necesario conocer las variaciones probables en
la intensidad y distribucién de las cargas a loglslcrgo de la vida §til de la estructura, cosa dificil

de lograr.

En el disefio estructural se ha hecho hincapié en el desarrollo de métodos de andlisis de

estructuras, pero se han llevado a cabo estudios muy limitados sobre los valores probables de las

cargas que actdan. Es aqui donde se pueden cometer los mayores errores, y donde nuestro conoci-



cimiento es mas exiguo.

La estimacién de las cargas debidas al peso propio puede hacerse con relativa precisién: los errores
no serén mayores del 20 por ciento si se han evaluado con cuidado los volOmenes de los materiales

y los pesos volumétricos.

En lo que respecta a carga viva, los errores en la estimacién pueden ser del 100 por
ciento, o ain mayores. La carga viva esta especificada comunmente en los reglamentos de construc-
cién como una carga uniformemente repartida equivalente, con distintas intensidades de acuerdo ‘con
el uso considerado, o bien, como una carga mdvil idealizada sobre puentes o viaductos. Estos
valores equivalentes especificados tienen como base estudios muy limitados. Los efectos de las

cargas equivalentes en la estructura pueden ser muy diferentes a los efectos de las cargas reales.

La estimacidén de cargas laterales debidas a viento o sismo estd sujeta adn a mayor

incertidumbre. Facilmente se cometen errores del 300 por ciento o mas en la estimacidn de los

efectos de estas solicitaciones.

En el estado actual de nuestro conocimiento puede esperarse solamente que, con base
en la experiencia, se especifique un tipo de carga tal que unido a procedimientos adecuados de

disefio y construccidn proporcione una estructura que se comporte satisfactoriamente.

5. EL ANALISIS DE ESTRUCTURAS DE CONCRETO

Para poder ;::nalizar una estructura es necesario idealizarla. Por ejemplo, una ideali-
zacidn frecuente en el andlisis de edificios es considerar la estructura como formada por series de
marcos planos en dos direcciones. De este modo se reduce el problema real tridimensional a uno de
dos dimensiones. Se considera gdemés que las propiedades mecanicas de los elementos en cada marco
estén concentradas a lo largo de sus ejes. Sobre esta estructura idealizada se aplican las solicita-

ciones.



Las solicitaciones o acciones exteriores inducen acciones interiores {momentos, fuerzas)
de intensidad variable. El propésito fundamental del anélisis es valuar las acciones interiores en las
distintas partes de la estructura. Para ello es necesario, salvo en estructuras o elementos isostaticos,

conocer o suponer la relacion entre fuerza y deformacidn o, en términos més generales, entre accién

y respuesta.

La hipétesis mas simple que puede hacerse para relacionar carga y deformacién, es la

de suponer una dependenciua lineal. El andlisis elastico de estructuras parte de esta hipbtesis.

Otra hipétesis relativamente simple que se hace para el andlisis de estructuras es la de
supcner que las acciones interiores, al llegar a cierto valor critico de la accién, son independientes
de las deformaciones. En esta hipdtesis se basa el andlisis limite. En él,se tratan de obtener los

valores de las acciones para las cuales la estructura se vuelve un mecanismo inesfqble{:

Existen otros tipos de andlisis mas refinados, con hipbtesis menos simples que las anterio-
res, que se aproximan mas a la realidad. Debido a su mayor refinamiento son mas laboriosos, aunque

con el empleo de computadoras electronicas se usardn cada vez més.

6. EL DIMENSIONAMIENTO DE ELEMENTOS DE CONCRETO REFORZADO

Se entiende por dimensionamiento la determinacién de las propiedades geométricas de

los elementos estructurales y de la cantidad y posicién del acero de refuerzo.

El procedimiento de dimensioncmiantoTr_adicioncl, basado en esfuerzos de trabajo, con-
sicifa en determinar los esfuerzos correspondientes a acciones interiores obtenidas de un andlisis elds-
tico de la estructura bajo sus supuestas solicitaciones de servicio. Estos esfuerzos se comparaban con
esfuerzos pemisibles, especificados como una fraccidén de las resistencias del concreto y del acero.
Sc suponia que se lograba asi, simultdneamente, un comportamiento satisfactorio en condiciones de

servicio y un margen razonable de seguridad.



El factor de seguridad de los elementos de una estructura dimensionados por &! método
de esfuerzos de trabajo no e uniforme, ya que no puede medirse en todos los casos el factor de segu=
ridad por la relacién entre las resistencias de los materiales y los esfuerzos permisibles. En otras

palabras, la relacién enire la resistencia del material y los esfuerzos de trabajo no es siempre igual

a larelacién entre la resistencia del elemento y su solicitacién de servicio.

El procedimiento més cominmente utilizado en la actualidad es el a veces denominado

método pléstico, o de resistencia o de resistencia Gltima. Los elementos o secciones se dimensionan

para que tengan una resistencia deteminada.

El procedimiento consiste en definir las acciones interiores correspondientes a las
condiciones de servicio, mediante un andlisis elastico y multiplicarlas por un factor de carga, que
puede ser constante o variable para los distintos elementos, para asi obtener las resistencias de
dimensionamiento. El factor de carga puede introducirse también incrementando las acciones exie-
riores y realizando después un anélisis elastico de la estructura. El dimensionamiento se realiza

entonces con las hipbtesis de comportamiento ineléstico.

El procedimiento de dimensionamiento pléstico puede también aplicarse a los resulfados
de un anélisis iimite, del cual se obtienen directamente las acciones interiores correspondientes a
la carga de la falla que convierte la estructura en un mecanismo. El dimensionamiento a partir de
un anélisis limite no es todavia de aplicacién practica debido a las incertidumbres que se tienen sobre
mecanismos de colcpsoj o&: inestabilidad general de la estructura y la capacidad de rotacién de los

elementos de la misma.

El andlisis limite no debe confundirse con el criterio general de dimensionamiento, deno-

minado de estados |imites, que es el presentaco en las recomendaciones del Comité Europeo de

-

Concreto y en los reglamentos soviéticos”

e inglesesw. El enfoque de estados iimites no es sino un

formato en el que se consideran todos los aspectos del disefio en una forma ordenada y racional y que



"w

permite la facil incorporacién de criterios probabilisticos. De hecho se trcta de lograr que las carac-
eslin ‘
teristicas accidn-respuesta de un elemento estructural o de{ una estructura/_dentro de limites que se
consideran aceptables. Segin este método,una estructura o un elemento estructural deja de ser 0til
cuando alcanza un estado, llamado estado limite, en el que deja de realizar la funcién para la cual
fue disefiada. Se distinguen dos grupos de estados limites: a) Los estados Gltimos, o sea, los corres-
pondientes a la capacidad de carga, y b) los estados limites de servicio, que son los correspondien-
tes a las condiciones normales de servicio. Enire los primeros figuran la faila por rupiura de secciones
criticas, inestabilidad, volteo, fatiga, etc. Entre los segundos se cuentan la deflexién y el agrieta-

miento. El disefio consiste en que la probabilidad de alcanzar dichos se mantenga dentro de un

margen razonalbe.

El Comité Europeo de Concreto da recomendaciones especificas al respecto.
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Vigas Continuas y Losas Reforzadas

en una Direccién

Empleando el DRU

9.1 TIPOS DE CONSTRUCCION

La mayor parte de los miembros de concreto reforzado son esta-
ticamente indeterminados, porque son partes de estructuras monoli-
ticas. Sin embargo, parece que se tiene la impresién equivocada de
ignorar muchas formas de construcciones precoladas que estin for-
mando ‘una parte importante del mercado actual, que varian desde
canales para pisos estiticamente determinados, secciones de doble T,
y de otras formas, a sistemas en los que se combinan las unidades
precoladas con trabes coladas en el lugar o con losas, para formar
construcciones practicamente monoliticas o compuestas. Con fre-
cuencia, los elementos precolados son también preesforzados.

La forma mads usual en la construccién de edificios consiste en
losas que se cuelan monoliticamente en los pises de los entramados
que trasmiten las cargas de los pisos a las columnas. La vista en
planta de un piso de éstos, en la Fig. 9.1a, permite darse cuenta que
estas losas estin apoyadas en los cuatro lados y que podrian pro-
yectarse convenientemente empleando refuerzo en dos direcciones
por los métodos del Cap. 11.

Cuando una losa tiene una longitud mayor del doble de la an-
chura, generalmente se proyecta como losa continua reforzada en
una direccién, pero anadiendo acero especial para los momentos ne-
gativos en direccién transversal a las trabes, como se dijo en el

Art. 906e.* Cuando se proyecta una de estas losas para soportar una

* Debido a que encuentran m&s sencillo el refuerzo en una direccién, muchos inge-
nieros proyectan asf todos los tableros, excepto los que son casi cuadrados.
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F1c. 9.1. Entramado tipico de vigas de los pisos. (a) S:stema de vigas y
trabes. (b) Construccién de viguetas. (c) Vigas con losas reforzadas en dos
direcciones. (d) Vigas con losas reforzadas en una direccién apoyadas en vigas
transversal (e) Construcciénn en una direccién. (Cortesfa de la Portland’
Cement Assn.)
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carga uniforme, las vigas en que se apoyan también se proyectan
para una carga uniforme, ignorando en este proceso la porcién de la
carga de la losa que se apoya directamente sobre la trabe en la orilla
del tablero. Por lo que toca a las vigas, la suposicion de la carga
uniforme aumenta la seguridad, porque sobreestima la carga sobre
la viga. En cuanto a las trabes, la suposicién correspondiente es co-
locar las reacciones de las vigas en la trabe como cargas concentradas
y afnadir la carga uniforme situada directamente sobre la trabe. Esta
suposicién no aumenta la seguridad del proyecto de la trabe, espe-
cialmente en cuanto al esfuerzo cortante maximo. En la Fig. 11.11b,
el estudiante deberia investigar la diferencia del esfuerzo cortante
maximo entre las dos cargas en una trabe simplemente apoyada.:': :

Algunas veces, en claros largos, se usan vigas muy juntas con
una losa muy delgada. A este tipo de construccién (Fig. 9.1b) se le
dan varios nombres, entre ellos: losas aligeradas, losas con forjados,
etc., y se facilita con el empleo de cajas o moldes metahcos que se
usan entre las viguetas.

Cuando la construccién no lleva otras vigas que las colocadas
sobre las columnas, como en la Fig. 9.1c, las losas se apoyan unica-

mente en sus cuatro costados y las vigas y las losas deben proyectarse

como se discutié en el Cap. 11.. o £

En las construcciones ligeras, las vigas a veces corren en una sola
direccién, como se muestra en la Fig. 9.1d y e. En este caso, las
vigas trabajan realmente en una sola direccién, excepto en las es-
quinas donde las vigas soportan las paredes. La construccién con
vigas anchas de la Sec. 13.16 es realmente este mismo tipo de cons-
truccién, utilizando vigas anchas, de poco peralte., L e

Dos pisos del tipo de losas con vigas solamente en los muros
exteriores y alrededor de las aberturas grandes son econémicos; los
pisos de placas planas, usados para cargas ligeras y los de losas pla-
nas, casi siempre usados para cargas muy pesadas. El sistema de
losas levadizas (patentado) es un sistema de piso sin vigas que se
cuela en el suelo y que estd provisto de collares especiales alrededor
de las columnas, para levantarlas y colocarlas en su lugar. Las losas
planas y las placas planas se presentan en detalle en el Cap. 13, ha-
ciendo menci6n también de las losas con viguetas en dos direcciones,
a las que cominmente se les llama losas cuadriculadas ( Flg 13. 2a)

1

9.2 INTERDEPENDENCIA ENTRE LOS DIFERENTES
ELEMENTOS DE LAS ESTRUCTURAS

" En todos estos tipos diferentes de construcciér ¢l proyectista se
enfrenta con un tipo de estructura muy indeterr. 1do, una estruc-
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tura de tres dimensiones, que no se puede analizar con precisién como
una estructura plana.’-s Mis especificamente, las vigas intermedias
de la Fig. 9.1a no se pueden analizar exactamente sin considerar la
flexién vertical y la rigidez a la torsién de las trabes, asi como la rigi-
dez de las columnas. De la misma manera, las vigas que se unen a
las columnas tienen momentos en los que influyen las rotaciones
de los nudos de las columnas y, por lo tanto, también cualquier torsién
que exista en las trabes. Estos aspectos pueden con frecuencia igno-
rarse como se prescribe en el Art. 905¢(3), pero el calculista debe
darse cuenta que su andlisis es solamente aproximado.

Los calculistas cominmente utilizan métodos aproximados de
anilisis, pero mejoran como calculistas cuando comprenden 12 natu-
raleza de sus aproximaciones y el grado de exactitud o inexactitud
que pueden tener. En este capitulo se supone que el lector estd fami-
liarizado con los procedimientos ordinarios de distribucién de mo-
mentos (Apéndice B) y en la construccién de los diagramas de
momentos y fuerzas cortantes (Sec. A.5 del Apéndice A).” -

Las suposiciones ordinarias convencionales son de que el ‘analisis
en dos dimensiones es adecuado para la mayor parte de los proyectos:
Esta suposicién se adapta mejor a las estructuras proyectadas para
cargas uniformes en los pisos, que para las que soportan cargas con-
centradas méviles o cargas de ruedas. Puede suponerse razonable-
mente que, al soportar una carga uniformemente distribuida, cual-
quier viga recibe poca ayuda de su vecina, porque la viga vecina
probablemente esti también completamente cargada.* De la misma
manera, en una losa reforzada en una sola direccién puede suponé}se
que cada faja de la losa soporta la carga que tiene dlrectamente en-
cima de ella cuando toda la losa estd cargada.

Cuando las cargas son concentradas y méviles, cada faja de la
losa puede soportar un momento diferente y 1a carga en una sola viga
puede depender en mucho de la rigidez de la losa y de las vigas
contiguas. El problema de las cargas concentradas en movimiento
se discute en el Cap. 14.

Los diagramas de momentos para vigas continuas normalmente'

indican que existen momentos negativos sobre los apoyos y positivos,
cerca de la mitad de los claros, como se indica en la Fig. 9.2a. La

* Esta aseveracién no es estrictamente cierta, por supuesto En la Fig. 8.l1a, con una
separacién igual de las vigas, 1as vigas que se conectan directamente dentro de la columna
son més rigidas, porque las conexiones extremas son mds rigidas, miehtras que la tiabé
proporciona solamente un apoyo flexible a la viga vecina. Por lo tanto, las vigas covec-
tadas a las columnas tienden a soportar una carga mayor y, en éierta medida, ie quitahn
carga a las vigas intermedias. Sin ermbargo, puede nota¥sé qué coh la cafga méxima o €ar
ga de ruptura, las vigas del mismo tamaiio estén soportando éada una de ellap casl exacta-
mente la misma carga, porgue Ta distribucién de la cargan ¢ambla déspués de Gque comlénia
& ceder.
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Fi1c. 92 Diagramas tipicos del M y de la V para una viga continua

presencia de columnas cambia el cuadro sélo ligeramente, de manera
tipica haciendo el momento en las caras opuestas de la columna
ligeramente diferente. El diagrama de momentos en cualquier claro
puede considerarse como la suma de dos partes; una, el diagrama
de momentos correspondiente a una viga simplemente apoyada para
ese claro, y la otra, los momentos a lo largo del claro debidos
a los momentos negativos de los apoyos, como se bosquejé en la Sec.
A.5. Como en estos momentos negativos influyen las cargas de cual-
guier claro, se sigue que el momento en cada punto depende de las
cargas en todos los claros. La distribucién de cargas para el momento

méximo es un asunto muy importante. T

El diagrama tipico de momentos (Fig. 9.2b) difiere sélo ligera-
mente del que tendria una serie de tramos de vigas simplemente
apoyadas. En cualquier tramo, el diagrama de fuerzas cortantes
para un sistema de cargas dado, consiste en el correspondiente al
de una viga simplemente apoyada, mas una correccién constante a
la que se le dar4i el nombre de fuerza cortante de continuidad V.. Las
fuerzas cortantes de continuidad son por lo general, relativamente
pequenas, excepto en los tramos extremos.

9.3 EL. PROBLEMA GENERAL DE PROYECTO
DE MIEMBROS CONTINUOS
L)
Cada ¢laro de una losa o viga continua reguier
parado para el momento négativo y para el mome
que la costumbre en los Estados Unidos es u ﬁi‘
peralte constante en un clare determinado y, a n
los ¢laros. La Fig. 9.3 muestra las condiciones dé proyecto para losas
continuas, vigas reetangulaves y vigas T, en forma esquemética. Para
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F‘rc. 9.3. Procedimientos de Proyecto para losas continuas y vigas

::?(;i;c:rlclaramente que en esta etapa no se toma en cuenta l; posi-
el acero, el refue’rzo se indica solamente en 1a vecindad de las
0s maximos. El momento en A ( izqui
a la izquierda) se
zzfoneLque es el momento negativo (méximo) que rige e(il iodos)los
(;s. ]a letra t designa la cara de tensién.
n las losas m4s delgadas, el acero de compresién no es tan con-

‘veni v,
lente, prraue quedarfa tan cerca del eje neutro que un pequeiio

L L .
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desalojamiento lo haria inefectivo. Por lo tanto, la Fig. 9.3a muestra
el momento maximo negativo en A y un porcentaje limite de acero

" que determina el espesor de la losa, quedando secciones con refuerzo

insuficiente en otras partes. Las losas gruesas pueden proyectarse
con acero a la compresién, en forma semejante a las vigas rectan-
gulares, si se desea, pero esto no reduce el costo de la losa.

Las vigas rectangulares pueden proyeactarse con acero de compre-
sién en los apoyos, como en la Fig. 9.3b o sin él. En el ultimo caso,
el proyecto es semejante al expuesto para las losas.

En.efecto, las vigas T se convierten en vigas rectangulares inver-
tidas en los apoyos en las que solamente es efectivo en compresién
el ancho b de la nervadura, como se indica en la Fig. 9.3c. Esta
zona de compresién restringida se mejora usando una seccién con
doble refuerzo; y asi se recomienda para uso ordinario.

El esfuerzo cortante (tensién diagonal) rara vez rige en el pro-
yecto ordinario de losas reforzadas en una direccién, a pesar del
hecho de que la v admisible es solamente 2v/f.”. Los estribos en las
losas serian estorbosos, aunque fueran necesarios, y el Reglameato
los permite solamente en las losas de 10 plg de espesor o de espesor

. mayor. Las vigas rectangulares continuas y las vigas T normalmente

requieren estribos, pero el tamano de las nervaduras para las vigas
T continuas rara vez estara regido por el esfuerzo cortante, en vez
de por el momento, y sélo ocasionalmente, por el tamaino necesario
para colocar las varillas.

9.4 DISTRIBUCIONES DE CARGA QUE PRODUCEN
MOMENTOS MAXIMOS

(a) Momentos positivos méximos ’

La teoria el4stica es la que se especifica para el cilculo de los
momentos de proyecto, excepto por la pequefia, pero importante
modificacién para el DRU discutida en el Cap. 10. -

Pueden usarse lineas de influencia para determinar la distribu-
cién de cargas, pero las que son criticas para un analisis elastico son
faciles de deducir de un solo esquema de cargas-flechas, como el
de la Fig. 9.4a, en el que las flechas se han exagerado mucho. La
idea usual del transporte de momentos conduce directamente al dia-
grama de momentos de la Fig. 8.4b. Se observa que esta distribucién
de cargas produce momento positivo cerca de la mitad del claro, en to-

dos los claros de numero par. Se deduce, que si estuvieran cargados
tod s los claros de numero par, cada una de estas ca s aumentarfa

N



274 TEORIA ELEMENTAL DEL CONCRETO REFORZADO

J I H A B c D E F G

L K
A‘ T NE A A(a,
A Bl lal ™" R 2R R k" R

Prein lﬂﬂh\ 1. (b)

'

Fic. 94 Influencia de la carga en un solo tablero en una viga continua .

los momentos positivos en los otros claros cargados. Esta distribucién
de cargas generalmente se puede describir como sigue:

Para obtener el momento miximo positivo cerca de la mitad de un claro,
cirguese ese claro y los claros alternados de cada lado, como se muestra
en la Fig. 9.5a. - .

Los factores de carga se aplican a todas las cargas. La carga
muerta con su factor de carga se considera que obra siempre* y se
incluye en el diagrama de momentos mostrado. Esta distribucién
de cargas da el momento miximo positivo en todos los claros carga-
dos. El momento positivo maximo en todos los demas claros se
obtiene cargando solamente esos claros, como en la Fig. 9.5b, qui-
tando las cargas vivas mostradas en la Fig. 9.5a. Asi, todos los
momentos maximos positivos en todos los tramos estin determinados
por dos distribuciones de carga y por dos distribuciones de momentos.
Amplidndolas a los entramados de varios pisos, estas distribuciones
se convierten en cargas con formas de tablero de ajedrez (Fig. 9.5¢),
siendo todavia necesario hacer dos distribuciones de carga para
obtener el anilisis completo.

(b) Momento positivo minimo (0 momento negativo méximo)
cerca de la mitad del clare

Como el momento positivo minimo estd simplemente al extremo
opuesto de la carga en que el momento positivo es maximo en la viga
AB, todas las cargas vivas de la Fig. 9.5a deben quitarse, y las cargas
vivas, con su factor de carga, deben colocarse en los otros claros, como
en la Fig. 9.5b. Debe advertirse que las dos cargas que ya se discu-
tieron para el momento positivo miximo Fig. 9.5¢ y b, dan todos
los momentos positivos minimos necesarios o los momentos negativos
maximos cerca de la mitad del claro. El criterio de carga es el si-
guiente: .

Omitir la carga viva en el claro que se considera, cargar los claros
adyacentes y los alternos que siguen.

® Excepto cuando contrarresta el efecto del viento o las cargas de los sismos, se
reduce el factor de carga

o

VIGAS CONTINUAS Y LOSAS REFORZADAS EN... 275

: a
(c)

Fic. 9.5. Distribucién de carga para (a) momento méximo positivo y (b)
momento minimo positivo a la mitad del claro. (c) Carga en fn:ma de tablero
de ajedrez para pisos multiples

Cpn un mornento por carga muerta menor, el momento a la mitad del
claro en AB puede ser negativo, como lo indica la curva de rasgos

en la Fig. 9.5b, especialmente porque el factor de carga. para carga
muerta, es menor que para la carga viva.

() Momento negativo maximo en el apoyo izquierdc

La carga sobre el claro aislado de la Fig. 9.4 muestra que el M
negativo se produce en:

B cargando el claro adyacente de la izquierda
D cargando el tercer. claro a la izquierda
F cargando el quinto claro de la izquierda
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A cargando el claro adyacente de la derecha
I cargando el tercer claro a la derecha
K cargando el quinto claro a la derecha

que se pueden resumir en las siguientes condiciones:

Para obtener el momento maximo negativo en un apoyo dado, f:érguense
los claros adyacentes a cada lado y los alternos 'siguientes.

Se deben aplicar a las cargas sus factores correspondientes. Segun
estas condiciones, aplicindolas al momento maximo en el apoyo iz-
quierdo A, da por resultado el diagrama de momentos y cargas mos-
trado en la Fig. 9.6a. Solamente los momentos resultantes adyacentes
a A tienen importancia porque ninguno de los otros son minimos ni
maximos. Estos momentos son criticos en la cara del apoyo, como se
dird en la Sec. 9.4g. ’ ‘

El ajuste de estos momentos obtenidos por el analisis eldstico
para adaptarlos al disefio al limite se trata en el Cap. 10.

(d) Momento negativo maximo en el apoyo derecho

Se aplica el mismo criterio a este momento miximo que en el
caso anterior. Las cargas se colocan en los claros adyacentes a B
y en los claros alternos que siguen, como se muestra en la Fig. 9.6b.
Desafortunadamente, la carga produce maximos solamente cerca del
apoyo en B. . o -

(e) Clarus cargados parcialmente .

Debe advertirse que para que se produzcan tanto momentos

maximos positivos y negativos es necesario que el claro que se con-’

sidera, esté completamente cargado.’

Los momentos maximos negativos se producen cuando el dia-
grama de momentos del claro considerado es muy asimétrico. Por
otra parte, el momento positivo miximo se obtiene cuando el diagra-
ma de momentos es casi simétrico con relacién a la mitad del claro.
El momento positivo minimo a la mitad del claro (o el negativo
maximo cuando la carga muerta es pequena) también produce un
diagrama de momentos casi simétrico; en este caso, un diagrama de
momentos basado en la carga muerta solamente en el claro en
cuestiébn. ' e

En el proyecto del entramado de un edificio no es costumbre con-
siderar claros cargados parcialmente, porque no aumentan los mo-
mentos de proyecto principales. En las estructuras de las carreteras
los claro.  1rcialmente cargados tendrian una influencia considera-

- 2
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Fic. 9.6. Sistema de cargas pa;a obtener el momento negativo méximo (a)
- en el apoyo de la izquierda A; (b) en el apoyo de la derecha B

ble en el detalle del refuerzo. Los claros cargados parcialmente se
mencionan brevemente en la Sec. 9.6 en conexién con los diagramas
de momentos miximos. | , :

Algunos reglamentos especifican que se vaya colocando una sola
carga movil en cualquier punto de la estructura como una alterna-
tiva de carga para resolver casos especiales.

(f) Simplificaciones permisibles

El reglamento del ACI pPropugna por el uso de un entramado re-
ducido o simplificado para el anilisis de los edificios (Art. 905) y
especifica que los momentos se calculen por el anélisis eléstico para
el DRU, asi como para el DRT (Art. 1502¢). Se puede analizar un-
Piso a cada vez considerando fijos los extremos lejanos de las colum-
nas. Al calcular los momentos maiximos negativos, la carga viva
puede aplicarse solamente sobre los dos claros adyacentes. Lo que
permite el uso de procedimientos simplificados para la distribucién
de momentos, como el procedimiento de dos ciclos dado en la Ref. 1.
Estos métodos, en la opinién del autor, son bastante razonables para
las estructuras ordinarias, excepto que dan momentos para las vigas
Yy columnas exteriores que tienden a ser demasiado pequerios. No
se deberdn pasar por alto los factores de carga, tanto para la carga
muerta como para la viva, cuando se usa el DRU.
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(g) Momento cn la cara del apoyo

En la distribucién de momentos generalimente se supone que los
claros se han considerado de centro a centro de los apoyos. Co_mo en
estos calculos se tratan las reacciones de los apoyos como si estu-
vieran concentradas en un punto, el diagrama de mon_lento.s que
resulta dentro del espesor del apoyo e€s complet’amente imaginario.
Lo que no tiene importancia, porque tanto le} teoria como las pruebas
demuestran que los momentos criticos estan en la cara del apoyo
[Art. 905b(2)].

Muchos ingenieros determinan el momento de proyecto en la
cara del apoyo del momento calculado en la linea central del apoyo,
deduciendo simplemente Va/2, siendo V la fuerza cortante y a l_a
anchura de la columna, como se ilustra en la Fig. 9.7a. Lo que equi-
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Fic. 9.7. Momento en la cara del apoyo. (a) Sin correccién por el aumento °

de rigidez en el apoyo. (b) Diagrama de cuerpo libre estableciendo el proce-
dimiento en (a}. (¢) Procedimiento recomendado reconociendo el aumento
de la ngidez en el apoyo

vale a tomar a escala el valor del momento del diagrama de mo-
mentos, debido a la pequena longitud de la carga uniforme dentro
de la columna (Fig. 9.7b) que causaria poco cambio en el momento.

El autor prefiere la correccién mds conservadora recomenflada por
el antiguo Joint Committee Specification en sus especificaciones, es
decir, haciendo una reduccién de Va/3. El razonamiento en que se
apoya este procedimiento es el que sigue: el apoyo da rigidez al extre-
mo de la viga como si fuera una cartela. Haciendo un célculo en el que
se considerara el aumento de la rigidez en el extremo, daria por resul-
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tado un aumento en el momento negativo en el centro de la columna,
como se indica con M,’ en la Fig. 9.7c. En vez de calcular M, (que
podria ser aproximadamente Va/6 mayor que M,), se obtiene un
equivalente aproximado aplicando una correccién menor, Va/3, al
valor original de M,. El momento de proyecto es entonces M, — Va/3,
como en la Fig. 9.7c.

La rigidez adicional en el apoyo también reduce los momentos
positivos. Sin embargo, la correccién seria sélo aproximadamente
de Va/6. Muchos ingenieros consideran esta correccion menos cierta
que la de la cara de la columna. Reconocen la menor precisién del
célculo de los momentos positivos, que son siempre sensibles a los
valores de la rigidez relativa de.la columna y simplemente usan
los momentos positivos originales sin ninguna correccién.

(h) Comparacién de los momentos de proyecto
del DRT con los del DRU .

Siempre se ha usado la teorfa elastica para el proyecto de las
vigas segin el DRT, sin usar, por supuesto, factores de carga. En la
actualidad no es necesario hacer ningdn cambio en el procedimiento
del DRT. Cuando se usa el DRU y los factores de carga, la teorfa
eldstica aumenta ligeramente la proporcién del momento por carga
viva y, por lo tanto, a momentos de proyecto verdaderos ( y coefi-
cientes de momentos) que son proporcionalmente més elevados. El
principal efecto que esto produce es la necesidad de alargar mis las
varillas superiores dentro de los claros adyacentes.

Filoséficamente, el uso de la teorfa elistica para los momentos
y €l uso de métodos ineldsticos del DRU para el andlisis de la sec-
cién no son compatibles. Lo que modifica 1a manera de razonar hacia
cierto tipo de analisis de marco ineldstico como se discute en el
Cap. 10. El Art. 1502d del Reglamento permite algunos ajustes en
este sentido. Aunque la teorfa eldstica puede parecer incompatible
con el DRU, el error que produce consiste en dar momentos que son
demasiado grandes y, por lo tanto es seguro. Este capitulo se basa
totalmente en los momentos obtenidos por la teorfa el4stica.

9.5 COEFICIENTES PARA MOMENTOS

Cualquier momento dado se puede expresar por un mormrmento
multiplicado por un coeficiente wlL’?, siendo w la carga total por ple
(incluyendo para el DRU la carga muerta multiplicada por su factor
de carga y la carga viva por su factor de carga) y L’, el claro libre.
Los coeficientes para los momentos miximos serdn mayores cuando
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la relacién de la carga viva a la carga muerta es grande y cuando la
columna o alguna otra restriccién en el nudo es relativamente pe-
queiia. Los coeficientes de los momentos negativos pueden también
ser grandes cuando los claros adyacentes son mas largos o estan
cargados con cargas mis pesadas que el claro en cuestién. )

Tomando como base cargas vivas uniformes que no son mayores
que tres veces la carga muerta y en claros de longitud “aproximada-
mente igual (el mayor de los claros adyacentes no debe exceder al
menor en méis del 20 por ciento)”. El Reglamento de Construccién
del ACI ha establecido por anilisis determinados, coeficientes razo-
nables para momentos, para usarlos en el célculo de los coeficientes
méaximos. En el Art. 904c se tabulan estos coeficientes y la Fig. 9.8
los presenta en forma esquematica.

-4 -4 -4 - -4

7ay 5 [AY | + i I
Losas eon L = 10° o mencs, ] Viga o trabe en 1s que
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Abaco -4 +4& - % Véase otro elaro
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A fa) +5 7a) + 2 Fa)
Claro extremo i Claro interior . Claro interior

- Més de dos elaros

* —1/11 en este apoyo solamente si interviene viga o columna en el nudo; de otra ma-
nera —1/10. .

Fi1c. 9.8. Coeficientes para momentos del Reglamento del ACI para claros
aproximadamente iguales y cuando la carga viva es menor que tres veces
la carga muerta .

Cuando la relacién de la carga muerta a la carga viva es espe-
cialmente grande, se puede lograr alguna economia calculando los
momentos por procedimientos mas precisos. Con el DRU se puede
lograr alguna economia por medio de anilisis menos precisos y de
ajustes qi 2 discuten en el Cap. 10. '
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El uso de coeficientes para momentos debe limitarse a condicio-
nes relativamente ordinarias, a menos que se usen tablas generales
como las del apéndice del Reinforced Concrete Design Handbook
del ACI#

9.6 DINGRAMAS DE MOMEANTOS MAXIMOS

Para poder determinar la mejor colocaciéon del refuerzo es nece-
sario, para el proyectista, tener en la mente una imagen clara de la
extremada variacién de mgmentos que puede existir a lo largo de
la viga o losa, la mayor parte de este diagrama se puede formar con
los diversos diagramas de momento para los momentos méximos ya
ilustrados en las Figs. 9.5 a 9.7. Para un claro interior tipico con
claros iguales y cargas vivas iguales, estas curvas de momentos se
trazan a escala mayor en la Fig. 9.9a—d y se agrupan juntos en la
Fig. 9.9e.

Para las cargas que quedan exactamente opuestas a las que pro-
ducen el momento maximo negativo, con frecuencia se puede obtener
un momento positivo pequeno como lo sugieren las lineas de rayas.
Algunos claros parcialmente cargados pueden aumentar los mo-
mentos negativos ligeramente, como se indica con las lineas de rayas,
pero éstos no son cambios muy importantes.

Una propiedad muy importante de los diagramas de momentos
maéximos es que, en una porcién considerable de la viga, el momento
puede cambiar de positivo a negativo, o a la inversa, conforme varfan
las cargas en los claros adyacentes. Por lo tanto, el proyectista deberi
colocar acero de tensién tanto arriba como abajo en esta zona.

Se calculan las posiciones definidas de algunos puntos de in-
flexién en la Fig. 9.9 en conexién con el doblado de las varillas en
la Fig. 9.11 y en la Sec. 9.14.

9.7 FUERZAS CORTANTES MAXIMAS

La carga que produce la fuerza cortante méixima en el apoyo es
la misma que produce el momento negativo alli. Por lo tanto, la fuerza
cortante en el extremo puede exceder a la de la viga, simplemente
apoyada en una cantidad igual a la fuerza cortante de continuidad
V.. En los claros interiores, el valor dée V. seré del orden de 3 al 12%
de la fuerza cortante en la viga simplemente apoyada, con un pro-
medio bastante aproximado de 8% . En los claros extremos puede
llegar a alcanzar un valor hasta del 20% mayor gne el de la viga
simplemente apoyada. Esta gran fuerza cortante en un claro
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Max ®M

Fic. 9.9. Diagramas de momentos para obtener el momento maximo. (a)
Momento positivo a la mitad del claro. (b) Momento negativo cerca de la
mitad del claro. (c) Momento negativo en el apoyo izquierdo. (d) Momento
negativo en el apoyo derecho. (e) Diagrama compuesto de los momentos
' . maximos

extremo es aditiva, solamente en la mitad de la viga adyacente al
primer soporte interior. Para claros aproximadamente iguales, el:
Art. 904c del Reglamento aconseja 15% de aumento en la fuerza
cortante en los miembros extremos, en el primer apoyo interior
Unicamente. El autor prefiere hacer un aumento nominal en los
claros interiores, asi como una adicién sustancial en el claro extremo.

9.8 PROYECTO DE LOSAS CONTINUAS
REFORZADAS EN UNA DIRECCION

Proyéctese una losa continua reforzada en una direccién, apoyada
en vigas separadas 12 pies 0 plg, centro a centro, coeficientes para
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los momentos del Reglamento del ACl (Art. 904¢); carga muerta de
25 Ib/pie* (mas el peso de la losa), carga viva de 200 lb/pie?,
f = 3000 lpc, acero de grado intermedio, con p limitado a 0.18f.’/f,.
Supdngase que la nervadura de la viga tiene una anchura de 12 plg.

SOLUCION

Los coeficientes para momentos que se dan en la Fig. 98 i.ndican que el
momentc negativo en el pnmer apoyo interior es el maximo, a 0.10wL2 La
losa en este punto se proyectara con el porcentaje limite de acero que da una

R, = 0161f. (Fig. 3.8) = 483. El peso de 14 losa es el que resulta de suponer
una t de 6 plg. -

- -

wy =200 x 1.8 (F.C.) = 360 1b/pie?
w, =25 x L.L5(F.C)) = 38
Peso de la losa= 75 x 1.5 = JJ2 94 (supuesto)
wyp = 510 492 lb/pie?
L =120 — 1.0 = 11.0-pies claro libre
M, =0.10 x 510 x 112 = 6170 pies-1b/pie de losa
M = M,[0 = 6170/0.9 = 6880 pies-1b/pie
R.bd? = 483 x 12d? = 6880 x 12

d=V142.=31M

El Art. 808b especifica un recubrimiento libre de 0.75 plg.
t=d+4 D/2 4+ 0.75 = 3.77 4 0.25 4 0.75 = 4.77 plg para var. No 4.

De donde se obtiene t = 5 plg; podria ser solamente de 4.5 plg si se hu-
biera exagerado mucho el peso. La suposicién original de 75 lb/pie® corres-
porde a una t = 6 plg.

Pruébese t = 5 plg, peso = 5{,(150) = 63 1b/piez X 1.5 F.C. == 94 lb/piet.
Lo que indica una disminucién de 18 lb/pie2, que es 3.5% de la carga total
que origin2a una variacién en el momento de 3.5% y aproximadamente de
35/2 = 1.7% del cambio necesario en d, ya que d varfa como \/'IVI-. (S1 se
han probado 4.5 plg; el cambio en t no podfa haber sido tanto como el 5.6%
necesario para cambiar de 4.77 a 45 plg).

M = —0.10 x 492 x 11%/0.9 = 6600 pies-1b/pie

d = V6600 x 12/(483 x 12) = V13.62 = 3.69

t =369 + 025 4+ 0.75 = 4.69 plg, digamos 5 plg como se
habfa estimado.

USESE una t=5 plg, d =5 — 025 — 0.75 = 4.00 plg para var. No. 4.

El Reglamento hace una advertencia respecto a las flechas (Tabla 909b) si
t < 1735 = 11 X 12/35 = 3.77 plg & 5 plg Corr. Con este disefio no se pueden
aprovechar las economias que se pueden obtener con la idea del disefio al
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limite del Art. 1502d, porque se han usado coeficientes aproximados para los
momentos.

Todas las demds secciones tienen menos momento y, por lo tanto, todo el
acero puede proyectarse supomendo jd, ligeramente mayor que 0.894d de la
Fig. 3 8, digamos jd = 099d. (Para mmomentos muy pequenos puede convenir
comprcbar a y jd para un valor mis econémico)., Advirtiendo que A, ¥y

M se refieren cada uno de ellos a una faja de un pie de anchura.

4 - E _ (M en pies-1b)12 _ M en pies-lb
* T f,jd 40000 X 0.09 X 4.00 12 000

Es conveniente tabular A, por pulgada de ancho de losa, si la seraracién de
las varillas se va a determinar sin el uso de tablas.

M en pies-1b _ M en pieslb \

A /plg = _
: 12000 X 12 = 144000

TABLA 9.1. CALCULO DEL ACERO DE LA LOSA

Claro exterior Primer Interior tipico
apoyo
Ext. exterior Medio claro Int. Medio claro Apoyo

b-i coef. C - & +4 - + 4 —h
M= C x 66000 —2750 pie-1b/pie 44720 —6600 +4130 — 6000
A./ple = M/12 000 . 0.229 plg/pie  0.393 0.550 0.345 0.500
Ad/plg = M/144 000 0.0191 plg?/pie  0.0327 0.0458 00287 00417
Min + A, = 0.005 bd - 0.020 plg’/plg ' 0030 ° -
Sep. var No. 4 . 10.45plg 6.12 4.36 6.97 . 4.80
Sep. var No. 5 -+ - - 657 - 7.20
USENSE var. No. 4 a 10 6 4 7 4as
Alternativa: Use var No. 5 a - - 6.5 - 7

siendo M = coef. (492 X 112/0.9) = 66 000C. Los calculos se tabulan en
la Tabla 9.1. Adviértase que en el Art. 911a se requiere que el porcentaje de
acero para el refuerzo positivo sea cuando menos 200/fy = 200/40 000 = 0.005.
Las 4reas necesarias y la separacién de las varillas se dan en la Tabla 9.1,
como si el acero superior y el inferior estuvieran totalmente separados, como
lo estan en la Fig. 9.10a.

El proyectista no debe quedar muy contento con este proyecto, en especial
con varillas del No. 4, porque con las separaciones pricticas hay un exceso
del 6 al 10% de acero para el momento negativo. Sin embargo, con varillas
I.\Jo. 3 las separaciones serian casi la mitad (0.11/0.20), que quedarian ma4is
Juntas que lo que resulta practico y las varillas No. 5 dan separaciones satis-
factorias solamente en los apoyos interiores. Colocando las varillas como en
la Fig. 9.10a se puede cambiar el acero superior a vanllas del No. 5 en los
apoyos inter  's. También serfa posible investigar con varillas dobladas de
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Fic. 9.10. Colocacién del acero en la losa. (a) Usandc; solamente varillas
rectas. (b) Doblando algunas varillas

un tamano y rectas de otro. Otra posibilidad, ya que se encontré que la relacién
del claro al espesor era bastante conservadora con respecto a la flecha, podia
ser no tomar en cuenta la limitacién de 0.18fc'/fv y usar una losa mis delgada
en todos los claros. Cuando hay mucha duplicacién de miembros iguales, los
proyectos alternados, as{ como las distribuciones alternadas, son con fre-
cuencia la marca de un buen proyectista. - - e .

Muchos proyectistas prefieren usar algunas varillas dobladas, porque
sienten que de esta manera queda mejor colocado el acero superior. La coloca-
cién de la Fig. 9.10b es la forma de doblado méis comiin. Las varillas supe-
riores quedan todas realmente en una capa y las inferiores ¢n una capa, pero
se dibujan separadas para indicar su forma con méis claridad.

Los puntos en que se dohlan y en quec terminan las varillas en las losas
estdn sujetos a las mismas condiciones que en cualquier otro miembro continuo.
Estas consideraciones se discuten con .mucho detalle en las Secs. 9.13 a 9.16,
en conexién con el proyecto de las vigas T continuas. Aparte de estos anilisis,
se han elaborado reglas para los casos poco complicados. En el CRSI Design
Handhook,5 tiene tabulados muchos proyectos de losas en lus que se doblan
varillas alternadas inferiores, se doblan hacia arriba, en la forma de la
Fig. 9.10b, para constituir el refuerzo para el momento negativo. Los puntos
de doblado £= especifican para los claros simplemente apoyados para los claros
ertremos y para los claros interiores, respectivamente, en las rigs. D.14, D.15
y D.16 en el Apéndice D. Estos datos son para acero de grado intermedio y
£ de 3 000 Ipc y necesitan algunas modificaciones en las longitudes de anclaje,
para ajustarse a los nuevos esfuerzos de adherencia.

Los esfuerzos des adheiencia pueden ser criticos en la cara del apoyo, en
los puntos de inflexién, donde el acero comienza a desarrollar esfuerzos y
en todos los puntos donde el acero de tensién se termina u se dobla. Los
detalles de estos calculos se dan para las vigas T en las Secs. 9.16 y 9.17 Las
losas son ligeramente méis sencillas, porque sus varillas se doblan general-
mente en un solo punto en cada medio claro. i .

El estudiante debe advertir que se necesita acero para soportar los esfuerzos
producidés por las variaciones de temperatura, colocado paralelo a las vigas,
cuando menos en la cantidad especificada en el Art. 807a del Reglamento.
Las vurillas para temperatura se usan como separadoras tanto para el acero
superior como para el inferior, amarradas al lado inferior de las varillas
superinres y al superior de las inferiores. Ademds, también se deberin usar
soportes para las varillas, o silletas, para sostener el acen su nivel correcto.
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Se podian haber calculado ficilmente los esfuerzos cortantes en la losa,
pero no rigen en las losas reforzadas en una direccién en los claros ordinarios.
El proyecto de las vigas rectangulares se discutird en la Sec. 9.21.

9.9 PROYECTO DE LAS VIGAS T
CONTINUAS—GENERALIDADES

Los procedimientos de proyecto para las vigas T continuas se
pueden tratar con mayor facilidad aplicindolos a un ejemplo numé-
rico. La mayor parte del resto de este capitulo (hasta la Sec. 9.20)
se dedica a los diferentes aspectos de este proyecto, aplicindolos a un
claro interior tipico, como sigue: Un tablero interior tipico de una
viga T continua de 20 pies de claro, con columnas cuadradas de
15 plg, se va a proyectar por el DRU para usar la losa proyectada
en la Sec. 9.8. Las vigas tienen una separacion de 12 pies O plg,
centro a centro, t = 5 plg, w, = 200 lb/pie?, w, = 88 lb/pie* (inclu-
yendo el peso de la losa, pero excluyendo el peso de la nervadura),
f¢’ = 3000 Ipc, acero A432 (f, = 60 k/plg?) y los coeficientes de los
momentos calculados por distribucién; cuando se expresan en fun-
cién de la carga total y del claro libre (wrL"?), son como sigue:
—0.091, +0.072, y para los momentos positivos minimos a la mitad
del claro, —0.010.

Existe la posibilidad de hacer diferentes elecciones de ¥ y d
para la nervadura de una viga T, pudiendo constituir cualquiera de
ellas un buen proyecto para condiciones especificas. Una de las elec-
ciones de d pudiera ser para aumentar la rigidez y reducir la flecha,
segun los datos de la Tabla 909b del Reglamento, especialmente para
claros largos. Lo que daria un peralte total razonable de L’/35. El
peralte puede elegirse para que concuerde con el de algin otro miem-
bro, cuya resistencia o rigidez sea mas critica o ajustarse a peraltes
necesarios para el paso de ductos. Pareceria légico elegir el peral-
te mas favorable respecto a la economia, recordande que A, disminuye
con el peralte, mientras que el concreto y los moldes son mas cos-
tosos conforme aumenta el peralte. Sin embargo, 1a economia de la
estructura rara vez puede concordar con la economia general del
edificio, porque el aumento de peralte de las vigas significa vigas
mas pesadas (generalmente) y, por lo tanto, columnas y zapatas mas
pesadas, muros exteriores mads altos con acabados costosos, méis pel-
danos de escalera por piso y, por lo tanto, mayores cubos para las
mismas, mayores alturas para los elevadores, etc. En ocasiones se
elige la anchura de la nervadura de manera que coincida con la de
un muro.
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Se puede casi decir que 1a eleccién de la b’ y 1a d de las nervaduras
es una eleccién arbitraria. Deben satisfacerse tres condiciones: (1)
La capacidad de la seccién rectangular invertida que soporta el mo-
mento negativo (Fig. 9.3c) debe ser la adecuada para la flexién
con una “cantidad razonable” de acero para compresién. (2) Su
capacidad para resistir el esfuerzo cortante debe ser la adecuada,
pero como su variacién es tan grande puede soportarse con estribos,
lo que rara vez se restringe en esta disposicién. (3) La anchura
deber4 ser la necesaria para colocar el nimero requerido de varillas
de refuerzo, pero la posibilidad de usar aceros de mayor resistencia
o atados de varillas y de dispersar el acero para el momento negativo
en el patin, resulta menos restringida que anteriormente. (4) La
rigidez debe ser suficiente para mantener las flechas dentro de limites
convenientes, pero si se usa acero de compresién, se puede aumentar
considerablemente la resistencia de las vigas de poco peralte (Art.
909d del Reglamento).

En este ejemplo, se supone que la flecha no es critica en un
claro de 20 pies muy cargado.* El peralte se elegird apoyindose en
los requisitos para momento negativo. Los coeficientes dados para los
momentos indican que el acero, para el momento positivo, seri
aproximadamente del 75 al 80% del acero de tensién para el mo-
mento negativo, ya que jd no serd muy diferente para el momento
positivo y el negativo. Si se dobla para arriba la mitad del acero para
el momento positivo, en’la forma indicada en la Fig. 9.12b, la otra
mitad continuari en la parte inferior de la viga al interior de la
columna, constituyen alli, casi autométicamente, el acero de com-
presién en la cantidad A, = 0.5 X 0.84, = 0.44,, donde A, es el
acero de tensién para el momento negativo. Traslapando este acero
de compresién de dos claros adyacentes, como en la Fig. 9.13d, A/
se obtiene aproximadamente 0.8A4,.

Asf, el proyectista tiene mucha libertad para elegir la A,” aproxi-
mada que debe usar y las estimaciones como las anteriores son nece-
sariamente aproximadas en esta etapa. (Por ejemplo, el acero para el
momento positivo puede convertirse en cinco varillas, lo que significa
que hay que doblar hacia arriba 40 0 60% , en vez de la mitad). Para
este proyecto se ha elegido el valor de A,’ = 0.4A,, pero el estudiante
no debe considerarlo como regla general, ni ain como una buena
decisién. No se puede calificar la elecci6n hasta que el proyecto se

encuentra mas adelantado.

Como se supone que la flecha no es critic.a,‘ el limite de 0.18f./f,

® El chlculo de la flecha de la Sec. 7.20 indica la posible necesidad de darle mfis
importancia a la flecha aquf. Si la viga soporta o estd unida a tabiques, la flecha
resultante aumenta algo ati como el 15%.
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del Art. 1507, que prescribe p — p’ = 0.0090, no se tomaré en cuenta.
Al mismo tiempo, el acero maximo permisible de la Tabla 3.1 (p, =
0.0161) rara vez es econémico. En este proyecto se hard un tanteo
conp—p = q..012.* Para esta condicién se puede determinar un
valor total de R,, suponiendo que A,” alcanza el esfuerzo f, y supo-
r.iendo el recubrimiento &’ = 0.12d.

A =024, =0400126J + 4,), A4, = 0.0048b4d/0.6 = 0.0080bd
M,=A4,fjd+ A)d~d) :
= 0.012bd x 60 000 x ¢ 9d + 0.008bd x 60 000(d — 0.125d)
_ = 647bd? + 420bd? = 1067bd* R’ = 1067/0.9 = 1186

Como este_cilculo es trancameute aproximado, se redondea R, a
1200 en forma relativamente arbitraria. Se necesita mas experiencia
con el nuevo Reglamento y aceros de alta resistencia, antes de que
sc pueda recomendar un valor especifico sin reservas, pero R’ se puede

determinar muy ficilmente pzra cualesquiera limites que el pro-
yectista elija.

9.10 PROYECTO DE LAS VIGAS T CONTINUAS—
SECCION DE MOMENTQ NEGATIVO T
Primero se uetermina el tamano para el momento cdmo una viga
doblemente reforzada. :

LL=200 x 12 x 1.8 = 4320 Ib/pie lin .
Losa+ DL =288 x 12 x 1.5 = 1584
5900

Peso estimado parala nervadura = 200 x 1.5 = 30 207 .

wp = 6200 6110 Ib/pie lin -
M, = —-0.091 x 6200 x 20% = 225 000 pies-lb -
AT = 225 000/0.9 = 250 000 pies-lb

Este ricmento pudiera reducirse por las indicaciones del Art. 1502d,
pero se usard vrimero como sea necesario, cuando sélo se disponga

de momentos aproximados.
b’d’ necesario = M/R = 250 000 X 12/1200 = 2500
Si b =115 plg, d = V2500/115 = 217 = 14.7 plg ° ’
¥ =95pg d=1963=162 plg ‘

* Yease L a al pie de la‘l"ég Fia
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La ultima relacién es la que mis se aproxima a la relacion usual d/b
comprendida entre 1.5 y 2.5, aunque un ancho menor puede dificultar
la cuestién del detalle. Afiddase un recubrimiento de 1.5 plg + 0.5 plg
del estribo +0.5 plg (= D/2) = 2.5 plg. ’
t, minimo = 16.2 + 2.5 = 18.7 plg, digamos 19 plg para todo
el peralte de la viga. - b - -
USESE: I = 9.5, d = 19 — 2.5 = 16.5 plg.

Compruébese el esfuerzo cortante antes de calcular A,. El esfuerzo
cortante es critico a la distancia d del apoyo y se supondra un 8%
adicional para el esfuerzo cortante correspondiente a la viga simple-
mente apoyada,* para el esfuerzo cortante producido por la continui-
dad (aunque no lo exige el Art. '904c). (De manera mis general,
para determinar la escuadria de la nervadura, se usaria el esfuerzo
cortante del extremo del claro 1.15wL’/2 para poder usar un tamano
uniforme en los claros exteriores y los interiores).

b, = 6200(lu x 1.08 - 1.37) = 38 01ib
: P, = 58 500/0.85 = 68 &0 1b
¢ = P,Jb'd = 68 800/(9.5 X 16.5)"

= 439 lpc < 10 VI =548 1pc . Corr.

Peso de la nervadura (Fig. 9.11b), w, = 9.5(19 — 5) X 150/144
I = 138 X 1.5FC = 207 lb/pie lin

Peso revisado wy = 6110 lb/pie lin

La disminucién de 1.5% en wr reduciria el peralte necesario para M
aproximadamente el 0.7% y aproximadamente, pero no mucho, permi-
te el uso de d = 16 plg y un peralte total de 18.5 plg. Sin embargo,
considerando la naturaleza aproximada de la R’ supuesta, se puede
probar cualquier peralte y no se hard ahora ningin cambio. La an-
chura de 9.5 plg se adapta muy bien con las medidas de la madera
y la relacién de la altura a la anchura parece razonable. Algunas ve-
ces se usan relaciones tan pequeiias como 1:1 en las vigas pequefias
y tan grandes como 3:1 para vigas grandes. -
El acero necesario se calcula como en las Secs. 4.5 y 4.6.
M, = —0.091 x 6110 x 20% = 222 000 pie-Ib M = 222/0.9 = 247 pie-k
Parap — p’ = 0.012 a = 0.0126d x 60 000/(0.85 x 3b) = 0.282d
jd = 0.859d

* En la Fig. 8.11h,

(0.081 - 0.048)wlL"
Ve = ————————— = 0 043wl’
LI
que es 86% del esfuerzo cortante en el extremo de una viga simplemente apoyada y del
10 al 11% del mismo a una distancia d del apoyo.
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M, = (0.012 x 9.5 x 16.5)60 000(0.859 x 16.5)/12 000 = 133.3 k-pie
My=M— M, =247 — 133.3 = 113.7 k-pie

1333 x 12
= = 1.88plg*(0o p,bd=0.012 X 9.5 x 16.5 = }.88
760 x 0.859 x 16.5 plg'(op, ' )
113.7 x 12
=X 72 | 62plgt
=T 60(165— 2.5) B8

A, total negativa = 3.50 pig®
¢ = af0.85 = 0.282 x 16.5/0.85 = 5.47 plg
€ = 0.003(5.47 — 2.5)/5.47 = 0.00163
, =29 x 10* x 0.00163 = 47.3 k/plg?)
L 113.7 x 12 ‘
T (413 =0.85 x 3)(16.5 — 2.5)

Debido a f," <f,, esta A,’ es considerablemente mayor que 0.4A4,,
que originalmente se habia elegido como objetivo. Un examen del
cidlculo de R’ indica que un f,’ inferior en el segundo término
del calculo de M, reduciria R’ entre 100 y 150 unidades. Una revi-
sion de las dimensiones de la viga puede hacerse con esta intensién,

pero no seria dificil completar esta 4rea tan grande A,’. Por lo tanto,
no se revisar4.

= 2.24 plge

9.11 PROYECTO DE LAS VIGAS T CONTINUAS—
PARA EL MOMENTO POSITIVO

El peralte total de 19 plg ya elegido para el niomento negativo
fija el peralte efectivo a la mitad del claro. Para una capa de acero.
(Fig. 9.11d),

d positiva = 19 plg — 1.5 plg recubrimiento — 0.5 plg estribo
— 0.5 plg (para D/2) = 16.5 plg

jd de tanteo = 16.5 - t/2 = 14.0 plg, 0 0.9d = 14.85 plg.
Usese un valor mayor.

M = 40.072 x 6110 x 20% = 176 000 pies-Ib

M = 176 000/0 © = 195 500 pies-1b

M 195 500 x 12
A, de tanteo = —— = = 2.64 plg?
- - f,j4 60000 X 14.85 P8
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Fic. 9.11. Croquis de proyecto para las vigas.T continuas. (a) Peralte su-
puesto para el momento negativo. (b) Peso estimado, irea sombreada. (c)
Tridngulo de deformaciones para el cilculo de f,’. (d) Peralte supues.to para
el momento positivo. (e) Posicién del PI. con momento méaximo positivo M.
(f) Altura actual al acero superior segiin se elija. (g) Peralte actual al acero
inferior como se elija. (h) Situacién “exacta” del P.I. con momento negativo
maéximo M. (i) Situacién aproximada del P.l. con momento negativo méiximo
M. (j) Momento positivo minimo cerca de la mitad del claro
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Probablemente el irea de comprensién estd limitada a menos del
espesor del patin de 60 plg de ancho. funcionando asi como una
viga rectangular ancha.

a = 2.67 x 60 000/(0.85 x 3 x 60) = 1.05 plg?
Jjd=165— 1.05/2 = 15.98 plg
A, = 195500 X 12/(60 000 X 15.98) = 2.45ple

Un ciclo mas cambiaria solamente el ltimo digito. Como a es tan
Pequeiio, la viga evidentemente se clasificaria como falta de refuerzo.

Este acero debe revisarse para ver si satisface el minimo reque-
rido para el momento positivo por el Art. 91 1a, es decir, comparéhdolo
con 200 ¥d/f, = 200 X 9.5 X 16.5/60,000 = 0.53plg>. Las varillas
deben disponerse de manera de conservar esta 4rea de acero en toda

la longitud de momento positivo, Jo que no es problema, ya que es

menor que la de 1 var No. 8. )

9.12 PROYECTO DE VIGAS T CONTINUAS—
ELECCION DE LAS VARILLAS

Los esfuerzos de adherencia Pueden ser importantes en la deter-

minacién del tamaiio adecuado de las varillas. Lo mis probable es que »

la adherencia por flexién sea critica en el punto de inflexién, aunque
ahora el Reglamento permite la alternativa de un célculo tomando

como base la longitud de anclaje. Este punto de inflexi
calcular de la Fig. 9.11e. - : - d exion se puede

0.125wLe? = 0.072wL’? = 0.072w x 20?
Ly = 20v/8 x 0.072 = 15.12 pies
Vi1 =3670 x 15.12/2 = 27700 1b, P,, = 27 700/0.85 = 32 600 Ib

T

?l esfuerzo de adhﬂlcia por flexién permisible para las varillas
inferiores es 9.5v3000/D = 520/D. La férmula de adherencia por
flexién puede resolverse en funcién del nimero necesario de varillas
de los tamafios comprendidos entre el No. 6 y 11 (y para los nii-
meros 5 4 vy 3 que quedaran del lado de la seguridad). ’

| = Pl(Zojd) ‘Necesariq Zo = Pl(u, jd)
NnD = PDJ(520 x 15.98)
N = Pl(r x 520 x 15.98) -.
="32600/26 100 = 1.25 digamos dos varillas.
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Necesar:a en plg?

Usense 4 No. 6 dobladas = 1.76 plg® 3 No. 8 Rectas = 2.35
1.76

=355 (2 de_ un lado, 1 del otro)

2-No. 8 Rectas = 1.58 plg®- :

2-No. 6 Rectas = 0.88

Para el acero del momento positivo, 1 var No. 8 se atard* con
1 var No. 6 en cada esquina de los estribos, ya que no existe espacio
para colocar cuatro varillas separadas en el espacio entre los tramos
verticales de los estribos que tienen una longitud de 9.5 — 2 X 1.5,
recubrimiento — 2 X 0.5 estribo = 5.5 plg. Con varillas como se
dijo antes, el espacio libre entre los atados es de 5.5 — 2 X 0.75 —
2 X 1.00 = 2.00 plg, en realidad mas aproximado a 1.5 pig, porque
el didmetro sobre las corrugaciones es aproximadamente de 1% de
plg mayor para cada varilla. La separacién para los atados de varillas
en el Art. 804f es la misma que para varillas aisladas de la misma
area combinada. En este caso el drea es 0.44 + 0.79 = 1.23 plg? o
aproximadamente el de una varilla No. 10, que tiene un didmetro de
1.13 plg. Por lo tanto, la separacién entre varillas es amplia, porque
el agregado probablemente tenga un tamafo maximo de 0.75 plg.
(Excepto en e] caso en que el autor hubiera deseado un ejemplo en
el que se usaran dos varillas dobladas, hubiera sido una mejor elec-
cién, sujeta a mayores comprobaciones, podria haber sido 2 var. rec-
tas No. 8 mds 1 varilla No. 9 doblada).

El acero para momento negativo puede colocarse en una capa
atando las 4 varillas No. 6 que se van a doblar hacia arriba formando
dos atados adyacentes a los estribos y colocando las otras cuatro va-
rillas rectas en la losa, digamos con una separacién de 6 plg. Si im-
portara mucho evitar las grietas en la losa en una direccién perpen-
dicular a la viga, las 2 var. No. 6 de cada lado podrian reemplazarse
por 3 var No. 5 a 8 plg, para obtener una distribucién méis amplia
y uniforme del acero. - R A ‘

El acero de compresién (en el apoyo) puede detallarse como 4
varillas No. 8 con las varillas atadas en pares, si se desea. simplificar,
haciendo de 1a misma longitud las varillas superiores y las inferiores,
como en la Fig. 9.13d. En vez de correr una varilla a través de ambas
columnas, para que fuera como 4rea efectiva A,’ en claros adyacen-

4 No. 6 rectas

* Adviértase que los atados de varillas requieren el uso de estribos alrededor de
ellos (Art. 804f). Si no son necesarios los estribos para el esfuerzo cortante cn toda la
longitud del tramo, como parece ser el caso de la Sec. 9.18, se hut neccsitado ponerlos
por los atados de todas manecras.



294 TEORIA ELEMENTAL DEL CONCRETO REFORZADC

tes una varilla terminard en las columnas. El detalle del acero supe-
rior en la Fig. 8.11f muestra que el uso de varillas del No. 6 aumenta
la d negativa en 0.12 plg, a 16.62 plg, pero no se indica ningin
cambio en la seleccion del acero. Para el acero del momento positivo
(Fig. 9.11g) la D promedia es 0.88 plg y d se convierte en 16.56 plg,
lo que eliminaria la deficiencia (despreciable) que existe alli.

Con no poca frecuencia el proyectista aumenta b’ arbitrariamen-
te y aun cambia & para mejorar la separacién del acero o para cam-
biar el A, necesaria o para ajustarse mas a los tamaiios de las varillas.

El esquema del doblado del acero elegido es el mismo que el
mostrado para la losa en la Fig. 9.10, aunque en la actualidad, mu-
chos proyectistas usarian solamente varillas rectas arriba y abajo,
sin varillas dobladas. )

Hubiera resultado una viga més barata si se hubieran aprovechado
las ventajas de las disposiciones con respecto al disefio al limite del
Art. 1502d. Determinando los momentos tomando en cuenta las mo-
dificaciones a la teoria clistica que se recomienda en la Sec. 10.5.

9.13 PROYECTO DE LAS VIGAS T CONTINUAS—
REQUISITOS GENERALES PARA EL DOBLAD
DE LAS VARILLAS ‘ :

El constructor debe detallar cada vanlla, pero €l proyectista queda
satisfecho determinando la posicién de los puntos de doblado y de
los puntos en que terminan con una precisién razonable. En muchas
oficinas de proyecto se usan reglas como “déblese la mitad del acero
inferior hacia arriba en la cuarta parte del claro libre,” pero presen-
tamos aqui procedimicntos més exactos para describir métodos m4s
adaptables a las necesidades que se presentan en muchos casos. Las

Figs. D.17, D.18 v D.19 del Apéndice D muestran diagramas de do- .

blado que se usan en los proyectos tabulados en el CRSI Design Hand-
book, segin el Reglamento de 1956, con acero de grado intermedio.
Es necesario hacer algunas modificaciones de poca importancia por
los nuevos esfuerzos de adherencia. ,

El autor recomienda una actitud muy conservadora respecto al
detalle de las varillas. Se han hecho detalles ineficaces en proyectos
que de otra mancra huheran sido buenos. El miembro resultante no
es mejor que sus detalles.

La posicién de los puntos de doblez puede depender de:

1. Los requisites de los momentos
2. De las longiudes de anclaje
3. De los requisitos “arbitrarios” del Art. 918 del Reglamento
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4. De los requisitos de la adherencia.
5. Del uso de varillas dobladas como estribos.

Primero mencionaremos varios de los requisitos de las especifica-
ciones “arbitrarias”. E1 Art. 918e requiere que cuando menos la ter-
cera parte del refuerzo total para momento negativo se prolongue
mas alld del punto de inflexién en mas de: (1) L'/16 (2) el peralte
d de la viga. El Art. 918f prescribe que cuando menos una cuarta
parte del refuerzo positivo en las vigas continuas se prolongue 6 plg
dentro del apoyo. Ambas condiciones se dehen, segin el texto del
antiguo Joint Committee Specification “para afrontar contingen-
cias que provengan de la distribucion imprevista de las cargas,
asentamiento de los apoyos, movimiento de Ibs puntos de inflexién
o a la falta de concordancia con las condiciones supuestas que regu-
lan el proyecto de las estructuras elasticas.”

También el Art. 918b prescribe que todas las varillas que se ne-
cesiten para el refuerzo positivo o negativo, deberan prolongarse el
peralte de la viga o 12 didmetros mas alld del punto en que ya no
sean necesarios segin los esfuerzos. Parece que el reglamento per-
mite que la longitud quede en la porciéon doblada de la varilla. El
autor prefiere proponer que cuando menos la mitad de esta longitud
adicional se considere como otro requisito, como previsién de las mo-
dificaciones que pudieran sufrir los diagramas de momentos, como
se muestra en lineas de rayas en la Fig. 9.12a. Lo que quiere decir
que no s6lo aplica la longitud requerida como una distancia en linea
recta antes de terminar la varilla, sino que también usa cuando me-
nos la mitad de ella como longitud recta necesaria antes del doblado.
Esta forma de proceder relativamente severa es 1a que se usa en la
Sec. 9.14. o .

Disposiciones que satisfacen los requisitos de los momentos, de
los anclajes y los del Art. 918 pueden variarse algunas veces ligcra-
mente para aumentar la adherencia o el refuerzo de la nervadura.
Por ejemplo, si los esfuerzos de adherencia fueran excesivos en el
acero inferior en el punto de inflexion, podria ser posible mover los
puntos de doblado hacia arriba, hacia la columna y conservar mas
acero utilizable para la adherencia; o puede variarse la separacién de
los puntos de doblado, para que las varillas dobladas sean mas utiles
como acero de la nervadura.

9.14 PROYECTO DE LAS VIGAS T CONTINUAS—
DIAGRAMAS DE MOMENTOS QUE RIGEN
EL DOBLADO DE LAS VARILLAS

El diagrama de momentos positives va <e ha determinado en la
Fig. 9.11e
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Para el momento miximo negativo, el diagrama real es asimétrico
y el cdlculo de momentos méximos sélo nos proporciona suficientes
datos para todo el diagrama. Se puede determinar, en forma razona-
blemente aproximada, usando un momento negativo en el extremo
lejano como ligeramente menor que el momento positivo que lo
acompafia en este caso, digamos —0.048wL’? en vez del valor de
— 0.053wL’* mostrado en la Fig. 9.11e. El valor 9.11k seri casi exac-

to en cuanto se refiere a la posicién del P.I. (punto de inflexién).

Luego puede usarse el método de la Sec. A.5 para localizar el P.I. a
4.15 pies de la cara de la columna.

M4s comunmente se calcula el P.I. para el dlagrama 51memco
supuesto de la Fig. 9.11i, que es el que se usari aqui.

Ll = 0034w x zo= .
Ly = 2070272 = 10.42 pies

Por lo tanto, el P.I. queda a 4.79 pies de la columna. La mayor aproxi-
macién que se obtiene al usar un tridngulo para la seccién de mo-
mento negativo de la parabola se justifica cuando el P.I. no est
muy cerca de la mitad del claro, digamos, fuera del tercm medlo
del claro. -

E]l momento posltwo mimmo a la rmtad del’ claro es también parte
de un diagrama, simétrico, pero en este caso, el diagrama de mo-
- mentos de la viga simplemente apoyada es solamente para la carga
muerta, que puede expresarse como sigue, en funcién de la carga to-
tal w,-es decir, 1791 Ib/pie lineal de un total de 6110 Ib/pie lineal
total.

M, de la viga simplemente apoyada = 0.125w,L"* =
179t . ’
0.125 &110 wL’? = 0.0367wL
Se hace un esquema del diagrama en la Fig. 9.11j. Los dJagramas
de momentos méximos se unen en la Fig. 9.12a.

9.15 PROYECTO DE LAS VIGAS T CONTINUAS—
DOBLECES Y PUNTOS EN QUE SE TERMINAN
LAS VARILLAS DE TENSION

No es la intencién de esta seccion considerar simplemente los
detalles de la forma en que se colocan las varillas, sino que, la expe-
riencia ha demostrado, que ningin otro tipo de problema pone de
manifiest s nociones fundamentales de la manera en que trabaja
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el concreto reforzado y 1a manera en que la flexién y el anclaje de las
varillas se afectan .entre si. Aun usando varillas rectas sin dobleces
se presentan los mismos problemas.

’ Aunque la mayor parte de los proyectistas probablemente dobla-
rian hacia arriba las dos varillas No. 6 en el mismo punto, en este
caso se doblaran una por una, para ilustrar mejor el proce,dimiento
de c'aICulo. Se recomienda al estudiante hacer un esquema como el de
la Flg..s’).mb para la tabulacién de los valores calculados, aunque la
repeticion de los titulos de las varillas provocan confus’ién en los
dibujos de proyecto. Como se define como primer doblez de las vari-
Ha§ .el de la varilla que queda maés cerca del punto de momento
maxmno, se notard que la primera varilla doblada hacia abajo es la
misma que la segunda doblada hacia arriba.

' El diagrama del momento positivo determina las distancias mi-
nimas x, y % de la linea centra] del claro para las primeras y se-
gundas 'vanllas dobladas hacia arriba, segun las dimensiones puestas
en la Flg.. 9.12b. Estas dimensiones también determinan las I:’distan-
cias miximas de la columna. De la misma manera, el diagrama de
los momentos negativos fija la distancia del soporte a que se deben
doblar hacia abajo. La distancia entre ¢] acero positivo y el negativo
es de 14 plg o de 1.17 pies. A esta distancia se Je llama ordenagda
con lqs dobleces usuales de 45°, es igual a la distancia horizontZl’
0 abscisa utilizada para hacer la ordenada. La distancia minima de

Hasta ahora, solamente se han consj
, iderado las condiciones para
]o§ momentqs, pero a la longitud de anclaje tiene que dérselfe) la
ng;r];)e.l atencién. Pﬂa el acero _Superior el esfuerzo de adherencia
admisible es 6.7Vf.7/D = 6.7v3000/0.75 = 488 Ipc.

fy . _ 60000
L" =1V — ~_ L 2y .
~4uD 1% 488 X 0.75 = 230 plg = 1.92 pics

En la Fig. 9.12¢ las cruces indican los puntos de esfuerzos méxi-
1mos.en el ac’tlaro Yy los lugares mas alld de los cuales se necesitan las
ongitudes L”. Para el acero inferior, como siempre, las varillas se
prolongan lo suficiente para que produzcan un ancl,aje mucho ma-
yor que 4?1 necesario L” (por inspeccién, aun sin calcular la distancia
S:I;,}:]an}:las' No. 8 con u = 9.5Vf.’/D). Para el acero superior que

a hacia abajo, las varillas deben correr horizontalmente cuando

menos parte de L”, antes de doblarlas hacia abajo. Con acero de
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60 k/plg?, el autor recomienda que cuando menos dos tercios* de L”
se utilicen como varilla recta, antes de doblarla. Para el primer doblez
hacia abajo, la distancia minima calculada de 1.28 pies, es precisa-
mente la adecuada para este objeto y una longitud de 0.55 pies més
larga se eligi6 al principio en forma relativamente arbitraria. Como
este aumento arbitrario en la distancia al primer punto de doblado
no forma un anclaje en la segunda longitud mas dificil, la siguiente
longitud L” puede medirse con seguridad desde la distancia minima
permisible (para momento) al punto del primer doblez, hacia aba-
jo.t Lo que da el minimo para anclaje al segundo punto de doblado
hacia abajo como 1.28 pies + 1.92 X %5 = 2.56 pies.

En este ejemplo los dos puntos de doblado pueden satisfacer fa-
cilmente todos los requisitos. Cuando un proyectista trata de doblar
hacia arriba muchas varillas, lo que se acusa por las distancias
necesarias que exceden de las distancias maiximas disponibles. Esta
condicién indica que se ha elegido una forma de doblado incorrecta
para ese miembro. Cuando, como en este ejemplo, existe una varia-
cién entre minimo y maximo, lo que es una indicacién de que el
proyectista puede elegir arbitrariamente. También puede significar
que se pudieran doblar mis varillas si fuera necesario.

Para cualquiera de las 6 varillas No. 6 del acero superior que no
se doblan hacia abajo, el anclaje necesario debe ser cuando menos
de 1.88 + L” = 3.80 pies. Sin embargo, si se cortan algunas varillas
dentro de la distancia al P.I. para el momento méiximo negativo,
debe satisfacerse la condicién relativamente estricta del Art. 918c.
Hasta que se conozca méas con respecto al efecto de cortar las varillas
en las zonas de tension de las vigas, el autor prefiere prolongar estas
varillas cuando menos hasta el P.I. que se produce con la mayor
carga. Por lo tanto, no cortara ninguna varilla a una distancia menor
que aproximadamente 4.79 pies del apoyo. No todas las varillas
pueden cortarse ni aun en este P.I. E]l momento minimo a la mitad
del claro requiere que algo se quede a todo lo largo del claro y el
Art. 918b, e requiere que se prolongue después del P.I.

Vamos a considerar primero el momento negativo a la mitad del
claro. Se puede obtener con suficiente precision el acero superior
que se necesita a la mitad del claro pcr proporciones de los momentos,
ignorando los cambios en jd. La A, negativa a la mitad del claro =

(8 varillas) (0.01wL"*)/(0.091wL"?) = 0.66 varillas No. 6. Propor-
cionan un empalme por traslape para 1 No. 6 (la ultima u octava

* Los ganchos estindar se valGan en 19 k/plg? en el Art. 918h y una varilla dodlada

hacia abajo, probablemente tenga una capacidad un poco mayor.
t Teéricamente, el requisito es una L* que legue mis all4 del punto real de doblado

pero calculado para el fo real reducido

N
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varilla) a la mitad del claro, que requiere 1.92 X 4 = 2.55 pies,
digamos 2 pies 7 plg. (La L” de 1.92 pies calculada antes se aumenta
por el factor de %, porque el Art. 805 b permite solamente 0.75 de
los esfuerzos usuales de adherencia cuando se usan para el cdlculo
de empalmes). Parece que esta curva del momento minimo positivo
cruza la curva del momento maximo negativo cerca de la cuarta
parte del claro. Si es asi, este momento negativo (Fig. 9.11) seria
—0.01wL"? — 0.25(0.0367wL"?) = —0.019wL" que requiere 0.0192/
0.091 X 8 = 1.48 varillas. Por lo tanto, parece conveniente correr
una segunda varilla No. 6 (la séptima varilla) hasta aproximada-
mente el punto 3; del claro, digamos a 7 pies 6 plg del apoyo. (Que
se puede calcular mas exactamente de la parabola, si se desea). -

El requisito del Art. 918b es que la tercera parte de la A, nega-
tiva maxima se continie después de llegar al punto de flexién
extremo* L’/16 = 1.25 pies o d = 1.37 pies, rigiendo la mayor.- Asi,
cuando menos tres varillas deben prolongarse 4.79 al P.I. mas
1.37 = 6.16 pies, digamos 6 pies 2 plg, de las cuales dos ya se han
prolongado mas adelante por otras razones.

Con 3 varillas No. 6 prolongadas en esta forma y 2 varillas No. 6
dobladas hacia abajo, el punto para cortar las 3 varillas No. 6 inter- .
medias debe fijarse en seguida.

La manera mas segura para satisfacer el Art. 918¢c, es prolongar
la tercera y la cuarta varillas hasta donde las cuatro varillas restantes
tienen una A,, igual al doble de la necesaria, es decir, al punto donde
dos varillas son suficientes para s6lo el momento. Se necesitan 2
varillas (Fig. 9.12a) hasta 3.60 + 1.37 = 4.97 pies. Por lo tanto;
prolénguese 2 varillas No. 6 (la tercera y la cuarta) hasta un poco
después del P.I. a 5 pies de distancia y cértese la quinta varilla con
la sexta a los 6 pies 2 plg determinadas anteriormente. A 6 pies 2 plg
se puede cortar una varilla de tensién debido a que el esfuerzo cortante
requerido en el Art. 918c (1) es bajo y es seguro que se satisface,
porque estas varillas no est4dn en tensién cuando actda la carga viva
en el claro. Las varillas rectas de la parte inferior se discuten en la
varilla) a la mitad del claro. que requiere 1.92 X % = 2.55 pies,
Sec. 9.16. - - '

Consideraremos una alternativa de la colocacién de las varillas
para insistir en algunos puntos. En la Fig. 9.13a se doblan las dos
varillas No. 6 como un solo par. Esta disposicién es mas sencilla y
debe preferirse gereralmente por sencillez, pero nétese que la dife-
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i s de doblado minimos y méximos,’se reduce de
;eggli)iirslt;e;?zlp;?;: en la Fig. 9.12b a 0.75 pies aqul. El doblado
dé varillas separadas es posible hacerlo con frecuencia cuando ng cca)s;
posible doblar pares, pero doblando varillas aisladas se crea nsa yue
numero de puntos en los que se producen esfuerzos maximos q

hay que vigilar en la longitud de los anclajes.

9.16 PROYECTO DE VIGAS T CONTINUAS — PUNTOS
EN QUE SE PUEDEN TERMINAR
LAS VARILLAS DE COMPRESION

varillas rectas del No. 8 de la parte inferior

itud de las .
e o por el momento como por 12 longitud de an-

esta determinada tanto
claje necesaria.
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arillas como un par, (b) Anclaje necesarh:: de

i aximos negativos. '(¢) Caso
A’ del diagrama para la curva de momentos m : . .
in.mgina.rio mostrando los detalles cuando A, es pequena. (d) Caso imaginario
cuando A, es grande

* El autor interpreta la palabra “extremo” como el extremo para el diagrama de 9.12. (a) Se doblan dos v

momentos especial que demanda la A, negativa considerada. Asf, si la carga gue produce
el momento positivo minimo creado en el P.J. cerca de la mital del claro, el acero gue
debe prolongarse més allf del P.I. serfa la tercera parte del Area necesaria por el menor
mamento Psgaﬁvo (de la carga muerta) en el apoyo. - .

)
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Como se necesitan mas de dos varillas en cada cara de la co-
lumna, son necesarias las varillas de ambas vigas adyacentes. Una
INo. 8 debe atravesar la columna y prolongarse la longitud de anclaje
mis alla de la cara mas lejana. Esta prolongacién debe comprobarse
para ver si tiene la longitud necesaria para el momento, para lo cual
se requiere un diagrama de momentos para el acero de compresion.
En la Sec. 9.10 se obtuvo el valor de M, sin acero de compresién de
133.3 k-pies, que es 133.3/247 = 0.54 del M total. Por lo tanto, el
diagrama de momentos negativos puede dividirse, como se muestra
en la Fig. 9.13b, con solamente 2.20 pies (mas una distancia d) sin
necesitar acero de compresién. Las dos varillas No. 8 que corren a
lo largo de todo el claro pueden ser suficientes para el mismo menos
en 0.73 + 1.37 = 2.10 pies adyacentes al apoyo. Esta longitud en este
ejemplo rige sobre la longitud L” mas corta que se determina en el
parrafo siguiente y requiere que se prolongue una varilla de cada
lado a través de la columna y 2.10 pies mas alld de la cara lejana,
como se indica en la Fig. 9.12b. No es necesaria una de las varillas
de cada lado mas alld de la cara de la columna y puede simplemente
prolongarse la longitud L” dentro de la columna y cortarse.

El proyecto de A,” en la Sec. 9.10 se basa en f,’ = 47.3 k/plg?,
que, con el esfuerzo permisible de adherencia [Art. 1801c(3)] en
compresién de 13Vf. se requiere :

L” = f/D/4u = 47 300X 1.00/(4 X 13y/3000) = 16.6 plg=1.39 pies

Ademais, es necesario tomar en cuenta otras circunstancias, porque
para la separacién transversal, se requiere que las varillas No. 8 se
aten en grupos de dos dentro de la columna* y, generalmente, se con-
sidera que esto reduce el perimetro. El anélisis exacto es dificil, porque
la superficie expuesta es invariable. Como un margen razonable para
esta complicacién, L” simplemente se alargara 6 plg mis a los 1.89
pies. Se espera que la varilla que continda a través de la columna man-
tenga su esfuerzo al cruzar la columna y que necesite su L” méas all4
de la cara lejana de 1a columna. La otra, al prolongarse L” m4s all4 de
la cara cercana, se prolonga ligeramente mas alld del lado lejano
de ]a columna, pero esta prolongacién dentro del claro siguiente, donde
no se necesita, puede con toda razén ignorarse en el anilisis de
ese cClaro. : -

Con mucha frecuencia la colocacién del acero de compresién puede
ser mds sencilla. Si se han necesitado 4 varillas No. 8, ambas varillas
de un lado podian haber terminado en un punto, como en la Fig. 9.13d.
Este punto debe también satisfacer los requisitos de momento y de lon-
gitud de anclaje. Todavia hubiera resultado mas sencilla 1a colocacién

* O colocar el acero en dos capas.
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si solamente se hubieran necesitado 2 varillas No. 8 para A, como se
muestra en la Fig. 9.13c. Entonces no hubiera sido necesario el_ acero
adicional de compresién del claro adyacente y solo es necesario pro-
longar, dentro de la columna, la distancia L”. Entonces .el diagrama
de momentos no tiene aplicacién para determinar la longitud de estas
varillas rectas inferiores, porque automaticamente se usa toda la A,/
en toda la longitud del diagrama de momento negativo. )

Como anteriormente, para los atados de varillas dentro de la co-
lumna, deberi usarse la longitud L” de 1.89 pies. Otra forma de
considerar este armado pudiera ser traslapando varillas como em-
palmes en compresién, que requieren 924D = 2.00 pies de Fra.slape.
En las columnas gruesas, la diferencia entre los dos procedimientos
pudiera ser notable; aqui la diferencia es pequeiia. El autor no le
considera importancia a la capacidad horizontal de compresioén cerca
de la mitad de la columna (donde probablemente el peralte efectivo
aumenta) y considera L” de la cara de entrada como el aspecto de
importancia critica.

9.17 PROYECTO DE VIGAS T CONTINUAS—
ADHERENCIA POR FLEXION
EN EL ACERO DE TENSION

En la Fig. 9.14 se marcan los puntos de esfuerzos méximos‘ de
adherencia por flexién. Se llama la atencién al Art. 1801a que dice
que las varillas dobladas no mds de d/3 del acero longitudinal, pue-
den contarse en el perimetro. Por lo tanto, los esfuerzos criticos de
adherencia por flexién en el acero superior se calcularin a una dis-
tancia d/3 mas all4 de los puntos de doblado y, precisamente, méis
all4 de los puntos de corte. Aunque el Reglamento no lo exige en los
claros interiores, el autor continuaria usando el esfuerzo cortante
correspondiente a una viga simplemente apoyada aumentado en
0.08wL’/2 = 4880 Ib para representar el corte debido a la continui-
dad, cuando se trate de acero determinado por el momento negativo.
Se usari la Ec. 6.3 para comprobacién.

En el punto 1 (varillas superiores):

V, = 1.08wL’'[2 = 1.08 x 6110 x 20/2 = 65 700 b,
P, = 65 700/0.85 = 77 300 1b

Ec. 6.4. Min N = PI(QVf. = x 0.9d)
= 77 300/(6.7 x /3000 x 3.14 x 0.9 x 16.62)
= 453 varillas< § Corr.
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Fxc..‘9.14. Luggres en los que se debe comprobar la adherencia por tiexi6m

_ Es evidente que las siete varillas en el punto 2 y las 6 del punto
3 son adecuadas, porque V serd menor en estos casos. El punto 4
queda en el punto de inflexién y lleva tensién en las varillas sola-
mente cuando el diagrama de momentos varia. En cualquier caso
las cuatro varillas restantes son adecuadas porque V no puede se;
mayor del 55 0 60% del maximo en el punto 1 y, por lo tanto, la N
necesaria. no puede ser mayor de 55 o 60% de 4.53. Eri los’ ;‘;untos
3 ly 6l existe T,tensic’)n solamente cuando la carga viva queda fuera
el claro es evidenteme i N
imponancii ' nte demasiado pef]uena Para darle

Las  varillas inferiores estin a la tensién méxima cuando la
carga es simétrica, lo que anula el esfuerzo cortante producido por
continuidad. La fuerza cortante aumenta hacia el apoyo y ‘el nud-
mero de varillas disminuye; por lo tanto, el lugar peor esti en el
punto de inflexién para momento méiximo positivo (a.la izquierda
de este punto 7 las varillas estan en compresién y las relaciones. de
adherencia por flexién del Cap. 6 se aplican solamente para 4las

varillas en tensién). , .
V, = 6110 X 7.56 = 46 200 1b, ¥ = 46.200/0.85 = 54 300 1b
N = Pi(QVf)m x 0.9d) -
= 54 300/(9.5v3000 x 3.14 x 0.9 x 16.56) = 2.24varillas > 2 reales

Sggt’m la experiéncia del autor, en este punto siempre ha sido critica
si la e’ldherencia constituye un problema en algin lugar. Porque re-
sul’taljla muy molesto a esta etapa poner tres varillas, investigar si
la Gltima varilla doblada puede ayudar aquf. Se doblé arriba de 3.0 pies
del apoyo, pero se puede contar hasta que esté a d/3 = 0.46 del acero
superior. ™r lo tanto, estin disponibles tres varillas a 2.54 pies del

L
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apoyo o 7.46 pies de la mitad del claro. Que esta tan cerca del punto
de inflexién que se puede despreciar esta pequena diferencia. Sin
embargo, el punto de doblado se puede mover hacia el apoyo (Fig.
9.12b) sin mas complicaciones. Por lo tanto, revisese el punto de
doblado hacia arriba a 3 pies 0 plg, a 2 pies 6 plg de la columna, lo
que todavia satisface el valor minimo de 2.45 pies. -

PR

9.18 PROYECTO DE VIGAS T CONTINUAS—ESTRIBOS

Como en la Sec. 9.12 se éligieron atados de varillas, son nece-
sarios los estribos hasta la mitad de la viga para satisfacer el Art.
804f del Reglamento. Sin embargo, los estribos se consideran como
una cuestion del proyecto por esfuerzo cortante. - )

Bajo el efecto de las cargas que producen los momentos maximos,
la viga estd sujeta a una fuerza cortante en el extremo igual a la
de una viga simplemente apoyada wL’/2 = 61 000 Ib, mas una fuer-
za cortante por continuidad, que de nuevo _supondremos igual a
0.08wL’/2 o 4880 lb, actuando ambas en el extremo y 2 la mitad
del claro como se muestra con lineas de rayas en la Fig. 9.15a. La
fuerza cortante a la mitad del claro serd mayor cuando se quite la
carga viva de la mitad izquierda del claro. Esta carga producird una
fuerza cortante por continuidad mas pequefia, que se despreciara.
Esta fuerza cortante en la viga simplemente apoyada serd de 4320
% 10 X 5/20 = 10 800 Ib. En la Fig. 9.15a la linea llena se usari
como diagrama de fuerzas’ cortantes méximas para proyectar los
estribos. Con b’ = 9.5 plg y d = 16.62 plg en el extremo, la fuerza
cortante critica est4 a la distancia d del apoyo. - .-

66 000/0.85 C o
= SOUDT 4951
7 9.5 x 16.62 pe
© 10800/0.85
s pies = L e = B

La pendicnte del diagrama de v es (495 — 81)/120 =345 Ipc/
plg. El esfuerzo cortante critico esti a 16.5 plg del apoyo y es de
495 — 3.45 X 16.6 = 438 lpc. En la Fig. 9.15b est4 dibujada la cur-
va del esfuerzo cortante. Los estribos se necesitan en la longitud L,
donde T es mayor de 2Vf’; ademés de una Jongitud adicional igual
a d = 16.6 plg, segin el Art. 1702. Por lo tanto, los estribos son
necesarios a lo largo de todo el claro, porque L.+d=112 + 16.6
= 128.6 plg > 10 pies. Asf queda satisfecho av*-wniticamente el
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vomeryz CV = 4320 1b/ple linesl d=165 plg
= 66000 Ib .
10 10 495\,\ = 385 57 = 328 lpe
10800 'b T ,
10800+w, L'/2 '35 Diagrama ¢
=28700 b dugam Ve 0 - o

~ 10800 Ib nu 3

4880 b 109.4 Tpe en &l coneretd)B1

d=166"

fe—Ly= 112'—’F‘£4
e L'[2 = 120°———|
(u) (b}

0 A
bee'f2 = 10-0" = 120—>

Flc 9. 15 Diagramas de esfuerzos cortantes para el célculo de los estribos.
(a) Diagrama V. (b) Dxagrama T

requisito sobre los atados de varillas; también los requisitos para
los estribos sobre las varillas A, del Art. 806c.

En la Sec. 6.19¢ se ha hecho con todo detalle el proyecto de estos

estribos.

9.19 PROYECTO DE VIGAS T CONTINUAS—
COLOCACION DE ESTRIBOS '

La correcta colocacién de los estribos en las vigas continuas
presenta un problema. Para el mejor anclaje de los estribos serfa
necesario que los ganchos queden donde el concreto esti en compre-
si6n, que cerca de los apoyos queda abajo. Como la construccién es
mis sencilla cuando el extremo abierto del estribo queda hacia arri-
ba, la cuestién del anclaje generalmente se ha ignorado. Ademds de
lo facil de la colocacién es el requisito de que el acero de compren-
sién (de abajo) se amarre como se especifica en el Art. 806c. Un
estribo debe prolongarse completamente alrededor de todas las va-
rillas longitudinales A,”. Los estribos cerrados, como los de las co-
lumnas, serian excelentes y puede ser que se usen mis ahora que
se necesitan, cuando se usan estribos en las vigas de los tableros
(Art. 921). La principal objecién que se les hace, se refiere a la di-
ficultad para meter el refuerzo dentro de los estribos.

9.20 PROYECTO DE VIGAS T CONTINUAS—FLECHAS .

Las flechas con las cargas de trabajo constituyen un caso critico
y el tipo de cdlculo que se emplea es mis del tipo elidstico o DRT
que del DRU, como se dijo el el Cap. 7. En cualquier viga se com-
plica. por la flexién debida a las deformaciones plasticas, bajo la
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carga y a la variabilidad de la I producida por los diferentes grados
de agrietamiento en las diversas secciones. En las vigas continuas
se complica todavia mas por la variaciéon de la I efectiva en una
viga rectangular invertida en los apoyos a una T en la mitad del
claro, como se indica en la Fig. 9.3. Los cilculos para comprobar
las flechas son, por lo tanto, més de cardcter nominal que preciso
y se usar4 el procedimiento aconsejado en el Art. 909c. )

Para el acero en el momento positivo p, = A,/V/d = 2.46/(9.5

X 16.56) = 0.0157 y pf, = 0.0157 X 60 000 = 934 > 500. El valor
de pf, para el acero, para el momento negativo, es todavia mayor..
Este criterio del Art. 909¢ indica que ambas secciones deben consi-
derarse agrietadas. Las 4reas transformadas mostradas en la Fig.
9.16 se consideraran como efectivas y sus valores de I se promediarin
para usarlos.

En la secci6én de momento negativo, A, = 3.52 plg?, A ' =235
plg? y, por tanteos kd = 6.90 plg.

Area y I

317 9.72 2970
18.7 4.40 362
9.5 x 6.90 x 6.90%3 1040

1, Total = 4370 plg*

En la seccion de momento positivo, A, = 2.46 plg®, A,’ = 0.44
plg? (accidental debido a la colocacién del acero para el momento
negativo) y, de los momentos de las 4reas con relacién al eje neutro,
kd = 3.27 plg.

Area . Y 1
22.1 13.29 2940
60 x 3.27 x 3.27%/3 698

1, Total 3640 plg*
I promedio = (4370 + 3640)/2 = 4000 plg*

E= u”’33\rf = 145'% x 334/3000 = 3.15 x 10° Ipc

La relaC16n A//A,. es 2.35/3.52 = 0.67 en el apoyo y 0.44/2.46 =
0.18 a la mitad del claro para un promedio de 0.42. Con esta base
estimese el factor con el que se toman en cuenta los efectos del iempo
en 1.3 para la porcién sostenida de la carga. Esta carga sostenida se
tomara como la carga muerta (Sec. 9.10) méis la mitad de la carga
viva, como una carga viva de 200 Ib/pie? indica que se trata de una
fabrica para industria ligera o para bodega.
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352 X @ =317plg 238" 60" No se toma en cuenta
- & - - 32r
5 st 1) s ; i :"Z
23509 - 1) 1662 197 246 x 9 d = 1656
= 18 7 plg? /a“ =.22.1 pig? S _—L
95 6.90"
25*

Fic. 9.16. Secciones transversales de la viga consideradas para el cilculo
: de la flecha

w sostenida = 88X 12~ 138 + 0.5 X 200 X 12 = 24001lpc

Carga viva temporal = O.g\MOO X 12 = 1200 Ib/pie lineal - _

No se dispone del diagrama de Thomentos para la carga perma-
nente, aunque para la carga muerta en un claro interior (claros uni-
formes ) seria parecida a la de una viga con los extremos empotrados.
El uso del diagrama de momentos de la Fig. 9.11e seria correcto para
toda la carga viva y quedaria ligeramente del lado de la seguridad
para la carga permanente. Se usari este momento negativo de
0.053wL". -

M, = —0.053 X 2400 X 20* = —50 800 pies-b
La flecha se calculard como (5/384)wL’*/EI para una viga simple-
mente apoyada, restindole el momento negativo M,L’2/8EI.
¥, = (5/384)(2400 x 20% x 1728)/(3.15 x 10° x 4000) = 0.69 plg
Ya = —50800 x 20% x 1728/(8 x 3.15 x 10® x 4000) = —0.35

. . 0.34
Adicién para el efecto del tiempo 1.3 X 0.34 = ) 0.42
Carga total permanente y ’ = 0.76 plg

C.V. afiadida y = (1200/2400)0.34 . = _ 0.17 .
- . : Flecha total  0.93 plg

Para los lugares criticos el Art. 909f sugiere como limite L’/360 =
0.67 plg que se coloca sobre la flecha por deformacién plastica, més
la flecha por carga viva, en el supuesto de que la flecha por carga
ocurra antes de que se construyan los tabiques. En este caso, la flecha
es un poquito grande, 0.42 + 2 X 0.17 = 0.76 plg. Lo que puede
reducirse ligeramente usando un mejor diagrama de momentos. La
flecha inmediata por carga viva de 2 X 0.17 = 0.34 plg queda com-
prendida bastante dentro del limite aconsejado de L’/360 del Art. 909e.

9.21 VIGAS RECTANGULARES CONTINUAS

La§ _Eiifferenciasde‘ﬁfoyecto entre las vigas rectangulares continuas
y las-vigas ™ continuas son de poca importancia. El proyecto anterior

»
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de 1a viga T puede también servir de modelo para el proyecto de las
vigas continuas rectangulares. Aparte de la diferencia evidente, para
proyectar el acero para el momento positivo para una viga reciangular,
es necesario llamar la atencién a los requisitos especiales para los
soportes laterales, como se dan en el Art. 908. A estos miembros les
falta la capacidad adicional de la viga T para resistir torsién.

9.22 CLAROS EXTREMOS Y CLAROS IRREGULARES

En los claros extremos, los momentos negativos son menores en
el extremo exterior que en el interior, con los puntos de inflexién y el
punto de momento positivo maximo movidos hacia el apoyo exterior.
En los claros y cargas irregulares los diagramas de momentos maxi-
mos son menos simétricos que los que se usan en este capitulo.-

Para detallar correctamente los claros extremos y los claros irre-
gulares es necesario tener un mejor conocimiento de los diagramas
de momentos asimétricos, pero no es necesaria ninguna teoria adi-
cional sobre concreto reforzado. Cuando se consideran buenas las
aproximaciones, el proyectista debe ser mas conservador que cuando
se conocen exactamente los requisitos de los momentos.

SELECCION DE REFERENCIAS

‘ 1. *“*Continuity in Concrete Building Frames,” Portland Cement Association, Chicago,
3rd ed. i

2. Phil M. Ferguson, *Analysis of Three-Dimensional Beam-and-Girder Framing,”
Jour. ACI, 22, Sept, 1950; Proc., 47, p. 61.

3. R. H. Wood, “*Studies in Composite Construction: Part I, The Composite Action
of Brick Panel Walls Supported on Remforced Concrete Beams; Part 11, The
Interaction of Floors and Beams in Multi-Story Buildings,” National Building
Studies, Research Papers No. 13 (1952) and 22 (1955), Her Majesty's Stationery
Office, London. N . . .

4. ACI Committee 317, Reinforced Concrete Design Handbook, AC), Detroit, 2nd ed.,
1955 (now in process of revision). .

5. Raymond C. Reese, CRS/ Design Handbook, Concrete Reinforcing Steel Institute,
Chicago, 2nd ed., 1957 (now in process of revision).

6. Réymond C. Reese, **Detailed Design of Reinforced Concrete Members,” pp. 39-69
in Sec. 24 of R. W. Abbett (ed.), American Cwil Engincering Practice, Vol. 111,
John Wiley and Sons, New York, 1957 . . -~ -

7. Phil M. Ferguson, **Analysis of Beam-and-Girder Framing ~ % Known Column
Settlements,”” Jour. ACI, 24, Oct. 1952; Proc., 49, p. 77.

)



310 s, . « TEORIA ELEMENTAL DEL CONCRETO REFORZADO
PROBLEMAS

Prob. 9.1. La estructura reducida de la Fig. 9.17b debe usarse para el ani-
lisis del segundo piso del marco de la Fig. 9.17a, porque los coeficientes
estindar no son aplicables. Sup6ngase que todas las vigas tienen I = 25 000
plg*, las columnas de 16 plg debajo del piso tienen una I = 5450 plg* y las
vigas de 14 plg debajo del piso tienen una I = 3200 plgs. Cada viga soporta
una carga muerta de 850 lb/pie lineal y una carga viva de 2150 lb/pie lineal.
Por el DRU:

(a) Calcilese el momento miximo negativo en la viga €D en C y corrijase
para obtener el momento de proyecto en la cara de )a columna. (Nétese que la
simetrfa con relacién a C es equivalente a un extrerhe. empotrado para la dis-

tribucién de momentos). . ~
Azotea —r
g="
40. “%
30. - _J_ﬁ’ :
% —
to. (a)
A B C. D . F.
le— 20'— — 25 ’} 25'— { —20—>
- - I ¥ ' . P (_b)‘
i e 7 »Lr, ]

ITTIYTITYTY su o z . Z % EE
4 T4 ¥ e
. ave- o
d &N ta ~ . o
M : §

(c) @ , -

Fic. 9.17. Anilisis de la estructura de un edificio. (a) La estructura consi-

derada. (b) La estructura ordinaria reducida para el cilculo de los momentos

en un solo piso. (c¢) Cargas que producen el momento méiximo negativo en

el extremo exterior de la viga, que también es aproximadamente el méiximo

en la columna exterior: (d) Forma mejorada de estructura reducida para los
momentos maximos en el nudo exterior
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4. Sistemas de piso

14.1 Introducci6n

Las estructuras de edificios de concreto estén formadas por di-~
versos elementos que generalmente trabajan como un conjunto ya
que dichas estructuras suelen ser continuas o monolfiticas. Los
elementos cl&sicos que constituyen una estructura son las losas,
las trabes y las columnas, aunque en algunas estructuras sélo
existen losas y columnas. Estos elementos han sido estudiados
en forma aislada en los capfitulos anteriores\de este texto. En
este capftulo se estudiarén dichos elementos trabajando en con

junto,

Ha sido costumbre analizar las estructuras, por carga vertical,
suponiendo que las cargas se transmiten a las losas, las cuales
las transmiten a las trabes, y éstas, a su vez, las transmiten

a las columnas. O bien, cuando no existen trabes, suponiendo
que las losas transmiten directamente las cargas a las columnas.
Por 1o que se refiere a fuerzas horizontales, tales como .fuerzas
de viento o sismo, se supone generalmente que son resistidas por

la estructura formada por trabes y columnas.

En realidad, tanto las cargas verticales como las horizontales

son resistidas por los tres elementos estructurales trabajando

¥

en conjunto, Por ejemplo, en el caso de fuerzas horizontales,
la contribucién de las losas es importante; no es posible aislar
las trabes de las losas ya que ambas trabajan simulténeamente

bajo la accibén de las fuerzas horizontales. En el caso de car-
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gas verticales, se ha demostrado que la distribuci6én de momen-
‘tos flexionantes en las losas depende de la relacién de rigi-
deces entre losas, trabes y columnas; la distribucién de momen
tos en dos sistemas de piso iguales entre sf resulta diferente
si las columnas de uno de los sistemas son diferentes de las
©®lumnas del otro sistema. Esto se debe al distinto grado de

restriccién en ambos sistemas de piso.

Por otra parte, ha sido costumbre considerar como sistemas dife-
rentes a los constituidos por losas apoyadas sobre trabes y por
losas apoyadas directamente sobre columnas. Como consecuencia
de esto, los métodos de andlisis y disefio de ambos sistemas di-

fieren en sus principios. La raz6n es de origen histérico.

Las losas apoyadas sobre columnas se empezaron a construir antes
de que se conocieran métodos de anélisis, sobre una base comple-
tamente empfrica. Los métodos que se han usado hasta la fecha

son, por lo tanto, de naturaleza empirica. En cambio, las losas
apoyadas sobre trabes\se empezaron a construir cuando ya se dis
ponfa de métodos matemdticos de anélisis. Actualmente, se usan
modificaciones de dichos métodos que toman en cuenta las carac-
teristicas especiales del concreto reforzado. ‘Ahora se recono-

ce que en realidad los dos sistemas de piso trabajan en la mis-

ma forma.

Recientemente se han desarrollado métodos de andlisis de estruc
turas de concreto que consideran, por una parte, €l trabajo en
conjunto de los elementos estructurales, y por otra, el hecho

de que los sistemas de piso actian en la misma forma cualquie-
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ra que sea la rigidez a flexi6n de las trabes. De esta manera,
cuando las losas estdn apoyadas sobre muros rfgidos, se consi-
dera que lo estén sobre trabes de rigideg a flexi6bn infinita, y
cuando estén apoyadas directamente sobre columnas, se considera
que el sistema de piso tiene trabes de rigidez a flexi6n nula.
Dentro de estos dos casos limite, puede haber trabes de cualquier

rigidez.

14.2 Estudios _experimentales de sistemas de piso. Principales

Variables,

Los elémentos de concreto reforzado estudiados en capftulos an-
teriores han sido elementos isostdticos, en los cuales se han
supuesto conocidas las acciones internas. Los sistemas de piso
son, por el contrario, elementos altamente hiperestéticos en
los que la determinaci6n de tales acciones es un problema com-
plejo. En la seccién 12.3 se indic6é cémo pueden determinarse
los momentos flexionantes en losas aisladas apoyadas sobre elge
mentos infinitamente rfgidos. 8in embargo, la distribuci6n de
momentos flexionantes en sistemas de piso depende, no solamen-
te de las caracterfsticas propias de la losa, sino también de
los otros elementos que constituyen la estructura, como las tra
bes y las columnas. La distribucion de momentos es importante,
porque, en general, es necesario conocer dichos momentos péra
disefiar l1os elementos estructurales. Por esta razén, se ha es-
tudiado dicha distribucién tanto en forma experimental como

analftica.



E1l ndmero de ensayes realizados' en estructuras formadas por
losas, trabes y columnas es escaso. La serie mas extensa es

JA-14.6
la realizada en la Universidad de lllinoislh =14 entre

los afios 1960 y 1963, que incluyé el ensaye de especimanes
como el mostrado esquemdticamente en la Fig. 14.1. Los
resul tados de estos ensayes, en combinacién con estudios ana
1fticos, han permitido desarrollar métodos de disefio que toman
en cuenta el efecto de las variables m&s importantes sobre el

compotamiento de las estructuras.

Para estudiar la distribucién de momentos flexionantes, cons.i
dérese que en la estructura mostrada en la Fig. 14.2, se ais-
la la franja de losa comprendida entre los ejes A' y B'. Si
se supone que los momentos flexionantes son uniformes a lo an
cho de la franja resultante, puede considerarse a esta franja
como una viga contfnua con una distribucién de momentos flexio
nantes wmo la mostrada en la Fig. 14.3 en forma cualitativa.
Si la losa tiene una carga uniformemente distribufda, w , la
viga continua de la Fig, 14.3 tiene una carga por unidad de
longitud de un valor wf,, dondeze2 es el ancho de la franja
entre los ejes A' y B'. En cada uno de les claros de la viga
continua, se debe cumplir la siguiente ecuaéién de equilibrio.

Mg = 5 ’ (14,1)

donde:

Mg = Momento est&tico total = Momento positivo en el centro del

claro, ms el promedio de 1os momentos negativos en los

extremos .
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A

= Carga por unidad de longitud

=

Longitud del claro considerado

Por ejehplo, en el claro 2-3:

Mo = ()2 +M=D3, i) (14.2)

2

En realidad, los momentos flexionantes no son uniformes a lo
ancho de la franja considerada en la Fig. 14.2, A lo largo
del eje de columnas, B, los momentos son mayores que a lo lar
go de los ejes A' y B'., Esto se debe a que el sistema es méas
rfgido a lo largo del eje B por la presencia de vigas y porque
el efecto de restriccidén de las columnas es méximo en estos

ejes y va disminuyendo hacia los extremos de la franja.

La distribucién cuantitativa de momentos a lo largo y a 1o an-
cho de las franjas de losa depende de las caracterfisticas de
Io; elementos que forman la estructura (columnas, vigas y lo-
sas) y del tipo de carga aplicada. En las siguientes secciones

se describe la influencia de estas variables.

14.2.1 Influencia de las columnas

Las columnas influyen sobre la distribucién de momentos en la
losa por la restriccién que ejercen sobre las vigas y la losa,
o sea, por el empotramiento parcial que proporcionan a estos

elementos estructurales,

Considérese nuevamente la distribucién de momentos a lo largo
de la franja A' -~ B' mostrada en la Fig. 4.3, Si la rigidez

flexionante de las columnas es grande en comparacién con la ri-

gidez flexionante de vigas y losa, la restriccién de las colum=



-6 -

nas en los extremos de la viga continua es grande y los momen
tos flexionantes en estos extremos son relativamente grandes*.
En cambio, si la rigidez flexionante de las columnas es peque-
fia en comparacién con la de vigas y losa, la restricci6n y los
momentos flexionantes en los extremos también son pequefios. En
la Fig, 14.4 se comparan cualitativamente estos casos: la Fig.
14,.4-a corresponde al primer caso mencionado y la Fig. 14.4-b,
al segundo caso. Teéricameﬁte, si la rigidez flexionante de
las columnas es nula, los momentos en los extremos de la viga
continua son nulos. Este caso, que se muestra en la Fig.
14.4-c, puede presentarse cuando las columnas ﬁo son monol fti-

cas ni estdn unidas rfgidamente a las vigas y a la losa.

La rigidez flexionante de las columnas influye también sobre
el valor de los momentos flexionantes en otras secciones de la
viga contfnua de la Fig. 14.3. Los momentos positivos en los
claros extremos (1-2 y 3-4) son mayores mientras menores sean
los momentos en los extremos de la viga contfnua. Por lo tan-
to, son mayores mientras menor sea la rigidez flexionante de
las columnas. Esto se debe a que la Ec. 14.2 debe cumplirse
por condiciones de equilibrio, y al disminuir uno de los momepn
tos negativos necesariamente debe aumentar el momento positivo,
ya que el momento est&tico total permanece constante. La in-
fluencia de la rigidez flexionante de las columras sobre los
momentos negativos y positivos en claros interiores, como el

claro 2-3 de la Fig, 14.3, es menor que sobre los momentos de

* Se supone en este capftulo, que el lector estd familiarizado

con el andlisis elemental de estructuras hiperestéticas.
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los claros extremos, siempre que la carga de la losa esté
uniformemente distribufda entodos los claros. Cuando la

carga no esté uniformemente distribuida en todos los claros,
la influencia de la rigidez flexionante de las columnas es
también importante sobre los momentos en claros interiores.
Este caso se analizaréd en la Sec. 14.2.4, que trata del efecto

del tipo de carga.

14.2.2 Efecto de_la rigidez flexionante de las vigas

La rigidez flexionante de las vigas, comparada con la rigidez
flexionante de la losa, influye en la distribucién de momentos
a lo ancho de la franja. Si las vigas son de peralte grande
en comparacién con el peralte de la losa, un gran porcentaje
del momento total en una seccibén transversal es fesistido por
las vigas y un porcentaje pequefio por la losa. En losas pla-
nas, en las que no existen vigas, todo el momento es resisti-
do por la losa. Dentro de estos dos casos, el peralte de la
viga puede ser de cu?lquier valor y el momento total se distr.i
a

buye entre la viga y,losa de acuerdo con su rigidez flexionan-

te.

14,2,3 Efecto de la rigidez torsionante de las vigas

La rigidez torsionante de las vigas pr0porcionagun empotramien
to parcial a las losas. Su efecto es especialmente importante
en los bordes del sistema de piso, y en tableros interiores
cuando un tablero se encuentra cargado y el tablero adyacente

descargado. En el primer caso, aumentan l1os momentos negativos



en la losa mientras mayor sea la rigidez torsionante. EIl se-
gundo caso se analiza al estudiar el efecto del tipo de carga

(Secc. 14.2.4),

Para que en un sistema de piso exista el efecto de la rigidez
torsionante de las vigas, es necesario que é&stas sean monoliti
cas con la losa y con las columnas. Si no se cumple la prime-
ra condicién, las vigas no pueden restringir o empotrar a la
losa, y no pueden desarrollarse momentos flexionantes en la lo-
sa en los bordes del sistema de piso. Si la.viga no es monolf
tica con las columnas, no pueden desarrollarse en ella momentos

torsionantes pues girarfa |libremente en sus extremos,

14.2.4 Influencia del tipo de carga

En un sistema de piso, no necesariamente se encuentran cargados
siempre todos los tableros., Es frecuente, por ejemplo, en el
caso de bodegas, que algunos tableros soporten carga viva y otros

no.

AsT como en vigas contfnuas existen combinaciones de carga con
las cuales los momentos en ciertas secciones son mayores que

los correspondientes a carga uniforme en todos los claros de la
viga, también en sistemas de piso exis;en combinaciones desfavo-
rables de carga. Sin embargo, la carga muerta,  que siempre es
considerable en sistemas de piso, actida uniformemente en todos
los tableros. El incremento de momentos, respecto a los produ
cidos por carga uniforme en todos los tableros, depende de la
relacién de carga viva a carga muerta. Mientras mayor sea esta

relaciébn, mayor es el incremento., En la Fig. 14.5 se presentan
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combinaciones de carga con las cuales se obtienen momentos

positivos y negativos maximos.

El efecto de combinaciones desfavorables de carga esté relacio
nado en forma importante con la rigidez flexionante de las co-
lumnas y con la rigidez torsionante de las vigas. Un incremen
to de estas rigideces aumenta el empotramiento de un tablero

de losa dado y por consiguiente este tablero es menos sensible

a las condiciones de carga de tableros vecinos.

14.2.5 Comentarios sobre los efectos de las variables

En los parrafos anterliores se han sefialado las principales
variables que influyen en el comportamiento de sistemas de piso,
sin incluir los efectos de las propieda&es de los materiales,
como resistencia del concreto, porcentaje de refuerzo y lfimite
de fluencia del acero, ni el efecto de la forma de las losas.
Se ve que el nimero de variables es considerable y que el efec-
to de algunas esté relacionada con el efecto de otras;por ejem-
plo, el efecto del tipo de carga esté reiacionédo con el efecto
de las rigideces de columnas y trabes. Esto hace que el trata-
miento riguroso de los sistemas de piso sea un problema muy com
plejo y que sea necesario recurrir a procedimientos simplifica~
dos que tomen en cuenta 01@ manera aproximada el efecto de las

principales variables.

También se deduce del estudio de las variables, que en general
no es suficiente considerar a la losa como un elemento aislado,
sino que es necesario tomar en cuenta su interaccién con los

otros elementos estructurales para estudiar adecuadamente su




comportamiento. Los métodos modernos de andlisis y disefo es-

tdn basados en estas consideraciones.

14,3 An&lisis de sistemas de piso

En la Secc. 12.3 se sefial6 que los momentos flexionantes de una
losa pueden determinarse resolviendo la siguiente ecuacioén:
C 4 4
4 W .
d% 232 o2 - (1f1"3)
4 + 2 1 + é 9 N
0¥ ¥ Y J

La resoluci6ébn de la Ec. 14.3 tiene serias limitaciones cuando

se trata de analizar el conjunto de losa, vigas y columnas, Yya
que no es posible tomar en cuenta variables importantes como‘

la rigidez torsionante de las vigas, y las dimensiones de las
vigas y columnas. El método s6lo considera losas perfectamen

te empotradas o completamente 1ibres, y vigas y columnas de
ancho nulo, Tampoco es posible tomar en cuenta qué parte de la
losa actla como patin de las vigas ni las caracteristicas pro-
pias del concreto reforzado como agrietamiento y fluencia del
refuerzo. Sin embargo, existen algunos métodos qué si permiten
tomar en cuenta algunas de estas variables, como la aplicacién
de diferencias finitas para resolver la €¢. 14.3, 6 el método

de distribuci6én de momentos, desarrollado por Siess y Newmarklu'7.
Estos métodos requieren el empleo de computadorés de tamaifio me-
diano o grande, pues se llega generalmente a unssistema de ecua
ciones simul tdneas de niGmero muy elevado, No pueden usarse, por
lo tanto, para anélisis rutinarios, sino que se emplean para es-

tudiar la influencia de variables en estructuras tipicas, con

fines de obtener posteriormente métodos simplificados de diseifio,



y para comparar los resultados experimentales con resultados

analfticos y deducir de ahf la influencia del tipo de material.

N

Los métodos de an&lisis mencionados anteriormente se han usado
para determinar la distribucién de momentos flexionantes en es
tructuras del tipo mostrado en la Fig. 14,1 y estas distribucio

14.8

nes se han comparado con las obtenidas en ensayes

La concordancia entre momentos analfticos y experimentales es
buena, en general, por 1o cual se han podido desarrollar méto-
dos de disefio a partir de andlisis teb6ricos. Ha quedado demos
trado que los resultados de andlisis de losas ideales de material
eldstico, homogéneo e isotr6pico, son aplicables a losas de con
creto reforzado, si se hacen ciertas modificaciones indicadas
por los resultados experimentales. Las modificaciones m&s im=
portantes consisten en tomar en cuenta que el efecto de cargas
parciales es menos importante,en estructuras de concreto refor-
zado que en estructuras ideales, y que los momnentos negativos

en estructuras reales son ligeramente menores que en estructuras

ideales y los positivos son ligeramente mayores.

Esto dltimo puede deberse a que la losa se agrieta en las zonas
de momento negativo antes que en las zoras de moﬁento positivo,
por ser mayores los momentos negativos, y como consecuencia

los momentos se redistribuyen de las zonas de momento negativo

a las zonas de momento positivo,

14,4 Dimensionamiento de sistemas de piso

El método que se presenta a continuacién para el dimensionamien



to de sistemas de piso se conoce con el nombre de método de

la estructura equivalente, debido a que se basa en el prin-

cipio de sustituir a la estructura tridimensional, constituli
da por el sistema de piso, por un marco bidimensional equiva
lente, constituido por columnas y trabes. El método es simi
lar al presentado en el Reglamento ACI 1941 y ediciones si--
guientes, pero con modif icaciones que se le han hecho para

. . 14
ajustar los momentos calculados a los obtenidos en ensayes . dy 10

El método consiste en los pasos que se mencionan a continua-
cién en forma resumida y que se describen con detalle méas

adelante.

a) ldealizaci6n de la estructura tridimensional en marcos
bidimens ionales constftuidos por columnas y trabes.

b) Determinacién de las rigideces de los elementos qué
forman los marcos.

c) Andlisis estructural de los marcos.

d) Distribuci6n de los momentos flexionantes y fuerzas cor
tantes obtenidos en el analisis entre los elementos que
forman la estructura tridimensional.

e) Dimensionamiento de los elementos de la estructura.

T4.4,1 ldealizaci6én de la estructura




En el método de la estructura equivalente se hace una simplifj
cacién que consiste en idealizar la estructura por una serie
de marcos en dos direcciones, como los que se muestran en las

.&reas rayadas de la Fig. 14.6 .

Las columnasﬁhge los marcos equivalentes son iguales a las co-
lumnas de la estructura modificadas de tal manera que, ademas
de la columna propiamente dicha, incluyen a la trabe perpendi
cular a la direccién del marco equivalente, como se muestra en
la Fig. 14.7. Esta modificacién se hace para tomar en cuenta
el efecto de restricciébn por torsién que ejerceh las trabes
sobre la losa (Sec. 14.2.3). En sistemas de piso sin trabes,
se supone que existe una trabe cuyo peralte es igual al de la
losa y cuyo ancho es igual al de la columna, capitel o &baco
en la direccién del marco equivalente. En sistemas de piso
con trabes, "se supone que las trabes transversales, son tra-
bes T o L cuyo ancho del patin es igual a la proyeccién de la
trabe por arriba o por abajo de la losa, pero no mayor que

cuatro veces el espesor de la losa.

En el caso de losas apoyadas sobre vigas, las trabes de los

marcos equivalentes est&n formadas por las vigas ée la estruc
tura y los tramos de losa comprendidos entre los ejes centra-
les de los tableros; las vigas y la losa en conjunto constitu

yen una trabe equivalente cuyas caracteristicas se definen co

mo se indica en la Sec., 14.4.2, En el caso de losas apoyadas
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sobre columnas, las trabes de los marcos est&n formadas por
los tramos de losa comprendidos entre los ejes centrales de
los tableros. La manera de transformar los tramos de losa

en trabes equivalentes se indlica también en 1a Secc. 14.4.2,

14.4,2 Determinacién de las rigideces de los elementos

Para calcular las rigideces se cons iderantnicamente seccio-
nes gruesas de concreto sin agrietar y sin tomar en cuenta

el acero de refuerzo. A continuacién se presentan por sepa-
rado los métodos de célculo de rigideces de trabes y columnas
en sistemas de piso sin trabes y con trabes. Se presenta
Gnicamente lalforma de calcular los valores de 1/El, ya que

a partir de estos valores pueden calcularse las\rigideces
tomando en cuenta las longitudes de los claros y las condicio
nes de restriccioén en los extremos de columnas y trabes. En

od
todos los casos, el valor de E es el del m&sst® de elastici-

dad del concreto, E..

a) Trabes del marco equivalente en sistemas de piso sin vigas

El caso =& masgeneral de estos sistemas se muestra en la
Fig. 14.8-a, 1a cual representa un sistema que incluye lo-
sas, &baco y capitel.

El momento de id}brcia de la secci6én A=A es el de una sec-
cién rectangular.

El de la secci6én B-B, se calcula como el de la secci6én T
mostrada en la Fig. 14.,8-c.

La seccién CC mostrada en la Fig. 14,8-d es de peralte
variable; sin embargo por simplicidad se supone que el

momento de‘inercia,del eje de la columna al extremo del



b)

c)
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capiteb es constanteqke igual al momento de inercia¥/;; la

2
seccién del &baco dividido entre el factor (1-c2/13), don-

" de Cy Y 1, son las dimensiones del capitel y del claro en

direccién transversal a la del marco equivalente considera-
do. La distribucién de valores de i/El a lo largo del cla-
ro se muestra en la Fig., 14.8-@. En las Tablas 14,1y 14,2
se presentan constantes de distribucién de momentos calcu-

adkﬂom
ladeas con los criter?;EYEEFgéglacas planas y losas planas

sin capiteles.

Trabes del marco equivalente en sistemas de piso con vigas
En estos sistemas el valor de E]l es constante en todo el
claro, El valor deI se calcula sumando el momento de iner
cia de una trabe T y el de una seccién rectangular, como se
muestra en la Fig. 14.9., Los patines de la trabe T tienen
un ancho iqual a la proyeccién del alma de trabe por arriba
o por abajo de los patines, sin exceder cuatro veces el es-
pesor de la losa, y el ancho de la seccién rectangular es
igual al ancho promedio de los claros transversales, 19 ,

menos el ancho del patfin de la trabe T.

Columnas del marco equivalente

Se mencion6é anteriormente que la columna equivalente esté
formada por la columna y una trabe que trabaja*a torsifn

restringiendo a la losa, Fig. 14.7. Para calcular la ri-
gidez de este elemento compuesto, se parte de la hipé6tesis
de que su flexibilidad, o sea; el reciproco de su rigidez,

es igual a la suma de las flexibilidades a flexién de los
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tramos de columna y por arriba y por abajo del nivel de
piso y de la flexibilidad a torsi6n de la trabe. Esta
consideracién, obtenida con base en los ensayes menciong

dos anteriormente, puede expresarse mediante la siguiente

ecuaciobn:
[ ' /
T3k + — (14.4)
K, 2 K¢ Ke
donde
Kec = rigidez de la columna equivalente, en momento por

unidad de rotacién.

ZKC = suma de las rigide;ces a flexién de los tramos de
columna comprendidos entre el nivel de piso consi-
derado y los niveles superior e inferior.

K¢ = rigidez a torsi6n de la trabe.

Para calcular la rigidez Kc de cada columna, se supone que el
valor de | es constante e igual al de la secci6n gruesa de ca
da columna entre la cara superior de la losa y la base del ca
pitel del nivel superior, que | es infinito a lo alto de la lo
sa, yjcg}fa linealmente entre los dos valores anteriores a lo
alto del capitel. En la Fig. 14.10 se presenta la variacién
en los valores de 1/El de una columna de acuerdo con los cri-
terios anteriores. Para calcular las rigidezegé considera

que la altura de las columnas se mide centro a centro de las
losas, como se muesgtra en la Fig. 14.10.

5
La rigidez tordionante, Kes de la trabe unida a la columna,

Fig. 14.7, puede calcularse con la siguiente ecuaci6nl#.10

&
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9Ecsc |
==‘ZZ 3
Kf | jz(/' —fi—} (14.5)

donde
Ecs = mo6dulo de elasticldad del concreto de la losa
= & (1-0.63 —;,‘—)-’5%1 (14.6)

X dimensi6ébn total menor de una seccibn transver-

sal rectangular

dimens i6én total mayor de una seccibn transver-

~<
il

sal rectangular

La suma que aparece en la ecuacién 14.6 se refiere a los rec-
tangulos en que puede descomponerse la seccién T o L de la

trabe de la Fig. 14.7

A partir de los valores de Kc Yy Kt se calcula la rigidez de

la columna equivalente, Kec , con la ecuacién 14.4,

14.4.3 An&lisis estructural de los marcos

Una vez calculadas las rigideces de las trabes y columnas de
la estructura equivalente, se efectia el andlisis estructural
por los procedimientos usuales para marcos bidimensionales, El
andlisis por carga vertical puede efectuarse aislando cada uno
de los pisos y suponiendo que las columnas de los entrepisos
superior e inferior est&n empotradas en sus extremos opuestos.
En el anélisis por carga horizontal (viento o sismo) deben

considerarse los marcos completos,

Cuando la intensidad de la carga viva no excede de las tres cuar

tas partes de la intensidad de la carga muerta, o cuando todos

los tableros de la losa se encuentran cargados simulté&neamente,



el andlisis estructural se efectla suponiendo que todos los
tableros esté&n cargados., Cuando no se cumplen estas condi-
ciones, el momento positivo médximo en un claro dado se calcu
la suponiendo que el claro esté cargado con las tres cuar-
tas partes de la carga viva y con la carga muerta total, Yy
que los claros adyacentes estén cargados Unicamente con la
carga muerta. El momento negativo m&ximo en un nudo dado
se calcula suponiendo que los dos claros adyacentes al nudo
estédn cargados con las tres cuartas partes de la carga viva
total, y los claros siguientes estén descargados. En la
Fig. 14.11 se ilustra las condiciones desfavorables de car-
ga descritas anteriormente y la simplificacién de la estruc
“tura que puéde hacerse para efectos de célculo por carga

vertical.

En nudos interiores, la seccién critica por momento negati-
vo est& localizada en las caras de las columnas, pero a una
distancia no mayor de 0.175,1; del centrode la columna. En
apoyos exteriores con capiteles, la secci6n crfitica por mo-
mento negativo estd localizada a la mitad de la distancia
entre la cara de la columna y el extremo del capitel. La
secciébn crfitica por momento positivo se considera siempre

al centro del claro.

14,44 Distribucién de momentos flexionantes y fuerzas cortantes

Los momentos flexionantes y fuerzas cortantes obtenidos median

te el andlisis descrito en la seccién anterior corresponden

a las trabes y columnas del marco equivalente. Es necesario
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distribuir estos momentos y fuerzas cortantes entre los ele-

mentos del sistema de piso.

Puesto que las trabes del marco equivalente representan a

las franjas del sistema de piso mostradas en la Fig. 14,6,

los momentos y cortantes deben distribuirse entre los ele-
mentos comprendidos en dichas franjas. Para hacer esta dii
tribucién, la franja de piso se divide en una franja de co-
lumna y una o dos medias franjas centrales, como se indica

en la Fig. 14,12, La franja de columnas incluye-las vigas, en

caso de que existan.

Una vez hecha la divisién en franjas sefialada anteriormente,
se distribuyen los momentos obtenidos en el andlisis estruc-
tural entre la franja de columnas y las franjas centrales de
la manera siguiente. Se calculan los momentos en las franjas
de columnas multiplicando Iog momentos por los porcentajes
mostrados en la tabla 14.,3. Después se distribuyen los mo-
mentos de las franjas de columna entre las vigas, si existen,
y los tramos de losa, de acuerdo con lo que se indica en la
tabla Ihwq; si no existen vigas, todo el momento de las fran
jas de columnas es resistido por la losa. Por dltimo, se cal
culan los momentos en las franjas centrales restando ios mo-

mentos de las franjas de columnas de los momentos totales.
v

La distribucién de momentos en las tablas 1473 y 14.4 esté
hecha en base a la relacién de claros (IZ/II) y a factores que
involucran las rigideces a flexién de trabes y losas y la rigi

dez a torsi6n de las trabes de borde.



Se ha visto anteriormente que estos pardmetros son los que
m&s influyen en.el comportamiento de sistemas de piso., Los

w
factores ~ - " que aparecen en las tablas se definen

de la siguiente manera:

Ay = relaci6n entre la rigidez a flexion de la secci6n de
la viga y la rigidez a flexi6én de los tramos de losa
de la franja de columnas. La viga debe considerarse
de secci6én T o L, como se muestra en la Fig. 14.9.
Puede expresarse como (Ecplp/Ecgls) , donde Ecp es el
médulo de elasticidad del concreto de la viga; lp »
el momento de inercia¢/ae la viga; Ecs , el mbdulo de

elasticidad del concreto de la losa; |, , el momento

S

de inercia de la losa.

BN
i

relacioén entre la rigidez a torsi6n de la secci6n trang
versal de la viga de borde y la rigidez a flexién de
un tramo de losa cuyo ancho es igual al claro centro a
centro de apoyos de la viga de borde. Se expresa co-

mo (EcbC/2Ecsls). El término C se define en la ec. 14.6

y los otros términos ya han sido también definidos.

El c8lculo de la fuerza cortante en tzs rabes se hace de la
Ol‘ 2 'ZI-
siguiente manera. Cuando el término ¥ == es igual o

mayor que 1.0, se calcula a partir de &reas tributarias de 10
sa delimitadas por lfneas a 45° trazadas a partir de las es-

quinas de los tableros y por Ifneas paran]as a los lados lar
gos de los tableros. Cuando C&] es iguaiﬁcero, se supone que

las vigas no reciben carga. Para valores intermedios deO(]



se interpreta linealmente.

Los momentos flexionantes de disefio en las columnas son los

mismos que los obtenidos en las columnas equivalentes.

és
Las trabes de la estructura, especialmente las de borde,)bajo la accién de momentos
torsionantes debidos a la restriccién que proporcionan a las losas. Estos momentos
pueden calcularse distribuyendo los momentos de las columnas equivalentes entre
las columnas y las trabes, Fig. 14.7, proporcionalmente a sus rigideces K¢ y K;.
Obsérvese que el momento en las columnas es el momento total en las columnas
equivalentes, ya que los momentos torsionantes en las trabes ge transmiten a las colum-

nas como momentos flexionantes.

14.4.5 Dimensionamiento de los elementos de estructura.

Una vex obtenidas las acciones internas (momentos flexionantes, fuerzas cortantes

y momentos torsionantes) en los miembros estructurales, se procede al dimensiona-
miento de los mismos siguiendo los métddos descritos en capitulos anteriores de este
texto. En el caso de losas apoyadas directamente sobre columnas y sujetas a cargas
horizontales, debe considerarse el problema de la transmisién de momento flexionante
de la losa a la columna. Para que el comportamiento de la estructura sea mas eficiente
a este respecto, se recomienda concentrar el refuerao de flegién necesario para

resistir las fuerzas horizontales en una franja de losa localizada sobre el eje de co-
lumnas y cuyo ancho sea igual al ancho de la columna més el gresor de la losa. Deben
revisarse los esfuerzos cortantes por penetracién tomando en cuenta las cargas verticales

y los momentos producidos por las fuerzas horizontales.
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Tabla 14.2}

Distribuci6én”de las franjas de columnas entre vigas y losas.

Porcentaje que se | Porcentaje que se
Relacién de rigideces asigna a la viga asigna a la losa

(XK12/1) =0 0 100

(A 12/1)) Z 1.0 85 15

Puede usarse interpolacién lineal entre los valores mostrados.




Tabla

14.3

Porcentaje de los momentos totales que se asignan a las franjas de

columnas.'
~ Valores de 12/11
Relacibn de rigi
deces -0.5 1.0 -| 2.0
Momentos (0\112/11) =0 75 75 75
negat ivos
en apoyos
interiores | (X}1,/1;)Z1.0 70 75 | s
ﬁt = 0 /00 /00 100
(X q11,/17) =0
Momentos K1t/ ﬂ = 2.5 | 75 25 75
~pggaklyos, ¢
poyos
exteriores \ @ = 0 /00 /00 /90
=0
11271 .
P ez2.5 |90 | 75 45
| €O
Momentos A q1a/1; ) =0 o ¢ o
ositivos
P (X171, )#1.0 90 75 & §—

Puede usarse interpolacién 1lineal entre los vabdores mostrados.
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